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PREFACE
This volume contains the full-length papers presented in the 8th International Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering (COMPDYN 2021)
that was streamed from Athens, Greece on June 28-30, 2021.
COMPDYN 2021 is one of the 32 Thematic Conferences of the European Community on
Computational Methods in Applied Sciences (ECCOMAS) which were held in 2021 and is also a
Special Interest Conference of the International Association for Computational Mechanics (IACM).
The purpose of this Conference series is to bring together the scientific communities of
Computational Mechanics, Structural Dynamics and Earthquake Engineering, to act as a forum for
exchanging ideas in topics of mutual interests and to enhance the links between research groups
with complementary activities. We believe that the communities of Structural Dynamics and
Earthquake Engineering will benefit from their exposure to advanced computational methods and
software tools which can highly assist in tackling complex problems in dynamic and seismic
analysis and design of structures, while also giving the opportunity to the Computational
Mechanics community to be exposed to very important engineering problems of great social
interest.
The COMPDYN 2021 Conference is supported by the National Technical University of Athens
(NTUA), the European Association for Structural Dynamics (EASD), the European Association for
Earthquake Engineering (EAEE), the Greek Association for Computational Mechanics (GRACM).
The editors of this volume would like to thank all authors for their contributions. Special thanks go
to the colleagues who contributed to the organization of the Minisymposia and to the reviewers
who, with their work, contributed to the scientific quality of this e-book.

M. Papadrakakis
National Technical University of Athens, Greece
M. Fragiadakis
National Technical University of Athens, Greece
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Abstract
In the context of the present work, the influence of the degree of tension on the phenomenon of
transverse instability of reinforced concrete walls is examined. The present investigation is
basically analytical but it contains experimental results of 4 test specimens published from the
first author in the past. These specimens simulate the extreme boundary edges of structural
walls. All columns simulate only the extreme reinforced areas of the walls, in order to study
the basic mechanism of the phenomenon. The detailing of the specimens consists of 4 rebars
with a diameter of 8 mm for each bar. The geometric dimensions are the same for all
specimens. What differentiates the specimens from each other is the degree of tension they
have sustained. More specifically, the tensile degrees used are 10‰, 20‰, 30‰, 50‰. The
loading stages of each specimen for all specimens are as follows: (a) Uniaxial central tensile
loading on each test specimen, (b) Uniaxial central compression loading on each specimen
till its failure due to buckling or due to an excess of its cross-section compressive strength.
The present study focuses on the tensile loading stage only. Extreme tensile strains are also
used, e.g., 30‰ and 50‰, to take into account the cases of extreme seismic excitations. First,
the experimental results from a previous publication are presented and afterwards they are
followed by the numerical investigation of these 4 specimens using appropriate finite element
software. Useful conclusions are drawn regarding the precision of the experimental tests
investigating the influence of the degree of elongation on the phenomenon of transverse
buckling. These conclusions are substantiated both experimentally and analytically, as the
results of the tensile experiments are compared with the corresponding results of the
analytical investigation.
Keywords: Degree of elongation, Lateral buckling, Structural walls, Tensile loading
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1

INTRODUCTION

Structural behavior and soil-structure interaction has troubled engineers worldwide for
various types of structures [1]–[10]. Structural walls play an important role in the structures’
behavior and safety against horizontal loads and especially against earthquake cyclic loading
[11], [12]. It is well-known that the vast part of seismic loading is resisted by seismic walls in
reinforced concrete structures [13]–[26]. One critical mode of failure which can appear during
earthquake cyclic loading is the out-of-plane buckling of R/C shear walls [27]–[36]. It has
been observed that such type of failure is so critical that can lead to partial or total collapses
of multi-storey reinforced concrete buildings [37]. This phenomenon can appear when the
boundary edges of seismic walls have sustained a large size of tensile loading during the first
semi-cycle of seismic loading and then are subjected to a compressive loading during the
second semi-cycle of earthquake loading [38]–[41]. Transverse buckling appears when the
cracks formed during the first stage of tensile loading have such a large width that makes it
impossible to be closed during the second stage of compressive loading [42]–[51]. The fact
that the cracks cannot close when compression loading is applied leads to the wall buckling
transverse to its plane. This phenomenon is called in international bibliography lateral
buckling or transverse buckling or out-of-plane buckling and sometimes instead of using the
word “buckling”, the word “instability” is preferred.
The present study uses experimental tests performed in the past by the first author trying to
investigate the mechanical parameters affecting the transverse instability [28]. These
specimens were subjected to tensile strain equal to 10‰, 20‰, 30‰ and 50‰. In the
framework of the present work, the four specimens subjected to tensile loading are modelled
using finite element software and the results of this analytical investigation are compared to
the existing experimental results concerning the tensile loading stage. It is noted that the
experiments have taken place in the Laboratory of Strength of Materials of Aristotle
University of Thessaloniki and the analysis of the results has taken place in Demokritos
University of Thrace.

2

EXPERIMENTAL RESEARCH

2.1

Test specimen characteristics

The experimental investigation for the four test specimens has been described in detail by
the first author in the past [28]. Figure 1a shows the geometrical characteristics of the four test
specimens, while Figure 1b displays the load test setup used for the application of the tensile
loading. It is noted the fact that the tensile loading is the first stage of the two loading stages.
In the framework of the present study, only the experimental results of the tensile loading
stage are compared to the analytical ones. Table 1 shows the test specimens’ characteristics.

N/A

Specimen

Dimensions
(cm)

Longitudinal
reinforcement

Transverse
reinforcement

Longitudinal
reinforcement ratio
(%)

Degree of
elongation
(‰)

1
2
3
4

L-10
L-20
L-30
L-50

15x7.5x76
15x7.5x76
15x7.5x76
15x7.5x76

4xD8
4xD8
4xD8
4xD8

D4.2@33 mm
D4.2@33 mm
D4.2@33 mm
D4.2@33 mm

1.79
1.79
1.79
1.79

10.00
20.00
30.00
50.00

Table 1: Dimensions of the test specimens.
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(a)

(b)

Figure 1: (a) Vertical reinforcement layout, (b) Test setup for tensile loading.

2.2

Materials

For all test specimens, materials used for their construction and their characteristics were
also described by the first author in the past [28]. Table 2 displays the concrete resistance for
all test specimens at 28 days and at the day that the compression test has taken place while
Table 3 shows the mechanical properties for the longitudinal steel and the transverse ties.

N/A

Specimen

Concrete cube resistance
(28 days)
(MPa)

Concrete cube resistance
(Compression test day)
(MPa)

Concrete cylinder resistance
(Compression test day)
(MPa)

1
2
3
4

L-10
L-20
L-30
L-50

24.89
24.89
23.33
24.89

28.00
28.00
25.56
28.00

23.00
23.00
20.56
23.00

Table 2: Concrete mechanical properties.

Reinforcement

Yield strength
(MPa)

Ultimate strength
(MPa)

D8 (Longitudinal reinforcement)
D4.2 (Transverse ties)

603.77
552.02

743.10
670.91

Table 3: Reinforcement mechanical properties.
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2.3

Experimental results

Each one of the four test specimens has been subjected to a different degree of elongation
according to Table 1 and the results published by the first author in the past [28]. Figure 2
displays the shape of test specimens after the uniaxial tensile test has taken place. It is obvious
that several cracks of different width have formed after the tensile loading according to the
degree of elongation applied to each specimen.

(a)

(b)

(c)

(d)

Figure 2: Specimens with low reinforcement ratio after the uniaxial tensile test: (a) L-10, (b) L-20, (c) L-30, (d) L-50

3
3.1

ANALYTICAL RESEARCH
Modeling of test specimens

The analytical research has taken place using a finite element software. 3D elements were
used in this software to model all four test specimens subjected to tensile loading. It is noted,
as it has been said before, that the present work focuses on modeling only the first stage of
loading; meaning the tensile loading path till certain preselected and different degrees of
elongation. For the concrete material, the inelastic concrete model found in the software
library of isotropic plasticity has been chosen. For the reinforcement bar material, the
properties derived from experiments are inserted in the software to model the inelastic
behaviour of reinforcement steel. A bilinear isotropic model has been chosen for the
behaviour of rebar steel. The same inelastic model has been selected to model the behaviour
of the steel used for the transverse ties. This model is again the bilinear isotropic model. 3D
finite elements having an edge of 2 cm are used for the modeling of the concrete column
section. Both the longitudinal reinforcement and the transverse ties are modeled using 3D
finite elements having a length equal to 1 cm. Figure 3 shows the 3D model of the column
either for the whole column section or the reinforcement steel only. The column model is
considered fixed at its base.
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(a)

(b)

Figure 3: (a) 3D model for column, (b) 3D model for the column reinforcement.

3.2

Analytical results

Figure 4 displays the displacement along the column height after the end of the tensile loading
test for all four test specimens. The displacement is zero at the fixed column base.

(a)

(b)

(c)

(d)

Figure 4: Displacement along the column axis at the end of the tensile test: (a) L-10, (b) L-20, (c) L-30, (d) L-50
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4
4.1

ANALYSIS OF RESULTS
Analytical versus experimental results

A comparison takes place between the load versus elongation diagrams which have
resulted from the experimental tensile tests and the tests applied to the analytical models of
the four specimens modeling the boundary edges of seismic walls (Figures 5-8).
Experiment

DEGREE OF ELONGATION (10‰)

Analysis
140

120

Load (kN)

100

80

60

40

20

0
0.0

1.0

2.0

3.0

4.0

5.0

6.0

7.0

8.0

9.0

Elongation (mm)

Figure 5: Load versus elongation diagram for specimen L-10.

Experiment

DEGREE OF ELONGATION (20‰)

Analysis
160
140
120

Load (kN)

100
80
60
40
20
0
0.0

2.0

4.0

6.0

8.0

10.0

12.0

14.0

16.0

Elongation (mm)

Figure 6: Load versus elongation diagram for specimen L-20.
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Experiment

DEGREE OF ELONGATION (30‰)

Analysis
160
140
120

Load (kN)

100
80
60
40
20
0
0.0

5.0

10.0

15.0

20.0

25.0

Elongation (mm)

Figure 7: Load versus elongation diagram for specimen L-30.
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Figure 8: Load versus elongation diagram for specimen L-50.
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4.2

Analysis of results

The analysis of the previous results leads to the following:
1. Figure 4 displays the displacement along the vertical axis which is the Z-axis and
coincides with the height of the prism specimens modeling the boundary edges of
structural walls. It can be seen that each specimen is strained till the preselected
displacement according to the preselected degree of elongation.
2. The vertical displacement is zero at the base of the prisms since the base is rigid
(Figure 4). The maximum vertical displacement is found towards the upper part of the
specimens where the tensile load is applied. The same phenomenon takes place in the
tensile experiments where the tensile load is applied at the upper part of the test
specimens while at the bottom part the test specimens are held rigidly by the grapples
of the tensile machine.
3. It is obvious that there is an almost perfect correlation between the experimental and
the analytical results for all test specimens (Figures 5-8). The elastic branch is the
same both in the experiments and the analysis. The same thing applies for the plastic
branch after the yielding. The plastic branch of the analyses coincides with the plastic
branch from the tensile tests.
4. Yielding takes place almost at the same load both for the tests and the analyses for all
test specimens.
5. There is only one exception concerning test specimen L-20 (Figure 6). The plastic
branch for this specimen is almost the same both for the experiment and the relevant
analysis. There is a noticeable deviation for the elastic branch of the diagrams. This
can be explained probably due to a slip that might have taken place during the onset of
the application of the tensile load for this specimen. Probably, an initial slip and a
relevant error to the measured elongation might have led to an experimental elastic
branch with smaller inclination.
6. The effective length of the test specimens is the one which has been modelled only
since this is the length in which the tensile elongation appears (Figure 1). The effective
length is equal to 640 mm (Figure 1).
5

CONCLUSIONS

The results stemed from the tensile experiments and the relevant analytical procedures
concerning the behavior of the boundary edges of seismic walls under the tensile stage of load
application has led to the following conclusions:
1. There is an almost excellent correlation between the experimental results and the
analytical results concerning the tensile loading. The analysis has taken place using 3D
finite elements.
2. The elastic branch, the yielding point and the plastic branch coincide almost perfectly
for almost all specimens except one where the deviation noticed for the elastic branch
only can be attributed probably to slip effects and thus, to deviations concerning the
measuring of the elongation.
3. The degree of elongation is a very crucial mechanical parameter that affects
tremendously the behavior of the boundary edges of structural walls and its
investigation has to be applied in the proper and right way following a correct
procedure. The convergence between the experimental and the numerical results
proves that the procedure applied, probably, follows the right path.
4. A future research could and should model the whole test specimen and not only the
effective length in order to simulate even more precisely the experimental behavior.
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Abstract
In the context of the present work, the influence of the longitudinal reinforcement ratio on the
phenomenon of lateral buckling of reinforced concrete walls is examined. The present
investigation is basically analytical but it contains experimental results of 6 test specimens
published from the first author already. These specimens simulate only the extreme boundary
edges of structural walls to study the basic mechanism of the transverse instability
phenomenon. The elongation degree used for all six specimens is equal to 30‰. The
geometric dimensions are the same for all specimens. What differentiates the specimens from
each other is the longitudinal reinforcement ratio. More specifically, the longitudinal
reinforcement ratios used are 1.79%, 2.68%, 3.18%, 3.68%, 4.02% and 4.19%. The loading
stages for all specimens are as follows: (a) Uniaxial central tensile loading on each test
specimen, (b) Uniaxial central compression loading on each specimen till its failure due to
buckling. The present study focuses on the tensile loading stage only. Extreme tensile strain of
30‰ is used to take into account the cases of extreme seismic excitations. First, the
experimental results from an already accepted publication are presented and afterwards they
are followed by the numerical investigation of these 6 specimens using appropriate finite
element software. Useful conclusions are drawn regarding the precision of the experimental
tests investigating the influence of the longitudinal reinforcement ratio on the phenomenon of
transverse buckling. These conclusions are substantiated both experimentally and analytically,
as the results of the tensile experiments are compared with the corresponding results of the
analytical investigation.
Keywords: Longitudinal reinforcement ratio, Lateral buckling, Seismic walls, Tensile load
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1

INTRODUCTION

Engineers worldwide have been troubled for the structural behavior and soil-structure
interaction for various types of structures [1]–[10]. Structural walls play an important role in
the structures’ behavior and safety against horizontal loads and especially against earthquake
cyclic loading [11], [12]. It is well-known that the vast part of seismic loading is resisted by
seismic walls in reinforced concrete structures [13]–[26]. One critical mode of failure which
can appear during earthquake cyclic loading is the lateral buckling of R/C shear walls [27]–
[36]. It has been observed that such type of failure is so critical that can lead to partial or total
collapses of multi-storey reinforced concrete buildings [37]. This phenomenon can appear
when the boundary edges of seismic walls have sustained a large size of tensile loading during
the first semi-cycle of seismic loading and then are subjected to a compressive loading during
the second semi-cycle of earthquake loading [38]–[41]. Transverse buckling appears when the
cracks formed during the first stage of tensile loading have such a large width that makes it
impossible to be closed during the second stage of compressive loading [42]–[50].
The present study uses experimental tests performed already by the first author trying to
investigate the mechanical parameters affecting the transverse instability [51]. These
specimens were all subjected to tensile strain equal to 30‰ but they had a different
longitudinal reinforcement ratio. In the framework of the present work, the six specimens
subjected to tensile loading are modelled using finite element software and the results of this
analytical investigation are compared to the existing experimental results concerning the
tensile loading stage. It is noted that the experiments have taken place in the Laboratory of
Strength of Materials of Aristotle University of Thessaloniki and the analysis of the results
has taken place in Demokritos University of Thrace.

2
2.1

EXPERIMENTAL RESEARCH
Test specimen characteristics

The experimental investigation for the six test specimens has been described in detail by
the first author already [51]. Figure 1a shows the geometrical characteristics of one of the six
test specimens and more specifically the test specimen detailed with longitudinal
reinforcement of 4 bars of 8 mm diameter and 2 bars of 10 mm diameter. Figure 1b displays
the load test setup used for the application of the tensile loading. It is noted the fact that the
tensile loading is the first stage of the two loading stages. In the framework of the present
study, only the experimental results of the tensile loading stage are compared to the analytical
ones. Table 1 shows the test specimens’ characteristics.

N/A

Specimen

Dimensions
(cm)

Longitudinal
reinforcement

Transverse
reinforcement

Longitudinal
reinforcement ratio
(%)

Elongation
degree
(‰)

1
2
3
4
5
6

S-1.79-4Ø8
S-2.68-6Ø8
S-3.19-4Ø8+2Ø10
S-3.68-4Ø10+2Ø8
S-4.02-4Ø12
S-4.19-6Ø10

15x7.5x76
15x7.5x76
15x7.5x76
15x7.5x76
15x7.5x76
15x7.5x76

4xD8
6xD8
4xD8+2xD10
4xD10+2xD8
4xD12
6xD10

D4.2@33 mm
D4.2@33 mm
D4.2@33 mm
D4.2@33 mm
D4.2@33 mm
D4.2@33 mm

1.79
2.68
3.18
3.68
4.02
4.19

30.00
30.00
30.00
30.00
30.00
30.00

Table 1: Dimensions of the test specimens.
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(a)

(b)

Figure 1: (a) Vertical reinforcement layout (Reinforcement differs for each specimen. Example shows a typical
longitudinal reinforcement 4xD8+2xD10.), (b) Test setup for tensile loading.

2.2

Materials

Materials used and their characteristics were also described by the first author already [28].
Table 2 displays the concrete mechanical properties and Table 3 the steel characteristics.

N/A

Specimen

Concrete cube resistance
(28 days)
(MPa)

Concrete cube resistance
(Compression test day)
(MPa)

Concrete cylinder resistance
(Compression test day)
(MPa)

1
2
3
4
5
6

S-1.79-4Ø8
S-2.68-6Ø8
S-3.19-4Ø8+2Ø10
S-3.68-4Ø10+2Ø8
S-4.02-4Ø12
S-4.19-6Ø10

23.33
22.22
22.82
22.82
23.26
23.26

25.56
27.55
25.78
25.78
27.85
27.85

20.56
22.55
20.78
20.78
22.85
22.85

Table 2: Concrete mechanical properties.

Reinforcement

Yield strength (MPa)

Ultimate strength (MPa)

D8 (Longitudinal reinforcement)
D10 (Longitudinal reinforcement)
D12 (Longitudinal reinforcement)
D4.2 (Transverse ties)

603.77
552.02
560.27
552.02

743.10
670.91
666.43
670.91

Table 3: Reinforcement mechanical properties.
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2.3

Experimental results

Each one of the six test specimens has been subjected to the same degree of elongation
according to Table 1 and the results have been published by the first author already [51].
Figure 2 displays the shape of test specimens after the uniaxial tensile test has taken place. It
is obvious that several cracks of different width have formed after the tensile loading
according to the longitudinal reinforcement ratio that each specimen has.

(a)

(b)

(c)

(d)

(e)

(f)

Figure 2: State of specimens after the end of the tensile experiment: (a) S-1.79-4Ø8, (b) S-2.68-6Ø8,
(c) S-3.19-4Ø8+2Ø10, (d) S-3.68-4Ø10+2Ø8, (e) S-4.02-4Ø12, (f) S-4.19-6Ø10
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3
3.1

ANALYTICAL RESEARCH
Modeling of test specimens

The analytical research has taken place using 3D elements to model specimens subjected
only to tensile loading. Inelastic models are used both for concrete and steel. Figure 3 shows
the 3D model both for the whole column section and its corresponding reinforcement steel.

(a)

(b)

(c)

(d)

(e)

(f)

Figure 3: 3D model for column and reinforcement for: (a) S-1.79-4Ø8, (b) S-2.68-6Ø8, (c) S-3.19-4Ø8+2Ø10,
(d) S-3.68-4Ø10+2Ø8, (e) S-4.02-4Ø12, (f) S-4.19-6Ø10
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3.2

Analytical results

Figure 4 displays the displacement along the column height after the end of the tensile loading
test for all six test specimens. The displacement is zero at the fixed column base.

(a)

(b)

(c)

(d)

(e)

(f)

Figure 4: Displacement along the column axis at the end of the tensile test (mm): (a) S-1.79-4Ø8, (b) S-2.68-6Ø8,
(c) S-3.19-4Ø8+2Ø10, (d) S-3.68-4Ø10+2Ø8, (e) S-4.02-4Ø12, (f) S-4.19-6Ø10
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4
4.1

ANALYSIS OF RESULTS
Analytical versus experimental results

Figures 5-10 show the comparison between the experimental and the analytical diagrams
of load versus elongation for specimens modeling the boundary edges of R/C walls.
Experiment

LONGITUDINAL REINFORCEMENT (4Ø8)

Analysis

160
140
120

Load (kN)

100
80
60
40
20
0
0.0

5.0

10.0

15.0

20.0

25.0

Elongation (mm)

Figure 5: Load versus elongation diagram for specimen S-1.79-4Ø8.

Experiment

LONGITUDINAL REINFORCEMENT (6Ø8)

Analysis
250

Load (kN)

200

150

100

50

0
0.0

5.0

10.0

15.0

20.0

25.0

Elongation (mm)

Figure 6: Load versus elongation diagram for specimen S-2.68-6Ø8.
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Experiment

LONGITUDINAL REINFORCEMENT (4Ø8+2Ø10)

Analysis
250

Load (kN)

200

150

100

50

0
0.0

5.0

10.0

15.0

20.0

25.0

Elongation (mm)

Figure 7: Load versus elongation diagram for specimen S-3.19-4Ø8+2Ø10.

Experiment

LONGITUDINAL REINFORCEMENT (4Ø10+2Ø8)

Analysis

300

250

Load (kN)

200

150
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Figure 8: Load versus elongation diagram for specimen S-3.68-4Ø10+2Ø8.
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Figure 9: Load versus elongation diagram for specimen S-4.02-4Ø12.
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Figure 10: Load versus elongation diagram for specimen S-4.19-6Ø10.
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4.2

Analysis of results

The analysis of the previous results leads to the following:
1. Figure 4 shows that the vertical displacement is zero at the base of the prisms since the
base is rigid. The maximum vertical displacement is found towards the upper part of
the specimens where the tensile load is applied. The same phenomenon at the tensile
experiments, too.
2. It is obvious that there is a very good correlation between the experimental and the
analytical results for all test specimens (Figures 5-10). This very good correlation can
be noticed both for the elastic and the plastic branch, as well as for the point of yield.
3. The 640 mm effective length of the test specimens is the one which has been modelled
only since this is the length in which the tensile elongation appears (Figure 1).
5

CONCLUSIONS

The conclusions resulted from the tensile experiments and the relevant analytical
procedures concerning the behavior of the extreme edges of R/C walls are:
1. There is a very good correlation between the experimental results and the analytical
results concerning the tensile loading. This very good correlation has to do with the
elastic branch, the yielding point and the plastic branch for all six specimens.
2. The longitudinal reinforcement ratio is a significant mechanical parameter that affects
the behavior of the extreme edges of seismic walls and its investigation has to be
applied in the proper and right way following a correct procedure. The good
convergence between the experimental and the numerical results proves that the
procedure applied, probably, follows the correct methodology.
3. A future research could and should model the whole test specimen and not only the
effective length in order to simulate even more precisely the experimental behavior.
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Abstract
One of the main objectives to be achieved for the safety of industrial precast buildings with
simple friction beam-to-column connections is the reduction of their relative displacement. This
goal is generally achieved through a global strengthening of the building or by locally introducing mechanical connecting devices between the elements. However, for low seismicity areas, these interventions may not be required, and it could be interesting to evaluate the level of
safety achieved by simple friction; such an information would allow for instance the prioritization of the retrofit interventions.
This paper aims to establish criteria for evaluating the loss of support probability in existing
precast buildings in the case of a seismic event. The behavior of the friction connection is evaluated through a simplified model that describes the behavior of a portal frame composed of
two columns and one beam. The equations of motion are derived, and a parametric analysis is
performed by investigating the influence of the geometry of the structural elements, the nonlinear behavior of the columns, and the friction coefficient used in the column-beam connections for varying horizontal and vertical seismic acceleration. The objective of the sensitivity
analysis is to provide some preliminary considerations about the influence of the main parameters that characterize the existing precast structure on the loss of the support probability.
Keywords: Precast buildings; friction connection; beam-to-column connection; simplified
models.
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1

INTRODUCTION

The Italian building stock encompasses many precast concrete structures; the main advantage of this construction technology lies on high quality control materials and the short construction time. The typical structural layout of these buildings consists of a single story with a
rectangular plan in which the bearing structure is made of prefabricated columns supporting
double tapered prestressed beams. A great share of these buildings was designed before the
enforcement of modern anti-seismic regulation codes and, therefore, they were not designed to
withstand the horizontal loads.
The seismic events that occurred in 2012 in Emilia-Romagna, Veneto and Lombardy, highlighted the main vulnerabilities of existing precast industrial buildings [1, 2, 3, 4, 5, 6, 7, 8, 9];
the main vulnerabilities consist in the breaking of the fork, the overturning of the infill panels,
the reaching of the ultimate rotation of the column, the loss of the beam-to-column support
and/or the loss of the support of other roofing elements [10, 11, 12, 13, 14, 15, 16, 17]. The loss
of the support is due to the absence of adequate structural detailing in the connection between
beam and columns.
To date, in Italy, the implementation of mechanical devices between the structural elements
of precast buildings (e.g. column and beam at the beam-to-column support) is required for new
buildings and new technological solution have been studied in recent years [18]; such a detailing was not common practice in the past. However, for low seismicity areas, the seismic retrofit
of these connections may not be necessary, and it could be interesting to evaluate the level of
safety achieved by simple friction; such an information would allow for instance the prioritization of the retrofit interventions.
The problem of loss of support in friction beam-column connections has been previously
addressed: Magliulo et al. [6] and Belleri et al. [1] evaluated the minimum value of the friction
coefficient required to avoid the sliding of the beam under the hypothesis of perfect correlation
between the maximum values of the horizontal and vertical components of the seismic inputs;
Demartino et al. [19] approached the problem by defining simplified numerical finite element
models of the friction beam-column connection, starting from the equations of motion of the
friction connection considering a rigid block model having two degrees of freedom. Furthermore, the effect of the seismic-hazard disaggregation was considered. The results showed that
the minimum friction coefficient required to prevent the sliding of the beam depends on the
period of the structure and the damping coefficients used in the equations.
In this paper, a new analytical model is proposed for the evaluation of the seismic response
of a simple portal frame with friction beam-column connections. The portal frame is described
by means of a dynamic system with four degrees of freedom (DOF), 3 horizontal and 1vertical.
The main novelty introduced by the present work relies on the simplified model proposed and
on the evaluation of the influence of various parameters. Section 2 describes the proposed numerical model. In section 3, parametric analyses are carried out to evaluate the influence of the
main parameters on the global response of the simplified model. In section 4, the analytical
model is compared with finite element nonlinear time history analyses, carried out on a selected
reference structure. Finally, a concise discussion of the results obtained in sections 3 and 4 and
some considerations on possible improvements of the proposed model are made.
2

SIMPLIFIED SYSTEM DEVELOPMENT

The simplified 4DOF system used to describe the transverse portal-like response of a typical
precast industrial building is here introduced and described. Similar models were adopted in
previous research work [20, 21, 22, 23, 19].
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2.1 Simplified model
The lateral displacement of the 2 columns and the displacement of the beam is described
through a system characterized by 3 horizontal DOFs plus 1 vertical DOF (Figure 1b); the simplified system consists of 3 masses connected by springs (k1, k12, k23, k3) and viscous dampers
(c1, c12, c23, c3) and subjected to the ground horizontal and vertical accelerations (ܺሷ ǡ ܻሷ ). The
chosen degrees of freedom to describe the behavior of the system are the horizontal displacements of the top of the two columns (u1, u3), and the horizontal and vertical displacement of the
beam (u2, v2). The simplified system is drawn in Figure 1b.

a)

b)
Figure 1: a) layout of a typical portal-like precast industrial building; b) simplified 3DOF system adopted.

The parameters used to describe the considered simplified systems are here presented; the
subscripts refer to the element considered (i.e. 1 for the left-side column; 2 for the beam; 3 for
the right-side column) or, in the case of connections, the elements that are connected by the link
(e.g. subscript-i refers to the DOF of the element-i, while the subscript-ij refers to the link describing the relative displacement between the element-i and the element-j). The element-1 and
the element-3 are described by the masses m1 and m3, the elastic stiffnesses k1 and k3, the damping coefficients c1 and c3, and, to consider the nonlinear behavior of the columns, the yielding
forces Fy,1 and Fy,3, respectively. The element-2, represented by the mass m2, is connected to
the element-1 and element-3 by means of friction connections. The elastic stiffnesses k12 and
k23 are associated for instance with the neoprene pads. The friction forces are Fy,12 and Fy,13.
As for the vertical component of element-2, the generalized mass (Mn) and the generalized
stiffness (Kn) are introduced to represent the participating mass and stiffness of the n-th vertical
mode of the beam. In this work only the first vertical mode is considered; consequently, the
subscript -n is set to be equal to 1 (M1, K1).
In the analyses described in the following section, the main parameter investigated is the
relative displacements between the beam and the supporting columns (δ12, δ 13). For sake of
clarity, δ12 can be calculated as the difference between u2 and u1; similar considerations can be
drawn for δ13.
2.2 Equations of motion and solving method
The free-body model of the 4DOF system is represented in Figure 2.
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Figure 2: Free-body diagrams of the 3DOF system.

By enforcing balance to horizontal translation of element-1, element-3, it yields:
(1)
݉ଵ ݑሷ ଵ  ݇ଵ ݑଵ  ܿଵ ݑሶ ଵ െ ݇ଵଶ ሺݑଶ െ ݑଵ ሻ െ ܿଵଶ ሺݑሶ ଶ െ ݑሶ ଵ ሻ ൌ െ݉ଵ ܺሷ
(2)
݉ଷ ݑሷ ଷ  ݇ଷ ݑଷ  ܿଷ ݑሶ ଷ  ݇ଵଷ ሺݑଷ െ ݑଶ ሻ  ܿଵଷ ሺݑሶ ଷ െ ݑሶ ଶ ሻ ൌ െ݉ଷ ܺሷ
The horizontal equilibrium on element-2 is
(3)
݉ଶ ݑሷ ଶ  ݇ଵଶ ሺݑଶ െ ݑଵ ሻ  ܿଵଶ ሺݑሶ ଶ െ ݑሶ ଵ ሻ െ ݇ଵଷ ሺݑଷ െ ݑଶ ሻ െ ܿଵଷ ሺݑሶ ଷ െ ݑሶ ଶ ሻ ൌ െ݉ଶ ܺሷ
The vertical component of element-2, expressed through its time-derivative in principal coordinates [24], is
(4)1
߲ݒൗ ൌ ሾെ ݒ ܭെ ݒ ܯሷ ሿ ή ͳ
ଵ ଶ
ଵ ଶ
݀ݐ
ܯଵ
For a simply supported beam [24]
݉
ܯଵ ൌ ଶൗʹ
ߨ ସ ܫܧ
(5)
ܭଵ ൌ
ʹܮଷ
Where E and I are the elastic modulus and the moment of inertia of the horizontal beam,
respectively, and L is the length of the beam.
From the vertical displacement expressed in principal coordinates, the shear at the beam ends
(V(0, t) and V(L, t)) can be derived as a function of the time (t).
ߨ ଷ
ܸሺͲǡ ݐሻ ൌ െ ܫܧή ቀ ቁ ൨ ή ݒሺݐሻ
ܮ
(6)ʹ
ߨ ଷ
ܸሺܮǡ ݐሻ ൌ െܸሺͲǡ ݐሻ ൌ  ܫܧή ቀ ቁ ൨ ή ݒሺݐሻ
ܮ
It is worth noting that V(x, t) does not account for the mass m2; the total vertical force on the
column -i (Ni) can be calculated by the algebraic sum of V(x,t) and the generalized mass multiplied by the gravity constant (ܯଵ ݃).
The inelastic behavior of element-1, element-3 and of the link simulating the simple beamcolumn friction support is modeled by the Bouc-Wen hysteresis law [25]. The nonlinear behavior of the columns is accounted for by substituting ݇ ݑ (Eq. 1 and Eq. 2) with P(t)
ܲሺݐሻ௨ ൌ ߙ ݇ ڄ ݑ ڄ  ሺͳ െ ߙሻ݇ ߜ ڄ௬ǡ ܼ ڄሺݐሻ
(7)
where -i is 1 for element-1 and 2 for the element-2, α is the post yielding stiffness ratio, and Z
is an internal variable whose behavior is described by its derivative:
ଶ
ݒሷ ൌ ߲ ൗ݀ ݐଶ
ଶ
2
Ȱᇱᇱ ൌ ߲ Ȱൗ݀ ݔଶ
1
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ͳ
ܼ݀
ൌ ቆ ቇ  ڄሺݑపሶ െ ߛ  ڄȁݑపሶ ȁ ܼ ڄሺݐሻ  ڄȁݖሺݐሻȁିଵ െ ߭ ݑ ڄሶ ప  ڄȁݖሺݐሻȁ ሻ
ߜ௬ǡ
݀ݐ

(8)

n, ν, and γ are dimensionless quantities, n governs the smoothness of the curve in the proximity
of the yielding point, ν and γ control the size and the shape of the hysteretic loop (|ν |+|γ|=1). In
this case, the yielding force of the hysteresis model is derived as a function of the columns
features and it is introduced through the parameter ܨ௬ǡ ൌ ݇ ߜ ڄ௬ǡ (Eq. 7).
A similar procedure can be followed for the friction beam-to-column support; in this case,
the subscript -ij is set equal to 12 and 23 for the left and right connection, respectively, and the
displacements u12 and u23 refer to the relative displacement between the 2DOFs (u2 - u1 and
u2 - u3). Moreover, to simulate the simple friction support, the yielding forces of the links (Fy,12
and Fy,13) are derived according to the Coulomb’s Law. Defining a friction coefficient μ to
characterize the contact between the column and the beam, the Coulomb’s Law define the friction force (Fy,ij) as the product between μ and the total vertical force acting on the top of the
column-i (Ni). Eq. 7 becomes
ܲሺݐሻ௧ ൌ ߙ ݇ ڄ ݑ ڄ  ሺͳ െ ߙሻ  ڄሺߤ  ڄሺേܸሺͲǡ ݐሻ  ܯଵ ݃ሻሻ ܼ ڄሺݐሻ
(9)
The equations of motion are solved with the function Ode45 [26], a versatile ordinary differential equation solver that adopts the Runge-Kutta method with a variable time step. The
algorithm requires the conversion of the second-order differential equations into an equivalent
system of first-order equations.
3

PARAMETRIC ANALYSIS
The input parameters varied in the parametric analyses are summarized in Table 1.
Parameter
Behavior factor
Damping ratio
Friction coefficient
Vertical component
Ground Motion

Symbol
q
ζi
μ
V mode
GM

Value or range
1, 1.75, 2.5, 3.25, 4.0
1,3
0.1337, 0.5
No, 1st Mode
Mirandola, Amatrice

[-]
[%]
[-]
[-]
[-]

Table 1: Input parameters varied in the parametric analyses.

For the sensitivity analyses, the masses m1 and m3 are assumed equal to half of the selfweight of the single column, the elastic stiffnesses k1 and k3 are calculated from the geometry
of the columns and account for a 50% reduction of the elastic modulus of the reinforced concrete due to cracking. All these parameters can be derived by the layout and the column crosssection of the reference case described in the next Section. A viscous damping model is considered; the damping coefficients c1 and c3 are considered equal and they are calculated in the
parametric analyses by varying the damping ratio ζi as indicated in Table 1 (with -i equal to 1
or 3), while the damping ratio of the vertical mode of the beam (ζ2) is set equal to 0.01 [19]. As
for the nonlinearity, n, ν, and γ are assumed, for the columns, equal to 1, 0.5, 0.5, respectively,
while equal to 25, 0.5, 0.5, for the simple friction support, respectively. In both cases the post
yielding ratio is set equal to 0.001. The friction coefficient μ is varied among the values 0.1337
to simulate a neoprene-concrete interface [17] and 0.5 to consider a concrete-concrete interface
[27]. The stiffness of the Bouc-Wen hysteresis of the friction support is set equal to k12=
k23=49000 [N/m] [17] for μ=0.1337, while it is assumed equal to 1832461 [N/m] when the
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friction coefficient is set equal to 0.5. The cases with and without the vertical DOF are both
performed to evaluate the influence of the vertical component. The analyses are performed considering as seismic input the main shocks recorded in the L’Aquila station (Italy) during the
2008 seismic events, and in the Mirandola station (Italy) during the 2012 seismic events.
3.1 Parametric analyses and preliminary considerations
The results of the parametric analyses are reported in Figure 3 as a function of q in terms of
ratio between the relative displacement (δ12= u2- u1) and δR, corresponding to the value δ12 obtained in the reference case with ζ1= ζ3=3%, μ=0.1337, q=1, and without the vertical component
(indicated in the plot with a full black circle). Considering the geometric symmetry of the system, the same results would be obtained plotting δ13.
a) L’Aquila

b) Mirandola

Figure 3: Parametric analyses results for the different ground motions considered. For both the GM the results
are plotted as a function of q as the ratio between the relative displacement (δ12) and δR corresponding to δ12 of
the reference case (ζ1= ζ3=3%, μ=0.1337, q=1, No V Mode).

Increasing the behavior factor (q) the relative displacement (δ) decreases following an almost
linear trend; q affects more the case of Mirandola (with q=4, almost 60% reduction) than the
case of L’Aquila (with q=4 almost 10% reduction).
The friction parameter (μ) significantly affects the relative displacement between the beam
and the columns; increasing μ such relative displacement decreases.
The relative displacements increase by considering the vertical component; the maximum
increasing value is shown in the case of Mirandola (+30%); this is considered a reasonable
result observing that Mirandola is the site in which the maximum values of the vertical component were recorded. As for the case of L’Aquila, the increase is lower. Introducing ζ=0.01 leads
to variations that range between ±2% with respect to the reference case.
4

REFERENCE CASE

To validate the simplified model presented, time history analyses have been carried out on a
reference case study resembling a typical ‘70s precast industrial building. The building is supposed to be located in Mirandola (Emilia-Romagna, Italy). The building has a rectangular plan
and story height (under the beam) equal to 5.35 (m). The bearing structure is made of precast
frames designed according to the regulation codes at that time. The main frame of the building
is composed of 2 columns and a double-tapered beam with a net span equal to 10.65 (m); accordingly, an I-section beam with a variable height between 0.40 (m) and 1.50 (m) is supposed.
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The portal-to-portal distance is about 6.70 (m) and an overall roof weight of 2.40 (kN/m2) is
assumed. The columns have a square cross-section 0.34x0.34 (m2) with a longitudinal reinforcement ratio equal to 0.8 (%). Furthermore, each column has a RC fork at the top, in which
the beam is housed thus creating a simple-friction connection. A C28/35 concrete (28 MPa
characteristic cylindrical strength), and Feb38k (380 MPa characteristic yield strength) steel are
considered.
4.1 Finite Element Model
The model and the analyses are carried out with the finite element software MidasGen 2020
[28]. Beams and columns are modeled as beam elements; the double-tapered beam is modeled
as an elastic element with equivalent rectangular cross-section 0.12x0.85 (m2). Being simply
lying on the columns, it should not be directly damaged by seismic loading. To account for the
nonlinear behavior of the columns, Takeda lumped plastic hinges are introduced.
As for the constraints, the columns are fixed at the base while the beam-to-column connection is modeled using a “Friction Pendulum” general link with a very high radius of curvature.
The link in the global vertical direction of the beam-column connection is set to behave as a
rigid compression-only element.
Parametric analyses are carried out for four different cases by varying the parameters ζ, μ,
and V Mode reported in Table 1; the main shock recorded in the Mirandola station during the
2012 seismic events and a behavior factor (q) equal to 2.5 are assumed. The considered cases
are summarized in Table 2.
4.2 Results and discussion
Figure 4 shows the results in terms of the ratio between the relative beam-column displaceߜ
ment and the beam support length indicated by the code ( ȟ ൌ ൘ߜ
). In this case,
ோாி
ߜோாி ൌ11.55cm is considered [29].
According with the preliminary consideration made in Section 3, the results show that the
relative displacement decreases when the friction coefficient increases (-16%), Δ increase when
the vertical component (1st V Mode) is considered; in particular, the relative displacement increases by 17% compared to the reference case. By varying the damping ratio (from ζi=3% to
ζi=1%) an increase of the relative displacement of approximately 5% compared to the reference
case is showed.
Second, with the empty circle, the results obtained from the finite element model and the
simplified model are compared. From the comparison, it can be observed that the simplified
model can accurately predict the relative displacement between the beam and the column at the
beam to column support. In this case, the maximum variation is about -10% with respect to the
FEM model; the underestimation of the relative displacement could be due to the different models used for describing the beam-column connection in the two models and to the higher number
of degrees of freedom in the FE model.
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case 1
case 2
case 3
case 4

ζi
3%
3%
1%
3%

μ
0.13
0.50
0.13
0.13

V Mode
No
No
No
Yes

Table 2: Considered cases in the parametric analyses.

Figure 4: Parametric analyses results for the different model considered and comparison between the FEM
and the simplified model. The results are expressed in terms of ratio between the relative displacement ሺߜ ሻ
and the length of the support ሺߜோாி ሻ.

5

CONCLUSIONS

In this paper, a simplified model to evaluate the behavior of precast portal frames with beamto-column simple friction connection is presented. The behavior of the portal frame has been
investigated through a 4DOF model and parametric analyses have been carried out by varying
the main parameters of the frame and of the simple friction connection (q, ζ, μ, V Mode).
The results of the parametric analyses showed that the friction coefficient (μ) is the parameter
that most significantly affect the relative displacement between the columns and the beam. The
vertical component of the ground motion is another parameter that should be accurately considered in the evaluation of the beam- loss of support is; if the vertical component of the ground
motion is not considered, there is an underestimation of the relative displacements between the
beam and the columns, thus resulting in an unconservative approach. Finally, the more the nonlinear behavior of the structure, the less is the relative displacement between the beam and the
column; the parameter ζ (i.e. damping ratio) does not significantly affect the relative displacement. The results of the parametric analyses have been validated and assessed through a 2D
finite element model.
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Abstract
The dynamic and earthquake response of bell towers is examined here. The dynamic characteristics of two bell tower were measured in-situ through a series of free vibration tests that
were performed following a strong earthquake sequence. Subsequently the dynamic and
earthquake response of one of these bell towers was numerically simulated employing a 3-D
elastic numerical simulation shell of the bell tower and its foundation. The earthquake response is examined for a variety of load combination conditions employing design spectra as
well as the ground motion recorded at a small distance from this bell tower during a prototype earthquake motion. This study is further included to examine the influence of the soilfoundation interface. Towards this end, the non-linear uplift mechanism of the foundation
block from the underlying soil is numerically simulated. The earthquake response is examined
comparatively in terms of global response parameters, such as base shear, overturning moment, and top displacements as well as peak stress values at particular parts of the bell tower
that stress concentration occurs. These response values are studied in a comparative way in
order to validate these numerical simulations with the observed performance.
Keywords: Bell towers, In-situ Dynamic Measurements, Numerical Simulation, Earthquake
Response, Soil-structure Interaction.
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1

INTRODUCTION

Bell towers are structures that are of particular interest regarding their dynamic and earthquake response, which has been the subject of research in the past ([3] to [10]). A large number of bell towers with dimensions much larger than the ones examined here are located in
numerous cities in Italy and elsewhere. The largest percentage of these bell towers is built by
stone or brick masonry. In many cases earthquake activity constitutes the major cause of serious damage for bell towers that many times leads to partial or total collapse ([1] and [2]).
Consequently, there is a major international concern for the stability of numerous bell towers.
This resulted to significant international research effort that includes in-situ monitoring of the
response of bell towers on a temporary basis, like the one attempted here, or more sophisticated and on a permanent basis ([3] to [10]). Foundation problems for bell towers are evident
in many case the most celebrated being Pisa’s grand bell tower in Italy, that is quoted as a major medieval engineering error. Therefore, the soil flexibility is also an area of research interest for these structures especially when their dynamic and earthquake response is under
investigation ([12] to [20]).
The purpose of this investigation is to study the seismic performance of relatively new bell
towers compared to the old ones. Two of these relatively new bell towers, namely the bell
tower of Agios Gerasimos at Lixouri [21] and the bell tower of Panayia Argiliotissa at Havriata, are selected for further in-depth study. Both structures are made of reinforced concrete and
are distinct for the following reasons. A review of the seismic performance of bell towers and
especially those located in Kefalonia, Greece is presented in [21] and [22].

Figure 1a. Stamp issued in 1953
by the Greek Post Organization

2

Figure 1b. Partial collapse of the bell tower at the village of Kourouklata during the recent 2014 earthquake sequence

IN-SITU MEASUREMENTS

In the present work a summary of in-situ measurements is presented again for two bell
towers located in the island of Kefalonia. These bell towers are : a) The bell tower of Agios
Gerasimos at Lixouri. b) The bell tower at the village of Havriata. Information on these two
bell towers are also included in [21] and [22]. The basic geometrical features of these two bell
towers are depicted in figure 2. Both bell towers were constructed after a catastrophic earthquake sequence in 1953 which destroyed numerous bell towers in this island. Both bell towers
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are made of reinforced concrete and did not sustain any structural damage during the recent
2014 earthquake sequence despite the severity of the earthquake ground motion.

High Point
Low Point

a) Agios Gerasimos Bell Tower. Used instrumenta- b) Havriata Bell Tower. Used pull-out arrangement
tion
Figure 2. The Agios Gerasimos bell tower at Lixouri (left) and the Panagia Agriliotissa Bell tower at Havriata
(right)

2.1. In-situ Measurements of Agios Gerasimos Bell Tower
The dynamic characteristics of this bell tower were measured in-situ through a series of
free vibration tests that were performed following the damaging earthquake sequence 3 rd of
February 2014 seismic. The dynamic characteristics of this bell tower were measured in-situ
through a series of free vibration tests that were performed following the damaging earthquake sequence 3rd of February 2014 seismic. A set of two tri-axial accelerometers were utilized together with a digital data acquisition system. These accelerometers were fixed at two
locations along the height of the bell tower. The first accelerometer was fixed on a horizontal
reinforced concrete (R/C) slabs which was built internally on this bell tower and was connected in a monolithic way with all four peripheral R/C walls. This R/C slab was immediately
below the bells and could be reached through a R/C staircase which was also built internally
and was also connected in a monolithic way with the peripheral R/C walls. This R/C slab was
located at 15.4m from the ground level, which is named here “High Measuring Point (up)”
and the accelerometer fixed at this level is depicted in figure 2a. The second tri-axial accelerometer was also fixed internally on the West R/C wall at a location 11.5m from ground level,
which is named here “Low Measuring Point (down)”. It can be seen that both instruments
were located at an axis of symmetry of this structure named y-y in figure 2a (East-West).
The bell tower was excited by a pull-out free vibration test sequence ([20], [21] and [22]).
More details are included in [21]. Figure 3 depicts the measured bell tower response at the
low and high measuring point during a pull-out in-situ test. The presence of a quite dominant
frequency is quite clear in these free vibartion dynamic acceleration responses. This dominant
response frequency, which is equal to 2.343Hz (0.427 sec. period), was extracted from transforming the obtained measurements in the frequency domain through a Fast Fourier Transform (FFT) algorithm.
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Figure 3. Free vibration horizontal acceleration response at the “Low and High measuring points” of the Agios
Gerasimos bell tower at Lixouri

2.3. In-situ Measurements of the Bell Tower belonging to the Panayia Agriliotissa.
The church of Panayia Agriliotissa church at Havriata village, built in 1693, is partially
supported by a backfill and a system of retaining walls depicted in figure 4. The dynamic
characteristics of this bell tower were measured in-situ through a series of pull-out excitations
tests (see Manos et al, [21]), which were performed on 10th October, 2015, approximately
twenty (20) months after the damaging earthquake sequence of 3rd of February 2014. This
type of excitation that was also employed for the bell tower of Agios Gerasimos at Lixouri
[21], namely pull-out excitation. The level of this pull-out excitation was capable of producing horizontal vibrations by exciting mainly the horizontal translational eigen-modes of this
bell tower. This dynamic response could be capture by the employed tri-axial velocity sensors
with a sensitivity of 0.001mm/sec and a data acquisition system with a sampling frequency of
400Hz. The velocity response measurements were made by securing the velocity sensors at 5
levels along the height of the bell tower. This is depicted in figure 4 whereby for each level
the vertical distance from level 0 is also indicated e.g. at 0.80m (level 1), 3.84m (level 2),
6.78m (level 3), 9.83m (level 4), 12.88m (level 5).
Pull-out Vibration Tests of Bell Tower At Havriata 8-10-2015
1st Eigen-mode N-S x-x 4.59Hz, 2nd Eigen-mode E-W y-y 4.639Hz

Distance from level 0 (m)

14

x-x at 4.59Hz

12

y-y at 4.639Hz
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1

Normalized FFT velocity amplitude
Figure 4. FFT velocity response amplitudes along the height of the Havriata bell tower for the main eigenfrequencies.

From the analysis of the measured velocity response in the frequency domain the main eigen-frequency values were obtained equal to 4.59Hz for the N-S (x-x) and 4.639Hz for the E-
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W (y-y) directions, respectively. These frequency values, as will be explained, correspond to
the 1st and 2nd horizontal translational modes. This is concluded from the same frequency
analysis by selecting and plotting along the height in figure 4 (left) the FFT amplitudes that
correspond to these frequency values, as obtained from the measured vibration response along
the height of the bell tower at each one of the five (5) selected levels. The plotted in figure 4
FFT amplitude variation along the bell tower height for these specific eigen-frequency values
are normalized, thus representing the mode shapes of the two N-S and E-W eigen-modes. As
can be seen in this figure, the resulting mode shapes have an almost linear variation along the
height from level 0 to level 5 thus representing the translational horizontal mode-shapes of the
bell tower in the N-S (x-x) and E-W (y-y) directions.
3

NUMERICAL SIMULATION OF THE DYNAMIC AND EARTHQUAKE
RESPONSE OF THE PANAYIA AGRILIOTISSA BELL TOWER AT HAVRIATA

The dynamic response of this bell tower was numerically simulated employing a linear
elastic dynamic analysis utilizing shell elements assumed to be of reinforced concrete as an
isotropic material with a Young’s Modulus equal to E=10000MPa and typical to reinforced
concrete. The bells were assumed to weight 500kgf. They were simulated with a steel beam
that was placed at the right location and height where the actual steel beam supporting the
bells is located. A mass and weight multiplier was used for this beam to account for the extra
mass and weight of the bells. The geometry and thickness of the external walls, the slabs and
the top vault of this bell tower were included in this numerical simulation.

a) Foundation block simply-supported
b) Foundation block supported with 3-D links
Figure 5. 3-D numerical simulation of the Havriata bell tower
The foundation was assumed to be a mass-less concrete block of total thickness equal to
1m that was numerically formed by the following parts (figure 5):
- Two mass-less and stiff horizontal slabs with a thickness 0.45m were located one at
zero (0) level and the other at a depth of 1.0m from zero (0) level. These slabs represent the
upper and lower horizontal planes of the foundation concrete block. In addition, four massless and stiff vertical slabs having a thickness 1.0m were also added. Two of these slabs were
placed at the x-z plane and the other two at the y-z plane of the numerical model. These ver-
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tical slabs represent the peripheral vertical planes of the foundation block facing the EastWest (x-z plane) and the North-South (y-z plane) directions. In this way the foundation block
was formed that represents in itself a very rigid part of the whole structure. In order to approximate the possibility of a flexible interface between this foundation block and the surrounding
soil volume two types of boundary conditions were introduced in this numerical model. In the
first case all the points of the bottom slab of this foundation block were simply supported
whereas in the second case all these points were connected to the supporting media with 3 directional linear springs with a stiffness equal to 5000000KN/m, a value that corresponds to a
very stiff soil (see also Manos and Kozikopoulos [21]).

Distance from level 0 (m)

Pull-out Vibration Tests of Bell Tower at Havriata 8-10-2015
1st Eigen-mode x-x 4.59Hz, 2nd Eigen-mode 4.639Hz
14
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2
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Normalized FFT velocity amplitudes
Figure 6. Comparison of measured and predicted dynamic characteristics of the Havriata bell tower.

In figure 6 the numerically predicted N-S / E-W eigen-frequencies values and eigen-mode
shapes (SAP Mode-1) are compared with the corresponding measurements (N-S x-x and EW y-y). Only the numerical results for the x-x 1st mode are plotted in this figure because
the corresponding results for the second y-y mode are almost identical, due to the geometric symmetry of this bell tower. The plotted eigen-mode shape is limited to that part of the
bell tower where measurements of its dynamic response were obtained from the in-situ
campaign, as already described, from level 0 to level 5. As can be seen in this figure reasonably good agreement can be seen between both the measured and numerically predicted
eigen-mode shape as well as the eigen frequency values. The numerical results obtained
from the simply supported foundation block are almost identical to the corresponding results obtained from the numerical model whereby the foundation block is supported by 3-D
stiff links (5000000KN/m), as already described. Thus, in the case of the Havriata bell
tower it was not necessary to employ less stiff 3-D links at the soil foundation interface in
order to reach a reasonably good agreement between measured and numerically predicted
dynamic response characteristics for this structure. On this point the it is important to underline that in the case of the bell tower of Agios Gerasimos at Lixouri [21], whereby the
authors followed and identical methodology for in-situ measurements and numerical simulation, it was necessary in-order to reach such a reasonable degree of agreement between
measured and predicted dynamic response to use 3-D links with a stiffness value equal to
21000KN/m. The obvious conclusion is that in the case of the Havriata bell tower the flex-
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ibility of the surrounding soil volume exercised much less influence on its dynamic response than in the case of the Agios Gerasimos at Lixouri bell tower. This observation is in
good agreement with the overall picture of the two locations as the Havriata bell tower is
located at the top of a hill whereas the Agios Gerasimos bell tower is located at a close distance from the harbor almost at sea level. However, it must also be underlined that this
conclusion is based on in-situ dynamic response measurements generated from relatively
very low level excitations and it should not be extended to the very intense excitation that
both structures were subjected to during the earthquake sequence of 3rd February, 2014. On
the contrary, as will be described in the following, both structures were subjected to very
intense earthquake excitations during the 3rd of February 2014 seismic event [1].

Figure 7a. The damaged longidutinal peripheral masonry South wall of the church after
the seismic event of 3rd February 2014

Figure 7b. The failure of the retaining wall and the backfill at
the South side of The Theotokos church of Havriata

Figure 7b show the failure of the retaining wall and the backfill at the South side of
the Theotokos church of Havriata, at a distance of less than 50mm from the bell tower. Moreover, the church of Panayia Agriliotissa of Havriata developed also significant structural damage (figure 7a). These observations represent visual evidence of the severity of the ground
motion of this seismic event. In addition, both in Lixouri as well as in Havriata the seismic
excitation was recorded [1, 21, 22], by strong motion accelerographs located at close distance
from either bell tower (approximately 300m).
It must be underlined that the Havriata bell tower was designed and constructed well after
1996, when the provisions of the new Greek seismic code became mandatory ([11], [23],
[24]). The adopted in the case of Agios Gerasimos bell tower design acceleration/force levels
for its seismic design could not be ascertained up to now. However, in this case from eye witness reports the foundation block in the case of Agios Gerasimos bell tower was much thicker
and as such was included in the numerical simulation.
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a) Theotokos bell tower at Havriata.
b) Agios Gerasimos bell tower at Lixouri.
Translational mode N-S (x-x)
Translational mode N-S (x-x)
T=0.220sec, f=4.54Hz, (stiff soil)
T=0.425sec, f=2.35Hz, (medium soil)
Figure 8. Comparison of translational eigen-modes and eigen-frequensies of the Thetokos bell tower at Havriata and the Agios Gerasimos bell tower at Lixouri.

In figure 8, the mode-shape of the 1st translational eigen-mode of the Havriata bell tower is
shown, as predicted numerically for the full height of this bell tower (from level 0 to the top).
In the same figure the measured 1st eigen-frequency and eigen-mode in either the North-West
or the North-South direction is also indicated. A good agreement can be seen between the
measured and the numerically predicted values. It must be underlined that in the case of the
Havriata bell tower the foundation block was supported at its base to the soil with a sereies of
link elements representing stiff-soil conditions. In figure 8a and 8b, the mode shapes of the 1st
translational eigen-mode for the Havriata and the Agios Gerasimos bell towers are depicted,
respectively. As can be seen in these figures, the flexible soil in the case of the Agios Gerasimos bell tower leads to a increase in the flexibility of the whole structure. On the contrary, the
stiff soil in the case of the Havriata bell tower results to a relatively stiff structure and leads to
a more pronounced response of its upper part which is relatively more flexible than its lower
part.
4.1. Results from the design spectral curves
In this section the performance of the Havriata bel tower will be studied adopting earthquake force levels according to the type-2 Euro-Code 8 design spectra for soil category D.
Moreover, the design ground acceleration for the island of Kefalonia, as specified by the
seismic zoning map of the new seismic code of Greece, equal to 0.36g (g the acceleration of
gravity) is also adopted. The importance factor for the bell tower is set equal to 1. A critical
point is the value of the behaviour factor (q).
q qokw Ӌ1.5
where: qo is the basic value of the behaviour factor, dependent on the type of the structural
system and on its regularity in elevation;
kw is the factor reflecting the prevailing failure mode in structural systems with walls
For reinforced concrete structures that are formed by uncoupled walls, as one can classify
the Havriata bell tower, the minimum value for the behaviour factor is qo =3 [23]. This value
can become even higher when the detailing ensures behaviour of high ductility. At the same
time, because of the dimensions of the bell tower and the presence of the bells at is upper part,
such a structure could be considered as partly resembling an inverted pendulum in which case
the behaviour factor value ranges from qo =1.5 to 2.0. The value of qo given for inverted pendulum systems may be increased, if it can be shown that a correspondingly higher energy dis-
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sipation is ensured in the critical region of the structure. The value of kw for the bell tower can
range from 1 to 1.43. Part of the concept of high values for the behaviour factor is based on
the fact that the strong seismic ground motion effect will be absorbed from ductile inelastic
hysteretic response of its structural members and thus reduce the overall structural response
in a way similar to that of an overdamped elastic response associated to reduced levels of
seismic forces. For the purposes of this study a value of q=3 could be adopted for the behaviour factor considering this bell tower as an RC wall system. In a complementary study the
inelastic response spectral curves were derived for the two horizontal components of the
ground motion recorded at Havriata at a small distance of the bell tower during the strongest
event on the 3rd of February, 2014. These inelastic spectral curves were derived for an assumed ductility factor value m=3, to be in accordance with the adopted value of the behaviour
factor adopted for the design spectra derived from the provisions of Euro-Code 8, as described
above. These are depicted in the following figure 9 for the East-West and the North-South
horizontal components of the named recording of the ground motion at Havriata.
Strongest Aftershock 3rd February 2014
Havriata East-West Elastic and
Constant ductility (μ) Response spectra

Strongest Aftershock 3rd February 2014
Havriata N-S Elastic and
Constant ductility (μ) Response spectra
ag=0.36g soil D γ=1 q=3

NS elastic RS
2000

NS Cduct μ=3
"Bell Tower 1st"

1500

2500

EuroCode-8 Type-2

Bell Tower 2nd

1000
500

Spectral Accel (cm/sec2)
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2500
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0

0
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Period (sec)

Figure 9. The response and the design spectra for the Havriata Bell tower

In figure 9, the eigen-period values of the 1st and 2nd eigen-modes in either the North-South or
the East-West directions are also indicated. Apart from the Euro-Code-8 design spectral
curves and the inelastic (m=3) constant ductility spectral curves of the Havriata strong motion
record in the two horizontal directions, the corresponding elastic spectra curves are also plotted. As can be seen from these plots, the inelastic constant ductility curve values are larger
than the corresponding Euro-Code 8 design spectral values for both eigen-periods and for
both directions. Similarly, the elastic response spectral curve values are much higher than the
corresponding inelastic constant ductility (m=3) spectral curves. Moreover, the following observations can be made.
a) The 1st eigen-period value for the Havriata bell tower corresponds to the period range
with the relatively large spectral values. This is also the case for the Agios Gerasimos bell
tower.
b) The presence of the relatively flexible soil in the case of the Agios Gerasimos results
in a larger eigen-period value (0.425sec) than the corresponding eigen-period value for the
Havriata bell tower (0.220sec). These numerically predicted eigen-period values were validate
by the in-situ measurements.
c) The presence of the flexible soil in the case of the Lixouri also influenced the seismic
ground motion as can be seen when the response spectral curves of Lixouri ground motion
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record [1] are compared with the corresponding response spectral curves of Havriata ground
motion record. Thus, it can be seen that in the case of the Havriata ground motion the period
range with the largest spectral values is from 0.15sec to 0.4sec whereas in the case of the Lixouri ground motion record this period range was sifted to 0.3sec to 0.6sec.
The modal analysis results of the numerical model of the Havriata bell tower resting on
links representing stiff soil conditions are listed in the following table. In this numerical model the part that simulates the foundation block which is below the ground surface is
represented by a rigid box formed by relatively rigid finite elements in a way that the weight
of the actual foundation block is realistically approximated. At the same time these elements
are assumed to be practically mass-less as not to interfere in an unrealistic way with the dynamic system of this structure. Moreover, in order to account for the influence of soil deformability the link elements supporting the foundation block to the soil were provided with a
damping ratio equal to 10% of critical.
Table . Modal Participating Mass Ratios
Mode

Period

UX

UY

UZ

SumUX

SumUY

SumUZ

Number

Sec

Unitless

Unitless

Unitless

Unitless

Unitless

Unitless

1
2
3
4
5
6
7
8
9
10

0,22
0,219
0,086
0,084
0,062
0,05
0,041
0,04
0,039
0,032

0,52381

0,52381
0,52381
0,73946
0,73946
0,73952
0,73952
0,80776
0,80776
0,81249
0,87061

0
0,5114
0,5114
0,7199
0,7199
0,7199
0,7199
0,7845
0,7845
0,7845

0
0
0
0
0
0,51
0,51
0,51
0,51
0,51

0,5114
0,21565
0,2085
0,51
0,06824
0,0646
0,00473
0,05812

Table . Base Reactions
Load case
DEAD (with Foundation)
1. EuroCode 8 q=3
2. EW-res spectra Con. Duc. m=3
3. NS-res spectra Con. Duc. m=3

4. Dead + EC8x-x + 0.3EC8y-y
5. Dead+0.3 EC8x-x + EC8y-y
6. Dead+(RSEW + 0.3RSNS) m=3
7. Dead+(RSEW + 0.3RSNS) m=3

CaseType

LinStatic
LinRespSpec
LinRespSpec
LinRespSpec
LinRespSpec
LinRespSpec
LinRespSpec
LinRespSpec

Max
Max
Max
Max
Max
Max
Max
Max

GlobalFX (tnf)

GlobalFY (tnf)

70,1 / 13%

70,1 / 13%

GlobalFZ (tnf)
534,6 / 225,6*

104,4 / 20%
90,9 / 17%
70,1 / 13%

20.4

534,6 / 225,6*

21.0

67.8

534,6 / 225,6*

27.3

104.4

534,6 / 225,6*

90.9

31.3

534,6 / 225,6*

x with and without the weight of the foundation block. The listed percentage values in this
table were derived from comparing the base shear values in each case with the total
weight of the bell tower including the foundation

As can be seen from the modal participating mass ratio values listed in the above table the 1st
and second translational modes in the x-x (North-South) and the y-y (East-West) direction
mobilize a considerable part (more than 72%) of the total mass of the superstructure. The rest
of the higher order modes used in the subsequent dynamic spectral analyses (up to 10 modes)
mobilize up to 87% and 78.5% of the total mass of the superstructure in the x-x and y-y horizontal directions, respectively. Therefore, no further amplification of the dynamic response
was employed. The resulting base shear values are listed in Table . The listed percentage val-
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ues in this table were derived from comparing the base shear values in each case with the total weight of the bell tower including the foundation. As can be seen, the seismic force levels
when the constant ductility response spectra curves are employed are higher (20% of the total
weight) than those employing the Euro-Code-8 design spectral curves (13% of the total
weight). The same is obviously valid when the load combinations, described in load cases No.
6 and 7 (constant ductility response spectra) are compared with load cases No. 4 and 5 (EuroCode-8 design spectra).
Load Cases

Top of Tower
Base Shear
Over Moment
Vertical link
Hor. Displ. (mm)
(tnf)
(tnf-m)
force* (tnf)
4. Dead + EC8x-x + 0.3EC8y-y
Ux=14.75 /
Qx=70
Mx=1301
0.14 / -2.09
Uy=4.48
Qy=20
My=-1911
5. Dead + 0.3 EC8x-x + EC8y-y
Ux=4.43 /
Qx=21
Mx=1900
0.06 / -2.06
Uy=14.69
Qy=67
My=-1305
6. Dead + (RSEW + 0.3RSNS) m=3
Ux= 5.72 /
Qx=27
Mx=2389
0.60 / -2.06
Uy=23.11
Qy=104
My=-1381
7. Dead + (RSNS + 0.3RSEW) m=3
Ux=19.06 /
Qx=91
Mx=1449
0.55 / -2.50
Uy=7.01
Qy=31
My=-2164
* The vertical force that develops at the link connecting the foundation block with the soil located
at the North-West corner of this foundation block

Figure 10. Structural detailing of the columns at the level supporting the bells

Figure 10 depicts the structural detailing of the part of the bell tower with the columns
above the level 12.00m, which as depicted in figures 11, is highly stressed both in tension
and shear from the load combinations that include either the EuroCode-8 design spectral
curves or the constant ductility response spectral curves of the recorded ground motion
during the strongest earthquake event of the 2014 sequence. This bell tower was designed
according to the provisions of the Euro-code 8 by a designer civil engineer (see acknowledgements) assuming design ground acceleration 0.36g, behaviour factor q=3, importance
factor γ=1, and soil category B according to the provisions of the new Greek seismic code.
The quality of the concrete was C20/25 and the reinforcing steel S400s (assumed yield
stress equal to 400MPa). As was shown in figure 10, the ineleastic spectral acceleration
curves derived from the recorded ground motion assuming ductility factor equal to m=3 re-
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sult in base shear values approximately 50% higher than the corresponding base shear values derived from the Euro-Code-8 design spectral values (see Table ). It was underlined
that no structural damage could be seen at this bell tower after the event despite the fact
that it was subjected to earthquake forces exceeding the level of the assumed earthquake
forces in the design. The same can be seen when one compares the maximum displacement
response values predicted to develop at the top of the bell tower employing the Euro-Code8 design spectra with the corresponding constant ductility response spectra curves. The
same can be seen when on compares the stress levels that develop at the columns of the
part of the bell tower below the level where the bells are located. This part of the structure
is selected because the columns located at this part of the whole structural system develop
relatively high level of stresses. These stress levels can be met successfully by the reinforcing details of these columns.
Load case 4

EC8 D+NS+0.3EW S22=1.32MPa

Load case 6

Hav D+EW+0.3NS S22=2.26MPa

Load case 5

Load case 4

Load case 5

EC8 D+NS+0.3EW S12=0.37MPa EC8 D+EW+0.3NS S22=1.97MPa EC8 D+EW+0.3NS S12=0.41MPa

Load case 6

Load case 7

Load case 7

Hav D+EW+0.3NS S12=0.45MPa Hav D+NS+0.3EW S22=1.93MPa Hav D+NS+0.3EW S12=0.47MPa

Figure 11. Stress levels that develop at the part of the bell tower supporting the bells for the various loading conditions

4

CONCLUSIONS
-

-

The measured 1st eigen-period values compare well with the numerically predicted
values for both bell towers. The 1st eigen-period value for the Havriata bell tower corresponds to the period range with the relatively large spectral values. This is also the
case for the Agios Gerasimos bell tower.
The presence of the relatively flexible soil in the case of the Agios Gerasimos results
in a larger eigen-period value (0.425sec) than the corresponding eigen-period value for
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-

the Havriata bell tower (0.220sec). The employed numerical simulations recognized
this fact by employing the appropriate support conditions of the foundation block.
The seismic force levels when the constant ductility response spectra curves are employed are higher (20% of the total weight) than those employing the Euro-Code-8 design spectral curves (13% of the total weight).
The bell tower columns above the level 12.00m, represent the part of the bell tower
which is highly stressed both in tension and shear.
No structural damage could be seen at this bell tower after the event despite the fact
that it was subjected to earthquake forces exceeding the level of the assumed earthquake forces in the design.
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Abstract
The present study presents a series of in-situ measurements conducted at selected old stone
masonry bridges, using up-to-date system identification techniques, in an effort to identify
their dynamic characteristics in terms of eigen-frequencies, eigen-modes and damping properties. All these information is part of a data base that can be used in the future as a reference
for identifying noticeable changes in these dynamic characteristics as part of a structural
health monitoring effort for these bridges. Moreover, this information provides a basis for
building realistic numerical simulations towards studying the structural behaviour of such
stone masonry bridges and assessing their expected structural behaviour in extreme future
seismic events. Selected in-situ measurements are presented together with their use in building numerical models of various levels of complexity. These numerical models are finally utilized in assessing the expected performance of specific case studies of stone masonry bridge
structures in Greece towards meeting the demands of extreme events that include design
earth-quake loads. The described system identification technique can also be linked to specific actions, such as earthquake activity, and thus serve as warning for specific maintenance
counter-measure.
Keywords: Stone Masonry Bridges, In-situ Vibration Measurements, System Identification,
Numerical Simulation, Foundation Deformability, Plaka Bridge Collapse.

2769

George C. Manos and Nick Simos

1

INTRODUCTION

In what follows selective results are presented from an extensive study, which focused on
old stone masonry bridges that are located mainly in the prefectures of Western Macedonia
and Epirus and Thessaly in Greece (Gialeridis 1995, Grassos 2007, Milas 2016, Psimarni et al
2000). These bridges are examples of out-standing stone-masonry construction that was dominant for a long period in these parts of Greece (Figs. 1a and 1b).

Figure 1a. Konitsa Bridge, Ipiros, Greece.

Figure 1b. Plaka Bridge, Ipiros, Greece. (Before its
collapse in 1st February 2015)

The use of the stone masonry arch that is utilized in forming stone masonry bridges was
extensively used in the times of the Roman Empire as part of the transportation system that
was established and linked the various provinces of the Roman Empire. Evidence of stone
masonry arch bridges prior to Roman times is not known although stone masonry structures in
the East Mediterranean area for other uses date to prehistoric times. A well known use of
arch/vault stone masonry structural form is the one that can be seen at the royal tombs which
have been excavated during the last 200 years in many places in Greece.
The royal tomb of Atraeus at Mycenae-Greece utilized stone masonry to form an underground vaulted structure with a diameter at its base of 14.60m and a height of 13.30m constructed with 33 subsequent series of stone masonry along the height. The use of such vaulted
stone masonry structures demonstrates the efficient utilization of this structural form in order
to bear efficiently the dead loads as well as the weight of the overlying soil volume in a state
of stress dominated by compression. The use of the stone masonry arch/vault type formation
is also evident in the structural system of the royal tombs of the Macedonian kings at Vergina
in Northern Greece, dated from 350 B.C. and excavated during the last 30 years. Despite the
use of arch/vaulted stone masonry structural formations for these underground Macedonian
royal tombs at Vergina in Northern Greece there is no evidence of such structural formations
being used for bridges at that time. The remains of an ancient Roman bridge is located between Vergina and Thessaloniki. These remains correspond today to only one main arch with
a span of 15m and height of 7.5m. This surviving part of a Roman stone masonry bridge is
dated between 50 A.D. and 150 A.D. and it is located at a close distance (25km) from the Macedonian palaces of Vergina and Pella and 30km from the city of Thessaloniki.
The old stone masonry bridges that survive today have been built during the 18th and 19th
century. They were used to connect villages located in rough mountainous terrain bridging
currents that could be quite turbulent during part of the year. This type of transporting people,
animals and goods was accomplished using a relatively narrow deck with width vary-ing from
2.0m to 3.0m. On the contrary, their size spans from 8m to 40m when a single arch is employed (Konitsa) or over 70m for multi-arch structures (Plaka). More information on the
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geometry, construction characteristics and mechanical properties of the employed materials
are given by Manos et al. (2016). Today, these structures have retain but only a small part of
this primary function, as new roads and bridges have been built to facilitate the contemporary
transportation needs. Despite this fact they have recently attracted considerable attention as
cultural heritage structures together with an effort to become parts of a network of mountain
trails. Because a number of people use these structures as visitors a conservation effort was
also initiated for their maintenance. Our study has also partly such an objective. That is to obtain information through in-situ instrumentation and measurements on the vibration characteristics of these structures at a given time in a health monitoring framework, as described in
section 2. In addition, these in-situ measurements are complemented with a numerical investigation that has as first target to form realistic numerical simulations of such old stone masonry structures. Moreover, to employ next such realistic numerical simulations in order to
assess the behaviour of these old stone masonry bridges to a combination of loads that include
accidental actions, such as forces generated from earthquakes or flooding.

Figure 2a. The studied old stone masonry bridge of
Saint Vissariona 23rd August, 2017. Span of main
arch 28.9m and height 16.3m

2

Figure 2b. The studied old stone masonry bridge of
Aziz Aga 31st August, 2016. Span of main arch 28m
and height 13.5m.

IN-SITU MEASUREMENTS OF THE DYNAMIC CHARACTERISTICS OF THE
STUDIED STONE BRIDGES

In measuring the dynamic response of all the studied stone bridges two types of excitation
were mobilized. The first, namely ambient excitation, mobilized the wind, despite the variation of the wind velocity in amplitude and orientation during the various tests. Due to the topography of the areas where these stone bridges are located, usually a relatively narrow gorge,
the orientation of the wind resulted in a considerable component perpendicular to the longitudinal bridge axis. This fact combined with the resistance offered to this wind component by
the façade of each bridge produced suffi-cient excitation source resulting in small amplitude
vibrations that could be recorded by the employed instrumentation. The second type of excitation that was employed, namely vertical in-plane excitation, was produced from a sudden drop
of a weight on the deck of each stone masonry bridge (Aoki 2007, Manos 2015a, 2015b, 2016,
2017, Ozden et al 2012, Ruocci et al. 2013).
The level of this second type of excitation was capable of producing mainly vertical vibrations; however, depending on the location of the stone-bridge that such an excitation was applied, horizontal vibratory response components could also be recorded. From the recorded
three-component response the in-plane and out-of-plane eigen-frequencies and eigen-modes
of each studied stone masonry bridge structure could be identified. The employed tri-axial
velocity sensors had a sensitivity of 0.001mm/sec and a data acquisition system with a sam-
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pling frequency of 800Hz. The wind orientation relative to the geometry of each bridge structure coupled with the bridge stiffness properties could excite mainly the 1st symmetric out-ofplane eigen-modes. The variability of the wind orientation could also excite, although to a
lesser extend, some of the other in-plane and out-of-plane eigen-modes. The drop weight excitation in various locations combined with the placement of the sensors in selected locations
was capable of capturing the in-plane as well as out-of-plane modes of response. A careful
study of the numerous in-situ response measurements together with the assistance of numerical simulation tools and a back analysis process resulted for such stone bridges in their dynamic system identification. This process is presented in what follows for two old masonry
bridges, namely the Saint Vissariona Bridge at Pile, in Trikala prefecture (figure 2a) and the
bridge of Aziz-Aga, at Grevena prefecture (figure 2b).
Due to space limitations only selective measurements of the out-of-plane response, which
was recorded utilizing either the wind or the drop weight excitation are included here. More
information is reported by Manos et al. (2016).
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Figure 3. Wind excitation Saint Vissariona Bridge 9th September, 2018. Out-of-plane horizontal component.
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Figure 4. Drop weight excitation Saint Vissariona Bridge 9th September, 2018. Out-of-plane horizontal component.

In figure 3, the out-of-plane horizontal component response of the Saint Vissariona bridge is
presented due to wind excitation. The time history plot is shown at the left hand side of this
figure with the corresponding FFT plot shown at the right hand side. As dominant frequency

2772

George C. Manos and Nick Simos

the value of 2.7832Hz can be identified. Figure 4 depicts the corresponding out-of-plane horizontal component response, in terms of time history and FFT plots, for the same bridge due
this time to the drop weight excitation. The dominant frequency value is this time equal to
2.7344Hz. For the Aziz Aga stone bridge the out-of-plane horizontal component response, in
terms of time history and FFT plots, due to the drop weight excitation is depicted in figure 5.
As can be seen in this figure the dominant eigen-frequency is equal to 3.4668Hz. By studying
further the FFT plots of figures 4 and 5 one can also identify through the other two distinct
peaks the eigen-frequencies of two more high-order out-of-plane response eigen-modes.
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Figure 5. Drop weight excitation Aziz-Aga Bridge 19th May, 2019. Out-of-plane horizontal component

3

NUMERICAL SIMULATION OF THE DYNAMIC RESPONSE RECORDED INSITU UTILIZING LINEAR-ELASTIC RESPONSE ASSUMPTIONS.

Initially, in the following section an attempt is made to employ a variety of linear-elastic
numerical simulations for a relatively simple arch bridge.

Figure 6. The single arch stone masonry bridge at Kryineri (Molista).

This structure bridges one of the streams that flows towards Sarantaporos river between the
mountains of Grammos and Smolikas at the prefecture of Ipirous. This valley was and still is
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one of the main links between the prefectures of Macedonia and Ipirous in Greece. Apart
from this bridge there were other bridges in this valley that do not exist today. One of these
bridges that survive today, which bridges the upper part of Sarantaporos river near its origin
(Eptachori) is the two-arch bridge of Drosopigi, located near the village with the same name,
the birth place of the second author of this work (figure 7). Both Drosopigi bridge and the
Kryoneri bridge were initially studied numerically by Simos and Manos [24]. In section 3.1.
the numerical simulation of the Kryoneri Bridge is again presented together with corresponding measurements performed in-situ.

Figure 7. The two-arch stone masonry bridge at Drosopigi.

3.1

The stone masonry bridge at Kryoneri

This is a relatively simple stone masonry bridge of a single arch, as shown in figure 6. The
clear span of this bridge is 8.25m, the height from the river bed to the key of the arch (bottom
fiber) 5m and the width of this bridge at the key of the arch 2.4m. Figures 8a and 8b depict the
main out-of-plane and in-plane eigen-modes of this bridge, respectively.

Figure 8a. Out-of-plane 12.744Hz Damping 3.7%

Figure 8b. 1st In-plane 17.578 Hz
4.6%

Damping

As can be seen in figures 8a and 8b the first out-of-plane eigen frequency was measured insitu to be equal to 12.744Hz, whereas the first in-plane eigen-frequency was measured to be
equal to 17.578, which is considerably higher than the 1st out-of-plane. It must be underlined
here that the drop weight excitation process was utilized in situ to obtain these eigenfrequency values. Moreover, from stone samples taken in-situ the following mechanical characteristics were obtained from laboratory tests.
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Table 1. Molista stone cubes. Compression test results November 2018
Code
Width
Thickness
Area
Height
Slenderness
No
(mm)
mm)
(mm2)
(mm)
ratio H/l
1
61
57
3477
61
1.000
2
57
60.5
3448.5
48
0.817
3
59
57
3363
70
1.207
4
50
60.5
3025
64
1.164
Average compressive strength value (MPa)
Standard deviation (MPa)
Young’s Modulus E=40GPa, Average Tensile Strength = 6.56MPa

Ultimate
Compression
(KN)
363.0
392.4
412.0
255.1

Ultimate
Compressive
stress (MPa)
104.4
113.8
122.5
84.3
106.25
16.4

The subsequent numerical analysis followed three different numerical simulations. Al of
them assumed linear-elastic behaviour and homogenization of the stone masonry. The first
approach is the simplest of the three simulating the bridge through the middle longitudinal
plane of symmetry utilizing thick shell finite elements, as shown in figure 9. The supports for
all the nodes forming the horizontal abutment base contact was assigning zero translations
(ux=uy=uz=0) and zero rotations (φx, φy, φz) along all three axes. The supports for all the
nodes forming the inclined abutment base contact was assigning only zero translations along
all three axes (ux=uy=uz=0). The second approach uses brick finite elements and in this way
the full geometry of the bridge is portrayed, as shown in figure 10a. In the third approach the
numerical simulation includes also the valley substrate as a continuation of the abutments of
this bridge in a way shown in figure 10b. In all these analyses the homogenized masonry
Young’s modulus was assumed equal to 2000MPa and the homogenized masonry special
density 25.5KN/m3.

Figure 9. 3-D numerical simulation of the single-arch stone masonry bridge at Kryoneri (Molista) employing
thick shell finite elements.

Figure 10. a) 3-D numerical simulation of the single-arch stone masonry bridge at Kryoneri (Molista) employing
brick finite elements. b) 3-D numerical simulation of the single-arch stone masonry bridge at Kryoneri (Molista)
together with part of the valley substrate employing brick finite elements.

From the eigen-frequency values listed in figure 11 good agreement is reached between the
eigen-frequency values obtained by the 3-D numerical simulation of the single-arch stone
masonry bridge at Kryoneri (Molista) employing either thick shell finite elements or the 3-D
numerical simulation employing brick finite elements.
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3-D Numerical simulation thick
shell finite elements

3-D Numerical Simulation brick
finite elemets

3-D Numerical Simulation brick
finite elemets with valley substrate

1st out of plane f=12.2943Hz (1st
Mode). Measured 12.744Hz

1st out of plane f=11.4383Hz (1st
Mode). Measured 12.744Hz

1st out of plane f=6.3049Hz right
abutment (1st Mode).

1st in- plane f=19.6184Hz (2nd
Mode). Measured 17.578 Hz

1st in- plane f=19.6472Hz (2nd
Mode). Measured 17.578 Hz

1st in- plane f=14.938Hz (2nd Mode).
Measured 17.578 Hz

2nd out of plane f=21.3738Hz (3rd
Mode)

2nd out of plane f=22.0209Hz (3rd
Mode)

2nd out of plane right abutment
f=12.422Hz (3rd Mode)

2nd In-plane f=22.2569Hz (4th
Mode). Measured 23.438 Hz

2nd In-plane f=22.2509Hz (4th Mode).
Measured 23.438 Hz

2nd In-plane f=17.717Hz (4th Mode).
Measured 23.438 Hz

3rd out of plane f=31.1177Hz (6th
Mode)

3rd out of plane f=29.5917Hz (5th
Mode)

3rd in-plane f=30.6155Hz (5th
Mode)

3rd in-plane f=30.7158Hz (6th Mode)

Figure 11. Comparison of numerically obtained eigen-frequencies from the three numerical approaches between
themselves and with specific in-situ measured values.
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When comparing the numerical results of the 3-D numerical simulation of the singlearch stone masonry bridge at Kryoneri (Molista) together with part of the valley substrate employing brick finite elements it can be observed that the inclusion of the soft alluvium substrate introduces a considerable flexibility in the structural system as a whole. Moreover, a
number of the first in-plane and out-of-plane significant eigen-modes are influenced by the
flexibility of the abutments as they are supported on the alluvium substrate. This is underline
in both figures 11 and 12. It must be underlined that the used method of excitation is of such
an intensity that is unable to mobilize such an interaction between the abutments of the Kryoneri bridge and the alluvium substrate that can be of significance. This is the reason that these
numerical values are not compared in figure 11 with the corresponding measured in-situ values.
Soft alluvial substrate. Hard masonry for the main arch. Special relatively soft contact surfaces between the main
arch and the abutments.

1st out-of-plane right abutment
f=6.3049Hz (1st Mode)

1st in-plane right abutment
f=7.6443Hz (2nd Mode)

2nd in-plane right abutment
f=9.0312Hz (3rd Mode)

2nd out-of-plane right abutment
f=10.576Hz (4th Mode)

3rd in-plane right abutment
f=11.926Hz (5th Mode)

3rd out-of-plane right abutment
f=12.422Hz (6th Mode)

1st in-plane f=14.938Hz (10th
Mode)

2nd in-plane f=17.117Hz (10th Mode)

Figure 12. Eigen-modes and eigen-frequencies obtained from a 3-D numerical simulation of the single-arch
stone masonry bridge at Kryoneri (Molista) together with part of the valley substrate employing brick finite elements.

3.2

The numerical simulation of relatively large stone masonry arch bridges

In this section numerically simulate the eigen-frequencies and eigen-modes of Saint Vissariona and Aziz Aga stone masonry bridges, as they resulted from the dynamic system identification process, based on the measured in-situ numerous dynamic response records. These
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stone masonry arch bridges are much larger than the simple arch bridge examined in section
3.1. At this initial stage the basic assumption of the numerical simulation is the linear elastic
response approximation. The overall geometry of the various parts as well as their overall
thickness was reproduced as was measured in-situ. The numerical simulation tried to reproduce the primary arch and the secondary arch separately. Moreover, separately were reproduced the abutments and the foundation footings. Thin layers of more flexible material
(mortar layers) were introduced in regions where such main parts were connected. Reported
by Manos et al. (2016) is a limited study of the mechanical characteristics of stone and mortar
samples taken from a prototype bridge which collapsed in 2015 and is currently rebuilt. More
information of this bridge’s performance is presented by Manos et al. (2019).
Initially, for simplicity purposes, these numerical simulations are made in the 3-D domain
representing the bridge structure with its mid-surface employing thick shell finite elements
(SAP2000).
Table 2. Measured and predicted eigen-frequencies for Saint Vissariona stone masonry bridge
Eigen-modes and meas3-D numerical simulation with
3-D numerical simulation with solid
elements representing the full geoured eigen-frequencies
shell elements representing the
metry of the stone bridge
longitudinal mid-section
(1)
(2)
(2)
1st Out-of-plane
Measured eigenfrequency 2.832Hz
Computed eigen-frequency 2.719Hz
Pred. eigen-frequency 2.784Hz,
my=40.3%
2nd Out-of-plane
Measured eigenfrequency 5.029Hz
Pred. eigen-frequency 5.270Hz,
Computed eigen-frequency 5.240Hz
my=0.0
st
1 In-plane
Measured eigenfrequency 7.129Hz
Computed eigen-frequency 8.392Hz
Pred. eigen-frequency 8.38Hz,
3rd Out-of-plane
Measured eigenfrequency 8.839Hz
2nd In-plane
Measured eigenfrequency 9.570Hz
3rd In-plane
Measured eigenfrequency 13.037Hz

mx=9.27% mz=0.4%
Pred. eigen-frequency 9.184Hz,
my=20.5%

Pred. eigen-frequency 9.45Hz,
mx=0.002% mz=9.7%

Pred. eigen-frequency 12.69Hz,
mx=0.01% mz=14.1%

Computed eigen-frequency 8.202Hz

Computed eigen-frequency 9.475Hz

Computed eigen-frequency
12.712Hz

The predicted eigen-frequency values obtained from this type of numerical simulation are
listed in column 2 of tables 2 and 3 for the stone masonry bridges of Saint Vissariona and
Aziz Aga, respectively. The corresponding modal mass participation ratio values are also
listed in this table. The out-of-plane and the in-plane horizontal directions are denoted with
the axes y-y and x-x, respectively, whereby z-z is the vertical axis. At a second stage an alternative 3-D numerical was carried out whereby all the various parts of each bridge were
represented employing solid prismatic finite elements. The predicted eigen-frequency values
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obtained from this type of numerical simulation are listed in column 3 of tables 2 and 3 for the
stone masonry bridges of Saint Vissariona and Aziz Aga, respectively.
The corresponding eigen-mode shapes are also included in these tables. The various main
parts of this stone masonry bridge, that is the primary and the secondary arches, the abutments,
the deck, the mandrel walls and the parapets were simulated in such a way that narrow contact
surfaces could be introduced between them, representing in this way a different “softer” medium. All available information, measured during the in-situ campaign, on the geometry of
each one of these parts was used in building up these numerical simulations. The mechanical
property values obtained from the stone and mortar sample tests were utilized (see Manos et
al. (2016). Moreover, there is important information that is needed in order to form with some
real-ism the boundary conditions at the river bed and banks. The lack of specific studies towards clarifying in a systematic way all these uncertainties represents a serious limitation in
the numerical simulation process. The approximation adopted in this study is a process of
back simulation (Manos et al. 2015a, 2015b, Simos et al. 2017, 2018). This is done by adopting values for these unknown mechanical stone masonry properties, respecting at the same
time all the measured geometric details, which result in reasonably good agreement between
the measured and predicted in this way eigen-frequency values.
Table 3. Measured and predicted eigen-frequencies for Aziz Aga stone masonry bridge
Eigen-modes and measured
3-D numerical simulation with
3-D numerical simulation with solid eleeigen-frequencies
shell elements representing the
ments representing the full geometry of
longitudinal mid-section
the stone bridge
(1)
(2)
(3)
1st Out-of-plane
Measured eigen-frequency
3.4670Hz
2nd Out-of-plane

Computed eigen-frequency
3.360Hz

Computed eigen-frequency 2.618Hz

Computed eigen-frequency
5.857Hz

Computed eigen-frequency 4.399Hz

Computed eigen-frequency
7.920Hz

Computed eigen-frequency 7.776Hz

Computed eigen-frequency
8.024Hz

Computed eigen-frequency 6.150Hz

Computed eigen-frequency
9.440Hz

Computed eigen-frequency 9.332Hz

Measured eigen-frequency
6.250Hz

1st In-plane
Measured eigen-frequency
8.398Hz
3rd Out-of-plane
Measured eigen-frequency
7.764Hz

2nd In-plane
Measured eigen-frequency
9.375Hz
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Following this approximate process the boundary conditions introduced in both numerical
simulations at all the boundaries, either at the river bed or the river banks, were constraining
to zero the translational displacement in the two horizontal and the vertical direction. It was
observed from a sensitivity analysis that was performed by Manos et al. (2016) for a number
of stone masonry bridges that introducing fixity boundary conditions for the first type of numerical simulation influences, as expected, the out-of-plane and not the in-plane stiffness of
the studied stone masonry bridges. Moreover, for the Saint Vissariona and Aziz Aga Bridge
whereby the main central arch is supported at the North end in adjacent arches rather than in a
rocky river bank the influence of the variation of the boundary conditions, as expected, is
again less pronounced.
The value of the corresponding measured eigen-frequency values is included in the first
column of tables 2 and 3. These values, as already mentioned, were obtained from the system
identification study for each bridge based on the numerous measurements of the vibratory response recorded in-situ utilizing either wind or drop weight excitations (see figures 3, 4 and 5).
When the predicted eigen-frequencies obtained from the shell elements numerical simulation
of Saint Vissariona bridge (Table 2 column 2) are compared with those obtained from the solid elements numerical simulation (Table 2 column 3) a good agreement is observed for all the
listed numerically predicted eigen-modes apart for the third out-of-plane eigen-mode. When
this comparison is made between the numerically predicted eigen-frequency values with the
ones deduced from the in-situ measurements (Table 2 column 1), a good agreement can be
observed for the 1st and 2nd out-of-plane and for the 2nd and 3rd in-plane eigen-modes, for
both types of numerical simulations. For the 3rd out-of-plane eigen-mode the numerical simulation employing shell element is in better agreement with the measured value than the numerical simulation employing solid elements. Both types of numerical simulation predict an
eigen-frequency value for the 1st in-plane eigen-mode that differs substantially for the measured value. This discrepancy is of need of further research. When the predicted eigenfrequencies obtained from the shell elements numerical simulation of Aziz Aga bridge (Table
3 column 2) are compared with those obtained from the solid elements numerical simulation
(Table 3 column 3) a good agreement is observed for all three in-plane numerically predicted
eigen-modes but not for the corresponding three out-of-plane eigen-modes. When this comparison is made between the numerically predicted eigen-frequency values with the ones deduced from the in-situ measurements (Table 3 column 1), a good agreement can be observed
between the measured and predicted values for the 1st type of numerical simulation employing shell finite elements. The predicted values employing solid finite elements are in reasonable agreement with the measured values only for the in-plane eigen-modes but not for the outof-plane eigen-modes. This must be attributed to the effect of the boundary conditions for the
numerical simulation employing solid elements.
4

SEISMIC BEHAVIOUR OF THE SAINT VISSARIONA BRIDGE

This section includes results from a series of simplified numerical simulations of the Saint
Vissariona stone masonry bridge when it is subjected to a combination of actions that include
the dead weight (D) combined with extreme actions generated from seismic ground motions
(Sevim Barıs, et al., 2011, Kiyono J., et al. 2012). The seismic forces were defined by making
use of the current definition of the seismic forces by EURO-Code 8 (2004). Towards this horizontal design spectral curves were derived (figure 13) based on the horizontal design ground
acceleration. This value, as it is defined by the zoning map of the current Seismic Code of
Greece, is equal to 0.16g (g the acceleration of gravity) for the location of the Saint Vissariona bridge located at Pyle Trikala Prefecture of Greece (EAK 2000, ITSAK 2019). Further-
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more, it is assumed that the soil conditions belong to category B because of the bridge is
founded near the banks of the river bed and not directly at a rocky sub-terrain. The importance
factor was assigned to a value equal to 1.2 whereas the foundation coefficients was as-signed
a value equal to one (1.0); the damping ratio is considered equal to 5% and the behaviour factor is equal to 1.5 (unreinforced masonry).
It must be pointed out that the flexibility of the foundation that was taken into account in
the numerical simulation of stone masonry bridges in the past was not considered here. Two
types of numerical analyses were performed. In the first type of numerical analysis, the dynamic spectral method was employed making use of the contribution of twelve modes, which
include the dominant in-plane and out-of-plane eigen-modes. Moreover, an amplification factor was introduce in order to compensate for the fact that only a portion of the total mass is
mobilized by these eigen-modes in the in-plane and out-of-plane directions. In the second
type of numerical analysis equivalent horizontal seismic forces are applied either in the inplane (Ex) or in the out-of-plane (Ey) directions. These forces are of an almost triangular distribution along the height of this bridge with the maximum value applied at the key of the
central arch. Moreover, the base shear that results by applying these equivalent horizontal
seismic forces is approximately equal to the base shear that results from the dynamic spectral
analyses (Manos 2015c). This is done by adjusting the amplitude of the equivalent horizontal
seismic forces. In what follows results from this second type of analyses are presented and
discussed.

Figure 13. Design acceleration spectral curves.

Load combinations which included the simultaneous application of the deal load (D) and
the equivalent horizontal seismic forces either in the in-plane (D + Ex) or in the out-of-plane
(D + Ey) directions have been considered. The obtained deformation and stress results for the
Saint Vissariona stone masonry bridge as obtained from these load combinations are shown in
the following figures 14 to 16. Figure 14 shows the deformation and in-plane stress distribution patterns of Saint Vissariona bridge due to its dead load. As can be seen in this figure, the
deformation of the key of the central arch due to dead load is relatively small (uz=-3.46mm).
In addition the maximum tensile stress value is also relatively small (σmax=0.200MPa) and
develops at a confined region at the deck of the bridge above the left and right abutments. The
minimum compressive stress value is of the order of σmin=-0.70MPa that can be easily sustained by such stone masonry construction. Figure 15 shows the deformation and in-plane
stress distribution patterns of Saint Vissariona bridge due to the load combination including
the dead load and the in-plane equivalent horizontal seismic forces. Again, the in-plane deformation of the key of the central arch due to this load combination is relatively small
(ux=1.70mm uz=-4.51mm). However, it can be seen that the region at the deck above the
left abutment develops a considerable increase in the maximum tensile stress value
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(σmax=0.500MPa). Such tensile stress values represent a relatively high tensile stress demand
for stone masonry. The region that this high tensile stress value develops correlates with the
deformation pattern of the bridge for this load combination. Again, the minimum compressive
stress value is of the order of σmin=-0.70MPa that can be easily sustained by such stone masonry construction.

σmin= -0.67MPa

Dead Load
uz= -3.46mm

σmax= 0.200MPa

Figure 14. Deformation and in-plane stress distribution patterns of Saint Vissariona bridge due to the dead load

Dead Load + Ex
ux=1.70mm

σmin= -1.10MPa
uz= -4.51mm

σmax= 0.500MPa

Figure 15. Deformation and in-plane stress distribution patterns of Saint Vissariona bridge due to dead load and
equivalent in-plane seismic horizontal forces

Dead Load + Ey
uy=35.0mm uz=-3.88mm

Top face σmax= 3.0MPa

Bottom face σmax= 2.07MPa

Bottom face σmin= -5.00MPa

Figure 16. Deformation and out-of-plane stress distribution patterns at the facades (top and bottom) of Saint Vissariona bridge due to dead load and equivalent out-of-plane seismic horizontal forces
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Figure 16 shows the deformation and out-of-plane stress distribution patterns at the two extreme faces (top and bottom) of Saint Vissariona stone masonry bridge due to the load combination of the dead load and the out-of-plane horizontal equivalent seismic forces. As can be
seen in this figure, the out-of-plane horizontal deformation of the key of the central arch due
to this load combination is relatively large (uy=35.0mm uz=-3.88mm). As a result, large
maximum tensile stress values develop at the central region of the main arch (Bottom face
σmax= 2.07MPa) as well as at the region where the left abutment joins the foundation. Such
tensile stress values represent a relatively very high tensile stress demand for stone masonry.
Again, the minimum compressive stress value is of the order of σmin= -5.00 that, despite the
relatively large amplitude, can be easily sustained by such stone masonry construction. As can
be seen from the results of such a simplified numerical analysis the Saint Vis-sariona bridge
can be quite vulnerable for earthquake ground motions that are dictated from the cur-rent
seismic code. According to historical information this stone masonry bridge was built on 1514
A.D. In 1967 this stone masonry bridge was declared cultural monument by the Greek Ministry of Culture and in 2000 the surrounding area was also declared as a region in need of special protection by the same Ministry (Greek Government Gazette 1967). During the last
century the most intense earthquake activity related to this bridge must be considered the Sofades in Karditsa earth-quake sequence on 30th of April 1954 which is assigned by Papazachos et al. (1989) a magnitude of 7.0 at the Richter scale with an epicenter approximately
50km from the site of Saint Vissariona bridge. It was not possible up to now to find any
record of structural damage relating this earthquake to Saint Vissariona bridge despite the fact
that are reports of substantial structure damage which was widespread in the Thessalia prefecture.
5

INFLUENCE OF THE FOUNDATION DEFORMABILITY.

In the preceding sections 3 and 4 the piers and the abutments of the examined stone masonry bridges were assumed to be supported in non-deformable soil-foundation interface. In
what follows a preliminary study of the influence of deformable soil where a stone masonry is
found is carried out. The Plaka stone masonry bridge collapsed on the 1st of February 2015
due to the flooding of the Arachtos river. Figure 17a depicts this bridge as it was standing before this collapse whereas figure 17b shows the remains of the abutments after the collapse of
the bridge due to the flooded river which is also shown in the same figure. Figure 17c depicts
the collapsed bridge ten months afterwards (12th December 2015) whereas figure 17d depicts
the picture (19th October 2019) of the reconstruction of the old bridge in the same overall
geometry and using materials and constructions techniques as close as possible to the original
construction. Recently (7th December 2019), it was announced that the primary arch of the
reconstructed new Plaka stone masonry bridge was completed by placing the top key stones at
the top- middle of this primary arch. Manos et al. (2017) investigated, through a simplified
linear analysis approach, the effect of the flooding forces acting on the Plaka bridge structure
adopting the assumption that the foundation of its mid-pier footing was on a relatively flexible
soil.
In addition, the damage suffered by the main arch during an explosion that occurred in
1944, was also included in this study. More information can be found in Manos et al 2017.
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a)
b)

c)

d)

Figure 17. Collapse from flooding and reconstruction of the Plaka stone masonry bridge

Figures 18a,b,c depict the displacement and stress response of the Plaka bridge under the
combined action of the gravity and flooding forces, taking into account the arch damage as
well as the deformability of the soil under the footing of the mid-pier. The maximum vertical
deflection response, shown in figure 18a, is equal to 21.95mm at the top middle of the central
arch. At the same location, the horizontal in-plane displacement is equal to 4.5mm ( y-y direction), whereas the out-of-plane horizontal displacement (x-x direction, flow of river) is equal
to 0.87mm. The maximum (tensile) stress response is depicted in figures 18b and 18c. As
can be seen, at the central arch region (figure 18c) the maximum stress value is equal to
0.764MPa whereas at the left relief arch region the maximum stress value us equal to
2.579MPa (figure 18b).
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Simos et al. (2017). Investigated the collapse of the Plaka Stone Bridge due to extreme
flooding using high fidelity, three-dimensional non-linear numerical analysis and sensitivity
studies. The potential of a number of postulated scenarios in initiating failure and leading to
the eventual collapse of the bridge were explored aided by sensitivity analyses relying on
non-linear finite element modeling, augmented by actual material properties of the
structural elements deduced from laboratory tests following the collapse. More information
can be found in Simos at al 2017.

a)

Mid-pier supported by links
with variable stiffness from
40KN/mm to 7KN/mm

b)
Maximum tensile stress at the left
relief arch region equal to 2.579MPa

c)

Maximum tensile stress at the central
arch region equal to 0.764MPa

Figure 18. Displacement and stress response of the Plaka stone masonry bridge

The numerical analysis and the failure scenario postulated and presented in detail in this
study tend to support that the triggering of the collapse and the most-likely cause was the undermining by the flood (scouring of the river bed and hydrodynamic loads) of the central pier.
In what follows the Plaka Bridge is numerically simulated this time together with a volume of
soil under its foundation of the piers and the abutments withn the river bed, as is shown in
figure 19. Elastic properties are assigned to this volume in an effort to approximate the flex-
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ibility of the foundation under the footings of the piers located within the river bed and to further research on the collapse mechanisms.

Figure 19. Numerical simulation of the Plaka bridge together with a volume of soil.

Apart from numerically simulating the flexibility of the foundation in these way seven critical cross sections, five at the central arch, one at the left relief arch and one at the right relief
arch, were numerically simulated employing contact surfaces which could allow a non-linear
palstification response to develop, according to an assumed cohesive constitutive law. In order to check how this numerical model reproduces the effect of the foundation flexibility, simulated as described, the gravity forces were gradually applied till they reached an final level
equal to the gravity forces amplified by a factor of 2. The obtained response, in terms of amplified displacement response is shown in figure 20a whereas figure 20b is indicating the plastification of the mentioned contact surfaces.
a)

b)

Figure 20. Vertical deflection of the mid-pier footing (a) together with the corresponding plastification (b) of
critical cross-sections of the Plaka bridge for vertical forces 80% of gravity.
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Figures 20a and 20b depict the numerical response when the applied forces reach the level
of 80% of gravity. At this stage the vertical deflection of the footing of the mid-pier, due to
the flexibility of the underlying soil, is approximately 30mm. This deflection of the footing is
sufficient to cause the initiation of plastification in three contact surfaces at the encircled critical regions of the central arch, indicated in figure 20b. It is of interest to observe that two of
the locations of the plastification of figure 20b coincide with the regions of tensile stress concentration in figure 18c.
a)

b)

Figure 21. Vertical deflection of the mid-pier footing (a) together with the corresponding plastification (b) of
critical cross-sections of the Plaka bridge for vertical forces 200% of gravity.

Figures 21a and 21b depict the numerical response when the applied forces reach gragually
the level of 200% of gravity. At this stage the vertical deflections of the footing of the midpier, due to the flexibility of the underlying soil, reach the level of 200mm. Such level of deflections of the footing are detrimental to the structure as can be seen figure 21b. The plastification is widespread in all the contact surfaces being more pronounced at the left and right
critical regions of the mid-pier. These plotted deformation pattern of the bridge bears resemblance to the collapse mechanism of the Plaka bridge depicted in figures 17b, 17c. Thus, the
numerical response obtained at the end of the described gradual loading sequence shows signs
of non-linear structural response which can be considered as realistic. This investigation is
still under way. Stone bridge behaviour employing advanced non-linear analyses tools were
also utilized by Drosopoulos et al (2006), Korompilias (2015), Simos et al. (2018).
6

CONCLUSIONS

- Stone masonry construction has a long tradition in many places worldwide. Stone masonry bridges built many centuries ago are one such example. Despite the rigidity and resilience
of stone masonry bridges they are in need of maintenance in order to preserve them as part of
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the built cultural heritage. Towards this end in-situ measurement campaigns were conducted
on a number of stone masonry bridges in order to identify their dynamic characteristics in
terms of eigen-frequencies, eigen-modes and damping properties. This information is believed
to rep-resent a valuable basis for building realistic numerical simulations of the structural behaviour of such bridges as well as for their structural health monitoring.
- The simplified numerical analyses yielded numerical predictions of bridge deformations
and stresses that are useful in understanding the structural behaviour and the structural damage potential for such masonry structures.
- The peak tensile values predicted when design seismic forces were applied for the Saint
Vissariona bridge are many times above the tensile strength of the stone masonry thus indicating the severe potential structural damage for this old stone masonry bridge from the design
earthquake. The most vulnerable parts of the bridge, as obtained from the location of the peak
tensile stress concentration, is a wide area at the crest of the main central arch of the bridge as
well as at the abutment near the foundation.
- The integrity of the stone masonry in various parts of the bridge is an additional maintenance issue of considerable importance. Intervention recommendations for such stone masonry
bridges should include clauses for applying preparatory actions of measurements and analyses
like the ones included here together with established principles that govern a major retrofitting
/ maintenance effort for cultural heritage together with effective retrofitting / maintenance
techniques that are proven to be durable.
- The described system identification technique can also be utilized in identifying changes
of stiffness that may be linked to specific actions, such as earthquake activity, and thus serve
as warning for certain maintenance counter-measures.
- As shown from the numerical predictions, the flexibility of the foundation, which may be
partly attributed to long or short term erosion of the bridge footings, results in detrimental response for the Plaka bridge. These predicted peak tensile stress values are well beyond the
stone masonry strength. Consequently, they could well have contributed towards the February
2015 collapse.
- The peak tensile values predicted when design seismic forces were applied for the Plaka
bridge are many times above the tensile strength of the stone masonry thus indicating the severe potential structural damage for this old stone masonry bridge from the design earthquake.
The most vulnerable parts of the bridge, as obtained from the location of the peak tensile
stress concentration, is a wide area at the crest of the main central arch of the bridge as well as
the mid-pier internal side footing. Thus, these earthquake vulnerability predictions for the
Plaka bridge indicate that had the bridge not collapsed from flooding the design earthquake
would have led to its structural damage and its partial collapse.
- Results form advanced non-linear numerical analyses show that such numerical simulations can reproduce in a realistic way the collapse failure scenario and support the hypothesis
that the most-likely cause of the collapse of the Plaka bridge.
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Abstract
Additive manufacturing is at the forefront of research activities worldwide, as the commercial
exploitation of this technology is expected to displace some traditional manufacturing methods
over the next few years. The aim of this research is the identification of the dynamic characteristics of three-dimensional printing specimens. The specific specimens, composed of 3D printed
parts, correspond to elastic single and multiple degree of freedom oscillators. Moreover, parts
that represent rigid rocking columns are constructed. Bending tests are performed in order to
identify the stiffness of the elastic oscillators. Moreover, experimental results of free vibrations
are presented in order to investigate the dynamic response of the rocking parts. The dynamic
behavior verification through analytical solutions will highlight the adequacy of 3D printing
specimens for conducting experimental research in structural dynamics.
Keywords: Additive Manufacturing, Fused Deposition Modeling, Structural Dynamics,
Earthquake Engineering, Rocking Structures, Experimental Investigation.
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1

INTRODUCTION

Additive manufacturing technology is widely applied to optimize products in several industries and more specifically in the field of civil engineering [1] where the efforts have been intensified recently towards the implementation and testing of protypes. Additive Manufacturing
(AM), also known as 3D Printing, allows the fabrication of fully personalized designs with
geometrical complexity, while it decreases the use of tools, the cost during prototyping steps
and the fabrication time [2]. No requirement of molds, costly tools, milling, and sanding processes are the main reasons why it is a low-cost production method. Even though the basic
methods of thermoplastics forming (extrusion, injection molding, thermoforming) are the mainstream in the polymers industry, 3D printing is more efficient, time saving, and minimizes the
use of raw materials [3]. During the past few decades, different applications of 3D printing have
been investigated in various industries, due to the interest of scientists, engineers, and the medical community [4]. The extensive use of 3D printing in recent years has increased the interest
in Fused Deposition Modelling (FDM), which is a widely used method for 3D printing, due to
good efficiency, easy material deposition and low costs [5]. Over the last years, bio-based polymers, such as poly (lactide acid) (PLA), have attracted much attention in 3D printing, replacing
petroleum-based polymers, due to its availability from renewable and environmentally friendly
resources as well its outstanding properties as high tensile strength and modulus [6, 7], demonstrating simultaneously high-stiffness and high-damping properties, worthy of further functional studies [8]. The application of PLA in FDM technology raises year by year [9]. The
mechanical response of 3D printed PLA was found better than injection-molded PLA [10].
However, PLA has some disadvantages, such as poor thermal stability and surface, as well as
brittleness which make it unsuitable for some large-scale end uses.
In the present research project, the exploitation of 3D printing in seismic testing was investigated. Especially, the seismic response of rocking podium strictures (RPSs) [11-13] was experimentally investigated. RPSs are comprised of an elastic superstructure placed on the top of
a rocking story. Thus, 3D printed parts representing rocking columns and elastic oscillators
were constructed. Evaluating the mechanical and the dynamic properties of the specimens by
comparing the behavior with the analytical solution results, significant remarks arise regarding
the capability of 3D printing in earthquake engineering experimental research. In the current
study, preliminary results obtained by bending tests of the elastic members, as well as free
rocking oscillation tests of rocking columns and frames are presented and discussed.
2

ROCKING PODIUM STRUCTURES

The first detailed study of the dynamic response of structures seismically isolated using a
purely rocking floor at the base, considering that the superstructure behaves like a single degree
of freedom elastic oscillator, was carried out by Bachmann et al. [11]. Based on the sdof model
of the superstructure, Bantilas et al. [12] investigated the parameters that affect the elastic demands of RPSs. Later studies of Bantilas et al. [13] highlighted the critical effect of the higher
vibration modes on the dynamic response of RPSs consisted of multiple degree of freedom
(mdof) elastic superstructure. Experimental investigation of RPSs consisted of sdof superstructure has been also conducted [14]. The presence of curved extensions at the base of the rocking
columns results in rolling and rocking rocking response [15]. The idealization of the model of
mdof elastic oscillator fixed on the top of a rocking frame which is comprised of kinematic
bearings is illustrated in Figure 1(a). Moreover, a typical configuration of the kinematic bearings is presented in Figure 1(b).
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The rigid frame consists of a cap beam with mass mb and N freestanding columns with mass
mc, semi-diagonal length R
H 2  B2 , rotational moment of inertia around its center of mass
Icm, DQGVOHQGHUQHVVĮ DWDQ %+  In case of kinematic bearings with curved wedges and total
slenderness tan Į' = B'/H, the post uplift stiffness during rolling response depends on the radius
of curvature r of WKHH[WHQVLRQVZKLOHWKHZHGJH¶VDQJOHȕVHWVWKHOLPLWEHWZHHQUROOLQJDQG
rocking response. The superstructure is determined by the mass matrix M, the stiffness matrix
K and the damping matrix C. The equations of motion of the examined structural system are
presented in the aforementioned literature.

Figure 1: (a) Schematic representation of the analytical model, (b) geometric configuration of a typical kinematic
bearing.

For the scope of the experimental investigation, rocking podium structures comprised by a
couple of kinematic bearings, and superstructures which were formed by stiff plates and two
flexible walls were designed. In total, three different sets of kinematic bearings were constructed. Moreover, a one storey superstructure, a three storey superstructure and a rigid superstructure were configured. In order to obtained comparable response results, the total mass of
the superstructures is equal, while the flexible superstructures demonstrate the same fundamental vibration period.
Each roFNLQJFROXPQKDVKHLJKW+ PPDQGVOHQGHUQHVVĮ UDG7KXVWKHZLGWK
was 2B = 22.5 mm. Regarding the kinematic bearings with the curved extensions, the total
width was 2B' = 45 mm and the wedges’ radius of curvature r = 50 and 75 mm. The rocking
parts were placed on the top of a stiff plate.
The dynamic properties of the elastic oscillators should be in accordance with the scale of
the rocking parts. Thus, taking into account that the height of the rocking parts is scaled down
by a factor of 20, the period of the elastic oscillators must be scaled down by in order to represent a full size podium structure. Assuming that a typical three storey structure demonstrate
period Tt = 0.3 s, the period of the specimens should be Tt = 0.07 s. The elastic oscillators are
comprised of stiff plates and flexural walls. The stiff plates have dimensions 150 x 150 x 6 mm.
The vertical parts have height and width equal to 150 mm. The most important dimension,
which is defined by the targeted period, is the thickness of the walls. Considering that in typical
structures the distribution of floor masses is constant, the translational stiffness distribution
throughout the structure affects the lateral displacement profile and the effective mass of the
fundamental vibration mode. Due to the assembly of the superstructure the plates should be
considered as rigid, while the walls as flexible. As such, only translational Dofs were considered.
The relative translational stiffness between the floors was determined by solving the eigenvalue
problem [17]. Regarding the mdof superstructure, the eigenvalue problem was solved in reverse
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assuming triangular lateral displacement profile [16]. As such, given that the Youngs modulus
of PLA is E = 3.2 GPa, the thickness of the walls of the sdof superstructure was 4.85 mm, while
for the mdof superstructure the thickness were 6.35 mm, 5.83 mm and 4.80 mm for the walls
of the 1st, the 2nd and the 3rd storey respectively.
The individual structural members of the examined structural system were designed in Solidworks CAD software (Dassault Systèmes, SolidWorks Corporation, Waltham, MA, USA). Except of the geometric characteristics referred above, of great importance was the detailed design
of the regions where the assembly of the kinematic bearings with the base plate and the cup
beam, and the plates with the flexible walls took place. In Figure 2 indicative structural members, as well as the details of the plates, as they are designed, are illustrated.

Cap Plate
Detail

Intermediate Plate
Detail

a

Top Plate
Detail

b

c

Figure 2: CAD models of (a) a kinematic bearing, (b) a plate and (c) an elastic wall.

3

EXPERIMENTAL METHODS

3.1 Fabrication of 3D printed specimens
All specimens tested in this study were produced on a BCN3D Sigma R17 3D printer
(BCN3D, Barcelona, Spain) with a 2.85 mm filament diameter. BCN3D Cura was used as slicing Software. Only system integrated (default) variations of production parameters were used
in the comparative analysis. The printing parameters used were: nozzle extrusion temperature
of 220° C, heat bed temperature of 60°C, deposition line (layer) height 0.3 mm, deposition line
width 0.8 mm and printing speed of 60 mm/s. Deposition speed was therefore not considered a
variable in this study and a constant extrusion velocity was selected for all specimens, based on
device parameters (e.g., effective printing range). Also, 3D printing was performed in a standard laboratory without temperature or humidity control.
The kinematic bearing specimens have been 3D printed with an infill density of 20%, as
illustrated in Figure 3a. For the plates, an infill density of 30% was considered optimal (Figure
3b). Figure 3c demonstrates the elastic wall specimens that were 3D printed as hollow sections.
For all specimens two lines were printed on the perimeter to form the outer shell, which is
typical in FDM prints. Figure 3d shows an assembly of a rocking podium structure consisted of
a three storey superstructure. It has to be mentioned that in order to avoid sliding, a low friction
tape has been applied over the contact region between the bearings and the plates.
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(a)

(b)

(d)

(c)

Figure 3: 3D printed (a) kinematic bearing, (b) plate, (c) elastic wall and (d) assembly of a rocking podium structure.

3.2 Bending tests
The 3D printed wall structures were subjected under 3-point bending tests using a universal
Testometric M500-50AT testing machine equipped with 50 kN load cell, according ASTM
D590. The support span was set to be 110 mm. At least three specimens were prepared and

2795

Ioannis E. Kavvadias, Konstantinos Tsongas, Dimitrios Tzetzis, Kosmas E. Bantilas, Lazaros Vasiliadis,
Anaxagoras Elenas

tested. The loading and supports noses have a diameter of 10 mm. The crosshead speed was set
to be 5 mm/min.
3.3 Free oscillation tests
The kinematic response of a kinematic bearing and a rocking frame, under free oscillation,
was measured by motion tracking analysis of image sequences. For this scope the dynamic
behavior is captured by a Canon EOS 5D MKIV camera with a Canon EF 24-70mm f/2.8 L
USM II lens. The measurement of the displacements was performed using the Kinovea [18]
software. Kinovea is a free and open source 2D motion tracking software that analyzes video
files, even without markers. However, in order to improve the reliability of the measurements
passive markers were assigned on the specimens.
4

MECHANICAL AND KINEMATIC BEHAVIOR OF 3D PRINTED SPECIMENS

Preliminary investigation of the identification of mechanical and kinematic properties of 3D
printed specimens has been performed. These 3D printed parts will be used to construct the
examined RPSs for the purpose of the current research program.
Orientation can also have a significant impact on print time. The 3D printing direction was
purposely selected. For functional parts, it is important to consider the application and the direction of the loads. FDM parts are much more likely to delaminate and fracture when placed
in tension in the Z direction compared to the XY directions.
200

3D printed wall
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Figure 4: Typical force-displacement curve of a 3D printed elastic wall.

The force-displacement response of a 3D printed elastic wall has been determined with flexural tests. The typical force-displacement curve is illustrated in Figure 4. It can be observed that
the maximum force that was applied on the 3D printed elastic wall was 205 N. The deflection
at break was 0.95 mm. The flexural stiffness is a criterion of measuring deformability. The
flexural stiffness of a structure is a function based upon two essential properties: the elastic
modulus, E (stress per unit strain) of the material that composes it, and the moment of inertia,
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I, a function of the cross-sectional geometry. In terms of flexural stiffness EI, the mean measured value was 8.5x106 Nmm2, while the theoretical calculations during the design process were
given at 9x106 Nmm2.
In Figure 5 the experimental time histories of an individual kinematic bearing and a rocking
frame under free oscillation are presented comparatively with the analytical solution. Regarding
the kinematic bearing with radius of curvature r = 50 mm, the responses are demonstrated in
terms of horizontal displacement of it center of mass (Figure 5a). The analytical response was
calculated given the design properties of the bearing, while the coefficient of restitution that
defines the energy dissipation during impact was assumed as provided by Bachmann et al. [15].
Given the geometry of the kinematic bearing and the printing properties, the non-dimensional
moment of inertia I0 1.354 . Where Io = Io m c R 2 , and Io is the rotational inertia of the column with respect to the pivot point. In Figure 5b the response of a rocking frame consisted of
the kinematic bearings with radius of curvature r = 50 mm is displayed. The analytical solution
was derived by Makris and Vassiliou [19]. The time history is given in terms of the cap beams’
horizontal displacement. In general, the analytical solution predicts well enough the response
time histories. Furthermore, the coefficient of restitution seems to provide with high precise the
energy dissipation during impact. However, the differences between the responses, especially
in case of the kinematic bearings, lead to significant remarks. It has to be mentioned the fact
that although the amplitude of the negative values of the responses are in good agreement, the
measured positive displacements are higher than those of the analytical solution. Moreover, the
peak positive value after impact is almost equal to the negative extreme value before impact.
These remarks imply a non-symmetric specimen. Although the initial design was totally symmetric, the eccentricity may occur due to imperfections of the external geometry or due to nonsymmetric pattern of the infill. In order to capture the response of the specimens with higher
accuracy, validation of the analytical solution in needed.
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Figure 5: Response under free oscillation of (a) a kinematic bearing and (b) a rocking frame.

2797

7

Ioannis E. Kavvadias, Konstantinos Tsongas, Dimitrios Tzetzis, Kosmas E. Bantilas, Lazaros Vasiliadis,
Anaxagoras Elenas

5

CONCLUSIONS

In the present research project, the exploitation of 3D printing in seismic testing is investigated. 3D printed parts representing rocking columns and elastic oscillators were manufactured
with Fused Deposition Modeling technology. The mechanical and the dynamic properties were
assessed. The measured mechanical response was very close to the designed. Considering the
dynamic behavior, minor deviations to the designed geometry were observed. Therefore, the
3D printing procedure can be potentially utilized for seismic testing. In a future study, the construction of a redesigned and more complex structural system could be done, through the process of additive manufacturing, along with a thorough examination of the dynamic behavior via
the utility of proper experiments.
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Abstract
Nowadays much emphasis has been placed on studying smart materials because of their ability
to change their particular properties in a controlled manner by external stimuli. Shape memory
alloys belong to the wider category of intelligent materials and exhibit two unique
characteristic behaviors, superelasticity and shape memory effect, making them differ from
conventional materials. These effects are due to diffusionless transformations between
austenitic and martensitic phases. The SME occurs because a temperature-induced phase
transformation reverses deformation and the pseudoelasticty achieves large, recoverable
strains with little to no permanent deformation, as well, but it relies on more complex
mechanisms. Innovative, low cost iron-based shape memory alloys (Fe-Mn-Si SMAs) with good
workability, machinability, and weldability have been drawing much attention during the last
two decades regarding to their potential application in engineering such as prestressing of
concrete or coupling devices. In the present work we carried out experiments on monotonic
mechanical loading, low-cycle fatigue and thermal loading in the laboratory of Experimental
Strength of Materials and Structures of Aristotle University of Thessaloniki, so as to investigate
in practice their behavior and all their special characteristics that already exist in the current
literature.
Keywords: low cost iron-based shape memory alloys, thermomechanical characterization, civil
engineering applications.
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1

INTRODUCTION

Shape memory alloys (SMAs) are metallic materials which belong to the wider category of
smart materials. The last decades they have attracted the interest regarding to their potential
application in engineering, due to their good mechanical properties including fatigue behavior,
corrosion resistance and their ability to damp and absorb energy. [1-3] Shape memory alloys
display two distinct crystal structures or phases (austenitic and martensitic phase), which
depend on temperature and internal stress. Martensite exists at lower temperatures while
austenite exists at higher temperatures. When an SMA is in martensite form at lower
temperatures, the metal can easily be deformed into any shape. When the alloy is heated, it goes
through transformation from martensite to austenite. In the austenite phase, the memory metal
«remembers» its initial shape, before deformation [4]. Because of that, shape memory alloys
exhibit two unique characteristic behaviors, superelasticity and shape memory effect. The
loading–unloading cycle typically shows a pronounced hysteresis loop. In the shape memory
effect, a large residual strain remains after unloading, which can be recovered by heating [5].
The two most prevalent shape-memory alloys are copper-aluminium-nickel and nickel-titanium
(NiTi) which are preferable for most applications due to their stability and practicability [6].
However, low-cost, iron-based Shape Memory Alloys (Fe-Mn-Si SMAs) have been drawing
much attention during the last three decades[7,8]. Fe-Mn-Si SMAs can be passive or active
components in civil structures to reduce damage caused by environmental impacts or
earthquakes [3]. Other possible applications of SMAs in civil engineering are passive vibration
damping and energy dissipation, active vibration control, actuator applications, and the
utilization of the SME (Shape memory effect) for prestressing or tensioning. Among those
possible applications, the pre-stressing of structures using fixed shape memory alloys has
attracted a considerable attention [8]. In contrast to conventional prestressing, neither anchoring
systems nor hydraulic devices are necessary for applying the prestressing force, since
prestressing is achieved by the shape memory effect produced by heating. This heating can be
implemented by electrical resistance heating (Joule heating). However, to be suitable for
prestressing, an SMA needs to have certain properties, such as a large and stable recovery stress
[10,11]. The aim of this work is to broaden the knowledge of iron-based Shape memory alloys’
mechanical behavior, which is now limited, through laboratory tests. The experimental work
presented in this paper focuses on characterizing the thermo-mechanical response of the FeSMA through experiments on monotonic mechanical loading, low-cycle fatigue and thermal
loading, carried out in the laboratory of Experimental Strength of Materials and Structures of
Aristotle University of Thessaloniki. Stress and temperature were the investigation parameters.

2

MATERIALS AND METHODS

To characterize the thermo-mechanical response, four dog-bone shaped tensile specimens
with a gauge length of 60 mm and cross-section of 1.5 x 9 mm2 were prepared from the original
(Fe-SMA) plate. (see table 1) Then, unidirectional mechanical tests were performed using the
Instron tensile testing machine equipped with a climate chamber which can be operated in a
temperature range between 20oC (RT-Room Temperature) and 250oC. Instron machine contains
also an integrated static load cell of 50 kN capacity and the Bluehill software which gives us
the results of an experiment in a diagram form of load – strain. (see figure 1) During the tests,
the strain evolution was measured with a clip-on extensometer. The stress–strain behavior of
the alloy was characterized by applying tensile mechanical loading and unloading, in the two
first specimens, under displacement-controlled conditions with a loading rate of 1 mm/min. The
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recovery stresses as a function of the temperature were also measured in strain-controlled tests
in the two other specimens. Firstly, the samples were subjected to 4 and 1% tensile strain and
then heated to 160 and 250oC, respectively, and subsequently cooled down to RT, keeping the
gauge length constant during the whole experiment. In Table 1 we depict all details of the
experimental sequence. The heating rate was set to 6oC/min. As far as cooling is concerned it
was held in a physical way, so the coolest temperature reached was approximately 20oC and
the cooling rate was slow. (see figure 2)
Table 1: Detailed information of experiments
Name
Specimen 1

Specimen 2

Dimensions
(mm)
t
b
1.50
9.15
1.56
9.68
1.56
9.68
1.56
9.68
1.56
9.68
1.56
9.68

Loading

T (oC)

Target strain

MUT*1
LCF*2
LCF
LCF
LCF
MUT

RT(=23)
RT
RT
RT
RT
RT

Up to failure
Strain 4‰
Strain 9‰
Strain 3.5%
Strain 6.5%
Up to failure

1.52

9.03

TL*3

160

1.52

9.03

MUT

RT

1.55

9.41

TL

250

1.55

9.41

MUT

RT

Prestrain 4%
& compete
unloading

Specimen 3

Specimen 4

Comments

Up to failure
Prestrain 1%
& Complete
unloading
Up to failure

*1Monotonic Uniaxial Tension, *2Low Cycle Fatigue (n=3), *3Thermal Loading (n=1)

Figure1. Experimental setup with climate chamber

As mentioned before, the two first specimens (specimen 1 & 2) are tested under
displacement-controlled conditions. Each one is placed carefully in suitable grips for its cross-
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section, so as not to have slip losses and tension loads be applied right. Their dimensions are
measured (1.5 x 9.15) mm and (1.56 x 9.68) mm, respectively, using a caliper. The first one is
tested under monotonic, uniaxial tension loading up to failure. Specimen 2 is submitted to five
low – cycle fatigue tests of three loading – unloading cycles with a different target strain each
time. Target and residual strains of each cycle are given collectively in the table 2 below:
Table 2: Target and residual strains of each low-cycle fatigue test.
No of Cycle
1st cycle
2nd cycle
3rd cycle
4th cycle

Target strain
4‰
9‰
3.5%
6.5%

Residual strain
1.8‰
5‰
2.8%
5.8%

When four cycles are completed a gradual increase of loading is applied with the same
rate of 1mm/min, as before.
Following the previous investigations, specimens 3 and 4 are tested in thermal loading.
Each one is placed carefully in suitable grips for its cross-section, so as not to have slip losses
and tension loads be applied right. Their dimensions are measured (1.52 x 9.03) mm and (1.55
x 9,41) mm, respectively, using a caliper. We have applied an initial pre-strain and total
unloading to both specimens. When the protocol set is activated, the temperature starts
increasing from 20oC (RT-Room Temperature) to the default values of 160 and 250oC with a
rate of 6oC/min. When the heating is completed, the temperature is held for a few minutes, in
order to achieve uniform temperature distribution in the specimen. When opening the climate
chamber, cooling starts naturally and a Room Temperature of 20oC is reached. (details in table
3) After that, the extensometer is placed again, and monotonic uniaxial loading is forced to the
specimen up to failure. Figure2 present the aforementioned thermal protocol.
Table 3: Required time for heating and cooling.
Target temp. (oC)
150
260

Temp. (oC)

Heating time
(min)
20
60

Constant time
(min)
5
5

Cooling time
(min)
10
40

Temperature (oC)

Heating to 250oC and
cooling to RT
300
250
200
150
100
50
0
0

20

40

60

80

100

Time (min)
Figure 2: Time – Temperature diagram for heating to 250oC and cooling to RT
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3

RESULTS

The following table 4 summarizes the results obtained from the experimental campaign
occurred in the Laboratory for Strength of Materials and Structures.
Table 4. Summarized results
Name
Specimen 1

Specimen 2

Specimen 3
Specimen 4

Max. Load
(kN)
13,734
5,540
7,816
10,133
11,085
14,481
2,750
9,230
3,870
13,546

Max. Stress Max. Strain
(Mpa)
(%)
1000
33
367
0,4
518
0,9
671
3,5
734
6,5
959
33
180
0,15
672
35
250
0,19
928
37

T (oC)
RT(=23)
RT
RT
RT
RT
RT
160
RT
250
RT

Residual
strain (‰)
Up to failure
1,8
5,0
29
58
Up to failure
None
Up to failure
None
Up to failure

Specimen 1 was monotonically loaded at room temperature up to failure. Figure 3 depicts
the strain-strain graph of this coupon. An ultimate load of 13,734kN, which corresponds to 1000
MPa was recorded. The maximum measured strain was equal to 33%. It is obvious that at room
temperature Fe-SMAs exhibit a high strength value together with high plasticity.

Figure 3. σ-ε graph for specimen 1

Specimen 2 was loaded for several cycles (see table 1), at room temperature but at
different loading rates. The first 3 cycles were performed up to a strain limit of 4‰. The
following at a strain limit of 9‰, value which was increased to 35‰ and 65‰. Finally,
specimen 2 was loaded up to failure. Figures 4a to 4
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Figure 4a. σ-ε graph for specimen 2 (4‰ target strain) Figure 4b. σ-ε graph for specimen 2 (9‰ target strain)

Figure 4c. σ-ε graph for specimen 2 (35‰ target strain) Figure 4d. σ-ε graph for specimen 2 (65‰ target strain)

Concerning the pre-strain of 4‰ we noticed that the residual strain changed significantly
when we slightly increased the target strain value, which means the investigated Fe-SMA is
sensitive to the defined pre-strain value, leading to very different residual strains.
The further increase of the target strain from 4 to 9‰, leads to a gradient change of the σ-ε
graphs’ inclination (initial yield of the material), shortly after 4‰. The target strain remained
stable to 9‰ at both three cycles, so loops follow a more regular behavior, having the same
values of residual strains.
The following pre-strain levels are reaching 3.5% and 6.5% respectively. The mechanical
behavior of alloy becomes clearly elastoplastic and the residual strains after unloading are
becoming significant. (see figures 3c and 3d) Finally a loading-unloading sequence 12 cycles
we applied monotonic uniaxial tension to the coupon specimen up to failure. When the sample
reaches its fracture point stress of 959 MPa we measure an ultimate strain of 33%.
Comparing the overall behavior of specimen 1 and specimen 2 we could say that the
loading-unloading of 12 cycles (low-cycle fatigue) did not affect the Fe-SMA’s mechanical
behavior.
Specimens 3 and 4 were used to investigate the thermomechanical behavior of the tested
Fe-SMA’s alloy. Specimen 3 was pre-strained to a level of 4% and was unloaded to RT
conditions. A low stress of 25 MPa is kept constant to avoid grips’ slip. Then the temperature
was increased from RT to 160oC. When heating is activated a low increase of load is noticed
which is soon decreased until we reached the target temperature of 160oC. From that
temperature level until the cooling to room temperature (20oC) conditions, the load starts
increasing. The increase of almost 180Mpa depicts the prestress effect of the coupon. The
aforementioned behavior is demonstrated in figure 5b. Similarly, specimen 4 was heated to
250oC and left to cool to RT. For the target temperature of 250oC we measured an imposed
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stress equal to 250Mpa. (see figure 6b). Finally, both specimens after the thermal loadingunloading were imposed to uniaxial tension up to failure. Figures 5a and 6a show the overall σε behavior of the tested specimens 3 and 4.

4

Figure 5a. σ-ε graph for specimen 3

Figure 5b. Thermomechanical behavior of specimen 3

Figure 6a. σ-ε graph for specimen 4

Figure 6b. Thermomechanical behavior of specimen 4

CONCLUSION
x At room temperature Fe-SMAs exhibit a high strength value together with high plasticity.
x The investigated Fe-SMAs are sensitive to the imposed pre-strain value, leading to
different residual strains
x The loading-unloading of 12 cycles (low-cycle fatigue) did not affect the Fe-SMA’s
mechanical behavior.
x Different levels of target temperature lead to different prestress levels
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Abstract
Steel beam-to-column connections under a cyclic sinusoidal loading history were studied. The
investigation of the cyclic response of the steel beam-to-column connections contained an experimental and numerical part. The experimental part included a number of full-scale specimens having a cross section of IPE240 or IPE300 and a height of 1.0m which were rigidly
connected to a much stiffer steel beam thus representing a steel beam-to-column connection.
These specimens were tested to failure being subjected to a cyclic sinusoidal point load of
continuously increasing amplitude. Next, a numerical study is performed in an effort to simulate the observed behaviour of these steel beam-to-column connections and their response is
presented and discussed. The material test data for the numerical simulation of the steel
beam-to-column connection were provided from simple steel coupons which were taken from
the T-Beam specimens after testing. The cross-section of these coupons was 6.2mm x 8.0mm
and their height equal to 16.5mm. A number of such simple steel coupons were tested having
as main variable the nature of the load (monotonic or cyclic) and the variation of the loading
frequency. From the observed behaviour it can be concluded that an increase in the strain
rate results in an increase of the stress values beyond the yield. Next, a numerical study is
performed in an effort to simulate the observed behaviour of these simple steel coupons. Experimental and numerical results of the material steel coupons are presented in this paper. It
can be concluded that the combined constitutive law can be quite successful in yielding realistic prediction of the cyclic response provided the appropriate values for the parameters defining this constitutive law from the experimental test data, in combination with the option of the
dynamic increase factor (DIF) in order to take into account the strain rate effect.
Keywords: Steel beam-to-column connection, Simple steel coupons, cyclic response, Numerical Simulation, Comparison of measured and predicted response, strain rate effects
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1

INTRODUCTION

Moment resistant frames are commonly used in seismic areas because of their excellence
on seismic resistance whereby the performance of beam-to-column connections are of particular importance especially when these structures are subjected to strong earthquake ground motions ([1], [2], [3]). Usually these connections undergo large moment reversals during the
earthquake excitation, thus it is important to exhibit stable plastic flexural response in order to
provide dissipative capability, without the development of undesired damage patterns, and in
this way prevent any kind of local or global instability.
In a previous investigation by Manos, Nalmpantidou and Anastasiadis ([10]) the performance of steel beam-to-column joints was studied first by examining steel beam-to-column
welded joint specimens at the laboratory subjecting them to cyclic seismic-type low-cycle fatigue loading and then by numerically simulating the observed performance of the same specimens. Similar studies have been performed in the past by other researchers. Despite the fact
that many similar experiments have been performed in the past ([4], [5]), this investigation
provided at first hand all the information required for the numerical analyses. That is, the exact geometric and material characteristics of the specimens as well as specific information on
the type of loading conditions and on the measured response. The numerical simulation was
performed utilizing a commercial software package that is thought to be suitable to simulate
the observed response and the non-linearity that developed and included large plastic strains
and local instabilities.
One parameter that was found to be of significance in this investigation was the definition
of the material characteristic of the steel T-Beam specimens that were investigated ([6], [8],
[10], [11]). In order to assess the performance of structural steel components it is important to
know the material properties. Quasi-static material tests are usually performed to obtain these
parameters, however they may no longer represent the dynamic behaviour of the material during an earthquake, because as expected the loading frequency during an earthquake exceeds
the loading frequency during the quasi-static material tests. In order to predict the response of
a structure during an earthquake a good knowledge of the material behavior for the numerical
simulation is important.
The T-Beam specimens were tested under cyclic load with the frequency of this loading
being one of the variables that was studied. For this reason, it was necessary to study the material properties in light of the fact that the imposed cyclic loading was not of the constant
slow-rate monotonic type that usually characterizes the material properties of steel structural
elements. For this purpose, the following experimental sequence was carried out. From each
of the tested steel T-Beams a number of coupon samples were taken, as is described in section
2. These samples were tested in axial tension/compression under cyclic loading with the frequency of the loading being one of the main variables. In addition, apart from these samples
being tested by cyclic load additional samples of the same T-Beam specimens were tested applying the tension in a monotonic way. From all these tests results were obtained that shed
some light on the influence of the nature of loading (cyclic or monotonic) as well as on the
frequency of this loading. The results have been used to develop cyclic hardening parameters
and dynamic increase factors suitable for incorporation into numerical models in order to predict the material behavior of structural members subjected to cyclic loading under several different frequencies. Summary results of this experimental sequence are presented and
discussed in section 3. The numerical analysis of the observed performance is presented in
section 4. The ABAQUS commercial software package was utilized for this purpose.
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2

MATERIALS AND EXPERIMENTAL SETUP

The coupon samples for the tests aiming for the material characterization were obtained
by removing parts of the flanges from the previously tested T-Beam specimens that were located away from the locations of the plastic hinge locations which developed during the TBeam tests ([10],[12]). The testing of these T-Beam specimens is described in the work by
Manos et al. ([10]) and is not repeated here.

Figure 1a. Coupon 6R1-6 (6.7mm x 6.7mm, ℓ =16mm)

Figure 1b. Coupon 6R1-5 (7.95mm x 7.80, ℓ =16mm)

The coupons to be tested were formed by machining the parts removed from the flanges,
as shown in figures 1a and 1b. These coupons had a narrow central part of relatively small
cross section with a small length (ℓ =16mm) and this part was designed to provide the necessary information for the material characterization. Through the two larger parts, which were
provided with holes in order their attachment to the loading reaction frame to approximate
pinned support conditions, the coupon was attached to the loading reaction frame. At the top
and bottom of the coupon steel brackets are employed to attach the coupon sample using cylindrical pins. These brackets are in turn firmly attached to the reaction loading frame. At the
top bracket a load cell is also attached that monitors the variation of the applied axial load.
The cross section of the narrow part remained constant all along its 16mm length. Its dimensions (x, y) were accurately measured (figures 2a, 2b and 2c). Moreover, strain gauges
were attached at the middle of all the sides of this rectangular prismatic narrow part. These
strain gauges were placed in the longitudinal direction of this steel prismatic part in order to
measure the variation of the axial strain that developed during the variation of the axial load.
The dimensions of the cross section of this narrow part combined with its length dictated almost uniform tension / compression conditions prohibiting the development of any distortions
from local buckling, especially when large plastic strains developed in this narrow central part.
Through the readings of the strain gauges the eccentricity of the axial load application could
be checked and controlled.
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Figure 2a. Coupon 9R1-2 (6.2mm
x 8.0mm, ℓ =16.5mm)

Figure 2b. Dimensions of the
coupon
Figure 2c. Dimensions of the coupon

3

OBSERVED PERFORMANCE AND CORRESPONDING MEASUREMENTS.

As already mentioned, one of the main variables of this investigation was the nature of
loading, being either cyclic or monotonic. The second variable was the frequency of the cyclic
loading or the rate that the monotonic loading was applied, as will be indicated in what follows.
3.1

Monotonic loading

A summary of the results obtained when the specimens were subjected to monotonic axial
tensile loading is presented below. The characterization of the applied load in terms of loading
rate (slow or fast) and the origin code name of the T-Beam are mentioned in the presentation
of these test results. In figure 3a the axial stress versus axial strain response is shown from
two coupons taken from T-Beam 9R1; one of them was tested with slow strain rate whereas
the other one with fast strain rate. As can be seen from this figure, this variation of the strain
rate during the monotonic application of the applied load resulted in a significant change in
the yield stress value as well as in the plasticized part of the response beyond the yield point.
Next, figure 3b shows the response of axial stress versus axial strain from two coupons tested
both at slow strain rate; one of them was taken from T-Beam 9R1 while the other from TBeam 10R1. As can be seen from this figure, the response obtained from these two coupons is
rather similar. By studying the two figures, we are led to the conclusion that increasing the
strain rate from slow to fast leads to an increase in the yield stress as well as in the stress values beyond the yield point.
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Monotonic Tensile Tests Specimen 9R1-5,10R1-3
Axial Stress (Mpa)

Axial Stress (Mpa)

Monotonic Tensile Tests Specimen 9R1-5
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9R1-5 Fast strain rate
9R1-5 Slow strain rate

0
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20000
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Figure 3a. Coupons taken from T-Beam 9R1 tested
with slow and fast strain rate

3.2

450
400
350
300
250

Figure3b. Coupons taken from T-Beam 9R1 and TBeam 10R1 both tested with slow strain rate

Cyclic loading

Following on from our previous work ([12), this paper will present results from the material
test coupons taken from the flanges of the T-Beam 8R1. In figure 4 and 5 the obtained axial
stress versus axial strain responses are shown as they were measured and subjected to a number of cyclic loading tests. The strain rate during all these tests varied from fast to slow, as it
resulted from the application of the axial tensile/compressive load from a sinusoidal variation
with a frequency of 0.005Hz to 2.0Hz.
In figure 4a the cyclic response of a coupon taken from T-Beam 8R1 is shown. This response
resulted by applying the axial load in a sinusoidal way with a frequency of 2.0Hz thus producing a rather fast strain rate. In figure 4b the cyclic response of a coupon also taken from TBeam 8R1 is shown. This response resulted by applying the axial load in a sinusoidal way
with a frequency of 0.005Hz thus producing a slow strain rate. Figure 5 shows the cyclic response of a coupon taken from T-Beam 8R1 obtained by applying the axial load in a sinusoidal way with a frequency ranging from 0.005Hz to 2.0Hz. The response obtained during the
test whereby the cyclic load was varied with a frequency equal to 0.05Hz is considered as a
rather slow strain rate test whereas the one with a frequency equal to 0.1Hz as a rather moderately fast strain rate test. Finally, the response obtained during the test whereby the cyclic load
was varied with a frequency equal to 2.0Hz is considered as a rather fast strain rate test.
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Figure 4a. Cyclic response with axial load varying in a
sinusoidal way with a frequency of 2.0Hz. Coupon taken from T-Beam 8R1 tested with a rather fast strain rate

Figure 4b. Cyclic response with axial load varying
in a sinusoidal way with a frequency of 0.005Hz.
Coupon taken from T-Beam 8R1 tested with a slow
strain rate

As can be seen from these figures (4a, 4b, and 5) the yield point can be hardly distinguished
from the obtained axial stress versus axial strain response. However, as can be seen in figure 5,
the variation of the strain rate during the cyclic application of the applied load resulted in a
significant change in the plasticized part of the response beyond yield as it was also observed
in figure 3a for the monotonic application of the load. It can be concluded from both figures
3a and 5 that the increase in the strain rate results in a noticeable increase both at the yield
stress as well as at the stress values beyond the yield point for strain values larger that the
yield strain.

Figure 5. Cyclic response when axial load is varying in a sinusoidal way with frequency values in the range from
0.005Hz to 2.0Hz. Coupons taken from T-Beam 8R1 tested with slow as well as with fast strain rate

In figure 6, a comparison between the axial stress versus axial strain response from four coupons under cyclic and monotonic loading is shown; one of them is taken from T-Beam 8R1,
one of them is taken from T-Beam 10R1 and two of them are taken from T-Beam 9R1. Coupon 8R1 was tested with a cyclic loading frequency equal to 2.0Hz (Tests 3, 4, 5) producing a
rather fast strain rate. Two coupons from T-Beam 9R1 were tested by applying the tensile
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load in a monotonic way; one of them with a slow strain rate (INSTRON static 9R1-5) and the
other one with a fast strain rate (INSTRON quick 9R1-5). Finally, the fourth specimen was taken from T-Beam 10R1 and was tested by applying monotonic load with a slow strain rate
(INSTRON static 10R1-3). The two main observations that were made before can also be seen
in this figure.

Figure 6. Monotonic / cyclic axial stress - strain response. The cyclic axial load is varying in a sinusoidal way
with frequency value equal to 2.0Hz (T-Beam 8R1). Monotonic response from coupons taken from T-Beam 9R1
and 10R1 tested either with slow or with fast strain rate

From the above observed performance it can again be concluded that,
a)
During the monotonic application of the load an increase in the strain rate resulted in
an increase in the yield stress value as well as in the stress values of the plasticized part of the
response beyond the yield point. In addition to this the observed axial stress versus axial strain
response from different coupons subjected to the same slow strain rate monotonic load is
quite similar.
b)
The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response whereby the yield point is hardly distinguishable but despite of this the strain rate effect can be clearly seen. Furthermore the application of the cyclic load with slow, moderately fast or rather fast strain rate resulted in axial
stress versus axial strain response that has stress values beyond the yield point that exhibit a
noticeable increase with the increase in the strain rate.
c)
From the limited results presented here the effect of the cyclic nature of the loading
results in a more pronounced increase of the stress values with the increase in the strain rate
than when the load is applied in a monotonic way.

4
4.1

NUMERICAL SIMULATION OF THE TENSION AND CYCLIC TESTS
Numerical modeling.

As mentioned in section 2 simple specimens having the shape of an orthogonal prism were
taken from the flanges and were applied to monotonic tension or / and to cyclic tensile / compressive load with a sinusoidal time variation having a given amplitude and frequency. A
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number of such simple specimens were tested and their results are presented and discussed in
section 3 having as main variable the variation of the loading frequency and the nature of the
loading (monotonic or cyclic). In order to simulate numerically the behavior of these specimens a numerical study was performed utilizing the commercial software package ABAQUS
[7].
The orthogonal prism of the experimental sequence (figure 7a), which was represented
through the finite element 2-D mesh, is shown in figures 7b. The prism was considered to be
represented with absolute fixity conditions in the numerical simulation on the top side whereas on the bottom side either the monotonic or the cyclic load was applied. The other two sides
were left unconstrained. However, the rigid body in-plane as well as the out-of-plane horizontal displacement response was also constrained.
Top boundary that was constrained

Part of the
coupon
which was
numerically
simulated

Bottom boundary where either the monotonic or the cyclic load was applied

Figure 7a. The tested coupon and the orthogonal steel
prism which was numerically simulated, as shown in
figure 7b (see also figures 2a, 2b and 2c )

Figure 7b. The ABAQUS numerical simulation of the
orthogonal steel prism of the tested coupon (see figure
7a and figures 2a, 2b and 2c)

In order to simulate the variation of the load in time as either fast or slow monotonic load
or as cyclic load with varying sinusoidal cyclic frequency, the displacement control option
was utilized whereby an imposed displacement was defined as a function of time and displacement amplitude. Dynamic implicit analyses were in-order for this software to take into
account the different load frequencies. Following the load variation that was applied during
testing the numerical analyses were also performed with monotonic load (with either slow or
fast strain rate) and with cyclic load (again with either slow, moderate or fast strain rate). The
imposed displacement variation was introduced to the software in tabular form identical with
the one that was applied to the corresponding specimen during the experimental sequence.
The adopted discretization scheme (figure 7b) is believed to be considerably fine in an effort
to capture numerically the observed behavior.
4.2

Material modeling

In the framework of the numerical investigation a parametric study was conducted that focused on the way the steel material properties were introduced in the numerical simulation. In
our previous work two different approaches were tried ([12]). According to the first approach
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the measured tensile steel properties were modified accordingly in order to be introduced in
the numerical simulation through the ABAQUS combined hardening material constitutive law
whereas in the second approach the measured properties were introduced in the numerical
simulation through the ABAQUS isotropic hardening constitutive law. Furthermore in both
cases different yield stress ratios for different strain rates were taken into account.
In this work the focus lies in the numerical simulation of the material tests through the
ABAQUS combined hardening material constitutive law. There are several ways in this
commercial software package [7] to define a combined hardening material constitutive law in
order to capture the cyclic response of a specimen. The evolution law of this model consists of
two components: a nonlinear kinematic hardening component, which describes the translation
of the yield surface in stress space through the back-stress, and an isotropic hardening component, which describes the change of the equivalent stress defining the size of the yield surface,
as a function of plastic deformation [7]. In the present study the combined hardening constitutive law is defined through the values that are given to certain relevant parameters. For the
nonlinear kinematic hardening component these parameters are a) σ|0, the yield stress at zero
equivalent plastic strain, b) Ck and γk (material constants that can be calibrated from test data)
and for the isotropic hardening model these parameters are c) σ|0, equivalent yield stress, d)
Q∞ and biso (material constants that can be calibrated from test data). Values for these parameters were calculated from the test data that were obtained from the experimental process from
the tests of steel samples and were utilized in the parametric study that was performed in the
present work. The nonlinear kinematic hardening component of the model defines the change
of back-stress α and is given by Equation (1). All stress strain data are taken from a stabilized
cycle from the test data as shown in figure 8.
αk= Ck / γk (1 - e-γk εpl) + αk,1 e-γk εpl

(1)

Figure 8. Stress strain data for a stabilized cycle

The isotropic component defines the change of the size of the yield surface σ0 as a function of
equivalent plastic strain εp as shown in figure 9 and is given by Equation (2).
σ0 = σ|0 + Q∞ (1 - ebiso εp)

(2)
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Figure 9. Symmetric strain cycle

Abaqus allows the specification of strain rates effects with the option of rate dependent data at combined and isotropic hardening constitutive law. In order to define the strain rate effect the use of a dynamic increase factor (DIF) was utilized based on the work of Malvar and
Crawford [9]. The same values for DIF that were calculate and introduced as input in tabular
form in terms of a ratio of the yield stress versus the equivalent plastic strain rate to be used in
the particular case being analyzed, from our previous work [12] are also being used in this
paper. The work of Malvar and Crawford [9] is based on numerous experimental data from a
literature review on the effects of strain rates on the properties of steel reinforcing bars for
reinforced concrete structural elements. The dynamic increase factor (DIF) is the amplification by DIF of the value a certain mechanical property (yield stress or maximum stress) has
under low strain rate loading conditions (static) to another condition whereby because of the
nature of loading (dynamic) the strain rate has a larger value than before. A relationship is
proposed by Malvar and Crawford ([9]) that a DIF value can be derived for a given strain rate
increase and thus evaluate through this DIF the corresponding for this increased strain rate
amplified yield and ultimate stress values. This formulation is valid for bars with yield stresses between 290 and 710 MPa and for strain rates between 10-4 sec-1 and 225 sec-1. Figure 10
depicts the variation of DIF with the variation of the strain rate. This approach was presently
followed use as reference control properties the yield stress found for the slow rate monotonic
axial tension test with coupon 9R1-5 (see figure 5).

Figure 10. Dynamic increase factor which has been considered for the numerical investigation
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4.3

Numerical results for monotonic axial tensile load cases

Figure 11 shows a comparison between the axial stress – axial strain monotonic tensile response obtained from the numerical analysis of coupon 9R1-5 and 10-3 loaded under slow
strain rate conditions (duration of loading 700 seconds) and coupon 9R1-5 loaded under fast
strain rate conditions (duration of loading 2.5 seconds) for both constitutive laws of isotropic
hardening and combined hardening together with the option of the DIF.

Axial Stress (Mpa)

Monotonic Tensile Tests Specimen 9R1-5,10R-3 and
Numerical Simulation with Isotropic hardening strain rate DIF
500
450
400
350
300
250
200
150
100
50
0

E= 210GPa
9R1-5 fast strain rate
9R1-5 slow strain rate
Dynamic Analysis Time=700sec
Dynamic Analysis Time=2.5sec
10R1-3 slow strain rate

0

10000
20000
30000
Axial Strain (microstrains)

40000

Figure 11a. Monotonic axial tension numerical simulation with isotropic hardening constitutive law for coupon
9R1-5 and 10R-3 for strain values up to 40000 microstrains.

Figure 11b. Monotonic axial tension numerical simulation with combined hardening constitutive law for coupon 9R1-5 for strain values up to 40000 microstrains.

As can be seen in figure 11a, the numerical simulation including the isotropic hardening
with the DIF option is quite sensitive to the effect of the strain rate variation. Moreover, the
numerical response agrees quite well with the observed response for strain values smaller than
6000 micro-strains. In the case of the slow strain rate there is a certain discrepancy between
predicted and observed stress values for strains larger than 10000 micro-strains and smaller
than 20000 micro-strains. Similarly, in the case of the fast strain rate there is again a certain
discrepancy between predicted and observed stress values for strains larger than 6000 microstrains and smaller than 25000 micro-strains.
In figure 11b depicts the axial stress-strain numerical response employing combined
hardening constitutive low together with the DIF options for coupons 9R1-5 submitted to
monotonic tension load with slow strain rate conditions (duration of loading 700 seconds) and
with fast strain rate conditions (duration of loading 2.5sec). The material parameters that were
calculated from test data from test coupons that were taken from T-Beam 9R1 and were used
to define the combined hardening constitutive law with cycling hardening are:
Combined hardening parameters:
Yield stress at plastic strain σ|0=200Mpa,
Kinematic Hardening Parameter Ck=28300
Gamma γk=250
Cyclic hardening paraneters:
Equivalent stress σ|0=200Mpa
Q-Infinity parameter Q∞=81
Hardening parameter biso=6.5
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As indicated in figure 11b there is no good agreement between numerical simulation and
measured response. The reason for that could be that the kinematic hardening model, which
includes the combined hardening, is for simulating the cyclic loading of metals and not monotonic tensile behaviour (Abaqus). From the relevant graph it can be easily seen that a value for
the yield point equal to 200Mpa is assigned for the slow strain rate tension test (duration of
loading 700 sec) which is the same value of the yield stress at zero equivalent plastic strain
from a stabilised cycle σ|0=200Mpa. This value was obtained from the test data of the cycling
loading. Furthermore, the numerical simulation is quite sensitive to the effect of the strain rate
variation, as can be seen in the plotted response. An increase of the yield and ultimate stress
can be seen from the case when the specimen is subjected to a relatively slow loading (which
corresponds to a slow strain rate) to the case when the specimen is subjected to a relatively
fast loading (which corresponds to a fast strain rate).
4.4

Numerical results for cyclic axial tension / compression load cases

This section presents numerical results of the experimental investigation carried out with
material test coupons obtained from T-Beam 8 under cyclic axial tension /compression load
cases. The necessary material parameters for the numerical simulation were calculated from
the experimental data based on Equations (1) and (2) mentioned in section 4.2. These values
are as follows:
Combined hardening parameters:
Yield stress at plastic strain σ|0=200-220Mpa,
Kinematic Hardening Parameter Ck=34000
Gamma γk=250
Cyclic hardening paraneters:
Equivalent stress σ|0=200-220Mpa
Q-Infinity parameter Q∞=85
Hardening parameter biso=6.5
Figures 12a and 12b depict the axial stress-strain numerical response employing combined
hardening constitutive law with cyclic hardening together with the DIF options for coupons
8R1-5 and 8R1-3 submitted to cyclic tension / compression load resulting in a slow strain rate
condition (variation in time of the sinusoidal cyclic load equal to 0.005Hz) and in a moderately slow strain rate condition (variation in time of the sinusoidal cyclic load equal to 0.01Hz).
As indicated in these figures a reasonably good agreement between numerical predictions and
measured response was achieved for values of the parameters σ|0=220Mpa, Ck=34000, γk=250,
Q∞=85, biso=6.5 for a cyclic load equal to 0.005Hz and a cyclic load equal to 0.01Hz. This
good agreement between measured and predicted values can be seen for the yield and ultimate
stress values as well as for the shape of the hysteretic loops.
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Figure 12a. Numerical axial stress strain response
employing combined hardening constitutive law for
coupons 8R1-5 submitted to cyclic tension/compression load resulting in a slow strain rate

Figure 12b. Numerical axial stress strain response
employing combined hardening constitutive law for
coupons 8R1-3 submitted to cyclic tension/compression load resulting in a moderately slow strain rate

Figures 13a and 13b depict the axial stress-strain numerical response employing combined
hardening constitutive law with cyclic hardening together with the DIF options for coupons
8R1-2 and 8R1-4 submitted to cyclic tension / compression load resulting in a moderately fast
strain rate condition (variation in time of the sinusoidal cyclic load equal to 0.1Hz) and in a
fast strain rate condition (variation in time of the sinusoidal cyclic load equal to 2.0Hz). As
indicated in these figures, reasonably good agreement between numerical predictions and
measured response was achieved adopting values of the parameters σ|0=200Mpa, Ck=34000,
γk=250, Q∞=85, biso=6.5 for cyclic loads applied with frequencies equal to either 0.1Hz or
2.0Hz. For numerically simulating these relatively high loading frequency tests the value of
σ|0 equal to 200Mpa was adopted the yield stress at plastic strain and the equivalent stress instead of 220Mpa, which was used in the numerical simulation for the relatively load loading
frequencies of 0.005Hz and 0.01Hz. This value of 200Mpa led to a better agreement between
the experimental results and the numerical simulation for the yield and ultimate stress values
as well as for the shape of the hysteretic loops.
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Figure 13a. Numerical axial stress strain response
employing combined hardening constitutive law for
coupons 8R1-5 submitted to cyclic tension/compression load resulting in a slow strain rate

Figure 13b. Numerical axial stress strain response
employing combined hardening constitutive law for
coupons 8R1-3 submitted to cyclic tension/compression load resulting in a moderately slow strain rate

From this numerical study it can again be concluded that a numerical simulation based on the
combined constitutive law employing values of the necessary parameters from test data (such
as σ|0, the yield stress at zero equivalent plastic strain, and Ck and γk the material constants) is
quite successful in yielding realistic predictions of the cyclic response. Moreover, utilising the
an inclusion of the DIF option, such a numerical simulation can be also sensitive to the
observed strain rate effect. Therefore, it is reasonable to believe that it would also be
successful in simulating the behaviour of more complex structural elements under a variety of
loading which can result in different strain rate conditions.

5

CONCLUSIONS
-

-

An extensive experimental sequence was conducted testing relatively small dimension
coupons to axial monotonic or cyclic loading with a variety of strain rate conditions.
These coupons were formed from steel parts taken from the flanges of T-beam steel
section that were previously tested to destruction by cyclic seismic-type loading. The
current study is an extension of the previous research in an effort to first quantify the
strain rate effect in a controlled way and next to be able to effectively simulated utilizing existing numerical tools. From the current investigation the following findings
could be stated.
An increase in the strain rate during the monotonic application of the load resulted in
an increase in the yield stress value as well as in the stress values of the plasticized
part of the response beyond the yield point.
Additional experimental data from the analysis of more T-Beams under cyclic loading
to be added to the existing ones led to the same conclusion as before that
a)The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response whereby the yield point is hardly
distinguishable. Thus the strain rate effect can be clearly seen.
b)The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response that has stress values beyond the
yield point that exhibit a noticeable increase with the increase in the strain rate.
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-

-

From the subsequent numerical study it can be concluded that the combined constitutive law is quite successful in yielding realistic prediction of the cyclic response but
not of the monotonic tensile response; the appropriate values of the parameters defining this constitutive law (such as σ|0, the yield stress at zero equivalent plastic strain,
Ck, γk, Q∞ and biso the material constants) must be calibrated from test data. In this case,
the numerical simulation employing the same material constitutive law together with
an DIF inclusion is reasonable to believe that it would also be successful in simulating
the behaviour of more complex structural elements for loading introducing a variety of
strain rate conditions.
Both the experimental and the numerical part of this study are still under way; thus the
above conclusions should be considered as preliminary.
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Abstract
Steel beam-to-column connections under a cyclic sinusoidal loading history were studied.
The investigation of the cyclic response of the steel beam-to-column connections contained an
experimental and numerical part. The experimental part included a number of full-scale specimens having a cross section of IPE240 or IPE300 and a height of 1.0m which were rigidly
connected to a much stiffer steel beam thus representing a steel beam-to-column connection.
These specimens were tested to failure being subjected to a cyclic sinusoidal point load of
continuously increasing amplitude. Each specimen experienced yielding and plastic rotation
till the final damage, which occurred either in the form of local instability of the flanges or
fracture. Next, a numerical study is performed in an effort to simulate the observed behaviour
of these steel beam-to-column connections and their response is presented and discussed. The
material test data for the numerical simulation of the steel beam-to-column connection were
provided from simple steel coupons which were taken from the T-beam specimens after testing. Experimental and numerical results of the beam-to-column connections are presented
and discussed in this paper. It can be concluded that the employed numerical simulation can
be quite successful in yielding realistic prediction of the cyclic response of the steel beam-tocolumn, provided that the material model in this numerical simulation was equipped with the
appropriate values for the parameters defining the material constitutive law from the experimental test data.

Keywords: Steel beam-to-column connection, Simple steel coupons, cyclic response, Numerical Simulation, Comparison of measured and predicted response, strain rate effects
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1

INTRODUCTION

Steel frame structures are commonly used in seismic areas because of their excellence on
seismic resistance. This type of structures are usually composed of moment resistant frames
whereby the performance of beam-to-column connections are of particular importance especially when these structures are subjected to strong earthquake ground motions [1, 2, 5]. Usually these connections undergo large moment reversals during the earthquake excitation, thus
it is important to exhibit stable plastic flexural response in order to provide dissipative capability, without the development of undesired damage patterns, and in this way prevent any
kind of local or global instability. However, two recent earthquakes, in Northridge, California
1994 and Kobe Japan 1995, revealed the vulnerability of this type of construction. Premature
cracks were observed at welded connections of steel beam-to-column joints leading to brittle
failure without prior warning (obvious yielding) at the area around the weld. Such a failure
mode or the development of local buckling when beam-to-column connections undergo lowcycle fatigue seismic-type of loading is of particular research interest [3, 4, 9, 14].
The fatigue life of steel beam-to-column joints depends on the amplitude of the imposed
loading cycles and the hysteretic behavior of the constituent material that is linked with the
amplitude and rate of the developing plastic strains. In order to investigate the fatigue life of
steel beam-to-column joints several fatigue testing investigations have been proposed leading
to tests that can be categorized in two groups. Testing regimes in which the elastic strain amplitude is higher than the plastic strain amplitude and testing regimes in which the plastic
strain dominates. The first type of tests is generally referred as high cycle fatigue (HCF);
these tests typically involve more than 106 cycles to cause failure. The second type of tests is
named low cycle fatigue (LCF) test and the number of cycles to failure generally ranges from
102 to 104 cycles and this is usually employed for testing the seismic performance of steel
beam-to-column joints [6, 8, 11, 12, 15].
The current work studies the performance of steel beam-to-column joints first by examining steel beam-to-column welded joint specimens at the laboratory subjecting them to cyclic
seismic-type low-cycle fatigue loading as is explained in section 2. Next, the performance of
the same specimens is simulated numerically. Similar studies have been performed in the past
by other researchers. Despite the fact that many similar experiments have been performed in
the past [6, 8], the current experimental investigation was considered as necessary in order to
provide at first hand all the information required for the numerical analyses. That is, the exact
geometric and material characteristics of the specimens as well as specific information on the
type of loading conditions and on the measured response. The numerical simulation is performed utilizing a commercial software package that is thought to be suitable to simulate the
observed response and the non-linearities that developed and included large plastic strains and
local instabilities.
2
2.1

MATERIALS AND EXPERIMENTAL SETUP
Tested specimens

Two full-scale specimens, namely T-Beam 8 and T-Beam 8R1 INV have been constructed
with prototype steel cross sections in order to form a beam-to-column joint. Both specimens
were of the same geometry and used as the beam part a IPE 300 steel section and as the column part a HEA 300 steel section. These two parts were welded together, as shown in figures
1 and 2, to form the beam-to-column connection to be tested .
The IPE 300 beam was to a steel base plate having a thickness of 20mm welded and this
steel plate in turn was bolted to the HEA 300 column (figure 1 and 2). Furthermore, in order
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to avoid the brittle type of failure at the welds joining the IPE 300 beam part with the base
steel plate two or six 20mm thick steel stiffeners of triangular shape (with a height of 150mm
and width of 150mm) were welded at either side of the IPE 300 section connecting its flanges
with the base plate as shown in figures 1 and 2. The T-Beam 8 specimen had in total two
identical triangular steel stiffeners on each side of the flanges welded and the T-Beam 8R1
INV specimen had in total 6 steel stiffeners 3 evenly spaced on each side of the flanges. The
height of the IPE 300 beam part was 1200mm and was connected on its upper part with the
forcing fixtures that were provided by a double acting hydraulic actuator. This actuator was
controlled by a servo-hydraulic digital electronic controller providing the desired imposed cyclic horizontal displacement amplitude at a distance of 1000mm from the base plate. The two
IPE 300 beam-to-column connection specimens were tested as shown in figures 1 and 2. Both
specimens were of the same overall geometry having webs with thickness equal to 7mm. The
flange thickness varied from 10.2mm for the west flange and 10.5mm for the east flange.

Figure 1. Details of the experimental setup with the tested IPE 300 T-Beam 8 beam-to-column joint specimen
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Figure 2. Details of the experimental setup with the tested IPE 300 T-Beam 8R1 INV beam-to-column joint
specimen

2.2

Loading arrangement

The tested specimens were subjected to a cyclic seismic-type loading arrangement. An extensive discussion on the loading protocols was presented by Krawinkler [11]. This is a very
important and difficult issue as on one hand it is believed that it influences the resulting performance and on the other hand it poses demands on the capabilities of the experimental facility [6, 7, 8, 11, 12, 15]. As this work at its present stage aims to produce results that will be
utilized for validating the numerical capabilities of existing software rather than checking the
validity of code provisions the used loading protocol does not comply exactly with ones suggested by Krawinkler and other researchers [6, 7, 11, 15]. Instead, a series of sinusoidal horizontal cyclic displacements were used and were imposed on the top of the IPE 300 beam part,
as shown in figures 1,2 and 4. Both specimens were rigidly attached on the strong floor of the
Laboratory of Strength of Materials and Structures of Aristotle University. The hydraulic actuator was attached on the strong metal frame which together with the strong floor forms this
experimental facility. The imposed horizontal displacement and the resulting horizontal load
leads to the development of a bending moment at the beam-to-column connection which, if of
sufficient amplitude, is expected to bring this part of the beam-to-column connection to a certain limit state condition, as will be explained in section 3. The imposed horizontal displacement in amplitude and frequency content is controlled by the electronic servo-controller. A
relatively simple imposed displacement protocol is depicted in figure 3. It consists of thirteen
(13) groups of 3 full sinusoidal cycles. In each group the imposed maximum displacement
amplitude remains constant and keeps gradually increasing from one group to the next in a
prescribed manner, as a percentage of the maximum target displacement. The difficulty in imposing this protocol accurately lies on the fact that the target displacement is known at best
through predictions that may differ considerably from the actual target displacement that,
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when imposed, will produced the desired phenomena. The protocol depicted in this figure was
adopted in the current study in a general sense. That is, the amplitude of the imposed horizontal displacement kept increasing from one group to the next till the plastification of the tested
specimens led to some type of failure, as will be described in section 3. One distinct difference in the followed loading protocol for the specimen T-Beam 8 is the fact that the frequency
content was relatively low (0.005Hz) as to allow this test to be characterized as a dynamic test
accompanied with low level of strain rate. On the contrary, the loading protocol for T-Beam
8R1 INV specimen was relatively high (0.1Hz) that is characterized as cyclic test of relatively
medium level strain rate.
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Figure 3. Typical cyclic seismic-type imposed displacement protocol for low fatigue loading

2.3

Instrumentation

Instrumentation was provided capable to record the dynamic response of the specimen at
the top in terms of imposed horizontal displacement (LVDT 01, figure 4) and horizontal force.
In addition, four displacement transducers (LVDT 02, LVDT 03, LVDT 04 and LVDT 05)
were attached to the specimen in order to record the relative vertical displacement of two sets
of horizontal cross sections of each specimen near the plastification zone (figures 1, 2 and 4).
The first set of horizontal cross sections was that at the base, where the IPE 300 part was
welded at the base steel plate) and the one 500mm higher. Utilizing LVDT 02 and LVDT 03
the relative elongation or shortening between these two cross sections of the specimen was
measured at the flanges of both sides of the IPE 300 section. The second set of horizontal
cross sections was that at 150mm from the base, where the triangular stiffeners ended, and the
one 100mm higher. Utilizing LVDT 03 and LVDT 04 the relative elongation or shortening
between these two cross sections of the specimen was measured at the flanges of both sides of
the IPE 300 section. In this way, it became possible to deduce from the measured response
the rotation between the first and the second set of these horizontal cross sections. The second
set of horizontal cross sections is of particular importance as the highly plastified region (plastic hinge), which was expected to develop during the experimental sequence, lies between the
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horizontal cross-sections of the second set. Indeed, the used instrumentation was able to capture the plastification of this region from the initial stages of yielding till the final stages of
local instability. In addition, a set of strain gauges was also provided in order to control in a
different way the initiation and development of plastification in this zone.

150

IPE 300

150

Figure 4. Experimental set-up with the geometry of the specimens, the instrumentation and loading

Figures 5 and 6 depict the instrumentation of this zone near the beam-to-column joint. The
used hydraulic actuator can also be seen in figure 5 whereas in figure 6 the vertical displacement transducer utilized to measure the relative elongation or shortening between two horizontal cross sections above the stiffener having a distance between them equal to 100mm can
also be seen (second set of horizontal cross sections).

Figure 5. Instruments located near the beam-to-column Figure 6. Measuring the relative elongation/shortening
joint.
between two horizontal cross sections above the stiffener
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2.4

Steel tensile properties

In order to input the proper information related to the steel characteristic in the finite element program monotonic tensile tests from similar T-Beam IPE300 beams and cyclic tests
from T-Beam 8 with different loading frequencies were performed with coupons taken from
the specimens. These coupons were taken from the flanges of the specimens after the completion of the relevant test sequence. In order to measure the material properties of the virgin
steel prior to any plastification and permanent straining these coupons were taken from the
upper part of the IPE 300 beam sections near the section where the imposed displacement was
applied. More detailed information about the material steel coupons and the corresponding
results are given in the work of Manos G.C. and Nalmpantidou A. [18].
3
3.1

OBSERVED PERFORMANCE AND CORRESPONDING MEASUREMENTS.
Observed over-all performance and actual damage

Each specimen experienced plastic rotation above the stiffeners that was captured by the
employed instrumentation. Despite the fixity of the attachment of the specimens on the
strong floor part of the imposed horizontal displacement was consumed by the rotation of the
specimen at its fixed base as well as of the elastic response along the height apart from the
plastic rotation that developed at the desired location above the stiffeners. Fortunately, despite
the limitations of the capabilities of the experimental facility it was possible to attain the plastic limit state for both studied specimens and produce the expected form of damage. This is
depicted in figures 7 for specimen T-Beam 8 and figure 8 for specimen T-beam 8R1 INV.

Figure 7. Plastification of specimen T-Beam 8 at the end of test - 11
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Figure 8. Plastification of specimen T-Beam 8R1 INV at the end of test - 14

3.2

Measured response in terms of plastic rotations at the plastic hinge.

Figure 9, depicts the full loading sequence in terms of horizontal displacement at the top of
the specimen T-Beam 8 that could be deduced from the employed instrumentation as directly
linked with the elastic/plastic rotation at the zone of the specimen extending at a length of
100mm above the stiffeners of the IPE 300 beam (figures 4 and 6). The corresponding development of the plastic rotation with time in this plastic hinge region is shown in figure 10. The
imposed loading history in terms of plastic hinge rotation and the corresponding horizontal
displacement at the top of specimen T-Beam 8R1 INV is shown in figure 11 and 12.
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Figure 9: Horizontal displacement at the top of specimen T-Beam 8 due to the plastic rotation at the plastic
hinge region.

Figure 10: Plastic rotation at the plastic hinge region due to horizontal displacement at the top of specimen TBeam8.
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Figure 11: Horizontal displacement at the top of specimen T-Beam8R1 INV due to the plastic rotation at the
plastic hinge region.

Figure 12: Plastic rotation at the plastic hinge region due to horizontal displacement at the top of specimen
T-Beam 8R1 INV.

As can be seen in figures 10 and 12 specimen T-Beam 8 reaches the flexural plastic
limit for plastic hinge rotations of the order of 0.027 radians and specimen T-Beam 8R1 INV
of the order of 0.015 radian, having undergone a considerable number of low-fatigue cycles
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[10, 13, 14]. Moreover, both specimens failed by developing local instability at the plastic region in the form of flange local buckling and eventually fracture. Figures 13 and 14 portray
the observed cyclic response in terms of bending moment and plastic hinge rotation, for specimens T-Beam 8 and T-Beam 8R1 INV, respectively. The bending moment values were deduced at a section above the stiffeners from the measured horizontal load.

Figure 13: Measured cyclic response of the plastic hinge for specimen T-Bea 8.

Figure 14: Measured cyclic response of the plastic hinge for specimen T-Beam 8R1 INV.

In both figures 13 and 14 a corresponding envelop curve is also plotted with a dashed
blue line for T-Beam 8 specimen and a green line for T-Beam 8R1 INV specimen. As can be
seen, both specimens developed large cycles of stable plastic response before reaching their
failure mode thus dissipating considerable energy in terms of hysteretic damping. Figure 15

2834

G. C. Manos, A. Nalmpantidou

depicts this hysteretic cyclic response through the corresponding envelop curves. As can be
seen from the comparison of these two envelope curves in figure 17 there is a slight difference
in the specimens performance in terms of maximum flexural baring capacity and plastic hinge
rotation corresponding to that flexural capacity. The measured flexural capacity is of the order
of 244 KNm and 248 KNm for specimens T-Beam 8 and T-Beam 8R1 INV, respectively. The
plastic hinge rotation values corresponding to these flexural capacity values are for the TBeam 8 specimen approximately 0.018 rad and for the T-Beam 8R1 INV specimen approximately 0.012 rad. Consequently, it can be concluded that the variation in the loading frequency from 0.005Hz of the T-Beam 8 specimen to 0.1Hz of the T-Beam 8R1 INV specimen led
to a decrease in the value of the plastic hinge rotation of the maximum flexural baring capacity with the increase of the loading frequency. Finally from the overall envelope curve a slight
increase in the flexural capacity of T-Beam 8R1 INV specimen can be observed with increasing loading frequency and increasing strain rate.

Figure 15: Measured cyclic response of the plastic hinge in terms of envelop curves for both specimens
T-Beam 8 and T-Beam 8R1 INV.

4
4.1

NUMERICAL SIMULATION OF THE OBSERVED CYCLIC RESPONSE AND
PERFORMANCE
Numerical modeling.

The commercial software ABAQUS [16] was utilized in this numerical simulation effort.
In doing so, the IPE 300 beam part of the experimental sequence was reproduced through the
finite element representation as accurately as possible. This is shown in figure 16 whereby it
can be seen that the numerical simulation extended all the way from the top section where the
horizontal load was imposed to the bottom horizontal section where the IPE 300 beam was
welded to the base plate. Moreover, the triangular stiffeners with their actual thickness and
geometry were also included in this numerical simulation. The whole surface of the IPE 300
and the stiffeners at the bottom level where the specimens were welded to the base plate was
considered to be represented with absolute fixity conditions in the numerical simulation. In
addition, the horizontal displacement of the specimen outside the loading plane was con-
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strained. The discretization scheme that was adopted was considerably fine in an effort to be
able to catch numerically the observed local modes of buckling of the flanges in the plastic
hinge region.

Figure 16: Employed numerical model.

4.2

Material modeling

In the framework of the numerical investigation a parametric study was conducted that focused on the way the steel material properties were introduced in the numerical simulation.
Two different approaches were tried. According to the first approach the measured tensile
steel properties were introduced in the numerical simulation through the Abaqus isotropic
hardening parameters whereas in the second approach the measured properties were modified
accordingly in order to be introduced in the numerical simulation through the ABAQUS combined hardening material model [16]. More information on this approach can be obtained
from the previous work by Manos G.C. at al [19].
In thισ work the focus relies in the numerical simulation of the material tests through the
ABAQUS combined hardening material constitutive law. There are several ways in this
commercial software package [16] to define a combined hardening material constitutive law
in order to capture the cyclic response of a specimen. The evolution law of this model consists
of two components: a nonlinear kinematic hardening component, which describes the translation of the yield surface in stress space through the back-stress, and an isotropic hardening
component, which describes the change of the equivalent stress defining the size of the yield
surface, as a function of plastic deformation [16]. In this study the combined hardening constitutive law is defined through the values that are given to certain relevant parameters. Values
for these parameters were calculated from the test data that were obtained from the experimental process from the tests of steel samples that were taken from the T-Beam specimens
and can be seen in the work by Manos G.C and Nalmpantidou A. [18] .
This software (Abaqus) allows the specification of strain rates effects with the option of
rate dependent data at combined and isotropic hardening constitutive law. In order to define
the strain rate effect the use of a dynamic increase factor (DIF) was utilized based on the work
of Malvar and Crawford [9]. The work of Malvar and Crawford [20] is based on numerous
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experimental data from a literature review on the effects of strain rates on the properties of
steel reinforcing bars for reinforced concrete structural elements. The dynamic increase factor
(DIF) is the amplification by DIF of the value a certain mechanical property (yield stress or
maximum stress) has under low strain rate loading conditions (static) to another condition
whereby because of the nature of loading (dynamic) the strain rate has a larger value than before. A relationship is proposed by Malvar and Crawford [20] that a DIF value can be derived
for a given strain rate increase and thus evaluate through this DIF the corresponding for this
increased strain rate amplified yield and ultimate stress values. Figure 17 depicts the dynamic
increase factor considered for the numerical simulation.

Figure 17. Dynamic increase factor which have been considered for the numerical investigation

4.3

Numerical results from the parametric study

This section will present numerical results of the experimental investigation carried out
with T-Beam 8 and T-Beam 8R1 INV under cyclic tests. The necessary material parameters
for the numerical simulation were calculated from the experimental data of simple steel coupons taken from T-Beam 8 and are the following:
Combined hardening parameters:
Yield stress at plastic strain σ|0=180-200Mpa,
Kinematic Hardening Parameter Ck=34000
Gamma γk=250
Cyclic hardening paraneters:
Equivalent stress σ|0=180-200Mpa
Q-Infinity parameter Q∞=85
Hardening parameter biso=6.5
Combined hardening parameters:
Yield stress at plastic strain σ|0=100-140Mpa,
Kinematic Hardening Parameter Ck=51800
Gamma γk=250
Cyclic hardening paraneters:
Equivalent stress σ|0=100-140Mpa
Q-Infinity parameter Q∞=305
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Hardening parameter biso=6.5
Combined hardening parameters:
Yield stress at plastic strain σ|0=140Mpa,
Kinematic Hardening Parameter Ck=59520
Gamma γk=250
Cyclic hardening paraneters:
Equivalent stress σ|0=140Mpa
Q-Infinity parameter Q∞=30
Hardening parameter biso=6.5

Figure 18. Numerical predictions of the cyclic response of the plastic hinge for specimen T-Beam 8

Figure 19. Predicted cyclic response of the plastic hinge in terms of envelope curves for specimen T-Beam 8
together with the measured response
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Figure 20. Numerical predictions of the cyclic response of the plastic hinge for specimen T-Beam 8R1 INV

Figure 23. Predicted cyclic response of the plastic hinge in terms of envelope curves for specimen
T-Beam 8R1 INV together with the measured response

In figure 18 and 20 are the results of the numerical simulation of T-Beam 8 and T-Beam
8R1 INV and the corresponding envelope curves shown. As can be seen specimen T-Beam 8
reaches the flexural plastic limit for plastic hinge rotations of the order of 0.027 radians and
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specimen T-Beam 8R1 INV of the order of 0.015 radian, having undergone the same number
of low-fatigue cycles [10, 13, 14] as the experimental setup.
Figure 19 and 21 compare the envelop curves predicted by the numerical simulation for
specimens T-Beam 8 and T-Beam 8R1 INV, respectively, with the corresponding envelop
curves of the measured cyclic response for the same specimens. The predicted response was
obtained by using the combined hardening material model and as can be seen there is a small
variation between the measured flexural capacity and rotation at the plastic hinge and the numerical simulation with higher values of the numerical simulation for T-Beam 8 specimen.
Furthermore the predicted cyclic response of T-Beam 8R1 INV has a quite good agreement
between the measured flexural capacity and rotation at the plastic hinge and the numerical
simulation.
5

CONCLUSIONS
x The seismic performance of a steel beam-to-column connection was studied by subjecting two specimens of such steel beam-to-column connection specimens to imposed cyclic displacements with a variety of low to medium range strain rates. The tested
specimens were constructed with prototype steel sections welded in a typical fashion.
x Both specimens developed local flange buckling modes of failure for plastic hinge rotation values approximately equal 0.027 radians for T-Beam 8 specimen and 0.015 radians
for T-Beam 8R1 INV specimen. For values of plastic hinge rotation higher than 0.027
radians for T-Beam 8 specimen and 0.15radians for T-Beam 8 R1 INV specimen the deterioration of the flexural capacity became substantial for both specimens as the local
flange buckling mode of failure prevailed.
x The consequence of the previous observation is that the employed strain rate variation in
the used loading sequence of specimen T-Beam 8 with 0.005Hz from that of the loading
sequence of specimen T-Beam 8R1 INV with 0.1 Hz led to a decrease in the value of the
plastic hinge rotation of the maximum flexural baring capacity with the increase of the
loading frequency. From the overall envelope curve a slight increase in the flexural capacity of T-Beam 8R1 INV specimen can also be observed with increasing loading frequency and increasing strain rate. However, this is a partial conclusions based on rather
limited data. Therefore more research is needed to further investigate the strain rate influence on the beam-to-column connections earthquake performance.
x The numerical simulation of the tested specimens utilizing the capabilities of a commercial software package yielded reasonable good agreement between both the measured and
predicted cyclic response in terms of maximum flexural capacity, dissipation characteristics and deterioration of the flexural capacity. It is of utmost importance to have realistic
estimates of the values of the parameters are σ|0 (yield stress at zero equivalent plastic
strain), Ck and γk (material constants) which define the steel combined hardening material behaviour.
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Abstract
The present work concerns the dynamic and vibroacoustic response of timber floor panels as
well as the study of the effect of material nonlinearities and damping. Each panel is composed
of glued laminated beams and wood constituting the floor. The dimensions of the panels are
defined to ensure appropriate implementation and transport conditions. For these reasons,
the width of the panels is fixed at 2.40 m, and the length is 7.2 m. Two types of floor panels
were investigated with and without struts. A numerical approach based on 3D finite element
method is used to solve the problem. Our finite element model and the mechanical properties
of the used materials are first validated from comparisons with experimental tests carried out
in statics [1]. A dynamic non-linear analysis of the timber floor panels has been then conducted under a walking time history and the vibroacoustic response of the system is finally
investigated.
Keywords: Timber structures, dynamic analysis, vibroacoustic, numerical and experimental
measurements, non-linear.
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1

INTRODUCTION

The use of wood as construction material increased in Europe during the last decades.
Compared to steel or reinforced concrete buildings, the timber buildings are more sensitive to
dynamic loading, especially in terms of vibroacoustic comfort. Furthermore, due to the complexity of wood material and different structural details it is more difficult to predict the accurate response due to dynamic loading.
Floor vibrations and structure-borne sound in residential buildings can be induced by several sources such as people walking indoors, machines vibration. Excessively high sound
and/or vibration levels cause annoyance and discomfort for residents. Low frequency prediction tools are needed to access the dynamic behavior of a timber floor in an early design phase
to ultimately reduce the low frequency impact noise. This highlights the need to improve the
design of multi-story timber buildings such that vibration levels and the need of further investigation on this field.
In the European countries, the vibration of timber floors is regulated by the serviceability
limit states (SLS) requirements of Eurocode [2]. In addition, a lot of researchers have started
to investigate this field. Initially, the vibration issues of different types of flooring systems
(composite, concrete, steel with timber) was identified under the action of human activities by
Bachmann & Ammann [3], Williams & Waldron [4], Da Silva et al. [5] and Ebrahimpour &
Sack [6].
In the present work attention is focused on the dynamic and vibroacoustic response of timber floor panels as well as the study of the effect of material nonlinearities and the damping
ration. The first part of this study focuses on the validation of the finite elements (FE) model
with the appropriate selected experimental results, in order to be a reliable tool for the further
part of this study. After the validation, dynamic analyses were conducted under a walking
load time history of a person in the middle of each floor panel, and then the vibroacoustic of
these panels are presented.
2

A SHORT DESCRIPTION OF THE INVESTIGATED TIMBER FLOOR PANELS

Two types of floor panels were investigated (with and without struts). The floor panels
have been proposed by Fuentes et al [1] and analyzed only in static analysis. The dimensions
of the panels were defined to ensure appropriate implementation and transport conditions. For
these reasons, the width of the panels was fixed at 2.40 m, and the length was 7.2 m. Each
floor panel was consisted of glued laminated beams, joins and floor of 25mm. The first one,
referred to herein as PAN_Fl, consisted of two (2) beams, thirteen (13) joists and the floor,
while the second one, referred to herein as PAN_Fl_struts, was like the previous one but with
struts (Figure 1). The design of these floor panels meted the requirement of Part 1-1 of
Eurocode 5 [2]. The material of the main parts of the floor panels was categorized in the class
GL32h.

(a)
(b)
Figure 1: Geometric configuration of: (a) PAN_Fl, (b) PAN_Fl_struts (values in mm).
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3

VALIDATION OF FEM FOR FLOOR PANELS IN STATIC ANALYSIS

The FE method is a widely employed approach to develop numerical prediction models in
construction industry and more and more researchers are used it [7-9]. By performing numerical simulations, experimental acoustical tests can be reduced, and parametric studies can also
be carried out to investigate the influence of specific geometrical changes in construction as
well as the influence of the variations/uncertainties in material properties, which always have
a mark able influence on the results [10-12].
The FE analysis calibration study included analytical modelling of the two panels.
Elastoplastic orthotropic material models were used with non-linear hardening associated with
material densification. Table 1 summarises the details of the material properties.
Quality
GL32h

E1
(MPa)
13500

Table 1: Main material parameters.
E2
E3
fm,k
v12
v13
(MPa) (MPa) (MPa)
450
450
32.5
0.35 0.35

v23
0.09

ρ
(kg/m3)
420

The 3D FEM model geometry reproduced the actual geometry of the experiments, as well
as the simulation used the same boundary conditions and loading as in the experimental program (see Figure 1 and 2).

Figure 2: Configuration of floor panels PAN_Fl_struts.

Alternative finite element models were conducted to identify the best meshing. It is known
that a finer mesh density provides higher accuracy but also increases the computational time
without improving substantially the accuracy of the results, therefore, a tradeoff between time
and accuracy becomes crucial. In our model tetrahedral solid elements were used with high
level of optimization in order to avoid inverted curved elements, too large or too small elements. In total 16335 elements were used for the PAN_Fl and 21954 for the PAN_Fl_struts.
In this section, static analyses have been performed with increasing load until the failure of
the panels. The nonlinear solver uses an affine invariant form of the damped Newton method.
The numerical results were compared with the experimental ones and the validation of the
model was based on: (i) the force-displacement curves, and (ii) the deformation shape of the
bottom beam during different loads, for the both floor panels.
Figures 3 and 4 compare the experimental and the numerical results of the panels PAN_Fl
and PAN_Fl_struts respectively. Part (a) presents the force – displacement curves at the middle of the panel, part (b) illustrates the shape of the deflection along the bottom beam of each
panel, while part (c) shows the deformation shape of each panel for a selected force (45kN for
the panel PAN_Fl and 65kN for the panel PAN_Fl_struts). It is important to notice that in the
Figures 3c and 4c the panels are illustrated without the floors in order to verify the shape of
the beams and the joists. As it is shown, the numerical monotonic curve follows the envelope
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of the experimental response. Therefore, the numerical loading curve can be reliably used to
assess the stiffness and strength of the investigated panels and the proposed FE model in order
to establish the individual and combined effects of various parameters on the response of the
panels and, in so doing, to identify the significance of the numerical contribution to produce
results that are harder to obtain experimentally.
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Figure 3: Comparison of experimental and numerical results for the panel PAN_Fl.
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Figure 4: Comparison of experimental and numerical results for the panel PAN_Fl_struts.

4

DYNAMIC ANALYSIS

The aim of this section is to use the proposed FE model in order to investigate the dynamic
response of these panels in different vibration loading. A dynamic analysis of a structure differs from a corresponding static analysis mainly in two ways. While a static analysis assumes
that a structure is in complete equilibrium with its surroundings a dynamic analysis takes into
consideration the structure’s true response when subjected to a force. Furthermore, a static
analysis treats the loads as static, which means that they varies sufficiently slowly with time.
On the other hand, there are a lot of loads that in fact are dynamic, that is, they varies rather
quickly with time [13]. Vibrations may be described as oscillations around the statically equilibrium of a structure [14]. Vibrations arise when time-varying disturbances, either forces or
displacements, interact with the inertia properties of an affected medium. The dynamic response of a structural system is affected by the material properties, the damping, the properties of the system as whole, and the presence of non-structural elements, such as floor
coverings, ceilings etc [15].
Damping is the most important parameter which significantly influences the response of
occupants to floor vibrations even though it hardly affects the fundamental frequency݂ . This
is because damping is an intrinsic property of structural systems that influences oscillation
amplitudes and the rate of decay under forced and free vibrations, respectively [16]. Previous
research has shown that the timber floors constructed with engineered I-joists had a damping
ratio ߞ ൌ ʹ െ ͶΨ[17] while the floors with metal-webbed joists only had a very low damping
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ratio ߞ ൌ ͲǤͺΨ which is below 1% [18]. This indicates that the design damping ratio
ߞ ൌ ͳΨproposed in EN 1995-1-1 [2] may not cover all timber floor types so an average
damping ratio ߞ ൌ ʹΨis proposed in order to cover most practical cases [19].
4.1 Case study
In this study the two panels of PAN_Fl and PAN_Fl_stucts were analysed under a walking
loading time history of one person 75kg in the middle of each panel (on the spot) with a total
duration of 2.6 sec. In this study only the effects of a damping ration were presented. Figure 5
describes the investigated panels with the details of boundary conditions, load time histories,
while Table 2 summarizes the investigated cases. The beams of the panels are the part that is
being connected with the columns of the structures. The stiffness of these connections can
varies as it depends on the type of the connection as Titirla et al have been presented [20-23],
but in this study only the case of a rigid connection was presented.
Each harmonic of the loading function can cause resonance with a natural frequency of the
floor, and it is the walking pace frequency that gives the worst-case response that should be
used for design. The pace frequency (fp) for walking has a mean value of 2.0 Hz. The standard
walking load of a person can then be described as a series of consecutive steps, where each
step is given by a polynomial function which is proposed by Harpel et al. [24].

Rigid
connection

Rigid
connection

Figure5: Walking time history and boundary condition of the panels.

Panel
PAN_Fl
PAN_Fl
PAN_Fl_struts
PAN_Fl_struts

Table 2: Description of the case studies.
Boundary conDamping
Name
ditions
Rigid
0%
PAN_Fl
Rigid
1%
PAN_Fl_d
Rigid
0%
PAN_Fl_struts
Rigid
1%
PAN_Fl_struts_d

4.2 Comparison of the results
In the present numerical study a damping ratio equal to 1% was selected, according to EN
1995-1-1 [2]. The comparison of the results, given in Figure 5, shows that the maximum vertical displacement was reduced 1.4 % for the PAN_Fl and 0.5% for the PAN_Fl_struts according to damping, while the maximum acceleration in the middle of the span was reduced
equal to 10 % and 2.5% respectively. It can be observed that each transient vibration signal
contains a high initial peak and decays. The peak values of a transient vibration are governed
by system stiffness and mass, but not by damping. Damping is a measure of how quickly the
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Figure 5: Time histories of (a) the vertical displ. at the middle of the panel PAN_Fl, (b) the vertical displ. at
the middle of the panel PAN_Fl_struts, (c) the acceleration at the middle of the panel PAN_Fl , (d) the acceleration at the middle of the panel PAN_Fl_struts.

5

VIBROACOUSTIC

Structures when subjected to time varying loads will vibrate and generate acoustic waves.
The characteristics of the acoustic waves generated by the structure may depend on the vibration behavior of the structure, which in turn depends on different factors such as the properties
of structural materials, types of loads, location of load application, structural configuration,
boundary conditions, etc. The determination of the true vibro-acoustic characteristics of a
structure is essential for the correct prediction of the actual vibration and sound radiation behaviors of the structure. Therefore, because of its importance, the vibro-acoustic characterization of structures has drawn close attention and a lot of researchers are working in this field
[25-27].
The aim of this session is to study the influence of the two configurations (PAN_Fl and
PAN_Fl_struts) on the impact sound transmission of a floor. For this reason the previous panels with the rigid connections were investigated; but this time the analyses were focused on
the frequency domain. The Acoustics interface uses the Pressure Acoustics, Frequency Domain module to solve the governing wave equation that is complemented with sound sources
as boundary condition. The speed of the sound in the air equal to 343 m/s and the density of
1.2 kg/m3 were taken into account in this study.
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The radiated sound power level for the reference case is shown in Figure 7. The large amplitude peaks observed in the frequency response make it possible to identify the critical resonance frequencies to be avoided.
He doesn’t
move
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(a)
(b)
Figure6: (a) the model with the additional mass and the boundary conditions, (b) the mesh for the floor elements and the air.
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Figure 7: The radiated sound power level of the plate surface for the panel (a) PAN_Fl and (b)
PAN_Fl_struts.

6

CONCLUSIONS

In the present work attention is focused on the dynamic and vibroacoustic response of timber floor panels as well as the study of the effect of the damping ration. In this study the two
panels of PAN_Fl and PAN_Fl_stucts were analysed in static and dynamic analyses. Based
on the findings of this study new conclusions are drawn :
i. The validation of the numerical simulation is based on the envelope experimental behavior of the two difference floor panel. The response of the panel PAN_Fl was used to
build the numerical model while the response of the panel PAN_Fl_struts was used to
validate the previous model.
ii. The success of the deployed numerical simulation is fully demonstrated by comparing
the shape of the load–displacement curves with the experimental ones. Therefore, it is a
reliable tool for the simulation of the hysteretic behavior of these timber floor panels
and can be used in further studies.
iii. The peak values of a transient vibration are governed by system stiffness and mass, but
not by damping. Damping is a measure of how quickly the response of vibrating system
decay after the loading period; as a result the effects of the damping during the walking
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iv.

loading of 2.6 sec were not as much remarkable. The comparison of the results shows
that the maximum vertical displacement was reduced 1.4 % for the PAN_Fl and 0.5%
for the PAN_Fl_struts according to damping, while the maximum acceleration in the
middle of the span was reduced equal to 10 % and 2.5% respectively.
The analysis of the vibroacoustic response of the system made it possible to identify the
most radiant resonance frequencies.
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Abstract
The installation of exterior facades made of metal elements in buildings is a dual function
application: On one hand it alters the facade, through architectural modifications, and on the
other it creates the conditions for the improvement of energy efficiency of the building,
utilizing the gap that develops between old and new facade. In order to ensure that the
suspension and anchoring system can safely receive both static and dynamic loads, which will
strain the construction during its life cycle, it is necessary to carry out a set of controls that
will ensure exactly this: the static and anti-seismic adequacy of the used suspension and
anchoring system. For this reason, a building consisting of frames was chosen, on the
perimeter of which masonry was placed and, then, the metal facades were hung on the
masonry, through the use of appropriate joints. Through Dynamic Spectral Analysis and Time
History Analysis, the adequacy or not of the suspension system was examined, but also the
effects that the system had on the modal, strain and deformation sizes of the building. In the
end, it was concluded that the attachment of elements to the facade of the building, although it
is done for architectural or other purposes, brings about significant changes in its seismic
response and, therefore, must be adequately studied.
Keywords: Metal facades, Metal links, Structural Dynamics, Earthquake Engineering,
Assessment of dynamic characteristics, Ventilated facade.
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1
1.1

INTRODUCTION
Ventilated facades

In modern times, architectural design invests heavily in facade cladding, considering them
often part of the original design of the building but also an appropriate solution in cases of
reconstruction or renovation of exterior facades and siding. In addition, facade cladding
panels are used as partial interventions in facades, in balcony cladding, fencing or the creation
of awnings and blinds. There is a plethora of materials that can be used in facade cladding!
Examples include titanium zinc, copper, aluminum, bakelites, HPL (High Pressure Laminates)
panels, ceramic tiles and colored fiber reinforced cement boards. A ventilated facade is a
construction method whereby a physical separation is created between the outside of the
facade and the interior wall of the building. This separation creates an open cavity allowing
the exchange of the air contained between the wall and the outer cladding.

1.2

Figure 1: Τitanium zinc facade.

Figure 2: Copper facade.

.

Figure 3: Ceramic tiles facade.

Figure 4: Colored fiber reinforced cement boards facade.

Fixing brackets

To support the facade, a suspension system or fixing brackets system is required. In order
for the system in use to be deemed as sufficient, it must first be examined whether the fixing
bracket can safely receive the required loads (axial and shear) and then whether it can safely
transfer them to the concrete frame and/or masonry infill. Thus, at first, the strength of the
fixing bracket is examined, based on the requirements arising from the analysis model and
depending on the specifications set by the bracket’s manufacturer. It is then checked whether
these requirements are covered by the capacities set by the regulations, in this case KAN.EPE.
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Figure 5: Fixing bracket.

2

BUILDING GEOMETRY AND CHARACTERISTICS

The external dimensions of the building are 22.20x22.20 m. In the direction of the X-axis
there are 6 frames, with a net opening of 17.00 m and a distance of 3.50 m between them. The
columns have dimensions 1.10x0.30 m, with the large dimension parallel to the X-axis. The
class of the concrete used was evaluated, in current terms, in category C20 / 25 and the
reinforcement steel in S135 / 150 [1]. The building has previously been deemed in need of
seismic reinforcement [1].

Figure 6: Ground floor plan.
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3
3.1

ANALYSIS
Analysis Methods

To assess the dynamic characteristics of the building, the Dynamic Spectral Analysis was
applied in a fully elastic model, in order to evaluate the adequacy of the support joints and the
anchoring system. Furthermore, a Dynamic Time History Analysis was performed on an
elastic-partially plastic, non-linear model, in which the joints would yield if they exceeded a
certain limit, in order to better analyze the response of the structure in an earthquake scenario.

Figure 7: Accelerometer of the Thessaloniki earthquake of 1978.

The E.C. 8 [2] spectrum was used for the Dynamic Spectral Analysis as well as the
spectrum obtained from the accelerometer of the 1978 Thessaloniki earthquake. The
accelerometer of the Thessaloniki earthquake of 1978 was used for the Dynamic Time History
Analysis. The area of Thessaloniki is categorized as ground type B, where ag = 0.16g. The
accelerometer was obtained from a ground type D area and therefore had to be properly
adjusted to ground category B, in order to be compatible with the soil conditions present at
the building site. Below, a graph showcasing the acceleration expressed in g in regard to the
oscillation period is depicted, for the spectrum of E.C. 8 in ground category B, as well as the
spectrum obtained from the accelerometer for ground category D and ground category B.

Figure 8: Design Spectrums used in analysis.
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3.2

Analysis Models

Three analysis models were used:
x The first model consisted mainly of linear elements, beams and columns, which
simulates the current state of the building.
x In the second model, a perimeter of filling masonry was added, in order for the metal
facades to be added in a later state, which was also the reference model for the
comparisons made.
x In the third model the metal facades were added and comparisons were made.
The analyzes were performed with the help of SAP2000.

Figure 9: Basic linear model.

Figure 10: Masonry infilled model.

Figure 11: Metal facade model.

3.3

Vibration Periods

A sufficient number of eigenmodes was used for each scenario during the analysis. For the
first case 6 eigenmodes were used, which activated 60 % of the oscillating mass. For the
second case 9 eigenmodes were used, which activated 60% of the oscillating mass. For the
third case, significantly more eigenmodes were needed, a total of 30, due to the excessive
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number of elements added by the exterior facades. The activated mass in this case amounted
to 55 % of the oscillating mass. Appropriate multiplying factors were used in the Dynamic
Spectral Analysis, according to the specifications of E.C. 8 to accommodate the activated
oscillating mass.
Eigenmode
1
2
3
4
5
6
7
8
9
20
30

Without masonry

Vibrating Period [s]
With masonry

With facades

2.179
2.136
1.634
0.689
0.591
0.494
-

0.717
0.687
0.285
0.177
0.168
0.161
0.112
0.111
0.097
-

0.453
0.423
0.391
0.390
0.383
0.376
0.376
0.374
0.370
0.244
0.171

Table 1: Vibrating Periods for analysis scenarios.

It is worth noting that the first model is very flexible, which leads to high vibrating periods
and low spectral accelerations. The addition of masonry infill leads to a significant reduction
of the vibrating period. Furthermore, the addition of metal facades makes the building even
more rigid and leads to the development of maximum spectral accelerations, according to
E.C. 8.
4
4.1

ANALYSIS RESULTS
Base shear

For each scenario, the base shear was calculated in both directions, as the base reaction
from the analysis.
Case
E.C.8-X
E.C.8-Y
Thess-X
Thess-Y

Base Reaction [kN]

Without masonry

With masonry

With facades

5128
5524
3117
2744

13969
14740
8861
9703

24625
21857
27597
21221

Table 2: Base reactions for analysis scenarios.

With the addition of the masonry infill the base reaction almost triples. The addition of the
metal facades further doubles the base reaction, in the case of E.C. 8, and triples it in the
Thessaloniki 1978 scenario.
4.2

Reference column strain

In order to assess the influence that the metal facade has on the seismic response of the
building, a corner column was used as a reference point. The axial, shear and moment that
was calculated in each scenario was compared, at the level of each floor.
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Figure 12: Metal facade model.

The addition of masonry infill multiplied the axial load by an average factor of 6, while the
shear and moment loads dropped by 50 % in average. This was due to the redistribution of
strain to the intermediate columns.
The addition of the metal facades had almost no effect to the axial load, but it increased the
shear and moment loads by 35 % in average.
4.3

Reference column top displacement

The top displacement for the first model was relatively high, mainly due to the low
stiffness of the building. The second model, although with a higher base shear, developed a
lesser top displacement, due to the increased stiffness offered by the masonry infill. The third
model had slightly increased top displacement, due to the higher base shear and the fact that
the facades did not contribute significantly to the stiffness of the model.
Case
E.C.8-X
E.C.8-Y
Thess-X
Thess-Y

Top displacement [cm]

Without masonry

With masonry

With facades

17.8
15.6
14.5
12.4

8.7
8.4
5.1
5.3

7.0
7.0
7.8
6.8

Table 3: Top displacements for analysis scenarios.

5
5.1

ASSESSMENT OF BEARING CAPACITY
Fixing brackets

The manufacturer’s strengths were taken for the assessment of bearing capacity and were
compared with the results of the analysis. For a 2 mm displacement, the bracket was
considered to have failed.
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Figure 13: Fixing brackets’ loadbearing capacities.

Case
E.C.8-X
E.C.8-Y
Thess-X
Thess-Y

Axial
Yields
30
48
31
50

Shear
Failures
0
0
0
0

Yields
88
10
90
5

Failures
0
0
0
0

Table 4: Number of brackets yield and failed.

In total, 644 elements were examined. In the worst scenario, 90 of them surpassed the yield
limit and none failed.
5.2

Anchorage system

The ultimate force under tension the anchor can bear is calculated [3]:
(1)
is the ultimate force under tension the anchor can bear, the diameter of the
Where
anchorage,
the anchorage length and
the tensile strength of the material anchorage
takes place.
The ultimate force under shear the anchor can bear is calculated [3]:
(2)
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Where
is the ultimate force under shear the anchor can bear, the diameter of the
is the compressive strength of the material anchorage takes place, in this case
anchorage,
masonry, and
is the steel tensile strength.
For the interaction of the two phenomena the formula used is [3]:
(3)
is the axial load from the analysis,
is the ultimate force under tension the
Where
anchor can bear, as calculated above,
is the shear force from the analysis and
is the
ultimate force under shear the anchor can bear, as calculated above.
All anchorages were deemed sufficient, with the maximum ratio of demand to capacity
being
=77.4 %.
6

DYNAMIC TIME HISTORY ANALYSIS

For the Dynamic Time History Analysis, the accelerometer from the earthquake of
Thessaloniki of 1978 was used as a ultimate limit scenario and 60% of it as a serviceability
limit scenario, according to KAN.EPE. The links were assigned non-linear properties. Three
scenarios were designed, earthquake by the X-axis, earthquake by Y-axis and their
SRSS directional combination. Approximately 20 % of the elements surpassed their yield
limit during the SRSS directional combination of the ultimate limit scenario. None failed. For
the serviceability limit scenario 4 % of the elements surpassed their yield limit during the
SRSS directional combination. None failed. In both cases, the brackets used were deemed
sufficient.

Figure 14: Ultimate Limit Scenario Results.
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Figure 15: Serviceability Limit Scenario Results.

7

CONCLUSION
x The addition of masonry infilled increases the building’s stiffness.
x Exterior facades further increase, to a lesser extent, the building’s stiffness, the strain
developed at the building’s frames and its top displacement.
x Retrofitting may be needed in some cases.
x The links used were deemed sufficient.
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Abstract
The behaviour of R/C beam-to-columns joints is experimentally and numerically investigated
here. A 1:3 scaled specimen is constructed and tested under cyclic seismic type loading at the
Laboratory of Strength of Materials and Structures (Aristotle University of Thessaloniki). The
reinforcing details prohibit the appearance of shear failure modes. Thus, this study focuses on
the bending behavior of the structural members forming the R/C joint as built and
strengthened with FRP jacketing. The main focus of this study is the effectiveness of the
strengthening system adopted here. The FRP layers are mechanically anchored using steel
sections in the joint region in order to prevent the premature delamination of the FRP layers
and the proper distribution of stresses through the anchoring system to the structural
members. The observed at the laboratory behaviour is portrayed in terms of horizontal load
versus horizontal displacement cyclic response as well as bending moment cyclic response
that develops at the beams and columns forming this R/C joint. Apart from the observations of
this R/C joint behaviour based on the laboratory measurements this R/C subassembly was
numerically simulated. The used numerical models include detailed modeling of all material
used assigned with nonlinear constitutive laws derived by material testing. By comparing the
numerical results with the corresponding experimental measurements, the validity of the
employed numerical simulation is validated. Both experimental and numerical results
demonstrate the satisfactorily behavior of the strengthening system used here.
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1

INTRODUCTION

The behavior of RC beam to column joints subjected to seismic type cyclic loading is studied
here ([2], [7], [9]). For this purpose, a 1:3 scaled 3-D reinforced concrete (RC) joint specimen
was constructed and tested at the laboratory of Strength of Materials and Structures of
Aristotle University ([4], [5], [6]. [10], [11]), shown in figure 1. The experimental campaign
included testing of the joint specimen at 3 stages. Firstly, the virgin joint, following the same
specimen with retrofitted beams applying FRP sheets and the retrofitted specimens with both
beams and columns strengthened using FRP sheets. In order to achieve the desired flexural
strengthening of the structural members an anchoring system, formed by steel angles and bars
around the joint core, is used to mechanically anchor the FRPS sheets.
Vertical Jack with
load cell

Horizontal
slider

Horizontal Jack
with load cell
Top
Column

Left Trans. Beam

East Long. Beam
Bottom
Column

Horizontal
slider

Hinge support

Hinge support with
vertical load cell

Figure 1. Interior RC joint model at Aristotle University – Experimental set-up.

In addition, 3-D numerical simulations of the tested specimens are also formed. These
numerical models were subjected to monotonic loading instead of the cyclic loading sequence
adopted at the experimental procedure resembling the envelope curve measured during testing.
The reinforcing detailing of the tested specimen was such as to prohibit the development of
any shear mode of failure. Therefore, this study focuses on numerically simulating the
flexural response and mode of failures of the structural members that form this 3-D joint and
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not on the failure of the joint core. The numerical models follow a micro-modeling approach.
The concrete volume is represented together with the embedded longitudinal and transverse
reinforcement in an explicit way. Both materials are governed by nonlinear material laws
which have been derived by material testing. For the strengthened models the FRPs sheets are
simulated by shell elements given an elastic constitutive law, as the predominant mode of
failure of the FPP sheets is the debonding from the structural member’s surface and not the
FRP’s rupture. Thus, the debonding failure is predicted by the non-linear interface assigned
between the FRP sheets and the concrete’s surfaces given a tensile and shear stress limit.
Nonlinear Static analysis (pushover analysis) is next conducted to determine ultimate load,
deflection capability and failure mechanisms. By comparing the measured behaviour with the
corresponding numerical predictions an attempt is made to check the validity of the employed
numerical simulations.
2

FEATURES OF THE EXPERIMENTA SEQUENCE

In what follows a brief description of a 1:3 scaled specimen of RC beam-to-column joint is
presented. This scaled model was constructed and tested at the Laboratory of Strength of
Materials of Aristotle University. The specimens tested at Aristotle University did not include
an RC slab. Details of this specimen are shown in figures 1 and 2. Further details are
included in the published works by Manos et al. ([4], [5], and [6]). The East (E) and West (W)
longitudinal beams have at their ends a hinge support which is also provided with a load cell
capable of recording the vertical (upwards or downwards) reaction at these supports. The
transverse beam North (N) and South (S) ends are free to deflect vertically as well as to slide
horizontally at the E-W direction of the cyclic horizontal load (as is shown in figure 1) being
in contact with a sliding surface at these locations. The horizontal movement of these
transverse beam ends at the N-S directions is restrained. The end of the bottom column is
restrained in the two horizontal as well as at the vertical direction though a hinged support.

100mm

Cross-section
of beams

Cross-section
of columns

Figure 2. Interior RC joint model at Aristotle University – Experimental set-up and instrumentation scheme.
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The top of the column is attached to the horizontal dynamic actuator capable of applying an
imposed cyclic horizontal displacement in the E-W directions, as depicted in figures 1 and 2.
The corresponding horizontal load is measured in this location by a horizontal load cell.
Before any horizontal displacement is applied at the top of the column, a vertical load of
5.0tnf is applied through a jack and kept constant throughout each test. This load is monitored
through a vertical load cell. These vertical load cell and jack were supported on top of the
column through a set of sliders in such a way as not to restrict the horizontal movement of the
top of the column (figure 1).
Apart from the load cells described before a number of displacement transducers were also
provided in order to monitor the horizontal displacement of the top of the column at the point
of horizontal cyclic load application as well as the horizontal displacement of the axis of the
longitudinal beam. In addition, for both left and right longitudinal beams as well as top and
bottom columns displacement transducers were provided capable of recording the relative
extension or contraction of their top and bottom fiber near the joint in an effort to measure
directly the rotation of each part of these structural elements during the flexural response of
the whole RC joint. The geometry of the cross-sections of the beams and columns of this
specimen are shown in figures 1 and 2 together with the details of the used reinforcing
arrangement (see also table 1). The mechanical properties of the concrete and the steel used to
build this specimen are listed in table 2 from axial compression and tensile tests with coupons
taken during the construction. All RC beams and columns were provided with steel stirrups
spaced in a way to prohibit the development of any form of shear failure. Both the
longitudinal and transverse reinforcement was formed by smooth small diameter reinforcing
bars according to similitude requirements ([4], [5], and [6]).
Columns
width b (mm)
110

Longitudinal beams

height h (mm)

Transverse beams

width b (mm)

height h (mm)

width b (mm)

height h (mm)

100

160

100

160

110

Longitudinal Reinforcing bars Number / diameter (mm)
4 / Ø5.5mm

2 / Ø5.5mm + 2 / Ø5.5mm
Table 1. Details of RC joints (figure 1)

Steel reinforcing bars
Diameter Φ5.50mm
longitudinal
Diameter Φ5.50mm
(stirrups)

Yield stress fy (MPa)

Yield strain εy

Ultimate stress
fu (MPa)

Ultimate strain
εu

311

0.08

425

0.22

360

0.06

542

0.20

Table 2. Mechanical properties of used reinforcing bars (figure 1)

3

RESULTS AND OBSERVATION FROM THE MEASURED BEHAVIOUR

Figure 3a depicts the variation of the applied horizontal cyclic load versus the corresponding
horizontal dislacement of the tested RC beam-to-column joint that develops either at the top
of the column or at the axis of the longidudinal beam (approximately at the mid-height of the
specimen). The maximum load measured was equal to 8.69KN. The observed damage at the
East beam cross-section is depicted in figure 3b.

2866

Horizontal Force (KN)

L. Melidis, G.C. Manos and K. Katakalos

Virgin 3-D R/C Joint subjected to cyclic horizontal load
with 50KN compressive load at the top of the column
10
Axis long. beam
8
Top of column
6
4
2
0
-14 -12 -10 -8 -6 -4 -2 -2 0
2
4
6
8 10
-4
-6
-8
-10

12

Horizontal Dipslacement (mm)

Figure 3. a) Cyclic load versus the corresponding horizontal dislacement response of the RC beam-to-column
interior joint model tested at Aristotle University. b) observed cracking at the East beam cross-section

Following, a strengthening technique was adopted only for the longitudinal beams. In these
members two CFRP sheets were bonded in both faces. Near the joint core steel angles were
placed together with circular bars in order to support mechanically the FRP layers and
prohibit the premature delamination as depicted in figure 4. The response of the specimen
with strengthened beams in terms of applied load versus the horizontal displacement at the top
of the column is given in figure 5 together with the observed damage pattern. In this case, the
cracking occurs at the bottom column’s cross-section near the joint core. The maximum load
meassured was equal to 12.54KN.

Figure 4. The examined strengthening method: The anchoring system consisting of steel parts is placed around
the joint area and the CFRP sheets are bonded to the longitudinal beam faces.

Next, the same strengthening techinque was used for the column sections as well. Three
CFRP sheets were bonded at each face of the column members. Again the specimen was
subjected to cyclic horizontal loading. The variation of the applied horizontal cyclic load
versus the corresponding horizontal dislacement of the tested RC beam-to-column joint that

2867

L. Melidis, G.C. Manos and K. Katakalos

develops at the top of the column is shown in figure 6. The maximum load observed was
equal to 16.63KN.

Figure 5. a) Cyclic load versus the corresponding horizontal dislacement response of the RC beam-to-column
joint with FRP strengthened beams. b) observed cracking at the East beam cross-section

Figure 6. a) Cyclic load versus the corresponding horizontal dislacement response of the RC beam-to-column
joint with FRP strengthened beams and columns. b) observed cracking at the East beam cross-section

4

NUMERICAL SIMULATIONS OF THE OBSERVED BEHAVIOUR

The numerical models discussed here utilize solid elements for the concrete volume as shown
in figure 7a, together with wire elements for the numerical representation of the reinforcing
bars as shown in figure 7b. Reinforcing bars were added within the concrete volume
representing the actual reinforcing bars. The reinforcing bars were in full contact with the
surrounding concrete through the relevant option (embedded region) provided in the software
[1].
Non-linear constitutive laws were adopted in this numerical simulation for either the concrete
or the steel elements. These stress-strain constitutive laws are based on the corresponding
measured axial compression or tension tests performed with specimens taken during the
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construction of the RC beam-to-column mock-up at the laboratory of Strength of Materials
and Structures of Aristotle University. The vertical load of 5.0tnf was initially applied and
kept constant, while the horizontal force at the top of the column was applied in a gradually
increasing manner, following a step-by-step time history pushover analysis. The response of
the virgin joint model is given in figure 8 in comparison with the corresponding experimental
measurements in terms of applied load versus the horizontal displacement at the top of the
column. Figure 9 depicts the formation of plastic hinges at beam cross sections. As can be
seen in this figure, large principal plastic strains appear to develop at the edges of the beam
ends near the joint faces corresponding to areas of the concrete volume that develops flexural
cracks (figure 9a). In figure 9b the reinforcing bars, at the same locations where the concrete
develops high principal plastic strains, develop high tensile stress that have values larger than
the yield stress of the reinforcing steel (fy=311MPa, Table 2). The yielded reinforcing
longitudinal bars are marked with red color. Therefore, in this 3-D numerical simulation the
plastic hinges in the beams are numerically represented explicitly in this detailed manner.

Figure 7. 3-D numerical simulation of the RC beam-to-column joint tested at the laboratory of Strength of
Materials and Structures of Aristotle University. a) The numerical simulation of the concrete volume. b) The
numerical simulation of the longitudinal and transverse reinforcement.

Figure 8. Comparison between the measured horizontal force versus horizontal displacement at the top for the
virgin RC joint tested with the 3-D numerical predictions
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Figure 9. Virgin RC joint numerical response. a) The distribution of plastic strains at the beams near the region
that they meet the RC joint. b) Distribution of axial stress at the longitudinal reinforcement of longitudinal beams.
The yielded reinforcing longitudinal bars are marked with red color.

Following, the anchoring system was simulated with simple contact with the R/C joint and the
FRP sheets were bonded to the beams and attached at the anchoring system (figure 10a). The
response of this model in terms of applied load versus the horizontal displacement at the top
column is depicted in figure 10b together with the corresponding experimental measurements.
Figure 11 shows the plastic strains developed at concrete’s volume. Large plastic strains
develop at the column cross sections near the joint. At the same location the vertical
reinforcing bars develop high tensile stresses, larger than the yield limit (table 2). Thus,
plastic hinges are formed in column’s cross section.

Figure 10. a) The numerical model of joint with FRP strengthened beams. b) Comparison between the measured
horizontal force versus horizontal displacement at the top for the joint with FRP strengthened beams and the
corresponding numerical prediction
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Figure 11. Joint with strengthened beams. a) The distribution of plastic strains at the column near the region that
meet the RC joint. b) Distribution of axial stress at the longitudinal reinforcement and FRP sheets of longitudinal
beams. The yielded reinforcing longitudinal bars are marked with red color.

Next, FRP sheets were attached at the two faces of the top and bottom column following the
same methodology as previously described, 2 CFRP sheets to beams and 3 CFRP sheets to
columns (figure 12a). The response of this model in terms of applied load versus the
horizontal displacement at the top column is depicted in figure 12b together with the
corresponding experimental measurements. Figure 13 shows the plastic strains developed at
concrete’s volume. Large plastic strains develop at the beam cross sections near the joint. At
the same location the reinforcing bars develop high tensile stresses, larger than the yield limit
(table 2). Thus, plastic hinges are formed in column’s cross section.

Figure 12. a) The numerical model of joint with FRP strengthened beams and columns. b) Comparison between
the measured horizontal force versus horizontal displacement at the top for the joint with FRP strengthened
beams and columns and the corresponding numerical prediction

Figure 13. Joint with strengthened beams and columns. a) The distribution of plastic strains at the beam, near the
region that meet the joint core. b) Distribution of axial stress at the longitudinal reinforcement and FRP sheets.
The yielded reinforcing longitudinal bars are marked with red arrow.

2871

L. Melidis, G.C. Manos and K. Katakalos

5

DISCUSSION OF THE OBTAINED RESULTS.

In section 3 the experimental results of the tested R/C joints are given. The virgin 3D joint
was tested under cyclic horizontal load with a constant vertical load equal to 50KN.
Following, the damaged specimen was strengthened with 2 CFRP sheets bonded at the
longitudinal beams. Subsequently, 3 FRP sheets were placed to the column as well. In all
cases the FRP layers were attached to the examined anchoring system placed near the joint
core region. The virgin joint exhibited a maximum load equal to 8.69KN, while cracking
appeared at the beam cross sections near the joint. The beam strengthened joint exhibited
greater maximum load, 12.54KN, while cracking was observed at the bottom column. Finally,
the joint with both beams and columns strengthened exhibited a maximum load equal to
16.63KN.
Afterward, numerical models were developed using all the geometrical and the mechanical
properties of the tested specimen. Three models are examined with correspondence with the
above mentioned tests. The virgin model exhibited a maximum load equal to 8.70KN, while
cracking appeared at the beam cross sections near the joint. The beam strengthened joint
exhibited greater maximum load, 10.96 KN, while cracking was observed at the bottom
column. Finally, the joint with both beams and columns strengthened exhibited a maximum
load equal to 12.55 KN, while the beam cross section showed cracking.

Specimen
Virgin
Beams
Strengthened
(2 sheets)
Columns
Strengthened
(3 sheets)

Experimental results
Maximum
Observed
load (KN)
failure
8.69

Cracking
sections

12.54

Cracking
sections

16.63

Cracking
sections

mode
of
of
of

of
beam

column
beam

Numerical results
Maximum
load (KN)
Observed mode of failure

10.96

Plastic strains at concrete and
rebar of beams
Plastic strains at concrete and
rebar of column

12.55

Plastic strains at concrete and
rebar of beams

8.70

Table 3 Summary experimental measurements and numerical predictions

6

CONCLUSIONS

The behavior of RC beam-to-column joints subjected to seismic type cyclic loading is studied
here as built and subsequently strengthened using CFRP sheets. The strengthening
methodology aims to upgrade the flexural capacity of the structural members and for this
purpose an anchoring system near the joint area is used. The observed behaviour is portrayed
in terms of horizontal load versus horizontal displacement cyclic response. Apart from the
laboratory observations numerical simulations were conducted. The main conclusions are
enlisted below:
- The anchoring system employed in the discussed experimental campaign successfully
prohibited the delamination of FRP sheets near the joint core and ensured the stresses
distribution. Thus, the structural subassembly bearing capacity is increased by 44% and 91%
for the beam strengthened specimen and the both beams and columns FRP strengthened
specimen.
- The used 3-D numerical simulations of the tested RC joint successfully represented the
observed flexural non-linear response of this RC structural sub-assembly, as for each case
satisfactorily captured the mode of failure.
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- Regarding the bearing capacity predicted by these numerical models again the numerical
simulation can be considered successful up to point. The strengthened models exhibited an
increase of maximum load by 27% and 44% for the beam strengthened specimen and the both
beams and columns FRP strengthened models, which are smaller than the corresponding
laboratory measurements. This can be explained by the fact that during the analysis damage
on the interface between FRP sheets and R/C members was observed, while the experimental
procedure did not exhibit such a failure. Thus, the bearing capacity’s increase is limited.
Therefore, the properties of these interfaces should be further investigated.
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Abstract
A number of ungrouted and grouted masonry walls were built at the laboratory of Strength of
Materials and Structures of Aristotle University using an innovative clay unit vertically perforated. This vertically perforated clay unit was designed and produced with the proper holes in
order to host the required horizontal and vertical reinforcing steel bars. At the same time the
remaining holes are filled with expanded polystyrene parts capable to provide sufficient
thermal insulation and drastically reduce the energy consumption. The specimens constructed
with the thin mortar method using a high strength mortar and employing vertical reinforcing
bars of different diameters. The measured behavior is depicted here in terms of horizontal
applied load versus the horizontal displacement at mid height. Furthermore, numerical models were developed in order to simulate the observed behaviour of the tested specimens by
modeling separately the masonry panels as homogenized material and linear beam elements
representing the employed longitudinal (vertical) reinforcement. The numerically simulated
behavior resembles the measured load-deformation response of the tested specimens and the
observed actual damage at the end of the tests.
Keywords: Partially grouted masonry, out of plane bending, Laboratory measurements, Numerical Simulations.
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1

INTRODUCTION

The vulnerability of unreinforced masonry walls subjected to seismic loads was highlighted during past earthquake events [1, 2]. The employment of reinforcing bars to construct
earthquake resistant partially grouted masonry structures with acceptable performance is one
possible solution. The in-plane behavior of such structures has been widely investigated.
Manos et al. [3, 4] tested partially reinforced piers with different reinforcing schemes under in
plane cyclic loads. Recent studies investigate the in-plane behavior of reinforced masonry
walls using new clay units with the appropriate thermal properties in an effort to improve the
structures energy consumption [5, 6]. Over the literature there are both experimental and numerical investigations about the out of plane response of reinforced masonry walls focusing
on the effect of the aspect ratio, boundary conditions, reinforcing ratio etc. [7, 8].
An ongoing research of Laboratory of Strength of Materials and Structures deals with partially grouted reinforced masonry walls constructed with a novel clay unit. A key issue in the
construction of these walls is the masonry unit employed. The geometry of this new unit was
defined using parametric numerical predictions taking into consideration not only the mechanical properties, but also parameters like thermal properties, production cost and ease of construction practice [9, 10]. In this paper the out of plane behavior of ungrouted and partially
grouted masonry wallets is discussed. Results are presented from tests of unreinforced masonry wallets or reinforced with vertical rebars of different diameters, which are subjected to cyclic out of plane bending. The mechanical properties of all the employed materials are defined
through testing. Following, numerical models were developed utilizing all the geometrical
and mechanical properties in order to replicate the experimentally measured out of plane behaviour. All these results are presented and discussed focusing on the influence of the reinforcing arrangement in the overall in plane response.
2

SPECIMEN CONSTRUCTION AND MATERIAL PROPERTIES

The geometry of the employed clay unit is depicted in Figure 1. The basic mechanical
properties of this unit were measured at the Laboratory. More specific, unit’s compressive
strength perpendicular to the bed joint and parallel to the bed joint are measured by compression test according to EN772-1 [11]. The proposed reinforced masonry system uses the construction technique of thin mortar joint. The mechanical properties of the mortar material used,
were obtained by material testing according to EN1015-19 [12]. The same mortar is used as
grout to fill the vertical holes when a rebar is placed. Additionally, tensile tests for the used
reinforcing steel bars with diameter 10mm, 14mm and 16mm were conducted. The above
mentioned propertied are listed at table 1 and table 2.
The used vertically perforated units with nominal dimensions length=210mm,
height=240mm and thickness=300mm form a vertical hole between the units with dimensions
about 75x75mm aiming to be used for the placement of the concentrated vertical reinforcing
bar (figure 1).
All specimens were built by builders following the relevant prototype work conditions.
The constructed specimens (length 970mm, height 1700mm and a thickness of 300mm) were
tested under cyclic out of plane bending. Before the out of plane loading, all specimens where
subjected to uniform compressive load equal to 4tn, which was kept constant during the out of
plane loading sequence and was measured by a load cell. The horizontal load was applied at
the mid height of each wallet by an actuator and was measured by a load cell. Displacement
transducers were also used to measure the out of plane deflection of each specimen. All
measurements were used to obtain the performance of each specimen in terms of out of plane
load applied at mid-height versus the out of plane deflection, as it is showed below (section 3).
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Brick unit
mean compressive strength perpendicular to bed joints (fb)
mean compressive strength parallel
to bed joints (fb,h)
Mortar
compressive strength (fm)
flexural strength (fmt)

8.12 MPa
2.73 MPa
13.47 MPa
2.80 MPa

Table 1: mechanical properties of masonry materials used.

steel bar’s
diameter
D10mm
D14mm
D16mm

yield stress
(MPa)
580
540
530

ultimate stress
(MPa)
680
670
640

yield
strain
2.9‰
2.7‰
2.6‰

ultimate
strain
10%
12%
11%

Table 2: mechanical properties of steel reinforcing bars

300mm

210mm

240mm

Figure 1: The geometry of the novel brick unit (left) and the employment of vertical bars (right)

vertical
load

Hor.
cyclic
load

Hor.
Reaction

Figure 2: Experimental set-up (left) and the geometry of tested specimens (right)
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3

EXPERIMENTALLY OBSERVED BEHAVIOR

The observed out of plane performance of the tested specimens with or without vertical reinforcing bars is presented and discussed in terms of the variation of the out of plane load applied at mid-height versus the out of plane deflection together with the observed damage.
Firstly, the performance of the unreinforced wallet is given. Figure 3 (right) depicts the observed performance of the unreinforced masonry wallet without any reinforcement, which
represents the control specimen. As can be seen a linear behavior is observed till the first
cracking at the minimum load (-5.0KN). At this point the flexural failure of the bed joint develops and it is followed by a sudden decrease of bearing capacity. Following, for the next
cycles the bearing capacity is almost constant (+2.3KN, -3.0KN). This performance can be
characterized rather brittle. At the same figure (figure 4 left) the formation of horizontal
cracking along the bed joint at mid height is depicted.

Figure 3: Damage pattern of bare wallet (left) and its response in terms load versus deflection (right)

Following, the response of the tested specimens with vertical reinforcing bars is presented.
Figure 4 depicts the observed damage and the variation of the out of plane load applied at
mid-height versus the out of plane deflection for a specimen with a vertical rebar of diameter
10mm placed at a vertical grouted hole. The bed joint failure develops again for a negative
load about -5.0KN, but for the next cycles a ductile behavior is observed with maximum and
minimum measured load +4.8KN and -6.0KN respectively. The formation of horizontal crack
at the mid-height bed joint characterizes the observed mode of failure for this specimen.

Figure 4: Damage pattern of reinforced wallet with D8mm reinforcing bars and its response in terms load versus
deflection (right)
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The response of the tested specimens with vertical reinforcing bars with diameter 14mm
and 16mm is depicted in figures 5 and 6 in terms of variation of the out of plane load applied
at mid-height versus the out of plane deflection and the observed damage pattern. In both cases, the bed joint failure develops again for a negative load about -5.0KN and for the next cycles a ductile behavior is observed with a maximum and minimum measured load +5.9KN/6.1KN and +6.1KN/-6.2KN for the wallets with reinforcing bar with diameter 14mm and
16mm respectively. The formation of horizontal crack at the mid-height bed joint characterizes the observed mode of failure for these specimens. For the latter stages of the cyclic loading
compressive failure of the outer face of bricks developed.

Figure 5: Damage pattern of reinforced wallet with D8mm reinforcing bars (left) and its response in terms of
load versus deflection (right)

Figure 5: Damage pattern of reinforced wallet with D8mm reinforcing bars (left) and its response in terms of
load versus deflection (right)

4

NUMERICAL MODELING

Three-dimensional finite element numerical models were formed, adopting a macro modeling approach with a homogenized material obeying the Concrete Damaged Plasticity (CDP)
constitutive law for the masonry, that can satisfactorily represent the behaviour of brittle materials, like concrete or masonry, with different stress – strain laws for compression and tension. Two different material laws were formed resembling the ungrouted and grouted masonry
parts. These two laws differ in the Youngs’s Modulus and the compressive strength. The material properties assigned to material laws are listed in table 3 and they were obtained by ma-
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terial testing on prism masonry specimens according to corresponding EN Standrads [13,14].
The vertical reinforcing bars were simulated by wire elements given an elasto-plastic material
law obtained by the laboratory measurements (see table 2). A perfect bond between masonry
and reinforcing bars were assumed. The geometry and details of the numerical model are depicted in figure 6. The numerical predictions includes two monotonic pushover analysis for
“negative” and “positive” deflection.
Concrete Damaged Plasticity – material
model assigned to masonry panel
Ungrouted
Grouted
masonry
masonry
Young’s
4000 MPa 4700 MPa
Modulus
(MPa)
Compressive
3.6 MPa
4.30 MPa
strength
(MPa)
Flexural
0.2 MPa
0.2 MPa
strength
(MPa)
Table 3: Parameters of CDP constitutive law for
masonry material
Figure 6: 3D view of the numerical model of the reinforced
masonry wallet with a vertical D16mm reinforcing bar.

The damaged pattern of the unreinforced wallet’s numerical model is depicted in figure 7
together with the comparison of the variation of horizontal applied load with out of plane deflection response with the corresponding tested specimen. A very good agreement both in
load – displacement curve and in the observed mode of failure.

Figure 7: Plastic strains – damage pattern of unreinforced numerical model at the end of loading (left) and its
response in terms horizontal applied load versus out of plane deflection (right)

Following, in the previous model a vertical reinforcing bar is added as shown in figure 6
with wire elements. The reinforcing bar is of diameter 10mm, 14mm or 16mm as in the tested
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specimens. Figures 8, 9, 10 depict a comparison between experimental results and the corresponding numerical predictions for the 3 above mentioned reinforced wallets. In general, a
good agreement is observed both in the load – deflection response and in the damage pattern.
Additionally, rebar’s and masonry’s panel plastic strains at the end of the analysis, for an out
of plane displacement about 30mm are depicted. The reinforced wall with 1D10mm has relatively large plastic strains developed in the vertical rebars at the bottom and at the mid-height.
On the other side, reinforced walls with 1D14mm and 1D16mm developed greatly smaller
and no plastic strains at the rebar elements respectively. In these two models significant plastic strains are developed at the compressive zone at the mid-height cross-section indicating
compressive failure.

Figure 8: Plastic stains at rebar and masonry panel (left) and horizontal applied load versus out of plane deflection response of numerical model with 1D10mm vertical reinforcing bar, compared with the corresponding experimental measurements (right).

Figure 9: Plastic stains at rebar and masonry panel (left) and horizontal applied load versus out of plane deflection response of numerical model with 1D14mm vertical reinforcing bar, compared with the corresponding experimental measurements (right).

Figure 10: Plastic stains at rebar and masonry panel (left) and horizontal applied load versus out of plane deflection response of numerical model with 1D16mm vertical reinforcing bar, compared with the corresponding experimental measurements (right).
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5

DISCUSSION

Figure 3 depicts the response of the unreinforced masonry wall. The applied load is increasing till the bed joints failure starts followed by a sudden drop of the applied load, which
from this point and for greater out of plane displacements remains almost constant. As it is
showed in figures 4, 5, 6 the existence of a vertical reinforcing bar leads to a further increase
of the applied load after the bed joint’s failure and as the out of plane deflection is increased.
The table below includes the maximum / minimum load for each specimen and the corresponding deflections. For all specimens the mode of failure was the same and was characterized by the bed joints cracking at the mid-height section.
Apart from the bearing capacity increase, the existence of vertical reinforcing bars contributes to relatively fat hysteresis loops under the cyclic loading compared to the unreinforced
specimen’s performance. This fact indicates that the reinforcing rebars have exceeded their
yield limit and developed plastic strains contributing in that way to a much more ductile response for the reinforced specimens. Vertical rebar’s yield is also confirmed by the numerical
predictions. Figures 8, 9, 10 depicts the developed plastic strains of reinforcing bars for an out
of plane imposed deflection about 30mm.

Specimen
detail
Unreinforced
Reinforced
1D10mm
Reinforced
1D14mm
Reinforced
1D16mm

Experimental measurements
Numerical predictions
Minimum load Maximum load Minimum load Maximum load
(corresponding (corresponding (corresponding (corresponding
displacement)
displacement) displacement) displacement)
-5.04 tn
2.59 tn
-4.23tn
4.23tn
(-1.63mm)
(0.94mm)
(-0.38mm)
(0.38mm)
-6.31 tn
4.85 tn
-5.35 tn
5.35 tn
(-30.20mm)
(22.63mm)
(-16.62mm)
(16.62mm)
-6.40 tn
5.72 tn
-6.31 tn
6.31 tn
(-10.92mm)
(22.62mm)
(-7.31mm)
(7.31mm)
-6.54 tn
6.37 tn
-6.43 tn
6.43 tn
(-16.50mm)
(12.54mm)
(-6.25mm)
(6.25mm)

Table 2: Summary results of all tested and numerically simulated wallets. Maximum/minimum load is given
together with the corresponding displacement

6

CONCLUSIONS

The behavior of reinforced masonry wallets under out of plane bending is discussed here,
mainly focusing on the contribution of the vertical reinforcing bars in the overall wallet’s response. Apart from the experimental observations, numerical models were developed using all
the available information about the mechanical properties of the materials used and the geometrical details in an effort to numerically reproduce the behavior observed at the laboratory.
The main conclusions are listed below:
x The observed mode of failure of all specimens was the cracking along the bed joint
at mid-height joint
x The existence of reinforcing bar, placed vertically at a grouted hole, contributed in
an increase of maximum load measured, proportional to the rebar’s cross section.
x The unreinforced masonry wallet exhibited a rather brittle performance, as after the
bed joint’s crack a sudden loss of the applied load occurred. On the contrary, reinforced masonry walls performed much more ductile exhibiting an “elastic – plastic”
response.
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x

x

The vertical rebar of diameter 14mm and 16mm, while leading to a further increase
of maximum load, exhibit a less ductile behavior compared to the reinforced wall
with 1D10mm vertical rebar, due to the failure of the compressive zone at the mid
height.
The developed numerical models discussed here can satisfactorily capture the observed mode of failure, the maximum load measured and up to a point the force –
deflection curves.
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Abstract
A new innovative clay brick unit is used for the construction of partially grouted masonry
walls. This new unit aims to provide both the required mechanical properties and thermal insulating properties. The behavior of masonry specimens constructed with this unit and thin
mortar method under in plane loads is discussed here. The basic mechanical properties of the
examined construction system are measured by a series of material tests, prism tests under
combined shear and compression and wallets under compression tests. The laboratory measurements are compared with the defined by EC6 values. Following, diagonal compression
tests were conducted at the Laboratory of Strength of Materials and Structures (Aristotle
University of Thessaloniki) to ungrouted and grouted masonry wallets with different reinforcing details employing horizontal reinforcing steel bars placed at the prefabricated holes of
the clay unit. The effect of the reinforcing steel bars in the bearing capacity and in the post
peak behavior is investigated. Apart from the experimental investigation, numerical models
simulating these tests were developed utilizing all the geometrical properties of the specimens
and the mechanical properties of the materials used. The numerically simulated behavior resembles the measured load-deformation response of the tested specimens and the observed
actual damage at the end of the tests.
Keywords: Partially grouted masonry, In plane behavior, Laboratory measurements, Numerical Simulations.
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1

INTRODUCTION

The vulnerability of unreinforced masonry walls subjected to seismic loads was highlighted during past earthquake events [1, 2]. The employment of reinforcing bars to construct
earthquake resistant partially grouted masonry structures has been widely investigated. Manos
et al. [3, 4] tested partially reinforced piers with different reinforcing schemes. For the tested
piers with a height over length ratio equal to 1 and horizontal reinforcing ratio values larger
than 0.085%, the flexural response together with the rather ductile plastic rotation response at
the bottom of the wall, similar to a plastic-hinge mechanism. Additionally, some of the specimens exhibited extensive compressive failures on the compression zone. Other researchers [5,
6] investigated the influence of the horizontal shear reinforcement in partially grouted masonry piers subjected to combined horizontal and vertical loads. It was observed that shear reinforcement not only provided additional resistance, but also improved the post-cracking
performance. Recent studies investigate the behavior of reinforced masonry walls using new
clay units with the appropriate thermal properties in an effort to improve the structures energy
consumption together with an acceptable structural performance [7, 8]. Again, the importance
of bricks mechanical properties was noted as the deformation of walls appeared to be limited
by the brittleness of the units, as toe crushing develops for some walls, leading also to a low
dissipation of energy.
An ongoing research of Laboratory of Strength of Materials and Structures deals with partially grouted reinforced masonry walls constructed with a novel clay unit. A key issue in the
construction of these walls is the masonry unit employed. The geometry of this new unit was
defined using parametric numerical predictions taking into consideration not only the mechanical properties, but also parameters like thermal properties, production cost and ease of construction practice [9, 10]. In this paper the in-plane behavior of ungrouted and partially
grouted masonry wallets is discussed. Results are presented from tests of unreinforced masonry wallets or reinforced with horizontal rebars of different diameters, which are subjected to
in-plane diagonal compression. The mechanical properties of all the employed materials are
defined through testing. Following, numerical predictions of this measured in-plane behaviour
are also included. All these results are presented and discussed focusing on the influence of
the reinforcing arrangement in the overall in plane response.
2

SPECIMEN CONSTRUCTION AND MATERIAL PROPERTIES

The geometry of the employed clay unit is depicted in Figure 1. The basic mechanical
properties of this unit were measured at the Laboratory. More specific, unit’s compressive
strength perpendicular to the bed joint and parallel to the bed joint are measured by compression test according to EN772-1 [11]. The proposed reinforced masonry system uses the construction technique of thin mortar joint. The mechanical properties of the mortar material used,
were obtained by material testing according to EN1015-19 [12]. Additionally, tensile tests for
the used reinforcing steel bars with diameter 6mm and 8mm were conducted. The above mentioned propertied are listed at table 1 and table 2.
The used vertically perforated units with nominal dimensions length=210mm,
height=240mm and thickness=300mm had properly shaped to form two horizontal channels
in order to embody the horizontal reinforcement (figure 1). Additionally, vertical holes are
formed between the clay units used for the vertical reinforcing bars.
All specimens were built by builders following the relevant prototype work conditions.
The constructed specimens (1340mm by 1340mm and a thickness of 300mm) were tested under diagonal compression. The used experimental set up are depicted in figure 2. This simple
loading scheme to study the in-plane performance of masonry panels is specified by ASTM
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E519-15 [13] and by RILEM Technical Recommendations for “Testing and Use of Construction Materials” [14].
Brick unit
mean compressive strength perpendicular to bed joints (fb)
mean compressive strength parallel
to bed joints (fb,h)
Mortar
compressive strength (fm)
flexural strength (fmt)

8.12 MPa
2.73 MPa
13.47 MPa
2.80 MPa

Table 1: mechanical properties of masonry materials used.

steel bar’s
diameter
D6mm
D8mm

yield stress
(MPa)
605
550

ultimate stress
(MPa)
650
657

yield
strain
3.00‰
2.75‰

ultimate
strain
4%
15%

Table 2: mechanical properties of steel reinforcing bars

300mm

210mm

240mm

Figure 1: The geometry of the novel brick unit (left) and the employed of horizontal bars (right)

Figure 2: Experimental set-up (left) and the employed of horizontal bars (right)
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The vertical compressive load was monotonic and was applied at a relative slow rate being
measured by a load cell. Displacement transducers were also used to measure the vertical and
horizontal variation of the length of the two main diagonals at both facades of the loaded
specimen. By utilizing these displacement transducers, the variation of the diagonal lengths
was monitored together with the variation of the applied vertical load throughout the whole of
the loading sequence employing an automatic data recording acquisition system. The observed performance for each tested specimen is presented in section 3 in terms of the variation
of the equivalent shear stress versus the corresponding shear strain, obtained as described before.
All measurements were used to obtain the performance of each specimen in terms of the
variation of the equivalent shear stress (τs) versus shear strain (γ) calculated through equations 1 and 2, as is described in ASTM E519-15 [13]. Each specimen was designed to be tested under diagonal compression along one of its main diagonals having a concrete block at the
top and bottom corner of the vertical diagonal of each specimen in order to facilitate the application of the compressive diagonal load (fig. 3).
(1)
τs = (0.707 * P) / [0.5 * (L1 + L2) * t]
γ = | δl1 | / l1 + | δl2 | / l2
(2)
P: the applied vertical load.
L1 and L2: the length of the sides of the wallet as indicated in figure 2.
l1 and l2: the length of the vertical and horizontal diagonals the variation of which is monitored with displacement transducers attached on the brick façade of the wallet as indicated in
figure 2.
δl1 and δl2: the variation of the relevant lengths l1 and l2 as they occur during the variation
of the applied load (P).
t: the thickness of the masonry panel (neither the thickness of the thermo-insulating attachment nor the thickness of the adhesive mortar are included).
3

EXPERIMENTALLY OBSERVED BEHAVIOR

The observed diagonal compression performance of the tested specimens with or without
horizontal reinforcing bars is presented and discussed in terms of the variation of the equivalent shear stress (τs) versus shear strain (γ) (equations 1 and 2) together with the observed
damage. Firstly, the performance of the unreinforced wallets is given. Figure 4 (right) depicts
the observed performance of the unreinforced masonry wallet without any reinforcement,
which represents the control specimens. As can be seen the shear strength value is of the order
of 0.56MPa and the equivalent shear-stress versus shear stain variation characterizes this performance as being rather brittle. At the same figure (4a) the formation of a typical diagonal
tension crack characterizes the observed mode of failure.

Figure 3: Damage pattern of bare wallet (left) and its response in terms of shear stress versus shear strain (right)
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Following, the response of the tested specimens with horizontal reinforcing bars is presented. Figure 4 depicts the observed damage and the variation of the equivalent shear stress (τs)
versus shear strain (γ) (equations 1 and 2) for a specimen with 2 horizontal bars of diameter
6mm at each bed joint. Figure 5 depicts the observed damage and the variation of the equivalent shear stress versus shear strain for a specimen with 2 horizontal bars with diameter of
8mm at each bed joint. As can be seen the shear strength value for the reinforced specimens is
slightly increased. The formation of a typical diagonal tension crack characterizes the observed mode of failure for these specimens.

Figure 4: Damage pattern of reinforced wallet with D8mm reinforcing bars and its response in terms of shear
stress versus shear strain (right)

Figure 5: Damage pattern of reinforced wallet with D8mm reinforcing bars (left) and its response in terms of
shear stress versus shear strain (right)

4

NUMERICAL MODELING

Three-dimensional finite element numerical models were formed, adopting a macro modeling approach with a homogenized material obeying the Concrete Damaged Plasticity (CDP)
constitutive law for the masonry, that can satisfactorily represent the behaviour of brittle materials, like concrete or masonry, with different stress – strain laws for compression and tension. The numerical model resembling the unreinforced wallet was calibrated in order to
capable follow the behavior observed at the laboratory. All the parameters used for the constitutive law are listed at table 3. The geometry and details of the numerical model are depicted
in figure 6.
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Concrete Damaged Plasticity – material model assigned to masonry panel
Elastic properties
Compressive behavior
Tensile behavior
Young’s
Yield
Plastic
Yield stress Plastic
4000
Modulus (MPa)
stress MPa stain
MPa
stain
Poisson’s ratio 0.15 3.60
0
0.48
0
0
0.01
0
0.01
Table 3: Parameters of CDP constitutive law for masonry material

Figure 6: Numerical model. Front view and top view (left) and 3D view of the model with the embedded reinforcing steel bars (right)

The damaged pattern of the unreinforced wallet’s numerical model is depicted in figure 7
together with the comparison of shear stress - shear strain response with the corresponding
tested specimen. A very good agreement is observed both in the stress – strain response and in
the damage pattern observed.

Figure 7: Maximum principal stresse (MPa) and damage pattern of unreinforced numerical model at the step of
maximum load (left) and its response in terms of shear stress versus shear strain (right)

Following, in the previous model horizontal reinforcing bars are added as shown in figure
6 with wire elements. The reinforcing bars are of diameter 6mm or 8mm as in the tested specimens. These bars are assigned with an elasto-plastic material law obtained by material testing
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(section 2). A perfect bond between rebars and the masonry panel is assumed. The damaged
pattern of the numerical model and a comparison of shear stress - shear strain response with
the corresponding tested specimens is shown in figure 8 and 9 for the model with horizontal
bars with diameter 6mm and 8mm respectively. In general, a good agreement is observed both
in the stress – strain response and in the damage pattern. Additionally, the developed axial
stresses of the horizontal rebars are depicted in figure 10 at the step of maximum load for both
reinforced models, in an effort to explain the contribution of the horizontal reinforcing bars in
the overall response.

Figure 8: Maximum principal stresses (MPa) and damage pattern of reinforced with D6mm horizontal bars numerical model at the step of maximum load (left) and its response in terms of shear stress versus shear strain
(right)

Figure 9: Maximum principal stresses (MPa) and damage pattern of reinforced with D8mm horizontal bars numerical model at the step of maximum load (left) and its response in terms of shear stress versus shear strain
(right)

Figure 10: Developed axial stresses (MPa) of reinforcing bars at the step of maximum load for D6mm bars (left)
and D8mm bars (right)
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5

DISCUSSION

Figure 12 depicts the response in terms of equivalent shear stress versus shear strain for
unreinforced and reinforced with horizontal reinforcing steel bars with diameter either 6mm
or 8mm. The corresponding numerical predictions are also shown in the same figure. In all
cases it is clear that there is no remarkable increase of shear strength due to the reinforcing
steel bars. Over the literature there are studies reporting similar observations by diagonal
compression test either on reinforced masonry wallets [15] or on strengthened wallets with
steel bars mounted near masonry’s surface [16]. This is explained by the fact that till the maximum load, reinforcement’s stresses are not great. When the non-linear behavior occurs and
masonry’s cracks are widening the reinforcing bars develop greater stress. Thus, the existence
of horizontal reinforcing bars seems to improve the post peak response leading to a less brittle
declining brunch.
The shear strength is highly affected by the clay unit’s compressive strength as the diagonal cracking propagates through the clay units. This mode of failure is predicted in Eurocode
6 [17] as the shear strength is prevailed by an upper limit of 0.065*fb (units’ mean compressive strength). In the examined case this limit is calculated 0.528 MPa, pretty close to the
shear strength values obtained by the diagonal compression tests.

Figure 11: Response of both tested specimens and numerical models for unreinforced and reinforced configuration

6

CONCLUSIONS

The behavior of reinforced masonry wallets under diagonal compression is discussed here,
mainly focusing on the contribution of the horizontal reinforcing bars in the overall wallet’s
response. Apart from the experimental observations, numerical models were developed using
all the available information about the mechanical properties of the materials used in an effort
to numerically reproduce the behavior observed at the laboratory. The main conclusions are
enlisted below:
x The horizontal reinforcing bars are not clearly increase masonry’s shear strength,
but they contribute for the increase on the ductility.
x The observed damage pattern of the diagonal cracking does not change when horizontal reinforcing bars are added and it is directly linked with the compressive
strength of clay units used.
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x

The developed numerical models, after calibrated with the unreinforced specimen’s
response, can satisfactorily capture the observed behavior of reinforced masonry
wallets both in terms of shear stress – shear strain response, but also in the damage
pattern.
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Abstract
Multi-story buildings are composed of multi-bay steel or R/C frames having unreinforced masonry panels considered as non-structural elements not included in the structural design.
Such structures are subjected to strong earthquake motions, leading to potentially damaging
conditions for the masonry in the form of in-plane damage or/and its dislocation and partial
collapse. This study focuses on the out of plane response of unreinforced masonry panels built
with clay bricks units horizontally perforated representing a typical masonry infill subassembly. The examined masonry panels constructed and tested at the Laboratory of Strength of
Materials and Structures (Aristotle University of Thessaloniki) are subjected to cyclic out of
plane bending as built or attached with different thermal insulating facades. The response of
these tests is presented in terms of horizontal load applied versus the corresponding horizontal displacement in an effort to record the influence of the thermal façade on masonry’s response. Moreover, numerical models were developed in order to replicate the observed at the
laboratory behavior. These models include non linear constitutive material laws together with
non linear interfaces to represent the debonding of the thermal insulating facades. The measured response is presented and discussed together with the corresponding effort to numerically simulate the observed performance.

Keywords: ETICS, Thermal insulation, Out of plane behavior of masonry wallets, numerical
investigation
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1

INTRODUCTION

Unreinforced masonry panels are used in multi-story buildings made of steel or reinforced
concrete (R/C) to form the exterior facades or the interior partitions. Thermo-insulating panels
are also attached on the exterior facades of these masonry panels in order to improve the energy efficiency of these building as well as to reduce noise and moisture penetration. This
type of masonry façades is widely applied in many countries ([1, 2]). These masonry infills
are considered as non-structural elements and they are not included in the structural design.
However, they interact with the surrounding structural members, when such structures are
subjected to strong earthquake motions. This is because masonry infills are forced to follow
the displacement response of the supporting surrounding structural members (slabs, columns
and beams) leading to potentially damaging conditions due to simultaneous in plane and out
of plane loads. One of the most serious consequence of either of these forcing scenarios, when
the seismic forces are considered as acting either separately (in-plane or out-of-plane) or
combined, is the dislocation and partial collapse of such unreinforced masonry panels ([3, 4]).
Figure 1a depicts a typical damage pattern observed in numerous multi-story buildings in
Durres, Albania due to the recent strong earthquake sequence (26th November, 2019). Similar
damage patterns have been observed in many past strong earthquake sequences in Greece
(Athens 1999) and Italy (L’ Aquila 2009).

Figure 1. Typical damage pattern observed in masonry infills. a) Albania, Durres 2019. b) Italy, L’ Aquila 2009.
c) Greece, Athens 1999.

EuroCode 6 ([5]), while accepting that vertical unreinforced masonry panels are subjected
to both in-plane and out-of-plane seismic forces, includes design provisions based on the assumption of un-coupled in-plane and out-of-plane limit states. This simplification has been
adopted in the large majority of relevant past research either for masonry walls or for infill
masonry panels, similar to the ones studied here. The current research follows this simplification in the effort to study the influence of thermo-insulating attachments on the seismic performance of masonry panels [6, 7]. Only the out of plane behaviour for a thermo-insulated
masonry panel is studied here. This is done by subjecting in the laboratory masonry wallets to
simple loading conditions in order to generate stress fields within such specimens simulating
similar stress fields in a masonry panel out-of-plane direction. The influence of a thermoinsulating attachment for the in-plane behaviour of masonry panels has been investigated and
discussed before [3,4 8]. Results are presented from tests employing unreinforced masonry
wallets, having relatively simple boundary conditions, which are subjected to out of plane
bending. The mechanical properties of all the employed thermo-insulating materials are defined through testing. Following, numerical models were developed utilizing all the geometrical and mechanical properties in order to replicate the experimentally measured out of plane
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behaviour. All these results are presented and discussed focusing on the influence of the external thermal insulation system (ETICS) in the overall out of plane response.
2

SPECIMEN CONSTRUCTION AND MATERIAL PROPERTIES

The specimens are masonry sub-assemblies which are constructed and tested at the Laboratory of Strength of Materials and Structures (Aristotle University of Thessaloniki, Greece). The
thermo-insulating materials are produced by “FIBRAN Anastasiadis Dimitrios S.A.” and are
applied on the specimens to be tested in the same way that are applied in prototype construction. A cross section of a masonry wallet attached with ETICS is depicted in figure 2. All
specimens were built with the same 12-hole clay brick unit of nominal dimensions
length=320mm, height=180mm and thickness=150mm. This brick unit is commonly used in
prototype construction for this type of un-reinforced masonry panels in multi-story buildings
in Greece. Similarly, a relative weak general-purpose mortar was used for all specimens. The
thermo-insulating layer was added to one side of all specimens two months following their
construction following the relevant construction practice. Three different thermo-insulating
materials, with code names XPS, EPS and Petro, were investigated, having a panel thickness
of 100mm. Specimens of all materials used for building these specimens were taken during
construction and tested for determining the relevant mechanical characteristics. The mechanical properties of masonry materials are listed in table 1. Due to space limitations, the mechanical properties of ETICS materials are not reported here. However, their mechanical
properties and the bond strength between ETICS and masonry substrate together with the inplane behavior of thermal insulated masonry wallets are extensively discussed before [8].
Clay brick
General purpose mortar
Adhesive mortar
Thermal insulation panel
(XPS, EPS or MW)
Plastic anchor
Plastic grid mesh within thin plaster layer

Figure 2 Typical cross-section of a thermal insulated infill wall.

Brick unit
mean compressive strength perpen2.97 MPa
dicular to bed joints (fb)
Mortar
compressive strength (fm)
2.15 MPa
flexural strength (fmt)
1.16 MPa
Table 1 mechanical properties of masonry materials used

The behavior of 4 wallets subjected to out of plane bending is discussed here. The first one is
bare without any thermal insulation. The other three specimens are thermal insulated with
MW, EPS and XPS panels with thickness 100mm respectively. The dimensions of these wallets are depicted in figures 3a and 3b. The out-of-plane load was applied at a horizontal cross-
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section located at the mid-height of wallet as depicted in figure 3. The applied out-of-plane
load and the corresponding out-of-plane displacement at the mid-height central point of the
wallet was recording during the test with a data acquisition system.

Figure 3. Out-of-plane flexure of a masonry wallets. a) and b) View from the brick façade. c) and d) View from
the thermo-insulating (mineral wool) façade. The circles indicate the location of the anchors.

3

EXPERIMENTALLY OBSERVED BEHAVIOR

The observed out of plane performance of the tested specimens with or without thermal insulations is presented and discussed in terms of the out of plane load applied at mid-height versus the out of plane deflection together with the observed damage. Firstly, the observed
performance of the bare masonry wallet without any insulation, which represents the control
specimen. A linear behavior is observed till the first cracking at the minimum load (8.81KN)
for an out of plane deflection about 2mm. At this point the flexural failure of the bed joint develops and it is followed by a sudden decrease of bearing capacity (figure 4).
Following, the response of the tested specimens with external thermal insulation panels are
presented. The masonry specimen attached with MW panels with thickness of 100mm exhibited a maximum load 14.77KN for an out of plane deflection 5mm. The masonry wallets insulated with EPS and XPS with thickness 100mm reached a maximum load 35.62KN and
38.91KN respectively for out of plane deflection 5mm and 3mm respectively. The mode of
failure of the thermal insulated panels included bed joint flexural cracking followed by a partial debonding of the thermal façade’s panels.
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Figure 4. Damage pattern of bare wallet

4

NUMERICAL MODELING

Three-dimensional finite element numerical models were formed, adopting a macro modeling approach with a homogenized material obeying the Concrete Damaged Plasticity (CDP)
constitutive law for the masonry, that can satisfactorily represent the behaviour of brittle materials, like concrete or masonry, with different stress – strain laws for compression and tension. The material law resembling the masonry part was calibrated to match the response of
the corresponding wallet specimen. The attachment of the thermal insulation panels to the
masonry is done with a layer of adhesive mortar which is numerically simulated with two layers of interfaces; the first interface is joining the mortar joint with the numerical simulation of
the masonry and it is assigned with a perfect bond whereas the second interface is joining the
mortar joint to the numerical simulation of the thermo-insulating panel and it is assigned with
a cohesive-friction interface. The thermo-insulating panels were numerically simulated by 3D finite elements. The ETICS properties and interface properties were defined from results
obtained from material testing [8]. In this way, the measured flexural response was numerically simulated, utilizing the capabilities of commercial software [9]. The numerical predictions
include one monotonic pushover analysis for deflection where the thermal panel are on the
tensile face. All the numerical prediction for the bare and the insulated models are depicted in
figure 5. The corresponding damage patters are depicted in figure 6. In this figure, the plastic
strains of the model are depicted resembling the horizontal cracking of the bare wallet of the
mid bed joint (6a) and the detachment of the thermal panel following the bed joint failure (6a),
as that was the predicted mode of failure for all insulated wallet models.
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Figure 5. Numerical predictions of the tested specimens in terms of applied load versus the out of plane deflection at mid-height

Figure 6. Plastic strains of the bare wallet model (a). The failure of the interface between adhesive mortar and
insulation panel appeared for all insulated panels (b).

5

DISCUSSION

The behavior of 4 wallets, one bare and three attached with different insulating panels with
thickness 100mm is discussed here. For these wallets both experimental results and numerical
predictions are given. The table below (table 2) includes the absolute maximum load for each
specimen and the corresponding deflections. For all specimens the mode of failure was the
same and was characterized by the bed joints cracking at the mid-height section. Both the
tested specimens and the numerical models exhibited partial detachment of the external thermal insulation following the bed joints crack.
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Specimen
detail
Bare
MW 100mm

Experimental measurements
Numerical predictions
Absolute maxiDeflection at Absolute maxi- Deflection at
mum load (KN) maximum load mum load (KN) maximum load
8.81
2mm
8.96
0.4mm
14.77
5mm
17.55
0.8mm

EPS 100mm

35.62

5mm

26.09

2.8mm

XPS 100mm

38.91

3mm

43.59

8.1mm

Table 2. Summary results of all tested and numerically simulated wallets. Absolute maximum load is given together with the corresponding displacement

6

CONCLUSIONS

The behavior of thermal insulated wallets under out of plane bending is discussed here,
mainly focusing on the response and the contribution of the ETICS employed in the overall
wallet’s response. Apart from the experimental observations, numerical models were developed using all the available information about the mechanical properties of the materials used
and the geometrical details in an effort to numerically reproduce the behavior observed at the
laboratory. The main conclusions are listed below:
x The observed mode of failure of all specimens was the cracking along the bed joint
at mid-height joint. However, the existence of ETICS contributed in an increase of
maximum load measured. The thermal insulated wallets exhibited larger bearing
capacity. This increase differs depending on the panels used. The measured increment of load increase is 68%, 304% and 342% for MW, EPS and XPS insulating
panels respectively.
x The developed numerical models discussed here can satisfactorily capture the observed mode of failure. All models exhibited plastic strains in a horizontal cross
section resembling the failure of the tested specimens. Following the detachment of
the thermal panels occurred, as it was observed during the experimental sequence.
Additionally, the models discussed here can satisfactorily capture the maximum
load increase and the force – deflection curves up to a point.
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Abstract
There is a valuable research work around the strength capacity of lap spliced rebars in
columns specifically in accordance with bond-slip behavior or column’s seismic response.
Nonetheless, lap splicing of rebars with anchored ends under combined bending and
compressive loads has not yet been fully explored with due consideration of its components. It
is imperative to investigate a column’s behavior under bending for different levels of axial load
ratio and with different reinforcing configurations employing either plain or ribbed steel bars.
This paper comparatively demonstrates the results of experimental and non-linear numerical
simulations pertaining to the effect of splice strength and anchoring on the compression lap
splicing of rebars in concrete column. The experimental specimens are composed by prototypescale square columns with dense or sparse stirrups, measuring 250x250 mm and 2000 mm in
length, while the steel reinforcement includes a lap splice length of 400mm. Some of the tested
specimens were reinforced with plain spliced bars with anchored ends; while others included
ribbed spliced bars with free ends. All the specimens were tested under simultaneous bending
and constant concentric, axial loading of ν=0.1. Finally, the investigation results outline the
influence of lap splice to the structural integrity of the column as a part of a composite system
and generally evaluate the resistance of the lap splices in a plastic joint area, under parametric
analysis.
Keywords: column, lap-splices, non-linear parametric analysis, plastic joint, three points
bending, axial load ratio
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1

INTRODUCTION

In multistorey buildings, the columns of every single storey bear different levels of axial
loading because of the scaled weight of the overhead storeys and it would be ideal if each of
the column’s longitudinal rebars could be placed as one single piece throughout the structure’s
entire height. This however cannot be accomplished in many cases for practical reasons and
indicates the necessity of lap splices. Straight lap splices are employed in reinforced concrete
to transfer loads from one steel reinforcing bar to another through the bonding between the
embedding concrete and the two bars along a lapped length. Moreover, it is convenient to
lengthen the steel bar via lap splice in a variety of cases, but when lapping steel bars from
successive stories, it is essential to ensure the correct transmission of forces from the rebars of
the superjacent floor to the rebars of the subjacent floor. This can be achieved by welding;
however, this method has a few technical difficulties and it is used only in special occasions.
As a result, the practice usually followed is the rebar lap-splicing as for instance with the help
of anchorage hooks in the lap splice ends. ([1], [2]) As long as the cooperation between concrete
and lap-spliced rebars is ensured and during the column’s loading combination of bending and
axial loading, the spliced bars interact with each other, following a complex force transfer
mechanism, unlike the behavior of the individual ones. As a result, three stages of stresses
development arise as shown in fig.1. Experimental studies have shown, however, that the bond
slip behavior (associated with either splitting or pullout) in a lap splice region is similar to that
of individual embedded bars and it is generally accepted that there is a small deviation between
the load-carrying capacity of lap-spliced rebars and an individual bar.([1],[3]) A critical issue
is when lap splices are located at potential plastic hinge regions and it is essential to study the
factors which influence the structural integrity of those columns. This paper focuses on different
parameters affecting the bearing capacity of R/C columns. The rebars type, the presence of
internal anchorages (hooks) and the stirrups density for a stable interface stiffness coefficient
are investigated. The steel-concrete interface properties are formed under the scope of the CEBFIB bond stress-slip behavior pattern while the models include longitudinal reinforcement with
ribbed or smooth bars, dense or sparse stirrups. ([4], [5])

Figure 1: Components of compression lap spliced bars inside a column

GEOMETRY OF SPECIMENS & MATERIAL PROPERTIES
The column specimens include longitudinal reinforcement of eight steel bars (plain and
ribbed) of Φ12mm diameter, four for every side of the column due to the lap splice of the rebars,
while there is also a transverse reinforcement of Φ8 steel stirrups. Τhe nominal yield stress
value of steel occurred from the experimental process of tension of a steel rebar equal to
fy=549MPa. The Young’s modulus of the steel is 200000 MPa and the Poisson’s ratio is 0.3.
The reinforcement includes straight lap splices, which are employed in reinforced concrete to
transfer loads from one steel reinforcing bar to another by bond between the embedding
concrete and the two bars along the overlap length of Lb,t=33Db= 400 mm. The compressive
strength of concrete is given in terms of the characteristic compressive strength of 150 mm size
cubes tested at 28 days (fck) and is equal to 20 MPa. The result has been derived from the
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laboratory experimental process of the compression of three, cubic, concrete specimens. As far
as the steel concrete interface operation is concerned, a bond-slip model is used to assess the
anchorage capacity of a bar. The bond failure pattern follows the three stages of CEB-FIB
proposed model and it is schematically represented in Fig.2. Its failure is characterized by the
initiation and propagation of cracks in the concrete-steel interface. [2]

Figure 2: Bond-slip behavior relationship

Concrete
Compressive strength fck
Reinforcing steel bars

20 MPa

Yield stress fy
Ultimate stress fu
Ultimate strain εu

549 MPa
672 MPa
0.10

Table 1: Column specimens’ structural identity

The investigation refers to a column part of a square cross section of 25x25cm, which
constitutes a member of a bigger and more complex columns-plate system. Specifically, the
investigation area is a two meters region between two columns, interrupted by an integrated
slab, including a lap splice length of 400mm, starting from the middle of the slab (50 cm away
from the inferior and 125cm from the superior support, respectively). One half of the tested
column specimens included longitudinal reinforcement of plain rebars with anchored ends
sparse or dense stirrups, while the other half included ribbed rebars with free ends, with sparse
or dense stirrups. The specimens were subjected to a loading combination of a three point
bending, and a constant, axial loading equal to the first floor weight. The bending load was
applied as horizontal displacement through a jack and was imposed in the inferior end of the
lap spliced rebars, just in the middle of the bottom slab. What follows is the experimental and
numerical investigation of the loading combination effects on the column specimens.
3 EXPERIMENTAL INVESTIGATION & RESULTS
The laboratory experimental process included the test of eight column specimens of a
prototype-scale, by being placed in a laboratory experimental setup with maximum loading
capacity of 600tn. The specimens were subjected to a three-point bending with a simultaneous
axial, concentric loading which was kept constant during the test. Specifically, two actuators
were installed on the top and bottom of a column specimen so as to impose the axial load and
one hydraulic jack was placed vertically at the bottom end of the lap spliced rebars of the
column specimen, to apply a constant displacement throughout the test, on an area of the
column where a plastic hinge was going to form. That displacement represents the horizontal
force that column accepts by the bottom slab. The tested column specimens developed similar
failure modes. [6]
The vertical load – displacement experimental results show that the presence of plus stirrups in
the specimens with plain rebars, did not significantly ameliorate the structural correspondence
of the specimen, while the presence of the axial loading lead to the rise of the load capacity of
the column up to 30kN and the displacement of the area of interest was increased by 2mm,
while the widen of the cracking in the vulnerable areas of the lap splice was mitigated. [7]
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Figure 3: The geometry of the tested specimens

Spec ID

1-2
2-2
3-2
4-2
1-1
2-1
3-1
4-1

Altered parameters
Axial load
ratio

Anchora
ge

0
0
0
0
0.1
0.1
0.1
0.1

x
x
x
x
-

Rebars type
smoot
h
x
x
x
x
-

Stirrups

Exp P
(tn)

Exp D
(mm)

sparse
dense
sparse
dense
sparse
dense
sparse
dense

4
3.3
4
5
6
6.2
6.9
6.5

10
8
3.3
6.5
13.8
10
6
6

ribbed
x
x
x
x

Table 2: Experimental results of the 8 specimens tested

Figures 4,5,6: (left) The column specimen placed on the experimental setup of 600tn, subjected to 3
points bending through an imposed displacement by the vertical piston and axial loading of 70kN. (right):
Regions of column’s specimen failure -small-scale cracks (optics No.1). (bottom): Regions of local
cracking at the anchoring regions of lap splices ends (optics No.2)
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Figure 7: Τhe comparison of the experimental results of column specimens with sparse (on the left) and dense
stirrups (on the right) under axial loading case of N=0 and N=70kN

4

NUMERICAL SIMULATION & RESULTS

4.1 Simulation of the column model
The presented modeling approach utilizes all the geometrical and mechanical properties
described above (section 2). A detailed modeling is used. Concrete and longitudinal rebars are
represented with 3D finite elements assigned with a Concrete Damaged Plasticity constitutive
law and an elasto-plastic constitutive law respectively. Stirrups are simulated using wire
elements and elasto-plastic material law. Between concrete and longitudinal rebars a cohesive
– friction behavior (see figure 2), while stirrups is assumed to be perfectly embodied into the
concrete. Two different models are investigated. The first one represents column with plain bars
and anchors at rebars edges and the second one with free edges simulating the column
reinforced with ribbed rebars. Additionally, different bonding strength between concrete and
steel bars is given. The relatively poor bond strength between concrete and smooth rebars is
given 1MPa, while the bond strength between concrete and ribbed rebars is given 5MPa. Below
all numerical predictions carried out are listed together with the reinforcing detail and the
column’s axial compressive load (table 3).
Specimen
ID

Altered parameters
Axial load
ratio

1-2
2-2
3-2
4-2
1-1
2-1
3-1
4-1

0
0
0
0
0.1
0.1
0.1
0.1

Anchorage
presence

x
x
x
x
-

Rebars type
smooth

ribbed

x
x
x
x
-

x
x
x
x

Stirrups
presence

sparse
dense
sparse
dense
sparse
dense
sparse
dense

Load capacity
(tn)
Exp
Num P
P

4
3.3
4
5
6
6.2
6.9
6.5

4.1
4.3
4.1
3.8
5.6
5.8
5.5
5.1

Table 3: Specimens’ description with the experimental & numerical results
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Displacement
range (mm)
Exp D

Num D

10
8
3.3
6.5
13.8
10
6
6

14.6
15.5
3.3
3
14.14
14.75
3.8
3.9
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4.2 Numerical results investigation

Figure 8: Plot of numerical results for ν=0 & ν=0.1, of specs 2-1, 2-2 (left) and of specs 1-1, 1-2 (right)

Spec 1-1

ν=0.1

Spec 1-2

ν=0

Spec 2-1

Spec 2-2

ν=0.1

ν=0

Figure 9: Failure modes: Plastic strains of concrete and CSDMG for specimens 1-1, 2-1
(ν=0.1) & 1-2, 2-2 (ν=0) with plain rebars and internal anchoring

Figure 10: Plots of numerical results for ν=0 & ν=0.1, of specs 3-1, 3-2 (left) and of specs 4-1,
4-2 ( right)
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Spec 3-2 ν=0

Spec 4-2 ν=0

Spec 3-1 ν=0.1

Spec 4-1 ν=0.1

Figure 11: Failure modes: Plastic strains of concrete and CSDMG for specimens 3-2, 4-2 (ν=0) & 3-1, 4-1
(ν=0.1) with ribbed rebars

x

Νumerical results evaluation
Spec
ID
1-1
1-2
2-1
2-2
3-1
3-2
4-1
4-2

experimental results
P(tn)
6
4
6.2
3.3
6.9
4.1
6.5
5

d(mm)
8-13
9-11
10
7-10
6
3.3
6
6.5

numerical results
P(tn)
5.6
4.1
5.8
4.3
5.5
4.1
5.1
3.8

d(mm)
14
14.6
14.8
15.5
4
3.3
4
3

exp-num deviation
rate
P(tn) P(%) d(mm)
0.4 7.14
1-4
0.1
2.5
3.6-5.6
0.4
6.9
4.8
1
30.3 5.5-8.5
1.4 25.5
2
0
0
0
1.4 27.5
2
1.2 31.6
3.5

Table 4: Validation of the numerical results

The maximum undertaken loads and displacements for the numerical investigation for ν=0
and 0.1 lie between 3.8-5.8tn and 3-15.5mm respectively and are higher for the anchored
specimens. There is also a satisfactory exploitation rate of the concrete’s and steel’s loadbearing capacity for the plain reinforced specimens as it is observed a strong anchorages’
resistance which causes local damage to the concrete at the lap splice ends, the plot also shows
delayed load drop and increased steel deformation and displacement. However, when the rebars
are laid out freely without anchoring at the ends, the strength of the concrete steel interface is
reinforced only by the interface bond between the surface of the rebar and the circumferential
concrete. A premature load drop is observed for a smaller displacement due to the weak
resistance of the steel ribs against anchors. It is concluded that the presence of anchors at the
rebars’ ends, contributes in a significant rate to the utilization of the bearing capacity of the
individual materials, steel and concrete, prolonging increase in load intake and deformation for
the specimen. The plastic deformation of the concrete and the steel stress at the anchors’ areas
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are intensified due to the exceeding of the concrete tensile strength by the stress intensity of the
surrounding steel.
5 DISCUSSION ON THE INVESTIGATIONAL RESULTS
A general convergence is observed between the experimental and the numerical results,
included the failure modes. The same loading combination with displacement control was used
in both experimental tests and numerical simulation. As far as the failure patterns are concerned,
Fig.12 compares the tensile damage nephogram obtained from the numerical simulation with
the surface cracks obtained from the experimental test of the same specimen. The two failure
modes are similar with extended cracks being concentrated on the bottom lap spliced end where
the developed stress is higher for the ribbed reinforced specimens 3, 4. While, in the case of
specimens 1 and 2, the cracking was developed on the concrete surface of both the anchored
lap splice ends. According to the plots of the numerical and experimental results of undertaken
load and displacement, a satisfactory convergence rate was achieved in the terms of the
maximum load, the corresponding displacement, and the slope of the curves. (Table 5) In
addition, the strength of the interface was simulated by realistic cohesion stresses and the
expected forms of failure were induced. As a result, a reliable numerical tool has been
developed and quantified so as to predict the response of critical RC members under the
influence of various loading factors.

Figure 12: Comparison of the numerical and experimental failure modes of the
ribbed (left) and plain with internal anchoring (right), reinforced specimens

Spec ID
1-2
2-2
3-2
4-2
1-1 ν1
2-1 ν1
3-1 ν1
4-1 ν1

Test
results (tn)
4
3.3
4
5
6
6.2
6.9
6.5

Simulation results (tn)

Convergence rate (%)

4.1
4.3
4.1
3.8
5.6
5.8
5.5
5.1

97.6
76.7
97.6
76
93.3
93.6
79.7
78.5

Table 5: Comparison of the ultimate undertaken load of column specimens for ν=0 & ν=0.1
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6 CONCLUSIONS
An experimental and a numerical study was performed on full scale RC column specimens
to evaluate the behavior of lap splices as a part of a complex structural system under the load
combo of three point bending and a constant compression on the edges. The type of longitudinal
reinforcement, the presence of stirrups, the free and anchored ends of the lap spliced rebars and
the magnitude of the load ratio, were the main parameters considered in this study. According
to the tests results, including the global behavior of the splices and the failure modes that the
column specimens develop, the major findings of this study are as follows:
x

The absence of anchorage leads to the premature slip of the lap spliced rebars and to early
load drop under the insufficient exploitation of the materials’ properties.

x

The presence of dense stirrups does not essentially contribute to the rise of the undertaken
load but it reduces the deformation of the concrete, by restricting the opening of the surficial
cracking.

x

The proposed finite element model of Abaqus for RC column is in good agreement with the
experimental results such as load carrying capacity, displacement, failure mode and CEBFIB bond stress-slip behavior pattern.

x

The maximum undertaken load and the respective displacement are getting greater for both
the plain and ribbed reinforced specimens as the axial load ratio rises from 0 to 7tn.

x

The main difference among the results for specimens with ribbed and plain rebars, is the
fact that the absence of anchoring leads to early load drop and a low exploitation of material
properties, as the slip of the ribbed rebars happens prematurely.

x

The presence of the lap splice implies a failure mode connected with the slip of the
reinforcing bars.

x

The higher degree of failure in the column specimens, for both the numerical and
experimental results, is located in the plastic joint area, on the bottom end of the lap splice
length.
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Abstract
This paper presents the results of a numerical investigation on the behavior of Prestressed
Concrete Cylinder Pipes (PCCP) under the Three Edge Bearing Test (TEBT) (diametrical
compression test). The main goal is to develop an experimental setup in the lab in order to
evaluate the efficiency of different strengthening schemes with Fiber Reinforced Polymer (FRP)
repair methods. The PCCP specimens under evaluation are assumed to be prefabricated parts
of an existing water infrastructure network. For practical reasons we chose to define a typical
length of 1.0m for all investigated numerical specimens. On the whole, four (4) pipe models are
considered: a non-prestressed initial specimen, a prestressed virgin specimen, a strengthened
prestressed specimen with internally applied FRP sheet and a last strengthened prestressed
specimen with externally applied FRP sheet. The numerical assessment of External Load
Crushing Strength by the Three Edge Bearing Test Method is realized using 3D FEM software
and in compliance with the terms of ASTM C-497 standard. The developed experimental setup
will be fabricated in the Laboratory for Strength of Materials and Structures “LSMS” of Civil
Engineering Faculty of Aristotle University of Thessaloniki (AUTh). For all four (4)
numerically examined models we employed all the geometrical and mechanical properties of
materials from existed PCCP pipes, that LSMS had the chance to measure in the past. The
numerically simulated models were evaluated and discussed in terms of load-deformation
response and observed limit states of damages.
Keywords: Prestressed Concrete Cylinder Pipes (PCCP), External Load Crushing Strength,
Three Edge Bearing Test, Numerical simulation.
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1

INTRODUCTION

Prestressed Concrete Cylinder Pipes (PCCPs) were first manufactured in 1942 as lined
cylinder pipe. The prestressing wire in lined cylinder pipe is wrapped directly around the steel
cylinder. A second type of PCCP was developed in 1952 that has concrete encasement of the
steel cylinder on both sides. Known as embedded cylinder pipe, it differs from lined cylinder
pipe by the encapsulation of its steel cylinder in a concrete core. Therefore, the prestressing
wire is wrapped around the concrete core rather than the steel cylinder as in lined cylinder pipe.
The typical diameter ranges for lined and embedded cylinder pipe are between 0.40 to 1.50
meters and 0.75 to 6.50 meters, respectively. PCCPs are typically manufactured according to
the American Water Works Association (AWWA) standard C304. [1,9]. With the onward
maturity of the prestressed concrete technology of the latest years, PCCPs have been used in
oil, water conservancy, hydropower engineering and other areas. Also, it has been demonstrated
that in the sector of large diameter pipes, PCCPs are more competitive than any other type of
pipes [2-4]. In recent years, research has been conducted in the field of experimental and
numerical study of concrete pipes utilizing the Three Edge Bearing Test (TEBT) and Finite
Element Method (FEM) simulation respectively [5-7]. Another interesting and growing
segment of scientific study is the investigation of the strengthening repair methods of PCCPs
implementing novel FRP and CFRP technology [8-10].
The “Laboratory of Strength of Materials and Structures” of Aristotle University of
Thessaloniki has commenced a research project, which scope is to investigate both
experimentally and numerically the mechanical behavior of PCCPs. This project aspires to
address issues such as the response of PCCPs under the Three Edge Bearing Test (TEBT) and
under internally applied fluid pressure, as well as the effectiveness of specific strengthening
repair methods. In the current paper part of these results are presented. More specifically, the
behavior of two (2) pipes specimens (one with and one without prestress) under TEBT is
examined experimentally and numerically and the efficiency of two (2) strengthening methods
(internal and external confinement of PCCPs with FRP double mantle) is assessed.
2

EXAMINED SPECIMENS AND EXPERIMENTAL SETUP

The geometry of the examined pipes is depicted in Figure 1 and the denomination of the four
(4) specimens alongside with their main dimensions is presented in Table 1. All specimens have
the same internal diameter, i.e., 1.80m, while the external diameter is 2.16m for Spec 2, Spec
3, Spec 4 and 1.98m for Spec 1.
The External Load Crushing Strength of the examined pipes specimens is calculated by
utilizing the Three-Edge Bearing Test Method in accordance with ASTM C-497 standard. The
experimental setup scheme is outlined in Figure 2, along with the real experimental
configuration developed at the “Laboratory of Strength of Materials and Structures” of Aristotle
University of Thessaloniki. In total, an instrument which measures the applied load (load cell)
and four (4) Linear Variable Differential Transducers (LVDTs) were installed. Also,
deformation strips were selectively placed at some points in order to have better control of the
loading process and enhance the accuracy of the experimental device, especially in the area of
the failure.
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Figure 1: Geometry of the four (4) examined models: unprestressed maternal – Spec 1 (top-left), prestressed
maternal – Spec 2 (top-right), FRP internally strengthened prestressed – Spec 3 (bottom-left) and FRP externally
strengthened prestressed – Spec 4 (bottom-right)

Specimen
Name

Description

External Diameter/
Internal Diameter

Spec 1
Spec 2

Maternal unprestressed specimen
Maternal prestressed specimen

1.98/1.80
2.16/1.80

Spec 3

FRP internally strengthened, prestressed specimen

2.16/1.80

Spec 4

FRP externally strengthened, prestressed specimen

2.16/1.80

Table 1: Geometric properties of the four (4) examined specimens

2915

Sofia Gkaraklova, Lazaros Melidis, George C. Manos and Konstantinos Katakalos

Figure 2: Scheme (top) of the experimental setup of the Three Edge Bearing Test as per ASTM C-497

3

NUMERICAL MODELING

Three-dimensional finite element numerical models have been built adopting a macro
modeling approach with homogenized non-linear material laws. It should be underlined that all
materials that compose the pipe specimens have been tested at the “Laboratory of Strength of
Materials and Structures” of Aristotle University of Thessaloniki and have been adopted in the
Finite Element Analysis (FEA) software in order to non-linear realistic numerical models. All
the parameters used for the constitutive law are listed at table 2. The models of the four (4)
specimens are presented in Figure 3.

Material law assigned to concrete – Concrete Damaged Plasticity
ELASTIC PROPERTIES
COMPRESSIVE BEHAVIOR
TENSILE BEHAVIOR
Yield
Mass Density
Yield Stress
2.5E-09
Plastic
Strain
Stress
Plastic Strain
(ton/mm3)
(MPa)
(MPa)
Young’s
39000
11.88
0
1
0
Modulus
(MPa)
Poisson’s ratio
0.25
35.3
0.0012
0
0.005
43
0.0021
48
0.0028
43.2
0.0043
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9.6

0.02

Material law assigned to steel mantle – Plastic
ELASTIC PROPERTIES
TENSILE BEHAVIOR
Mass Density
Yield Stress
7.85E-09
Plastic Strain
(ton/mm3)
(MPa)
Young’s
200000
300
0
Modulus (MPa)
Poisson’s ratio
0.30
300
0.0085
390
0.0485
420
0.0985
450
0.4
360
0.42
40
0.45
Material law assigned to steel wires – Plastic
ELASTIC PROPERTIES
TENSILE BEHAVIOR
Mass Density
Yield Stress
7.85E-09
Plastic Strain
(ton/mm3)
(MPa)
Young’s
210000
1400
0
Modulus (MPa)
Poisson’s ratio
0.30
1500
0.0007
1600
0.0012
1700
0.0022
1800
0.0047
30
0.015
Material law assigned to Fiber Reinforced Polymer (FRP) - Elastic
ELASTIC PROPERTIES
Mass
1E-09
Density
3
(ton/mm )
Young’s
240000
Modulus
(MPa)
Poisson’s
0.15
ratio
Table 2: Parameters of constitutive laws for concrete, mantle steel, wires steel and FRP materials
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Figure 3: FEM Models of the four (4) examined specimens: maternal unprestressed – Spec 1 (top-left), maternal
prestressed – Spec 2 (top-right), FRP internally strengthened & prestressed – Spec 3 (bottom-left) and FRP
externally strengthened & prestressed – Spec 4 (bottom-right)

The numerically obtained results were initially evaluated in terms of applied load –
developed deformations graphs, as presented in figures 4. It is depicted that for all 4 models we
manage to get a non-linear behavior. In addition, the adopted numerical methodology, of
applying loads and imposing restrains (experimental setup in the lab) resulted to very rational
data since we were able to yield the utilized materials, obtain the bearing capacity of all models
and get the post maximum decrease behavior.
Moreover, we see that the bearing capacity is increasing by adding, initially the prestress
(Spec2) then by applying internally FRP sheets (Spec3) and finally by applying extremally FRP
sheets. It has to be mentioned that the depicted results are estimations of the real performance
of the PCCP pipes and they aim to predict in a realistic way the performance of a PCCP pipe
and evaluate the efficiency of strengthening schemes.
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Figure 4: Numerical results - diagrams of applied force, vertical deflection and horizontal swelling of Spec 1
(top-left), Spec 2 (top-right), Spec 3 (bottom-left) and Spec 4 (bottom-right)

Figure 5 presents (plastic strain components) the damage pattern that is attained in the
numerical simulations. It is depicted that plastic strains are developed on the faces of PCCP
model that suffers from tension. These are the regions that we expect to get the developed cracks,
under the present loading conditions. The developed damage pattern indicates the qualitatively
realistic FE model.
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Figure 5: Numerical results - plastic strain components (PE) of Spec 1 (top-left), Spec 2 (top-right), Spec 3
(bottom-left) and Spec 4 (bottom-right)

Taking under consideration the aforementioned results, it is clear that the maternal
prestressed specimen (Spec 2) develops 3 times larger strength than the maternal unprestressed
specimen (Spec 1). This is indicative of the highly significant contribution of the perimetric
prestress and how important it is that it remains active and is not disabled by any damages or
corrosion. Also, as expected, the strengthened specimens (Spec 3 and Spec 4) demonstrate
greater bearing capacity than the maternal prestressed specimen (Spec 2). More specifically,
the FRP internally strengthened specimen (Spec 3) indicated an increase of 12.4% in maximum
bearing capacity compared to the maternal prestressed specimen (Spec 2), while the FRP
externally strengthened specimen (Spec 4) demonstrated a similar behavior.

4

CONCLUSIONS

The behavior of Prestressed Concrete Cylinder Pipes (PCCPs) under the Three Edge Bearing
Test (TEBT) is discussed here, mainly focusing on the contribution of the FRP strengthening
method in the PCCPs response. Numerical models were developed using all the available
information about the mechanical properties of the materials used in an effort to numerically
reproduce the realistic behavior of the pipe. The goal is to estimate the bearing capacity of the
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models, their damage patterns and finally quantify the experimental setup that has to be
constructed in the Lab. The main conclusions are enlisted below:
x
x
x

The perimetric spiral prestress in very significant as it increases the bearing capacity
of the concrete pipe by 3 times.
The strengthening of the PCCP with FRP is efficient and results in a 12,5% growth
of the bearing capacity
The developed 3-D FEM models, are considered realistic and can be utilized to built
the experimental setup in the Lab
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Abstract
Fiber-reinforced polymers (FRP) are rapidly gaining acceptance from the construction sector
due to their large effectiveness. They are mainly used as confining reinforcement for concrete
columns and as tensile reinforcement for concrete beams and slabs. FRPs are already used to
a large extent at applications such as bridges and parking lots, where elevated temperatures
are not the main risk. Their increasing use as structural reinforcement is hampered by the concern related with their behavior at elevated temperatures as the relevant research is deficient.
Thanks to the significant advantage of FRPs’ mechanical properties, further investigation into
the influence of heating on their mechanical behavior may solve many doubts. The present study
examines the influence of temperatures of 50, 100 and 250°C on the tensile strength of FRP
laminates with carbon fibers (CFRP). In addition, the resistance of CFRP specimens to lowcycle thermal loading at the temperatures of 50, 100 and 250°C under constant tensile load
was investigated. The experiments carried out in the laboratory of Experimental Strength of
Materials and Structures of Aristotle University of Thessaloniki.
Keywords: fiber reinforced polymer, thermomechanical characterization, elevated temperatures, civil engineering applications.
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1

INTRODUCTION

The FRPs are composite materials consisting of continuous high-strength fibers, which are
embedded into a polymer matrix (usually organic) [1]. The fibers are the reinforcing elements,
whereas the polymer matrix is the connecting material which protects them and transfers the
loads to and between the fibers [1]. In the construction sector, the main types of fibers used are
glass, carbon (inorganic) and aramid fibers (organic polymers). The use of these materials in
civil engineering applications is constantly expanding, due to their important advantages. High
resistance to corrosion, high strength-to-weight ratio, high stiffness, appropriate fatigue performance, electric insulation and easy installation are some of them [2],[3]. However, FRPs, according to surveys, show sensitivity to high temperatures. Elevated temperatures cause
reduction in elastic modulus and strength [2]. These possibly result in large deflections, loss of
reinforcement and eventually collapse [2].
Specifically, the glass transition temperature Tg is an important parameter to be considered,
as above this the mechanical characteristics of the FRPs are reduced dramatically [4]. The polymer is converted from a hard, glassy material to a soft and rubbery one [2]. This leads to loss
of adhesion and fibers’ removal from the matrix. The resin is no longer able to transfer the loads
evenly to the fibers [4]. As a result, some of the fibers are being further loaded, probably exceed
their strength and fail [4]. It is also marked that a significant increase in temperature, except in
the case of fire, can be caused by direct exposure to sunlight [4]. Especially, dark surfaces are
able to reach temperatures of 70°C [4].
The effects of elevated temperatures on the mechanical properties of FRPs are of concern
and research into this is limited. However, thanks to the significant advantages of FRPs it is
worth further investigation. The present experimental work focuses on the thermo-mechanical
behavior of the CFRPs laminates under monotonic mechanical loading, low-cycle fatigue and
thermal loading. The experiments carried out in the laboratory of Experimental Strength of
Materials and Structures of Aristotle University of Thessaloniki and the investigation parameters were the tensile stress and the temperature.
2

MATERIALS AND METHODS

The material of the specimens which were used in the current research was FRP laminate
with unidirectional carbon fiber layers embedded in organic matrix with Tg=58 °C. According
to the manufacturer data sheet, layer’s thickness was 0.129 mm, and the tensile strength and the
elastic modulus of dry fibers were 4,000 MPa and 230,000 MPa, respectively. Twenty CFRP
specimens of 250 mm length, 15 mm width and 1.8 mm thickness were prepared for the tests.
(see figure 1) Their dimensions were measured using a digital caliper. Nine of them were tested
at room temperature (RT=16 °C) and they were used as controls while the rest of the specimens
were exposed to elevated temperatures (50, 100, 250 °C).
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Figure 1: Investigated specimens.

The tensile tests were performed using a universal testing machine Instron of 50 kN maximum capacity. Concurrently, the Bluehill software was used for the data export. (see figure 2)
A clip-on extensometer was installed in order to measure the strain values. The tensile testing
was conducted using a standard head stroke rate of 2.0 mm/min until failure. The Instron machine was equipped with an electric furnace for the heating of the specimens. The maximum
operating temperature of the furnace is 260 °C and the applied heating rate was 10 °C/min. The
cooling up to the room temperature was held in a physical way, so the cooling rate was relatively
slow. While the furnace was closed the deflection was measured by the Instron machine head
stroke. The experimental setup for both room and elevated temperatures is shown in figure 3.

Figure 2: Experimental setup with climate chamber [5].
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Figure 3: Experimental setup for room temperature and for elevated temperatures.

As mentioned, nine tests were occurred at room temperature (16 °C). The first five specimens (FRPspec1-5) were tested under monotonic, uniaxial tension until failure. From the average value of these specimens’ strength, their maximum tensile strength was determined.
Subsequently, four specimens were submitted to low-cycle fatigue tests of fifty loading-unloading cycles. The maximum load of the cycle was equal to the 50% of the average tensile strength
for the two specimens (FRPspec6,14) and 75% for the other two specimens (FRPspec7,15).
The rate of the tensile loading was 1000 N/min for the cyclic tests. After the fatigue loading the
four specimens were tested under monotonic, uniaxial tension up to failure. The information of
experiments under room temperature is shown in table 1.
Table 1: Detailed information of experiments under room temperature.

FRPspec1
FRPspec2
FRPspec3
FRPspec4
FRPspec5

Dimensions
(mm)
t
b
1.63
15.74
1.74
17.26
1.71
14.68
1.65
16.56
1.78
15.95

FRPspec6

2.06

16.26

FRPspec14

1.74

FRPspec7
FRPspec15

Name

Loading

T
(°C)

MUT*1
MUT
MUT
MUT
MUT
LCF*2,
MUT

RT(=16)
RT
RT
RT
RT

15.15

LCF, MUT

RT

1.98

16.04

LCF, MUT

RT

1.85

16.34

LCF, MUT

RT

RT

Comments
MUT up to failure
MUT up to failure
MUT up to failure
MUT up to failure
MUT up to failure
LCF (50 cycles) with max load 50% of
the tensile strength and MUT up to failure
LCF (50 cycles) with max load 50% of
the tensile strength and MUT up to failure
LCF (50 cycles) with max load 75% of
the tensile strength and MUT up to failure
LCF (50 cycles) with max load 75% of
the tensile strength and MUT up to failure

*1Monotonic Uniaxial Tension, *2Low Cycle Fatigue (n=50)
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The rest eleven specimens were exposed under elevated temperatures. The first six of them
were submitted to thermal loading at temperatures of 50 °C (FRPspec8,11), 100 °C (FRPspec9,12) and 250 °C (FRPspec10,13). Once the furnace reached the target temperature, each
specimen remained at this temperature for 30 min in order to obtain a uniform temperature
distribution. When the specimen FRPspec8 was heated at 50 °C, the uniaxial tensile test was
performed at that temperature level. However, the tensile tests for the FRPspec11, the FRPspec9,12 and the FRPspec10,13 at 50 °C, 100 °C and 250 °C, respectively, were performed
after the specimens left to cool down to room temperature (16 °C). The cooling process was
achieved by opening the door of the furnace. After the cooling, the specimens were tested under
monotonic, uniaxial tension until failure, as described before.
In fact, CFRPs applied in concrete structures are usually under both imposed load and elevated temperatures from the environmental changes. Therefore, we decided to investigate the
last five specimens under cyclic thermal loading while applying at the time uniform axial tensile
loading. These specimens were subjected to monotonic, uniaxial tension constantly at 50% of
their average tensile strength. A standard head stroke rate of 2.0 mm/min was used until the
target load value. Then, the specimens remained under this constant axial load. After three
minutes, cyclic thermal loading was imposed to the specimens. We reached the temperatures
of 50 °C (FRPspec16), 100 °C (FRPspec17,18) and 250 °C (FRPspec19,20). The low-cycle
thermal loading consisted of heating-cooling cycles up to failure. The maximum number of the
cycles was three. Each cycle concluded the heating process with a rate of 10 °C/min, a holding
time of 15 min at the target temperature and the cooling process to the room temperature (16 °C).
Figure 4 presents the thermal protocol for each temperature. Specifically, the FRPspec16, which
completed successfully the three thermal loading cycles, was additionally subjected to monotonic, uniaxial tension until failure at the temperature of 50 °C. The information of experiments
under elevated temperature is shown in table 2.
Low cycle thermal loading
300
50oC
100oC

250

Temperature (ºC)

250oC
200

150

100

50

0
0

50

100

150

200

250

Time (min)
Figure 4: Time – Temperature diagram for cyclic thermal loading
(heating to 50, 100 and 250°C and cooling to RT=16°C).
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Table 2: Detailed information of experiments under elevated temperatures.

FRPspec8
FRPspec11
FRPspec9
FRPspec12
FRPspec10
FRPspec13
FRPspec16

Dimensions
(mm)
t
b
1.90
16.25
1.99
15.96
1.84
16.05
2.04
15.76
1.89
15.96
1.78
13.98
1.73
14.52

FRPspec17

1.80

FRPspec18

Name

Loading

T
(°C)

TL*3, MUT
TL, MUT
TL, MUT
TL, MUT
TL, MUT
TL, MUT
MUT and
LCTL*4

50
50
100
100
250
250
50

14.45

MUT and
LCTL

100

1.71

16.68

MUT and
LCTL

100

FRPspec19

1.73

13.40

MUT and
LCTL

250

FRPspec20

1.87

11.05

MUT and
LCTL

250

Comments
TL (1 cycle) and MUT up to failure
TL (1 cycle) and MUT up to failure
TL (1 cycle) and MUT up to failure
TL (1 cycle) and MUT up to failure
TL (1 cycle) and MUT up to failure
TL (1 cycle) and MUT up to failure
MUT with constant load 50% of the
tensile strength and concurrently
LCTL up to failure (max 3 cycles)
MUT with constant load 50% of the
tensile strength and concurrently
LCTL up to failure (max 3 cycles)
MUT with constant load 50% of the
tensile strength and concurrently
LCTL up to failure (max 3 cycles)
MUT with constant load 50% of the
tensile strength and concurrently
LCTL up to failure (max 3 cycles)
MUT with constant load 50% of the
tensile strength and concurrently
LCTL up to failure (max 3 cycles)

*3Thermal Loading, *4Low Cycle Thermal Loading (n=3)

3

RESULTS

Table 4 presents the results of all the CFRP specimens. Concerning to the control specimens,
the average tensile strength of dry fibers of the specimens FRPspec1-5, which were monotonically loaded at room temperature up to failure, was 4,410.82 MPa, their average ultimate strain
was 17.47‰ and their average elastic modulus of dry fibers was 252.52 GPa. Their stress-strain
curves are shown in figure 5.
Table 4: Summarized results

Name

FRPspec1
FRPspec2
FRPspec3
FRPspec4
FRPspec5
FRPspec6
FRPspec14

Max
Tensile
Max
T
Tensile Stress of
Loading
(°C)
dry fiStress
bers
(MPa)
(MPa)
MUT
RT(=16) 719.59 4,546.28
MUT
RT
664.65 4,482.52
MUT
RT
657.99 4,361.10
MUT
RT
711.28 4,548.91
MUT
RT
596.49 4,115.30
LCF,
RT
565.99 4,519.17
MUT
LCF,
RT
646.27 4,358.59
MUT
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17.86
16.75
18.53
18.39
15.81
20.45

Elastic
Modulus
of dry
fibers
(GPa)
254.61
267.61
235.35
247.36
260.30
220.98

21.69

200.98

Max
Strain
(‰)

Comments / Mode of
failure
Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
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FRPspec7
FRPspec15
FRPspec8
FRPspec11
FRPspec9
FRPspec12
FRPspec10
FRPspec13
FRPspec16

LCF,
MUT
LCF,
MUT
TL, MUT
TL, MUT
TL, MUT
TL, MUT
TL, MUT
TL, MUT
MUT and
LCTL

RT

531.52

4,079.09 16.12

253.08

Fracture of fibers

RT

612.95

4,395.18 18.84

233.25

Fracture of fibers

50
50
100
100
250
250
50

490.90
569.99
393.61
518.15
577.98
669.88
356.98

3,615.14
4,396.47
2,807.13
4,097.00
4,234.06
4,621.66
2,393.71

264.52
248.67
276.95
148.11
272.99
235.80

487.61

3,269.66 19.32 169.27

Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
Fracture of fibers
It completed successfully
the three thermal loading
cycles. The values of the
first line refer to the
LCTL under constant tension and the values of the
second line refer to the
MUT up to failure.
Failure at the heating process of the first cycle at
64°C. The values refer to
the LCTL under constant
tension.
Failure at the cooling
process of the first cycle
at 31°C. The values refer
to the LCTL under constant tension.
Failure at the heating process of the first cycle at
61°C. The values refer to
the LCTL under constant
tension.
Failure at the heating process of the first cycle at
151°C. The values refer
to the LCTL under constant tension.

13.67
17.68
10.14
27.66
15.51
19.60
15.21

FRPspec17

MUT and
LCTL

100

348.07

2,428.37 12.95 187.46

FRPspec18

MUT and
LCTL

100

317.71

2,105.78 24.14 87.23

FRPspec19

MUT and
LCTL

250

388.48

2,604.95 15.55 167.53

FRPspec20

MUT and
LCTL

250

327.22

2,371.75 23.63 100.36
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Comparison of stress-strain curves
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0
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20
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Figure 5: Stress-strain curves for monotonic uniaxial tension at room temperature.

The specimens FRPspec6,14 and FRPspec7,15 were submitted to fatigue tests of fifty loading-unloading cycles with maximum load of 50% and 75% of the average tensile strength, respectively. (see figure 6) Resulted from the monotonic, uniaxial tension that followed, the
average tensile strength of dry fibers was 4,438.88 MPa and 4,237.14 MPa for the FRPspec6,14
and the FRPspec7,15, respectively. Consequently, the low-cycle fatigue did not affect the specimens FRPspec6,14, but it reduced the CFRPs tensile strength of dry fibers by 3.94% for FRPspec7,15. Besides, the average ultimate strain did not appear significant change as its value was
21.07‰ and 17.48‰ for the FRPspec6,14 and the FRPspec7,15, respectively. It should also be
mentioned that low-cycle fatigue does not affect the stiffness of the CFRPs as their elastic modulus of dry fibers remain at the same level. The stress-strain curves of monotonic tensile loading
of the specimens are shown in figure 7.
Stress-strain curve (cyclic loading)-FRPspec6

Tensile stress of dry fibers (MPa)

2500
2000
1500
1000
500

FRPspec6
0
0

1

2

3

4

5

Tensile strain (‰)
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Stress-strain curve (cyclic loading)-FRPspec7
Tensile stress of dry fibers (MPa)
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10

12

14

Tensile strain (‰)
Figure 6: Stress-strain curves for low-cycle fatigue
with max load 50% (FRPspec6) and 75% (FRPspec7) of the tensile strength.

Comparison of stress-strain curves
after cyclic loading
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Figure 7: Stress-strain curves of monotonic, uniaxial tension at room temperature after low-cycle fatigue.

The specimens FRPspec8-13,16-20 were exposed to different temperatures during the experiments as it mentioned before. Figure 8 presents the stress-strain curves of monotonic, uniaxial tensile tests which were conducted after the specimens’ heating and cooling (FRPspec813). FRPspec8 is an exception as the tensile test was possible to be held at the temperature of
50 °C without slip of the specimen. The specimen’s tensile strength of dry fibers was 3,615.14
MPa and its ultimate strain was 13.67‰. Observing the samples after heating, those exposed to
100 and 250 °C softened a lot and the resin turned easily into powder with the application of
pressure by the machine. In addition, the FRPspec10,13 acquired a dark black colour. However,
it was observed that the samples regained their hardness after cooling and the resin was no
longer frail. A worth noting conclusion is that the tensile strength of dry fibers of the specimens
after exposure at the temperatures of 50, 100 and 250 °C for 30 min did not appear decrease.
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Τhe fact that the samples were left to cool significantly contributed to this result. The ultimate
strain and the elastic modulus of dry fibers of these specimens did not appear any important
change, too.
Comparison of stress of dry fibers-strain curves
Tensile stress of dry fibers (MPa)
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10

15

20

25
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35

Tensile strain (‰)
Figure 8: Stress-strain curves of monotonic, uniaxial tensile tests after exposure to the temperatures of
50 °C (FRPspec8,11), 100 °C (FRPspec9b,12) and 250 °C (FRPspec10,13) and then cooling.

The specimens FRPspec16-20 were under both constant tensile load and thermal loading of
maximum three heating-cooling cycles. The stress-strain curves of these tests are shown in figure 9. The only sample which managed to complete three heating-cooling cycles without failure
was FRPspec16. The maximum temperature of each cycle at this test was 50 °C. After the
thermal cyclic loading, FRPspec16 was tested under monotonic tension. The specimen’s tensile
strength of dry fibers was 3,269.66 MPa, its ultimate strain was 19.32 ‰ and its elastic modulus
of dry fibers was 169.27 GPa. According to this, the tensile strength and the elastic modulus of
dry fibers are decreased after the heating-cooling cycles.
At higher temperatures, heating combined with the continuous loading had an important impact on the CFRPs’ strength as the four samples failed during the first cycle. FRPspec17 failed
at the heating process at 64 °C, FRPspec18 failed at the cooling process at 31 °C, FRPspec19
failed at the heating process at 61 °C and FRPspec20 failed at the heating process at 151 °C.
The first two of these samples were supposed to be exposed to maximum temperature of 100 °C
and the last two to maximum temperature of 250 °C.
It is necessary to mention that the heating rate was 10 °C/min. Because of this slow rate, the
specimens remained at high temperature for a long time. If the heating rate was faster, may the
FRPs resisted for more thermal loading cycles. The deterioration of the CFRP, due to the long
time remaining at high temperature, was also obvious from the mode of failure of the FRPspec20 and its fibers’ dark colour. Some of the specimens which were exposed to elevated
temperatures are shown after their failure in figure 10.
From the specimens which were supposed to be exposed to maximum temperature of 100 °C
and 250 °C, the FRPspec18 and FRPspec20 remained at high temperatures for a longer time
than the FRPspec17 and the FRPspec19, which failed earlier. It is also evident from the figure
9 that staying at high temperatures under constant load for longer time causes greater deflections and significant reduction in the modulus of elasticity. The ultimate strain and the elastic
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modulus of dry fibers of the FRPspec18 were 24.14 ‰ and 87.23 GPa, respectively, and of the
FRPspec20 were 23.63 ‰ o and 100.36 GPa, respectively.
Comparison of stress-strain curve after cyclic thermal loading
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Figure 9: Stress-strain curves of low-cycle thermal loading under constant tensile load. The maximum temperatures of heating-cooling cycles were 50 °C (FRPspec16), 100 °C (FRPspec17,18) and 250 °C (FRPspec19,20).

Figure 10: Specimens, exposed to elevated temperatures, after their failure.
FRPspec11,12,13 were exposed to 50,100 and 250 °C, respectively (TL, MUT).
FRPspec16, FRPspec17,18 and FRPspec19,20 were exposed to 50,100 and 250 °C, respectively
(MUT and LCTL).

4

CONCLUSION
x At room temperature CFRP laminates appear high tensile strength and elastic modulus.
x Low-cycle fatigue at room temperature reduces in a small percentage the CFRP laminates’
tensile strength. This reduction is obvious when the maximum load of the cycle is high
enough.
x Low-cycle fatigue at room temperature does not affect the stiffness of the CFRPs, as their
elastic modulus remain at the same level.

2932

C. Papadimitriou, L. Kotoulas, N. Makris, L. Melidis and K. Katakalos

x When CFRP laminates are exposed to elevated temperatures (100 °C, 250 °C) the resin
softens and turns easily into powder if pressure is applied. In addition, the FRPs acquire a
dark black colour at 250 °C.
x Because of the resin’s deterioration under elevated temperatures, the CFRP specimens slip
from the machine’s grips during the tensile testing. Therefore, better gripping is needed.
x CFRPs cooled after exposure to elevated temperatures, regain their hardness and the resin
is no longer frail. Their tensile strength does not show decrease.
x The cyclic thermal loading under constant tensile load causes degradation of CFRP laminates, as their tensile strength is reduced after the heating-cooling cycles.
x The cyclic thermal loading under constant tensile load reduces the elastic modulus of
CFRP laminates. The higher temperatures the CFRPs are exposed to, the greater reduction
of the elastic modulus is caused.
x The longer time the CFRP laminates remain at high temperatures under constant tensile
load, the greater deflections and reduction in their elastic modulus are caused.
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Abstract. The problem of the high fragility of upright frames of pallet racking systems against
lateral forces raises an important question for researchers. This lack of seismic performance
can be attributed to a small degree of internal overdetermination of the system, as is also
acknowledged by the European Standard for adjustable pallet racking structures (EN16681),
which only takes into account the low-dissipative behaviour for these structures. This paper
presents an innovative base-plate connection that can provide the upright frames of pallet racking systems with a certain degree of global ductility, thus improving the seismic attitude of these
structures when seismically stimulated along the cross-aisle direction. A design procedure for
the specimens to be tested is proposed, which aims at guiding the system design toward localizing yielding strains in the plates of the base connections, as the principles of the capacity
design posit. The proposed base-plate connection is tested under monotonic and cyclic loads to
better understand its properties and, by inference, its dynamic characterization, which could be
utilized in a lighter numerical model in order to study overall performance improvement. Additionally, a numerical model of the specimen, as tested in the Laboratory of Steel Structures at
the National Technical University of Athens (Greece), which has been calibrated and validated
in accordance with experimental tests results, is presented.
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1

INTRODUCTION

The structural frames of racking structures are often composed of open cold-formed thinwalled steel members, that typically do not guarantee plastic capacities of their cross section
[1, 2]. This poses a new issue: it is well-known that the capacity of structure systems to resist
seismic actions in the nonlinear range generally permits their design for forces smaller than
those corresponding to a linear elastic response. Another issue is related to the behaviour of
structures in the post-elastic range; it becomes vital to control the force distribution [3] in order
to control the structure collapse, as well the lateral displacements [4, 5] Such approach is what
allows designing building with design spectra [see 6], which generally correspond to an onset
of elastic spectra by introducing a conventional parameter that accounts for the capacity of the
structure to dissipate energy. Nevertheless, storage racks can still provide a degree of energy
dissipation if other non-conventional mechanisms are considered [7, 8, 9]. For example, if designed so, beam-to-column and base-plate connections can exhibit an inelastic behavior which
could be used to keep using the same approach [10, 11]. Nonetheless, the European Framework
for steel structures does not allow yet to concentrate any damage on beam-to-column connections [12].
Cross-aisle frames often have a truss-like structure system: two uprights are laced up by
different diagonal patterns, the most common of which are X-shaped diagonal and D-shaped
diagonal. The cross-aisle structural scheme tends to have fewer internal degrees of freedom,
thus making fragile collapse modes most likely. Hence, as also shown by many works [13], the
lateral resistance of the overall frame is greatly affected by the ﬂexural behaviour of the baseplate connections, which may be as well the only place where plastic deformation can safely
take place [14]. The high lateral stiffness of the upright frames is also cause of concern for
the happenstance of excessive accelerations at decks level. It is safe to say that the sliding of
pallets on the supporting beams can be the most serious threat to the shedding of goods, which
can either endanger the health of workers/customers or even damage some structural parts thus
leading to cascading effects. In the cross-aisle direction, the fundamental period is generally
short, comprised between 0.7s and 1.0s [15].
The seismic responses of the two principal directions of pallet racking structures are rather
different. In the down-aisle direction, the great ﬂexibility provided by connections and the absence of spine bracings reﬂect in signiﬁcantly high value of the fundamental period of vibrations

(a)

(b)

Figure 1: (a) and (b) Warehouse stores with pallet racks (courtesy of NEDCON B.V.).
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(T ), sometimes up to 3.50s, which are the typical values observed for high-rise and tall steel
buildings. The adherence of this structural scheme with ordinary structures has made a great
body of research focus on this subject and its performance is well understood although it needs
to manage a great variety of numerical special features [16].
Under lateral dynamic loads, owing to the presence of open thin-walled cross-sections, rack
bearing elements are often prone to local and/or distortional buckling phenomena, which largely
precede the attainment of the cross section yielding capacity. Therefore, to enforce classical design procedure, it is important to rely exclusively on the post-yielding capacity of connections.
Cross-aisle frames can hardly locate plastic deformations within their inner connections, though
it might be possible to design such a connection with that in mind. On the other hand, the connections between upright and building slab are characterised by a very limited degree of ﬂexural
stiffness and bending resistance, mainly limited by the column cross-section ultimate resistance
capacity. In most of the cases, when the cross-aisle direction is considered, the seismic action
can pose a risk for the overturning, which becomes the most dangerous limit state. Nevertheless,
as it happened for the beam-to-column connections, the nonlinear cyclic behaviour can provide
a non-negligible ductility to the structure. For this reason, as suggested by [17], attention must
be paid on the design of base-connections to be allowed to use a behaviour factor q grater than
1 (but however lower than 2) in the seismic structural analysis;
Upright frames can be designed as low-dissipative structural behaviour (DCL), as recognised by EN 16681. This circumstance is addressed by EC8, and a behaviour factor is as well
allowed, used to allow designers to perform elastic analyses and, at the same time, account for
nonlinear phenomena. EC8 clearly identiﬁes the use of q ≤ 1.50 for this class. It is stated
that such value accounts for overall structural overstrengths. With reason, for example, for
DCL class, it is advised to avoid cross sectional class 4, for it does not guarantee enough overstrength. In contrast with this last clause, EN 16681 afﬁrms that the behaviour factor accounts
for the energy dissipation capacity of the structure.
This work presents the results of a experimental tests and numerical simulations to investigate the cyclic response of a base-plate connection designed for adjustable pallet racking systems. The experimental tests, which were carried out in the Laboratory of Steel Structures,
NTUA (Athens, Greece), are described, and results for a monotonic and a cyclic load path are
reported. Hence, the specimen was reproduced in a mesh-based numerical framework, giving
further insight about the mechanical behaviour of the specimen under study.
2
2.1

EXPERIMENTAL CAMPAIGN
Specimen

A base-plate connection for adjustable pallet racking systems was conceived to provide structures with energy-dissipation capacity. The behavior of this type of connection is reminiscent
of a T-stub mechanism mainly subjected to axial load, which is generally used to model the top
and bottom tee of beam-to-column connections; in such situations, the working principles are
well-understood and the performance under cyclic loads proved to be quite remarkable (Piluso
and Rizzano 2008) [18]).
All specimens have been assembled by welding steel plates composing the base plate, 6mm
thick, and the bracket, 5mm thick, made of S235 (fy = 235M · P a and fu = 415M · P a) steel
fastened through the ﬂanges by means of two M20 bolts made of 8.8 class high strength steel
[6]; the upright, supplied by NEDCON B.V. (The Netherlands), having an overall depth of 120
mm and an overall width of 94 mm, was made of steel S350D and is connected to the bracket
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by means of 8 M8 bolts 8.8 class. The photographic image and the schematic view representing
the test specimen are given in Fig. 2. In order to guarantee an optimal stress distribution in the
proﬁle, the upright was cut 425 mm long (≈ four times its depth). Its upper cross section is
welded to an end-plate that is hence bolted to the actuator head, where the load cell is located.
The base-plate connection was tested under monotonic and cyclic loads in the Laboratory
of Steel Structures, NTUA (Athens, Greece). In Fig. 2(a), the experimental setup is shown,
where the testing machinery and the specimen are indicated. The static actuator has a stroke
of ±150mm and can reach up to 300kN ; the accuracy of measuring equipment belongs to the
1 class of accuracy, thus giving an expected error on the measurement of ±1.5kN. Aiming at
assessing the axial performance solely, the degree of freedom activated by the actuator is along
the axis of the column stub (vertical).
2.2

Results

The monotonic test was performed by applying a displacement time history from 0 − 28
mm, with a constant velocity equal to v = 0.15mm/s. The cyclic protocol was deﬁned in
accordance with the AISC Seismic Provisions (AISC 2002), which provides a test sequence
given as a function of the peak deformation δy , with a decreasing number of cycles as the load
step increases (Fig. 3(a)). The specimens were instrumented with two LVDTs located on both
sides of the base plate to measure the uplift displacement.
The results of the tests are reported in Fig. 3. The two tests show an overall good agreement
in terms of overall behaviour, providing good performance accounting for the cyclic consistency
of the loops. The post-elastic performance of the tested specimen arises from the exploitation of

(a)

(b)

Figure 2: (a) Photographic image of the specimen as in the experimental setup. (b) 3D view of the base-plate
assembly.
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the dissipative failure mechanism (Type 1 mechanism [12]), which can be promoted by design
guaranteeing strong-bolt weak-ﬂange resistance relationship. It is characterized by the formation of a plastic hinge in the T-stub ﬂanges, plus a circular pattern around the bolt’s axis (ref.
Fig. 4).
As it can be noticed, the shape of the cycles can be related to similar experimental results,
in which the performance of T-stub connections was studied, accounting for energy dissipation
capacity and stiffness degradation for the pinching of the hysteresis loops [18].
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Figure 3: (a) Cyclic loading protocol and (b) experimental results of the tests.

3

NUMERICAL MODELLING

As the ﬁnite element (FE) method is widely employed as an approach to develop numerical
prediction models, many researchers have been using it to support their investigation [19, 20,
21]. In this study, the COMSOL software has been used. The Johnson-Cook hardening law was
used to model the strain rate dependency of the plastic hardening; the material properties are
presented in Section 2.1 of this study. The 3D FE model geometry reproduced the half geometry
of the experiments, using symmetric conditions in order to minimize the computation effort. As
well as the simulation used similar boundary conditions and loading as in the experimental
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Figure 4: Lateral view of the specimen at the end of the monotonic test

program. A sensitivity analysis was conducted to identify the best meshing and, in total, 79759
elements were used (4-nodes solid elements). Contact conditions between two surfaces are
governed by kinematic constraints in the normal and tangential directions. The normal stress
at contact is either zero when there is a gap between the two surfaces, or compressive when
the surfaces are in contact. The contacts are deﬁned in the augmented Lagrangian method with
the penalty factor controls. In addition, material and geometric nonlinearities have been taken
into account. The nonlinear solver uses an afﬁne invariant form of the damped Newton method.
In this section, static analyses have been performed with increasing displacement, in the same
fashion of the experimental test. The numerical results were compared with the experimental
ones and the validation of the model was based on: (i) the force-displacement curves, and (ii)
the deformation shape of the specimen (Figure 5).

(a)

(b)

Figure 5: Top (a) and 3D (b) view of the specimen at the end of the monotonic test; the right hand side picture
highlights the plastic hinge in correspondence of the T-stub web and a circular pattern around the bolt.

4

CONCLUSIONS AND FUTURE RESEARCH NEEDS

This work explores the performance of a T-stub-like connection that can be used to improve
the seismic performance of pallet racking systems, with the aim of increasing the energy dissipation capacity of the upright frames. The sample was shown to have similar performance to
a standard T-stub, which is widely used to model the overall 3D behaviour of beam-to-column
connections of steel structures. This type of connection can be used for the construction of new
lateral resisting structures, as well as for the retroﬁtting of existing ones, where lateral loads are
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a problem.
5
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Abstract
The dynamic and earthquake response of a bell towers founded on soft soil layers is examined
here. The dynamic and earthquake response of such a bell towers is numerically simulated
together with a number of layers of the underlying soil. The earthquake response is examined
for a variety of load combination conditions employing design spectra as well as the ground
motion recorded at a small distance from this bell tower during a prototype earthquake motion.
Towards this end, the variation of the recorded ground motion due to the flexibility of these
underlying soil layers is also examined. The earthquake response is examined comparatively
in terms of global response parameters, such as base shear, overturning moment, and top displacements as well as peak stress values at particular parts of the bell tower that stress concentration occurs. These response values are studied in a comparative way in order to validate
these numerical simulations with the observed performance.

Keywords: Bell towers, In-situ Dynamic Measurements, Numerical Simulation, Earthquake
Response, Soil-structure Interaction.
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1

INTRODUCTION

Bell towers are structures that are of particular interest regarding their dynamic and earthquake response, which has been the subject of research in the past. A large number of bell
towers with dimensions much larger than the ones examined here are located in numerous cities in Italy and elsewhere. The largest percentage of these bell towers is built by stone or
brick masonry. In many cases earthquake activity constitutes the major cause of serious damage for bell towers that many times leads to partial or total collapse ([1] to [16]). Consequently, there is a major international concern for the stability of numerous bell towers. This
resulted to significant international research effort that includes in-situ monitoring of the response of bell towers on a temporary basis, like the one attempted here, or more sophisticated
and on a permanent basis Foundation problems for bell towers are evident in many case the
most celebrated being Pisa’s grand bell tower in Italy, that is quoted as a major medieval engineering error. Therefore, the soil flexibility is also an area of research interest for these
structures especially when their dynamic and earthquake response is under investigation ([19]
to [28].
This investigation was initiated by the observed performance of two relatively new bell
towers. Both these bell towers, built by reinforced concrete (RC) and founded on an RC foundation block did not sustain any structural damage. They were both founded on relatively
flexible soil although they were not any visible signs of soil deformation at the aftermath of
the strong seismic ground motion. For both towers in-situ measurements were performed aiming to investigate their main dynamic characteristics. From these measurements it became apparent that the flexibility of the underlying soil layers could have exerted an influence on the
seismic performance of these bell towers that should not be ignored. This was initially attempted by altering the flexibility of the supports of the RC foundation block utilizing linearly
flexible links between the foundation block and the underlying soil. This was successful, up to
a point, as shown by comparing the numerically predicted in this way fundamental translational periods of these bell towers to the corresponding values found from the in-situ measuring campaign. However, in this way the adopted approach did not address the influence of the
existing structures to the assumed earthquake ground motion, which was recorded at some
distance from these structures which were of considerable height (23m) with a foundation
block of considerable dimensions (4.5m x 4.5m in plan and more than 1m thick). Moreover, it
was interesting to observe that in the case of one of these bell towers (Havriata) the nearby
church was damaged as well as the South slope of the hill that both the bell tower and the
church were located showed signs of distress (see figures 1). In what follows, an investigation
is performed aimed to study the bell tower dynamic and earthquake response by numerically
simulating the structure of the bell tower and its foundation together with a considerable volume of the underlying soil. This investigation, for simplicity purposes, is performed in the 2D domain and assumes linear behaviour of both the soil and the superstructures. At a later
stage, this study can be extended at a later stage to a more complex numerical simulation in
the 3-D domain which could also include a more realistic behaviour of the soil volume than
that which is assumed at present. In what follows initially the acceleration at the bedrock is
approximated. Next, the response of the soil volume is studied in three different configurations; the first assumes only the given soil volume the second this soil volume with a simple
superstructure numerically simulating the church and the third configuration includes the given soil volume together with simple numerical simulations of both the church and the bell
tower. The obtained numerical predictions are presented and discussed.
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Fig. 1. The Church and the bell tower of the Panagia Agriliotissa at Havriata, Kefalonia-Greece together with the
interior and exterior damage of the church and the South slope.

2

ESTIMATING THE ROCK ACCELERATION.

In what follows a study is performed using the ground acceleration (figure 2) recorded
during the 3rd of February 2014 earthquake sequence at Havriata village in Kefalonia island
[3]. The two horizontal and the vertical components of this record are used as input together
with a soil volume that is assumed to be 30m deep. For layers deeper than 30m it is assumed
that these layers have mechanical properties close to those of a rocky formation. The soil volume above this rocky substrate is divided in three layers having a 10m depth each. Three dif-
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ferent soil profiles are studied whereby the properties of the upper layer are only varied whereas the properties of the other two underlying layers remain constant. Two types of analyses
are performed using a 2-D software for this purpose. The first type of analysis assumes linear
behaviour of the soil volume that depends on the given elastic mechanical properties of the
soil layers. The second type of analysis assumes a certain soil non-linear behaviour as it is simulated by given options in this software [17].
2.1

Linear behaviour of the underlying soil layers.

Initially, linear behaviour of the underlying soil layers are assumed with elastic properties
listed in table 1. The following values of the soil properties are listed in this table. Young’s
Modulus E (Mpa), Shear Modulus G (Mpa), Mass density ρ (ΚΝsec2/m4) , and Shear wave
velocity υ (m/sec) given by equation 1.
υ = (G / ρ ) 0.5
Depth
(m)
0 to -10
0 to -10
0 to -10
-10 to -20
-20 to -30
Deeper than -30m

(1)
E
(MPa)
465
300
100
1000
2000
50000

Soil Profiles
1st Profile
2nd Profile
3rd Profile
st
nd
1 , 2 and 3rd Profiles
1st, 2nd and 3rd Profiles
1st, 2nd and 3rd Profiles

G
(MPa)
194
125
41.67
417
833
20833

ρ
(KNsec2/m4)
1.835
1.835
1.835
1.835
1.835
1.835

υ
(m/sec)
325
261
150
477
674
1066

Table 1. Elastic properties of the soil layers
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Figure 2. The recorded at Havriata earthquake ground motion in terms of two horizontal and the vertical acceleration components.

In what follows, the software STRATA [17] assuming linear behaviour of all the under lying soil layers with values of these elastic properties listed in table 1. Based on these values and
using as input information the acceleration components of the recorded ground motion at the surface of the Havriata town the corresponding components are obtained at bedrock, assumed to be at
layers deeper than 30m from the soil surface. The results are obtained in two forms, either as acceleration time history or as the relevant acceleration elastic response spectral curve (for 5% damping
ratio). Along these lines a parametric study is performed whereby the 3 three soil profiles listed in
table 1 were analyzed. The obtained results in terms of either acceleration time history components
at bedrock or acceleration elastic response spectral curves (for 5% damping ratio) are depicted in

2946

George C. Manos

figure 2 (soil profile 1) for the two horizontal and the vertical component of the Havriata 3 rd of February 2014 record of the earthquake ground motion. For soil profiles 2 and 3 the corresponding results are depicted in figures 3 and 4, respectively. As it is listed in figures 2, 3 and 4 as well as from
the values listed in Table 1 soil profile 1 corresponds to a relatively stiff soil, soil profile 2 to a
moderately stiff soil whereas soil profile 3 corresponds to a relatively flexible soil.
Havriata 3rd February 2014 Earthquake Acceleration
Record - Soil profile 1 (Linear)
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Figure 2. The obtained acceleration components at the bedrock for the Havriata earthquake ground motion in
terms of two horizontal and the vertical acceleration components or the corresponding elastic response spectral
curves (for 2% damping ratio). Soil Profile 1 (Linear) Upper layer relatively stiff.
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Figure 3. The obtained acceleration components at the bedrock for the Havriata earthquake ground motion in
terms of two horizontal and the vertical acceleration components or the corresponding elastic response spectral
curves (for 2% damping ratio). Soil Profile 2 (Linear) Upper layer moderately flexible.
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Figure 4. The obtained acceleration components at the bedrock for the Havriata earthquake ground motion in
terms of two horizontal and the vertical acceleration components or the corresponding elastic response spectral
curves (for 2% damping ratio). Soil Profile 3 (Linear) Upper layer relatively flexible.
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Figure 5. Comparison of the acceleration spectral curves obtained from the recorded components of the seismic
ground motion at Havriata and the corresponding acceleration spectral curves from the acceleration components
obtained from STRATA software at the bedrock for the three soil profiles.
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Figure 5 summarizes the results of figures 2, 2 and 4 in terms of acceleration spectral
curves derived from the acceleration components obtained at bedrock by utilizing STRATA
software assuming soil properties for three soil profiles listed in table 1 and assuming linear
behaviour. In the same figures the spectral curves at the surface of the soil volume derived
from the three components of the recorded seismic ground motion at Havriata are also plotted.
Moreover, at the top right of this figure the spectral curve of the East-West component of the
recorded during the seismic event ground motion is compared with the corresponding spectral
curve found by applying the STRATA software in the inverse way. That is, using as bedrock
acceleration the one found for soil profile 3 is used as input to obtain through this software the
acceleration at the surface of the soil-volume. Then, the spectral acceleration curve for 5%
damping ratio is found and potted. As can be seen, these two spectral acceleration curves, the
original one from the actual record and the one employing STRATA software, combining the
direct and the inverse process, are identical. Moreover, from the results depicted in figures 2,
3, 4 and 5 it can be seen that that both the acceleration time histories and the corresponding
acceleration spectral curves are deflated when they are compared with the corresponding values at the soil volume surface of the originally recorded ground acceleration. It can also be
observed, that this deflation, is larger for soil profile 3 than for either soil profile 2 or soil profile 1. Inversely, the more flexible the soil profile the more intense the amplification of the
ground acceleration at the surface either in terms of time history or acceleration spectral values.
2.2

Non-Linear behaviour of the underlying soil layers

The linear analyses with the STRAT software, previously described, were followed by additional analyses assuming non-linear properties for the underlying soil layers. Two additional
soil profiles were used here, as a non-linear variation of the linear 3rd soil profile listed in table 1. First, the 4th soil profile is formed by assuming at the upper soil layer (0 to -10m depth)
the soil properties representative of “Imperial Valley soil”, which is an option included in the
software and represents relatively stiff soil. Next, the 5th soil profile is formed by assuming at
the upper soil layer (0 to -10m depth) the soil properties representative of the “Idriss weak
clay”, which is another option included in the software and represents relatively flexible soil.
These two soil profiles are listed in table 2. Again, the properties of the layers deeper than 10m are the same for both the 4th and the 5th soil profile as listed in table 2. In reference [18] a
study on the influence of the plasticity index (PI) on the cyclic stress‐strain parameters of saturated soils needed for site‐response evaluations and seismic microzonation is presented.
Ready‐to‐use charts are included, showing the effect of PI on the location of the modulus reduction curve G/Gmax versus cyclic shear strain γc, and on the material damping ratio λ versus γc curve. The charts are based on experimental data from 16 publications encompassing
normally and overconsolidated clays (OCR=1−15), as well as sands. It is shown that PI is the
main factor controlling G/Gmax and λ for a wide variety of soils; if for a given γc PI increases,
G/Gmax rises and λ is reduced. Similar evidence is presented showing the influence of PI on
the rate of modulus degradation with the number of cycles in normally consolidated clays. It
is concluded that soils with higher plasticity tend to have a more linear cyclic stress‐strain response at small strains and to degrade less at larger γc than soils with a lower PI. Possible reasons for this behavior are discussed. A parametric study is presented showing the influence of
the plasticity index on the seismic response of clay sites excited by the accelerations recorded
on rock in Mexico City during the 1985 earthquake”. For the 4th and 5th soil profiles the nonlinear variation of the assumed shear modulus and damping depending on the strain amplitude is depicted in figures 5 and 6.
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4th Non-linear Profile
Relatively stiff soil
Imperial Valley (Soils 0-300ft)
Vucetic & Dobry PI=100
Vucetic & Dobry PI=200

Layer No.
Depth (m)
Layer 1 (0 to10m)
Layer 2 (-10m to -20m)
Layer 3 (-20m to -30m)

5th Non-linear Profile Relatively flexible soil
Idriss, Weak-Clay
Vucetic & Dobry PI=100
Vucetic & Dobry PI=200

Table 2. Non-linear soil profiles 4th and 5th.

Figure 6. The assumed non-linear variation of the shear modulus with strain amplitude (left). The assumed nonlinear variation of the damping ratio with strain amplitude (right).
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Figure 7. The obtained acceleration components at the bedrock for the Havriata earthquake ground motion in
terms of two horizontal and the vertical acceleration components or the corresponding elastic response spectral
curves (for 2% damping ratio). Soil Profile 4th (Non-Linear) Upper layer relatively stiff.
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Figure 8. The obtained acceleration components at the bedrock for the Havriata earthquake ground motion in
terms of two horizontal and the vertical acceleration components or the corresponding elastic response spectral
curves (for 2% damping ratio). Soil Profile 5th (Non-Linear) Upper layer relatively flexible.
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The obtained acceleration at bed rock, in terms of either acceleration time histories or
response spectral curves are depicted in figures 7 and 8 for soil profiles 4th and 5th, respectively. In the spectral curves plots the corresponding spectral curves for soil profile 3 assuming
linear behaviour are also plotted. In the same plots the corresponding seismic ground acceleration recorded during the February 2014 earthquake sequence, either in terms of time history
or in terms of the corresponding acceleration spectral curves for 5% damping ratio are also
shown. Moreover, in figure 9 the spectral curve of the East-West component of the recorded
during the seismic event ground motion is compared with the corresponding spectral curve
found by applying the STRATA software in the inverse way. That is, using as bedrock acceleration the one found for soil profile 4 (left of figure 9) or soil profile 5 (right of figure 9) is
used as input to obtain through this software the acceleration at the surface of the soil-volume.
Then, the spectral acceleration curve for 5% damping ratio is found and plotted in this figure.
As can be seen, these two spectral acceleration curves, the original one from the actual record
and the one employing STRATA software, combining the direct and the inverse process, are
differing with the best agreement achieved for soil profile 5. As was observed from the results
obtained assuming linear behaviour from the results depicted in figures 7 and 8 it can be seen
that that assuming non-linear behaviour both the acceleration time histories and the corresponding acceleration spectral curves are deflated when they are compared with the corresponding values at the soil volume surface from the originally recorded ground motion. It can
also be observed, that for small eigen-period values (0.1 to 0.4 sec) this deflation, is smaller
when assuming non-linear (soil profiles 4 and 5) than when assuming linear behaviour (soil
profile 3). Inversely, the non-linear soil behaviour the less intense the amplification of the
ground acceleration at the surface either in terms of acceleration spectral values for small eigen-period values (0.1 to 0.4 sec). The opposite is true for relatively large period values (0.4
to 1.0 sec). Following the inverse approach for soil profile 4 and 5 and assuming non-linear
behaviour it can be seen that for soil profile 5 (figure 9, right) the predicted spectral values in
the period range from 0.3sec to 0.4 sec there are amplified when compared with the corresponding values of the original record. The opposite is true for soil profile 4 (figure 9, left).
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Figure 9. Comparison of the
acceleration
spectral curves obtained from the recordedPeriod
components
of the seismic
ground motion at Havriata and the corresponding acceleration spectral curves from the acceleration components
obtained from STRATA software at the bedrock for the three soil profiles.

3

TWO DIMENSIONAL (2-D) NUMERICAL SIMULATION OF THE SOIL
LAYERS, THE CHURCH AND THE BELL TOWER.

In what follows an 2-D numerical simulation is presented of the soil layers studied in section 2
assuming linear behaviour. Again, three soil layers are numerically simulated with a depth of 10m
each having mechanical properties the ones listed in Table 1 for soil profile 3.
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70m

50m

Only Soil

Fig. 10. 2-D Numerical simulation of the soil layers under the bell tower and the church (up to 30m depth and
120m long)

At the depth of 30mm from the surface the boundary is considered with fixed base conditions. At this boundary, the North-South acceleration time history was applied, obtained for
the bedrock through STRATA software for soil profile 3, as described in section 3. The length
of the soil formation is equal to 120m, with the vertical boundaries being confined with horizontal links having a finite stiffness of 1000KN/mm. An attempt is made to numerical simulate the slope of the hill present at the South side of the damaged church at Havriata (see fig 1).
An attempt was also made to have a 2-D numerical representation of the bell tower and the
church respecting their basic dimensions and the relative distance between them. Moreover,
the eigen-period values for the fundamental North-South translational eigen-modes. The dynamic characteristics of these simple representations of either the bell tower or the church are
in good agreement with corresponding values found from more detailed 3-D numerical representations of these structures being also partially validated with in-situ measurements.
Church +
Bell Tower

Only Church

Fig. 11. 2-D Numerical simulation of the soil layers under the bell tower and the church (up to 30m depth) together with simple numerical models of the church, the bell tower and its foundation.

3.1. Study of eigen-modes and eigen-periods
In figures 10 and 11 the studied 2-D numerical simulations for the three configurations,
namely “only Soil”, “only Church” and “Church+Bell Tower” are shown. In all these configurations the numerical simulation of the soil volume remains the same. Moreover, in all the
analyses the employed excitation also remains the same, that is bedrock horizontal component
that was derived by applying STRATA software for soil profile 3 (linear behaviour – Table 1)
using as input the North-South horizontal component of the seismic ground motion recorded
in the village of Havriata during the 3rd of February 2014 earthquake sequence (see figure 4).
In what follows first the numerically predicted eigen-modes and eigen-periods are shown
for the previously described three configurations. These are presented in the form of a table
(Tables 3, 4 and 5) listing the first seven (7) eigen-modes in terms of eigen-period values with
the corresponding modal mass participation ratio values. These eigen-modes are with respect
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to one horizontal (x-x) and one vertical (z-z) directions. Figures 13, 14 and 15 depict the corresponding mode-shapes.
Only Soil-3
Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6
Mode 7

Period (sec)

UX %

UZ %

SumUX %

SumUZ %

0,289
0,241
0,202
0,196
0,190
0,182
0,177

32.0
0.1
1.0
0.3
0.1
0
1.3

0
0
1.2
26.0
4.3
0.9
0.7

32.0
32.0
34.0
34.0
34.0
34.0
36.0

0
0
1.2
28.0
32.0
33.0
33.0

Table 3. Eigen-periods and modal mass participation ratio – Only Soil (Soil-3)

Mode 1
0.289sec
Ux=32%

Undeformed

Mode 3
0.202sec
Ux=1.8% Uz=1.2%

Mode 2
0.241sec
Ux=0.1%

Mode 4
0.196sec
Ux=0.3% Uz=26.0%

Mode 5
0.190sec
Ux=0.1% Uz=4.3%

Mode 7
0.177sec
Ux=1.3% Uz=0.7%

Mode 6
0.182sec
Ux=0.0% Uz=0.9%

Figure 12. Eigen-modes, eigen-periods and modal mass participation ratio – Only Soil-3

Only Soil-1

Period (sec)

UX %

UZ %

SumUX %

SumUZ %

Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6
Mode 7

0,200
0,158
0,141
0,133
0,130
0,118
0,112

55.2
0.2
0.9
1.7
0.7
0.7
10.5

0.1
0
45.8
5.1
0
3.9
0.1

55.2
55.4
56.3
57.9
58.6
59.4
69.9

0.1
01
45.9
51.1
51.1
55.0
55.1

Table 4. Eigen-periods and modal mass participation ratio – Only Soil (Soil-1)
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Undeformed

Mode 1
0.200sec
Ux=55.2%

Mode 2
0.158sec
Ux=0.2%

Mode 3
0.141sec
Ux=0.9%
Uz=45.8%

Mode 4
0.133sec
Ux=1.7%
Uz=5.1%

Mode 5
0.130sec
Ux=0.7%
Uz=0%

Mode 6
0.118sec
Ux=0.7%
Uz=3.9%

Mode 7
0.112sec
Ux=10.5%
Uz=0.1%

Figure 13. Eigen-modes, eigen-periods and modal mass participation ratio – Only Soil-1
Soil-3 + Church
Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6
Mode 7

Period (sec)

UX %

UZ %

SumUX %

SumUZ %

0,301
0,267
0,236
0,203
0,197
0,193
0,183

23.8
8.1
0.2
1.8
0.4
0
0.1

0
0
0
2.4
29.9
0.8
0.2

23.8
31.9
32.1
33.9
34.3
34.3
34.5

0
0
0
2.4
32.4
33.2
33.4

Table 5. Eigen-periods and modal mass participation ratio – Only Church (Soil-3)

2956

George C. Manos

Undeformed

Mode 1
0.301sec
Ux=23.8%

Mode 2
0.267sec
Ux=8.1%

Mode 3
0.236sec
Ux=0.2% Uz=0.0%

Mode 5
0.197sec
Ux=0.4% Uz=29.9%

Mode 4
0.203sec
Ux=1.8% Uz=2.4%

Mode 7
0.183sec
Ux=0.1% Uz=0.2%

Mode 6
0.193sec
Ux=0.0% Uz=0.8%

Figure 14. Eigen-modes, eigen-periods and modal mass participation ratio – Church Soil-3

Soil-1 + Church
Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6
Mode 7

Period (sec)

UX %

UZ %

SumUX %

SumUZ %

0,232
0,198
0,155
0,141
0,134
0,129
0,116

4.5
50.8
0.3
0.7
1.5
1.0
0.1

0
0.1
0
0
47.8
0.1
3.0

4.5
55.3
55.7
56.4
57.8
58.8
59.0

0
0.1
0.1
47.9
51.8
51.9
54.9

Table 6. Eigen-periods and modal mass participation ratio – Church (Soil-1)

Mode 1
0.232sec
Ux=4.5%

Mode 2
0.198sec
Ux=50.8% Uz=0.1%

Figure 15. Eigen-modes, eigen-periods and modal mass participation ratio – Church Soil-1
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Soil-3 + Church + Tower

Period (sec)

UX %

UZ %

SumUX %

SumUZ %

Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6
Mode 7

0,326
0,294
0,261
0,231
0,201
0,196
0,194

9.8
13.2
9.2
0.5
0.3
1.6
0

0
0
0
0
23.1
8.9
0.5

9.8
23.0
32.2
32.7
33.0
34.5
34.5

0
0
0
0
23.1
31.9
32.5

Table 7. Eigen-periods and modal mass participation ratio – Church + Bell Tower (Soil-3)

Mode 1
0.326sec
Ux=9.8%

Undeformed

Mode 2
0.294sec
Ux=13.2%

Mode 3
0.261sec
Ux=9.2% Uz=0.0%

Mode 4
0.231sec
Ux=0.5% Uz=0.0%

Mode 5
0.201sec
Ux=0.3% Uz=23.1%

Mode 7
0.194sec
Ux=0.0% Uz=0.5%

Mode 6
0.196sec
Ux=1.6% Uz=8.9%

Figure 16. Eigen-modes, eigen-periods and modal mass participation ratio – Church + Bell Tower Soil-3
Soil 1+ Church+Tower

Period (sec)

UX %

UZ %

SumUX %

SumUZ %

Mode 1
Mode 2
Mode 3
Mode 4
Mode 5
Mode 6
Mode 7

0,232
0,216
0,193
0,155
0,142
0,134
0,128

5.4
12.9
37.3
0.4
0.5
1.1
1.4

0
0
0.1
0
49.7
0.9
0.4

5.4
18.3
55.6
56.0
56.5
57.6
59.0

0
0
0.1
0.1
49.8
50.7
51.2

Table 8. Eigen-periods and modal mass participation ratio – Church + Bell Tower (Soil-1)
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Mode 1
0.232sec
Ux=5.4%

Mode 2
0.216sec
Ux=12.9%

Mode 3
0.193sec
Ux=37.3% Uz=0.1%

Fig. 17. Eigen-modes, eigen-periods and modal mass participation ratio–Church+Bell Tower (Soil-1)

For soil profile 3 it can be seen from tables 3,5 and 7 and from figures 12, 14 and 16 the
main horizontal translational x-x eigen-modes are at 0.3sec period range whereas the corresponding main vertical z-z translational eigen-modes are at the period range of 0.2sec for all
three studied configurations. Both these modes mobilize approximately 30% of the total mass.
For soil profile 1 it can be seen from tables 4,6 and 8 and from figures 13, 15 and 17 the main
horizontal translational x-x eigen-modes are at 0.22sec period range whereas the corresponding main vertical z-z translational eigen-modes are at the period range of 0.14sec for all three
studied configurations. Both these modes mobilize approximately 50% of the total mass.
Only Soil-3

Period (sec)

UX %

UZ %

Mode 1
Mode 4

0,289
0,196

32.0
0.3

0
26.0

Soil-3 + Church

UX %

UZ %

Mode 1
Mode 5
Soil-3 + Church+Tower

Period (sec)
0,301
0,197
Period (sec)

23.8
0.4
UX %

0
29.9
UZ %

Mode 1
Mode 2
Mode 3
Mode 5
Mode 6
Only Soil-1

0,326
0,294
0,261
0,201
0,196
Period (sec)

9.8
13.2
9.2
0.3
1.6
UX %

0
0
0
23.1
8.9
UZ %

Mode 1
Mode 3
Mode 7
Soil-1 + Church

0,200
0,141
0,112
Period (sec)

55.2
0.9
10.5
UX %

0.1
45.8
0.1
UZ %

Mode 1
Mode 2
Mode 5
Soil-1 + Church+Tower

0,232
0,198
0,134
Period (sec)

4.5
50.8
1.5
UX %

0
0.1
47.8
UZ %

Mode 1
Mode 2
Mode 3
Mode 5

0,232
0,216
0,193
0,142

5.4
12.9
37.3
0.5

0
0
0.1
49.7

Table 9. Summary of the main eigen-periods and modal mass participation ratio values
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Mode 1
0.289sec
Ux=32%

Mode 4
0.196sec
Ux=0.3% Uz=26.0%

Mode 1
0.301sec
Ux=23.8%

Mode 5
0.197sec
Ux=0.4% Uz=29.9%

Mode 2
0.294sec
Ux=13.2%

Mode 1
0.326sec
Ux=9.8%

Mode 3
0.261sec
Ux=9.2% Uz=0.0%

Figure 18. Summary of the main eigen-modes, eigen-periods and modal mass participation ratio – for all
three configurations. (Soil-3)

Mode 1
0.200sec
Ux=55.2%

Mode 2
0.198sec
Ux=50.8% Uz=0.1%

Mode 1
0.232sec
Ux=5.4%

Mode 2
0.216sec
Ux=12.9%

Mode 3
0.193sec
Ux=37.3% Uz=0.1%

Figure 19. Summary of the main eigen-modes, eigen-periods and modal mass participation ratio – for all
three configurations. (Soil-1)
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These eigen-mode and eigen-period results are also summarized in table 9 and figure 18
(Soil profile 3) and figure 19 (Soil profile 1). As can be seen from table 9 and from figures 18
and 19 the presence of the bell tower together with the church introduces a larger number of
eigen-modes that participate in a significant way either in the x-x or in the z-z translation. The
values of the eigen-periods of these eigen-modes for the configuration of the “bell tower +
church” are quite close to the corresponding period range of either the configuration of “only
soil” or the “soil and church”. It is also interesting to note that for the configuration of the
“bell tower + church” the first translational x-x eigen mode involves mainly the bell tower
whereas the second and the third translational x-x eigen-modes involve both the bell tower
and the church. As was expected, the eigen-periods of the main eigen-modes or the relatively
stiff soil profile (soil-1) have smaller values (0.22sec) than the corresponding values (0.3sec)
for the relatively flexible soil profile (soil-3). It is interesting to note that for both soil profiles
the most significant horizontal translational eigen-modes involve the bell tower together with
the church. Therefore, from the study of these eigen-modes it can be concluded that the flexibility of the soil results in vibratory modes coupling both the bell tower and the church. The
detrimental effect of the foundation-soil flexibility has been demonstrated in many cases of
Greek Orthodox stone masonry churches damaged from past earthquake activity ([19] to [30]).
4

CONCLUSIONS

- The increased flexibility of the upper soil layers of the studied soil formation results in
the coupling of the dynamic response of the bell tower and the church. This is evident from
the study of the significant mode shapes.
- The increased flexibility of the upper soil layers of the studied soil formations and the
coupling of the dynamic response of the bell tower and the church results in a vertical acceleration response at the locality between the bell tower and the church which of comparable
amplitude to that of the vertical acceleration recorded at the soil surface directly from the
seismic event.
- The above conclusions may partly explain the severity of structural damage that was observed at the church of the Panagia Agriliotissa at Havriata, Kefalonia-Greece, as depicted in
figure 1.
- Attention should be given in erecting new bell towers of considerable height at location
close to existing masonry churches. The amplification of the seismic response of the church,
due to such dynamic coupling effects, could be critical especial for old masonry structures
having relatively small resistance to considerable seismic forces, as was the case for the studied church at Havriata.
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Abstract
Unreinforced masonry made of stone and low strength mortar has been used for centuries in
forming the structural system of old type buildings. Wooden roofs were also used as part of
such structural systems. The influence of the connections of such wooden roofs with the vertical masonry walls is the objective of this study. A number of old stone-masonry buildings
used as leather factories in the island of Samos-Greece are employed in this investigation.
The wooden roofs of these buildings collapsed either partly or totally during the recent earthquake of October 2020. Initially, the dynamic behaviour typical forms of such buildings with
wooden roofs are studied. A variation of the connections of such a wooden roof with the vertical stone masonry walls is studied in a parametric way. Next, the earthquake response of the
same structural formations are also studied using again the variation of these connections as
the main parameter. Towards this end earthquake design spectra are used as well as the acceleration recordings of this earthquake ground motion by an instrument located in the Samos island. Numerical simulation results are presented and discussed. Through the
comparison of the obtained numerical predictions with the observed behaviour the validity of
the numerical approach is discussed.
Keywords: Wooden roof, Stone masonry; weak mortar; Gravitational forces, Seismic actions,
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1

INTRODUCTION

An earthquake occurred 16km North from the Greek island of Samos on the 30th
of October 2020 (11:51GMT) with a magnitude of M6.7 (Fig. 1). This island is located at the
East side of the Aegean Sea an area seismically active ([1], to [7]) The main event caused
widespread structural damage mainly at numerous low-rise old unreinforced masonry buildings of this island. It all also caused heavy damage and collapse of multi-story reinforced concrete (R/C) buildings at the city of Izmir located at the coastline of mainland Turkey towards
the North-East, approximately 60km from the epicenter of this earthquake. This study focuses
on the effects of this seismic strong motion on the Greek island of Samos. The Institute of
Engineering Seismology and Earthquake Engineering (ITSAK) operates a strong motion accelerograph at the city of Vathi, the capital of Samos. The ground accelerations at Vathi due
to the main shock were recorded by this instrument (see preliminary report of ITSAK, [6] and
ETAM [7]) having peak horizontal ground acceleration 227cm/sec2 and peak vertical ground
acceleration 134cm/sec2.The main event was followed by a considerable number of aftershocks, with the aftershock sequence being still active. (Fig. 2).

Figure 1. Map indicating the epicenter of the 30th of October 2020 seismic event

Izmir

Chios

Ikaria

Samos

Figure 2. The epicenter of the 30th of October 2020 main event and the following aftershock sequence

The most spectacular structural damage could be observed at the two main cities in the island,
its capital (Vathi) and Karlovaisi 25km to the West (Fig. 3). Due to the location of the epicen-
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ter, having the same epicentral distance from both Vathi and Karlovasi, and due to the generating mechanism of this earthquake that followed an almost East-West fault line, as can be
seen from the aftershock sequence, it can be reasonably assumed that the strong motion characteristics at Karlovasi would be quite similar to those of the recorded strong motion at Vathi.
This assumption will be made use of in the section presenting selected numerical analyses
predictions of the structural response of damaged buildings [8].

Karlovasi

Vathi

Figure 3. Map of the North cost-line of the island of Samos where the two main cities of Vathi and Karlovasi are
located.

1.1

The recorded ground motion

In figure 3 the recordings of the earthquake ground motion, in terms of ground acceleration,
velocity and displacement in the two horizontal directions are shown [6]. Due to the location
of the epicenter, the same epicentral distance of both the city of Vathi and the city of Karlovasi from the epicenter (see figures 1, 2, 3) and due to the generating mechanism of this earthquake that followed the almost East-West fault line, as can be seen from the aftershock
sequence it can be reasonably assumed that the strong motion characteristics at Karlovasi
would be quite similar to those of the recorded strong motion at Vathi.
Samos-Greece 30-10-2020 Earthquake
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y-y for the
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Figure 4. Horizontal ground acceleration recorded at 30th October 2020 at Vathi by an instrument managed by
the Institute of Earthquake Engineering and Engineering Seismology (ITSAK, see reports [6] and [7]).

Figure 5 depicts the inelastic acceleration response spectral curves of the two horizontal
components of the recorded ground motion at Vathi (Fig. 4) for 5% damping ratio and ductility factor m=1.5. In the same figure the design spectral curves as predicted by Euro-Code 8 are
also shown. These design spectral curves were obtained for ground design acceleration equal
to 0.24g (g= the acceleration of gravity) and for two different soil categories either soil C
(flexible soil) or soil D (very flexible soil). This peak design ground acceleration is in accor-
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dance with the seismic zoning map of Grrece [ ]. It is also assumed that the soil conditions
near the coastline either at Vathi or at Karlovasi will belong to either one of these two soil
conditions. Moreover, these design spectral curves are employing damping ratio equal to 5%
and response modification factor q=1.5 (the same as the ductility factor value for the inelastic
spectral cuves) and importance factor equal to 1 (γ=1). Finally, the design spectral curves are
obtained for either type 1 or type 2 earthquake design motion, as specified by Euro-Code 8 [ ].
Type 2 is suppose to represent an earthquake hazard from an event with a magnitude lesser
than M=5.5 on the Richter scale.
Samos Main shock 30th October 2020
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Constant ductility (μ) Response spectra

EuroCode Type 1

500

EuroCode Type 2

400
Soil C, ag=0.24g
γ=1 q=1.5

300
200
100

EuroCode Type 1

500
400

EuroCode Type 2

300

Soil C ag=0.24g
γ=1 q=1.5

200
100
0
0

0
0

0,2

0,4

0,6

0,8
1
1,2
Period (sec)

1,4

1,6

1,8

Soil D, ag=0.24g
γ=1 q=1.5

700
600

800

ξ=5% μ=1.5 N42E
EuroCode Type 1

500

EuroCode Type 2

400

0,4

0,6

0,8
1
1,2
Period (sec)

1,4

1,6

1,8

2

Samos Main shock 30th October 2020
N48W Horizontal Component (x-x building)
Constant ductility (μ) Response spectra

300
200

Aceleration response
(cm/sec2)

800

0,2

2

Samos Main shock 30th October 2020
N42E Horizontal Component (y-y building)
Constant ductility (μ) Response spectra

Aceleration response
(cm/sec2)

ξ=5% μ=1.5 N48W

600

Soil D, ag=0.24g
γ=1 q=1.5

700
600
500

ξ=5% μ=1.5 N48W
EuroCode Type 1
EuroCode Type 2

400
300
200
100
0

100

0

0
0

0,2

0,4

0,6

0,8
1
1,2
Period (sec)

1,4

1,6

1,8

2

0,2

0,4

0,6

0,8
1
1,2
Period (sec)

1,4

1,6

1,8

2

Figure 5. Comparison of inelastic response spectra (based on the horizontal ground acceleration recorded at 30th
October 2020 at Vathi. [ ]) and Euro-code 8 design spectra.

From the comparison between these inelastic response spectra (based on the horizontal
ground acceleration recorded at 30th October 2020 at Vathi and the corresponding Euro-code
8 design spectra (either Type 1 or 2 and either soil category C or D, [9] to [14]) the following
observations can be made. a) Type 1 design spectra agree better with the inelastic response
spectra (based on the recorded ground motion) than type 2 design spectra. b) The type 1 design spectra for soil category D have spectral acceleration amplitudes that are larger in almost
all the plotted period range than the corresponding inelastic response spectra values (based on
the recorded ground motion). c) The type 1 design spectra for soil category C have spectral
acceleration amplitudes that are larger in almost all the plotted period range, apart from the
period range between 0.45sec. and 0.61sec., than the corresponding inelastic response spectra
values (based on the recorded ground motion).
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2

ANALYSED STRUCTURES

In many Greek islands as well as at the old part of city-centers in many Greek cities a considerable number of old buildings still survives despite the destruction due to the military operations or the frequent earthquake activity. A considerable number of such buildings were
demolished to give room to the extended urban development that took place after World War
II and the tourism activity that followed, particularly in the islands. However, during the last
four decades a conservation effort became quite strong endorsing a number of such building
in a conservation register being under special legislative protection. In this category belong
the buildings depicted in figures 6 and 7. These buildings were used as leather processing
factories an activity that was prominent in Samos island from the end of the 9th century till
World War II when started declining. A number of these buildings were left unoccupied and
without any maintenance, which makes them vulnerable to strong earthquake excitations apart
from the used construction system which unreinforced stone masonry walls covered by a
wooden roof

Figure 6. Old industrial buildings under conservation status

Figure 7. Old industrial buildings (Tambakia) at the coastline of Karlovasi

The earthquake performance of this type of structures is dominated by certain response mechanisms that can be characterized as “global”. These mechanisms include a) the
connection of the wooden roof to the masonry walls b) the interconnection of the masonry
walls at the corners and c) the foundation deformability including the potential of partial uplifting at the foundation due to tensile forces arising from excessive overturning moment response and uneven foundation settlements (see [13], [17]). All these mechanisms are nonlinear in nature and it is many times difficult to quantify them in order to include their influ-
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ence in realistic numerical approximations. An additional obstacle in the effort to evaluate in a
realistic way the earthquake performance of these structures arises from the difficulty in assessing the actual strength of the materials and the structural elements built with these materials.
Damaged Old Factories

Damaged Church

Figure 8. Map indicating the location of the damaged old industrial buildings in Karlovasi- Samos

In figure 4 the recordings of the earthquake ground motion, in terms of ground acceleration,
velocity and displacement in the two horizontal directions are shown. Due to the location of
the epicenter, the same epicentral distance of both the city of Vathi and the city of Karlovasi
from the epicenter (see figures 1, 2, 3 and 8) and due to the generating mechanism of this
earthquake that followed the almost East-West fault line, as can be seen from the aftershock
sequence (figure 2) it can be reasonably assumed that the strong motion characteristics at Karlovasi would be quite similar to those of the recorded strong motion at Vathi. In the subsequent numerical simulation the inelastic acceleration response spectra values, obtained from
the recorded ground acceleration at Vathi for response modification factor q=1.5, are employed. Based on the previous stated rational this earthquake excitation is believed to be a realistic approximation for the analysed structures located at the she-shore of Karlovasi, as
indicated in figure 8. In the following a simplified numerical methodology is followed in order to predict the earthquake performance of the studied stone masonry industrial building.
During past research a number of simple or complex numerical approaches have been applied
for such vulnerable stone masonry structures damaged by past earthquakes ([15] to [30]).
2.1

Elastic numerical simulation

The numerical model of this industrial building with its wooden roof is depicted in figure 9.
The wooden roof elements are connected with the masonry peripheral walls without transferring any bending moments. The stiffness of this connection is a parameter that is varied in this
investigation. Summary results form various numerical dynamic spectral analyses are presented and discussed here. The numerical model of figure 9 represents a simplification of the
Karlovasi leather processing factory depicted in figure 10, which can be seen being formed by
two identical parts with respect to a longitudinal axis of symmetry parallel to x-x axis. At first,
one of these parts is numerical simulated, as is shown in figure 9. Without verification of the
actual geometry and the exact orientation of this building the length is assumed equal to
22.5m and 10m in the x-x and y-y directions, respectively. The height from ground level to
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the top of the roof is assumed equal to 10m. Eight (8) trusses are assumed to form the wooden
roof equally spaced along the x-x direction, as shown in figure 9. This wooden roof is connected to both the longitudinal walls at certain location though the transverse beams forming
the bottom part of these wooden trusses. Moreover, This wooden roof is also connected by a
series of longitudinal wooden beams with the gables of the two transverse wall (parallel to the
y-y direction). In the subsequent numerical analysis the x-x direction is presumed to coincide
with the N48W component of the recorded ground motion whereas the y-y direction with the
N42E component.

y-y

x-x

Figure 9. Simplified numerical model of a typical industrial
building

10. A two-story twin industrial building of
unreinforced masonry

As already mentioned, the influence of the connections of the wooden roof with the
peripheral masonry walls is the objective of this parametric simplified numerical simulation.
This is done as follows. Initially, the wooden beams are considered as pinned to the masonry
walls, capable of transferring axial and shear forces (not bending moments) in a way that the
displacements of the wooden end is the same as the point of the masonry wall it is connected
to (rigid connection). Next, this connection is done through flexible 3-D links with limited
stiffness thus allowing a relative displacement between the end of the wooden beam at its
connecting location of the masonry wall. By decreasing the stiffness of these 3-D links the
level of force that can be transferred between these two media can be limited. Moreover, by
decreasing the stiffness of these 3-D links the restrain that is enforced by the interaction between the wooden roof and the masonry walls is also decreased. These effects will be shown
in the following discussion. It should be recognized that is a simplification of the actual interaction that is a more complex non-linear mechanism than what is described here. Despite this
simplification, the influence of such a flexible connection is being presented and discussed
here.
2.2

Modal analysis.
Initially, the most significant eigen-modes of the simplified numerical model depicted in
figure 9 having three different wooden-beam to masonry-wall connections is studied. As
mentioned, these connections are: 1-Rigid, 2-Moderately flexible and 3-Flexible. The obtained modal shapes, modal periods and modal mass participation ratio values are presented in what follows.
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1-Rigid connections

T1=0.215sec Ux=0.0% Uy=83.0%

T3=0.116sec Ux=57.1% Uy=0.0%

2-Moderately flexible connections

T1=0.279sec Ux=0.0% Uy=61.4%

T3=0.201sec Ux=32.6% Uy=0.0%

3-Flexible connections

T1=0.416sec Ux=0.0% Uy=48.5%

T3=0.327sec Ux=23.7% Uy=0.0%

Figure 11. Eigen-modes for the simplified numerical model of the industrial building for Rigid, Moderately flexible and Flexible connections between the wooden roof beams and the masonry walls.
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The following summarize the influence of the attempted simplified relaxation of the connections between the wooden roof beams and the masonry walls on the dynamic characteristics
of the studied structural system.
a) As expected, the increase in the flexibility of the connections between the wooden
roof beams and the masonry walls results in an increase of the corresponding eigenperiod values of the studied system from 0.215 sec. to 0.416 sec. for the mainly translational eigen-mode in the transverse y-y direction and from 0.116sec. to 0.327 sec. for
the mainly translational eigen-mode in the longitudinal x-x direction.
b) The increase in the flexibility of the connections between the wooden roof beams and
the masonry walls results in a decrease in the corresponding modal mass participation
ratio value. This is pronounced for the transverse y-y translational 1st eigen-mode
(from 83% to 48.5%) but even more pronounced for the longitudinal x-x translational
3rd eigen-mode (from 57.1% to 23.7%).
Samos Main shock 30th October 2020
N42E Horizontal Component (y-y building)
Constant ductility (μ) Response spectra
Aceleration response
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600
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Figure 12. Inelastic acceleration response spectral curves (m=1.5) based on the recorded ground acceleration
together with the variation of the eigen-periods for the main y-y and x-x translational eigen-modes as they resulted from the simplified numerical model of the industrial building for Rigid, Moderately flexible and Flexible
connections between the wooden roof beams and the masonry walls.

In figure 12 the variation of the eigen-periods for the main y-y and x-x translational
eigen-modes, as they resulted from the simplified numerical model of the industrial building
for Rigid, Moderately flexible and Flexible connections between the wooden roof beams and
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the masonry walls, are plotted together with the corresponding inelastic acceleration response
spectral curves (m=1.5). These inelastic acceleration spectral curves are based on the recorded
ground acceleration together for the Samos island earthquake (30th October 2020). As can be
seen from these plots the increased flexibility of the connections between the wooden beam
roofs and the masonry walls will also result in an increase of the corresponding spectral acceleration value thus leading to a relevant increase on the seismic force levels for the studied
structure. At the same time these increased inelastic spectral acceleration values are more in
agreement with the corresponding Euro-Code 8 design spectral values, as already discussed
on the basis of figure 5, than those of the rigid connections.
3

NUMERICAL EARTHQUAKE PERFORMANCE

In this section the numerical earthquake performance of the studied structure is presented
in terms of a) maximum displacement values at the top of the masonry walls b) maximum
normal and shear stress values of the masonry walls c) maximum axial force values that developed at the connections between the wooden roof beams and the masonry walls. All these
values were obtained through dynamic spectral elastic analysis using the inelastic spectral
curves depicted in figure 12. The presented results are for two specific load combinations:
1st Load Combination: Dead + ResSp N42E + 0.3 ResSp N48W
2nd Load Combination: Dead + ResSp N42E + 0.3 ResSp N48W
Dead= The dead load of the masonry walls and the roof.
ResSp N42E = The earthquake forces resulting from the dynamic spectral analysis in the
y-y (transverse direction).
ResSp N48W = The earthquake forces resulting from the dynamic spectral analysis in the
x-x (longitudinal direction)
As was done for the modal analysis the earthquake performance is examined utilizing the
simplified numerical model depicted in figure 9 having the described before three different
wooden-beam to masonry-wall connections (e..g. 1-Rigid, 2-Moderately flexible and 3Flexible). In figure 13 includes the results obtained from the simplified numerical simulation
assuming rigid connections of the wooden roof beams with the masonry walls. In figure 13a
and 13b the displaced masonry walls of the structure are depicted in figures 13a and 13b for
load combinations with the seismic forces applied either mainly in the transverse N42E or
mainly in the longitudinal N48W directions, respectively. Figures 13c depicts the normal
stress (S22) distribution whereas figure 13d the shear stress (S12) distribution for a load combination with the seismic forces applied mainly along the transverse N42E direction. Figure
13e depicts the normal stress (S22) distribution for a load combination with the seismic forces
applied mainly along the longitudinal N48W direction. Figure 13f depicts the distribution of
the axial forces that develop at the roof wooden beams for a load combination with the seismic forces applied mainly along the transverse N42E direction whereas figure 13g depicts the
axial forces that develop at the roof wooden beams for a load combination with the seismic
forces applied mainly along the longitudinal N48W direction. The results for moderately flexible (figures 14) or for flexible connections (figure 15) are also shown.
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Dead + 0.3 N42E + N48W

Dead + N42E + 0.3 N48W

b) U1=-1.94mm U2=1.595mm U3=-1.43mm

a) U1=0.27mm U2=7.76mm U3=-0.67mm

Dead + N42E + 0.3 N48W

Dead + N42E + 0.3 N48W

c) S22=0.21MPa

d) S12=0.42MPa

Dead + N48W + 0.3 N42E

e) S22=0.063 MPa

Dead + N48W + 0.3 N42E

Dead + N42E + 0.3 N48W

f) Axial Forces 3.62tn -3.27tn

g) Axial Forces 2.60tn -1.95tn

Figure 13. Structural response results. Rigid connections of the wooden roof beams with the masonry walls

2975

George C. Manos and Labros Kotoulas

Dead + N42E + 0.3 N48W

Dead + 0.3 N42E + N48W

a) U1=0.23mm U2=21.36mm U3=-0.52mm

b) U1=12.52mm U2=-1.41mm U3=-1.525mm
Dead + N42E + 0.3 N48W

Dead + N42E + 0.3 N48W

c) S22=0.39MPa

d) S12=0.35MPa

Dead + N48W + 0.3 N42E

e) S22=0.15MPa

Dead + N42E + 0.3 N48W

Dead + 0.3 N42E + N48W

g) Axial Forces
5.34tn at the
connection of
longitudinal
wooden beams

f) Axial Forces 6.39tn at the connection
of transverse wooden beams
Figure 14. Structural response results. Moderately flexible connections of the wooden roof beams with the masonry walls
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Dead + N42E + 0.3 N48W

a) U1=0.30mm U2=75.78mm U3=-0.50mm

Dead + 0.3 N42E + N48W

b) U1=68.18mm U2=-1.64mm U3=-1.75mm
Dead + N42E + 0.3 N48W

Dead + N42E + 0.3 N48W

d) S12=0.48MPa

c) S22=0.908MPa

Dead + N48W + 0.3 N42E
e) S22=0.627 MPa

Dead + N42E + 0.3 N48W

Dead + 0.3 N42E + N48W
g) Axial Forces
3.64tn at the
connection of
longitudinal
wooden beams

f) Axial Forces 3.66tn at the
connection of transverse
wooden beams
Figure 15. Structural response results. Flexible connections of the wooden roof beams with the masonry walls
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Table 1. Peak values of the response parameters resulting from the simplified numerical analyses
Numerical
Model-Roof
Connection
cases
(1)
Rigid
Qy=352tn

Out of
plane y-y
displ. of
longitudinal
walls (mm)
(2)

Out of
plane x-x
displ. of
Transverse
walls (mm)
(3)

Normal
stress
Longit.
Walls S22
(MPa)
(4)

Normal
stress
Transv.
Walls S22
(MPa)
(6)

Shear
stress
Longit.
Walls S12
(MPa)
(5)

Axial or
connection
forces
Transv.
Beams (tn)
(7)

Axial or
connection
forces Longit. Beams
(tn)
(8)

7.76

1.94

0.21

0.063

0.42

3.62

2.60

21.36

12.52

0.39

0.15

0.35

6.39 /
6.39mm*

5.34 /
5.34mm*

75.78

68.18

0.908

0.627

0.48

3.66 /
36.6mm*

3.64 /
36.4mm*

Qx=175tn
Moderately
Flexible
Qy=306tn
Qx=195tn
Flexible
Qy=372tn
Qx=259tn

* the relative axial displacement between the wooden roof beam and the masonry wall at the location of their
connection

Table 1 summarizes all the peak response values from the results plotted in figures 13, 14
and 15. In the first column of this table each of the three analyzed cases of connection between the wooden roof beams and the masonry walls is denoted. At the same column the peak
horizontal base shear values are also listed for each case, as they resulted from the dynamic
spectral (see figure 12) analyses along the x-x (N48W perpendicular to the transverse walls)
and y-y (N42E perpendicular to the longitudinal walls) directions (see figure 9). As already
discussed, because of the variation of the amplitudes of the employed inelastic spectral curves
with the eigen periods values (figure 12) the structural system with the flexible roof-tomasonry connections is subjected to the highest seismic force amplitudes in both x-x and y-y
directions. Consequently, part of the significant amplification of the obtained displacement
and stress response for this case as compared with the cases of either the rigid or the moderately flexible connections is partly due to this fact. However, another large part of this amplification must be attributed to the fact that the flexible connections exercise limited restrain
in prohibiting the masonry walls to displace, especially in the out-of-plane direction. This is
evident by comparing the out-of-plane peak displacement values of either at the top of the
longitudinal walls (column 2 of table 1) or at the top of the transverse walls (column 3 of table
1). As can be seen, an increase flexibility in these wooden roof beam to masonry wall connections result in a large increase in the out-of-plane displacements at the top of either the longitudinal or the transverse masonry walls. This in turn results in a corresponding increase in the
peak (tensile) axial stress values normal to the bed joints (S22) for either the longitudinal masonry walls (column 4 of table 1) or the transverse masonry walls (column 5 of table 1). In
contrast, the moderate variation in the peak shear stress value of the transverse masonry walls
is in line with the corresponding variation of the base shear value in the y-y direction (Qy,
column 1 of table 1). Finally, the increase in the flexibility of the wooden roof beam to masonry wall connections result in a decrease, as expected, in the axial force value that is transmitted through these connections (columns 7 and 8 table 1). It is also interesting to note that the
rigid connections between the wooden roof beams and the masonry walls, which is an unrea-

2978

George C. Manos and Labros Kotoulas

listic ideal case, results in relatively small out-of-plane displacement values, despite the fact
that the resulting axial forces at the connection locations are also relatively small. On the contrary, the increase in the flexibility of these connections from moderately flexible to flexible
results in a decrease at the level of axial force which is in agreement with the resulting increase of the out-of-plane displacement at the top of the masonry walls. In columns 7 an 8 of
table 1 the relative axial displacement between the wooden roof beam and the masonry wall at
the location of their connection is also listed. As can be seen, the increase flexibility of this
connection means in a sense a large relative displacement between the wooden roof beam and
the masonry wall. This practically means that there is a possibility of a loss of support of the
wooden roof beam when this relative displacement becomes excessive, as is the case of the
flexible connection assumed in this simplified numerical simulation. This is the case portrayed by the collapsed roof in figures 7 and 10. Obviously, this simplified analysis is only
qualitative. In order to obtain realistic numerical predictions it is necessary to include in the
numerical analysis a valid numerical description of the non-linear connection mechanism ([31]
to [36]).
4

CONCLUSIONS
x The recent earthquake sequence in the Greek island of Samos gave the opportunity of assessing the earthquake performance of various types of structure in Greece. It can be
stated that the enforcement in 1995 of the “New Greek Seismic Code” together with the
provisions of the Euro-Codes has substantially increased the safety level of structures
against earthquakes. A significant expansion of the strong motion network of accelerographs that covers the whole of Greece provides very important information on the characteristics of the earthquake strong ground motion that is very useful in assessing the
consequences of the intense earthquake activity to the built environment. The relevant
data base is enriched with valuable information on the characteristics of the earthquake
strong ground motion that is very useful to designers and contractors.
x A source of seismic risk that can result in human loss was highlighted by this earthquake
event. It is generated by old and weak unreinforced masonry structures which are left unoccupied and not maintained by their owners due to various social-economic nonincentives and complications. This category includes numerous old building that belong
to culture heritage being listed in conservation status. The group of old stone- masonry
buildings with wooden roof that were used a leather processing factories at KarlovasiSamos belong to this category.
x Numerical tools combined with realistic measurements of the seismic forces generated
by a strong earthquake ground motions can be utilized to explain the observed structural
damage. They can also be utilized in the subsequent retrofitting effort. Towards this objective, the present numerical study investigated the influence of the flexibility of the
connections between the wooden roof beams and the masonry walls of such old stone
masonry industrial buildings.
x The flexible connections exercise limited restrain in prohibiting the masonry walls to
displace, especially in the out-of-plane direction. Consequently, such increased flexibility
results in relatively large displacement and stress response demand for the masonry walls
that could be detrimental leading to mainly flexural type failures. This is to be expected
for masonry construction with low flexural capacities. At the same time, the increase in
the flexibility of these connections results in a decrease of the level of axial force which
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is in agreement with the resulting increase of the out-of-plane displacement at the top of
the masonry walls.
x At the same time, the increased flexibility of wooden roof beams to masonry wall connections also results in large relative displacement between the wooden roof beam and
the masonry walls. This practically means that there is a possibility of a loss of support of
the wooden roof beam when this relative displacement becomes excessive, as is the case
of the flexible connection assumed in this simplified numerical simulation.
x The present simplified analysis is only qualitative. In order to obtain realistic numerical
predictions it is necessary to include in the numerical analysis a valid numerical description of the non-linear connection mechanisms. Moreover, there is also need to obtain
measured capacities of such connections through laboratory measurement focusing to
this problem.
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Abstract
This paper deals with the experimental investigation of the behavior of timber frames with or
without infill panels. The examined infill panels are diagonal timber bracers, masonry infill
and OSB. The main scope of this effort is the investigation of the influence of the infill panels
to the strengthening and the global behavior of these frames. At the first stage the mechanical
properties of the used materials, such as timber, brick, mortar and masonry were defined
through experimental tests. An additional number of tests were completed in order to define
the capacity of the joints between two timber members focused on the shear capacity and the
extraction of nails which used for the connection of timber members. All these data will be
used for the numerical simulations of the experimental studied timber frames. At the second
stage, eight timber frames were designed, constructed and tested at the metallic reaction
frame of Frederick University under lateral monotonic loadings until the ultimate limit state.
The lateral loading as well the lateral displacement and the uplift of the column which was
under tension were measured and recorded using a data acquisition system. At the same time
the observed modes of failures were reported. At last, but not least, the evaluation of these
measurements through various analytical methods was completed. Through this effort the relation between the lateral displacement and the uplift is examined, the absorbed energy from
each timber frame is estimated and the contribution of each infill system to the global behavior of the timber frame systems is defined and discussed.

Keywords: Timber frame, infill panels, experimental investigation, analytical evaluation
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1

INTRODUCTION

The majority of the historic buildings, both in Eastern Mediterranean region and throughout Europe, were built with load-bearing masonry wall system. Of particular interest, is the
timber frame with masonry infill. A masonry timber frame is consisted by many parts created
by horizontal, vertical and diagonal timber elements (fig. 1). The ease of construction, on one
hand and the availability of the natural material, on the other hand, played an important role,
on the wide use of the system throughout the world. The long term existence of this system,
proves its efficiency and its durability throughout the centuries. Even today, the timber frame
system, in various forms and types, still plays a leading role in the Building industry. Many
experimental and numerical investigations have dealt with the behavior and response of this
system. Many of them are presenting a qualitative evaluation of this system, under static and
seismic loading. While, this study evaluates, with the aid of experimental approach, the behaviour of various strengthening typologies of the system, in a way that this would be helpful
to the maintenance and even strengthening procedures of existing structures [ 1, 2, 3, 4 ].
An experimental investigation approach, aiming to the strengthening techniques of historic timber frames is designed and is under develop at the Frederick University in Cyprus. The
present study is focused on the basic part of a timber frame as explained above, as the first
step of this effort in order to understand well the behavior of such systems under lateral seismic loadings, the mechanisms of failure as well the contribution of various techniques for the
strengthening of masonry timber frames. Therefore, eight (8) different timber frame specimens with various techniques of strengthening were designed, constructed and tested under
monotonic lateral static loading. At the first stage the mechanical properties of the used materials, such as timber, brick, mortar and masonry were defined through experimental tests. An
additional number of tests were completed in order to define the capacity of the joints between two timber members focused on the shear capacity and the extraction of nails which
used for the connection of timber members. All these data will be used for the numerical simulations of the experimental studied timber frames. During the experimental sequence of
frame specimens, a monitoring and data acquisition system was used for the recording of the
lateral loading and the horizontal displacement on the top of the frames. In addition to that,
the uplift of column which is under tension was recorded during the loading procedure. All
these results are evaluated, presented and discussed in what follow with emphasis on the contribution of various strengthening techniques on the behavior of these frames.

Figure 1. Masonry timber frames on the upper storey of building structure in Cyprus

2984

Ioannis Stavrou, Panayiotis Demosthenous, Stelios Papastylianou and Milton Demosthenous

2

DESIGN AND CONSTRUCTION OF THE EXPERIMENTAL TIMBER FRAMES

2.1 Mechanical properties of the materials
A number of tests were completed for the definition of the mechanical properties of the
used materials such as timber, brick, mortar and masonry. The properties of these materials
will be used for the numerical simulations and structural analysis of experimental frame specimens.
For the construction of masonry walls, lime mortar and bricks were used. Their mechanical properties were defined according to the provisions of European standards. The compressive strength of masonry was defined using triplet specimens (consisted by three breaks
connected with mortar) and was founded out equal to 13.2 Mpa.
It is well known that timber is orthotropic material. Therefore, the used timber for the construction of timber frames was tested under compression loadings in two cases, parallel and
perpendicular to the grain, again according to the provisions of European standards. For each
case three specimens were tested. The results from these tests are presented in figure 2 in
terms of stress - strain.

Figure 2. Stress - strain curves of timber under compression

2.2 Capacity of the joints of timber elements
All the timber elements were connected with nails. The capacity of these joints is characterized by the shear resistance and resistance to the extraction of the nails under axial tension.
Therefore a number of experimental tests were completed to define the shear capacity and the
capacity to the extraction of nails. In both cases (shear and extraction capacity) the tests includes various number of nails (one, two or three) for the connection of timber elements.
For the extraction of the nails six specimens were tested. In three of them the timber elements were connected with two nails and in the case of the other three specimens three nails
were used. For the shear capacity five specimens were tested. Each specimen was consisted
by three timber elements arranged in parallel configuration. The central one was connected
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with the external timber elements using nails. For two specimens two nails were used (1+1)
and for three specimens four nails (2+2).
During the tests, the applied loading (shear or tension) and the displacement between the
connected timber elements were measured. In any case, after the completion of each test, the
capacity corresponds to one nail was estimated. These results are noted in figures 3 & 4. In
the same figures, the average value of the capacity of one nail is given with a solid line.

Tensile Load per Nail Vs Extraction of Nail
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2

1,5

1
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Figure 3. Experimental measurements from the extraction of nails tests
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Figure 4. Experimental measurements for the shear capacity nails
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2.3 Design and construction of experimental timber frames
As mentioned above, the experimental specimens examined in this paper represent a basic
part of a real timber frame (see figure 1) in order to understand well the behavior and the failure mechanisms of such sub-system as basic background to understand and explain these topics of a whole frame system as well to understand and record the influence of various
strengthening techniques to the behavior of timber frames such as diagonal timber bracers,
masonry infill and the OSB as infill panel. Therefore, eight (8) timber frames in various forms
were designed and constructed (figure 5). All experimental timber frames have rectangular
shape with height 0.77m (77cm) and the same bay between the two vertical timber columns
(77cm).
 The first frame, which will be referred as reference frame in what follow (2CTF), consisted by an horizontal timber beam as base level. Two vertical columns are connected
at the base beam with nails. The top level of these columns are connected also with a
timber beam using nails.
 The second one has the same configuration, however one more timber column is attached at the middle of the bay (3CTF).
 The third one has also the same configuration with the reference frame including diagonal timber bracers (2CXTF).
 The fourth one is the same with the reference one but with masonry infill (2CMTF).
 The fifth one, as timber frame, is the same with the third one including also masonry infill (2CXMTF).
 The sixth one has the same timber skeleton with the reference one however two OSB
panels were used as infill panel attached in both sides of the frame (2CTF - 2- OSB).
 The seventh one has the same timber skeleton with the third one (with diagonal bracers)
but only one OSB panel was attached at one side (2CXTF - 1- OSB).
 The eight one has the same timber skeleton with third one (with diagonal bracers) but in
this case two OSB panels were used as infill panel attached in both sides of the frame
(2CXTF - 2- OSAB).
The facade of all the above experimental timber frames are presented in figure 5.
3

EXPERIMENTAL TESTS OF TIMBER FRAMES

3.1 Experimental setup
All experimental timber frames were attached at the metallic reaction frame of Frederick
University and were subjected to lateral monotonic loading (figure 6). The timber beam at the
base of the frames was fixed at the horizontal steel beam of the reaction frame. The lateral
loading was applied at the top of the timber frame using an hydraulic jack. In order to avoid
local modes of failures due to the point load, an additional timber beam was fixed at the top
beam of the frames with an expansion to the hydraulic jack. Therefore, the lateral load was
applied in uniform distribution to the top beam of the timber frames.
Two displacement transducers (LVDT) were used to measure the displacements of the
timber frames. The first one measured the horizontal displacement at the top of the timber
frames. The second one was attached at the base of the frame in order to measure the uplift of
the timber column which was under tension during the experimental loading. This uplift was
happened due to the extraction of the nails which connected the timber column with the beam
at the base level. The measurements of the LVDT' s as well the loadings applied from the hydraulic jack were restored in a data acquisition system in time domain.
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2CTF

3CTF

2CXTF

2CMTF

2CXMTF

2CXTF (1 - OSB)

2CTF (2-OSB)

2CXTF (2 -OSB)

Figure 5. Configuration and dimensions of experimental timber frames
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Figure 6. Experimental setup

3.2 Experimental measurements
The lateral horizontal load vs the horizontal displacements for all the timber frames are
presented in figure 7. We can see that the timber frames 2CTF and 3CTF (pure frames) have
almost the same behavior with the lower level of the lateral received load but with higher level of lateral displacements without uplift. The timber frames with OSB can receive the higher
level of the external loading. The other timber frames (with masonry infill or/and diagonal
bracers), simulating traditional timber frames, have a capacity between the two previous categories as mentioned above (pure timber frames and timber frames with OSB).Similar observations can be made and for the measurements of the uplift at the bottom of the left timber
column with tensile stress (figure 8).

Horizontal Monotonic Load Vs Horizontal Displacement
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Figure 7.Hrizontal monotonic load vs horizontal displacements
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Horizontal Monotonic Load Vs Uplift
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Figure 8. Horizontal monotonic load vs Uplift of the left timber column

3.3 Observed damages
The pure frames consisted only by columns and beams (2CTF & 3CTF) developed only
horizontal displacements without any uplift at the left column. After the un-load of these
frames a remain displacement was observed. The deformation shape of these frames it looks
like pure shear deformation which is mean that the actual resistance during the test was the
shear resistance of the nails which connected the timber structural elements (figure 9).
In the case of timber frames with diagonal bracers (2CXTF & 2CXTF (1-OSB)) the behavior is characterized by horizontal displacements and uplift of the left column at the base level
as well the uplift of the diagonal timber element connected at this joint. After the un-load of
these frames a remain displacement was observed as well uplift at the base level due to the
extraction of the nails (figure 9).
The timber frames with masonry infill develop similar behavior with those with diagonal
timber bracers including remain uplift and horizontal displacement after un-loading. However
in this case it was founded out that there are significant damages on the masonry infill characterized by disconnection from the timber frame as well diagonal shear cracks were observed.
These damages are more serious in the case of timber frame without diagonal timber bracers
(2CMTF). In addition to that, a flexural deformation on the left column was observed due to
the interaction between the masonry infill and the left timber column (figure 9).
The last two timber frames with OSB infil (2CTF - 2- OSB & 2 CXTF -2 -OSB) developed
much difference behavior. Due to the OSB infill panel which was connected with the surrounding frame (columns and beams), the beam at the base level developed flexural deformation created by vertical loadings applied through the connections of the beam with the OSB.
After the un-load of these frames the remain displacement and uplift was observed to be much
smaller than the previous cases. However, a flexural deformation is remained at the beam at
the base level (figure 9).
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2CTF

3CTF

2CXTF

3CXTF (1 - OSAB)
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3CXMTF

2CMTF

3CXMTF

Figure 9. Modes of the observed failures of the timber frames
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4

EVALUATION AND ANALYSIS OF THE EXPERIMENTAL MEASUREMENTS

4.1 Evaluation and analysis of the horizontal displacements of the timber frames
In this section the horizontal displacements of the timber frames are examined until the
max. lateral load (Fmax) with the assumption of linear behavior. From this point of view, the
total horizontal displacement (X) of each frame is consisted by two parts (X1 + X2). The first
one (X1) is created due to the uplift. Assuming of a rigid body rotation of the frame system,
the X1 is equal to the uplift (X1=uplift). However, an additional horizontal displacement (X2)
is created due to the shear and bending deformation of the timber frame. This approach is presented in figure 10. The values of the X (total displacement), the X1 and the X2 are presented
in figure 11 for six timber frames which developed uplift during the tests.
At a second step, the values of the X1 and X2 are divided by the total displacement (X) in
order to find the contribution of each part to the total displacements in percentage (figure 12).
As can be seen, in the case of masonry infill timber frame without diagonal bracers (2CMTF)
the contribution from the uplift to the total displacement is more than 75%, however in the
case of masonry timber frame with diagonal bracers (2CXMTF) this contribution is reduced
approximately up to 55%. In the case of timber frame with diagonal bracers (2CXTF) the contribution from the uplift is approximately about 33%. The more significant observation from
this analysis is that, all the frames with OSB infill panel the contribution from the uplift (X1)
to the total displacement (X) is almost the same in all the cases, approximately up to 42%.
From this point of view it can be said that the behavior of timber frames with OSB infill panel
is more predictable. However, this observation must be verified through a numerical investigation.
X = Horizontal
Displacement

F

=>
Uplift
Deformation shape of the Structural System
Analysis of the Deformation shape: X = X1 + X2
X

X1 = Uplift

X2

+

=
Uplift
Deformation

Rotation of Rigid Body

Shear and Bending deformati

Figure 10. Analysis of the total displacement
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Analysis of total Horizontal displacement (X)
X = X1 (from uplift) + X2 (from shear and bending deformation)
40
35
Displacement (mm)

30
25
20
15
10
5
0

Total Horizontal Displacement

Uplift

Shear Deformation

Figure 11. Analysis of the total displacement
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Figure 12. Percentage contribution of uplift and shear and bending deformation
to the total horizontal displacement
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4.2 Evaluation and analysis of the global behavior of the timber frames and contribution
of the strengthening techniques
The main scope of this effort is to investigate the influence of the strengthening techniques
to the global behavior of the studied timber frames. For that, the quantity of energy absorbed
by each frame and the correlation of this energy with that of the reference frame (2CTF) is
presented. For each timber frame, the absorbed energy was estimated by the area below the
curve of Lateral Force Vs Horizontal Displacement as defined by the experimental measurements. This absorbed energy was estimated until 40mm horizontal displacement for all the
studied frames (figure 13). After that, the absorbed energy of each frame is correlated with
absorbed energy of the reference frame (2CTF). The results from this effort are presented in
table 1.

Figure 13. Procedure for the estimation of the absorbed energy for each timber frame

Timber Frame

Absorbed Energy
(J)

Ratio of Absorbed Energy
(frame i / 2CTF)

Increasing of
Absorbed Energy

2CTF

32.5

1.00

0.0 %

3CTF

40.6

1.24

24 %

2CMTF

73.75

2.26

126 %

2CXTF

113.0

3.47

247 %

2CMXTF

114.0

3.50

257 %

2CXTF (1 - OSB)

277.35

8.53

753 %

2CTF (2 - OSB)

363.4

11.21

1021 %

2CXTF (2 - OSB)

429.7

13.22

1222 %

Table 1. Result from the estimation of the absorbed energy and correlation with the reference frame (2CTF)
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At a second step, the contribution of each strengthening technique to the increasing of the
absorbed energy is examined. For that, the contribution of an additional vertical timber column, the masonry infill, the diagonal timber bracers and the OSB as infill panel are examined.
In the first stage the difference in absorbed energy between two timber frames with only difference the examined strengthening technique is estimated. If there were more cases with that,
the average value of them was taken in the account. Finally the amplification factor for each
intervention technique was estimated. This amplification factor describes how many times
there is increasing of the absorbed energy of the reference frame (2CTF) if the strengthening
technique would be applied on the reference frame. The results from this procedure are summarize in table 2. According to these results, it can be said that the panel of one OSB has
much higher contribution to the absorbed energy than the other strengthening techniques. Actually the contribution of one panel of OSB is more than two times than that from the diagonal bracers and almost four times than that form the masonry infill. At last, but not least, it can
be said that the additional vertical timber column has very low contribution to the absorbed
energy, however this technique must be examined in various cases and structural configurations for more safety and realistic conclusions.

Strengthening
Technique

Formula

Absorbed
Energy
(J)

Average
value

Amplification
factor
(Str. tech./2CTF)

Additional
one vertical column

3CTF - 2CTF

8.1

8.1

0.25

Masonry infill

2CMTF - 2CTF

41.25

41.25

1.3

Diagonal bracers

2CXTF - 2CTF

80.5

73.5

2.25

2CXTF (2OSB) - 2CTF (2OSB)

66.3

2CXTF (1OSB) - 2CXTF

164.35

162.7

5.0

[2CXTF (2OSB) - 2CXTF] / 2

158.35

[2CTF(2OSB) - 2CTF] / 2

165.45

1 OSB panel infill

Table 2. Contribution of each strengthening technique to the absorbed energy

5

CONCLUSIONS

The behavior of eight (8) timber frames was investigated under lateral monotonic loadings
through an extended experimental investigation accompanied by the analysis and the evaluation of the experimental measurements. The reference timber frame was consisted by two vertical columns connected at the base level and at the top level with horizontal beams. The
timber elements were connected with nails. All the other timber frames were strengthened using various strengthening techniques, such as additional vertical timber column, masonry infill, diagonal timber bracers and OSB as infill panel. According to the observed damages and
the evaluation of the experimental results, the followed conclusions can be made:
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 The predominant modes of the observed failures can be characterized by the uplift of
the vertical timber column which was under tension, due to the extraction of the nails at
the base level, as well by shear and bending deformation of the frame. After the unloading of the experimental frames, significant remained displacement of all the examined frames was observed.
 In the case of the timber frames with masonry infill, sliding and disconnection of the
masonry infill from the surrounding frame accompanied also by cracks of the masonry
infill were occurred.
 In the case of timber frames with OSB as infill panel, a flexural deformation at the bottom beam was observed due the connection of this beam with the OSB.
 It was founded out that the max. values of the received lateral load (Fmax) is strongly
depended by the strengthening technique with those of the timber frames with OSB to
received much higher max. horizontal load than the other cases.
 The total displacement is consisted by two parts. The first one is the contribution from
the uplift and the second one is the contribution from the shear and bending deformation
of the frames. This contributions are varied however in the case of timber frames with
OSB were founded to be constant.
 Finally, the increasing of the absorbed energy by the OSB it was founded out that is
much higher than the absorbed energy by the frames strengthened with other techniques. Also, the diagonal bracers has almost two times higher contribution in the absorbed energy than that by the masonry infill.
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Abstract
This paper deals with the experimental and numerical investigation of the effectiveness of
a Rolling Mass to the reducing of the resonance response of un experimental and a numerical
model of one storey structural system utilizing the shaking table of Frederick University. At
the first stage, a sweep test including a range of frequencies of excitations was completed in
order to define the resonance response of a steel experimental model simulating one storey
building. At the second stage the design and the manufacture of a simple Rolling Mass was
completed and its dynamic properties were defined through a sequence of experimental tests
with sinusoidal base excitations. At the third stage, the Rolling Mass was attached at the roof
of the steel experimental model structure and the influence of that to the resonance response
of the model structure was investigated in various cases. Through this investigation the stiffness and the mass ratio of the Rolling Mass system to those of the model structure were defined in order to have the higher level of the reduction of the resonance response. At last but
not least, based on the results from the experimental investigation, a numerical model of one
storey real structure was designed with or without Rolling Mass at the roof level. This numerical model was subjected also under sinusoidal base excitations in order to study the effectiveness of the Rolling Mass to the resonance response. The normalized results from the
experimental investigation of the experimental model structure and those from the numerical
investigations of the real model structure were founded out in enough good correlation. The
results of this effort are presented and discussed.

Keywords: Shaking table, Rolling Mass, Resonance Response
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1

INTRODUCTION

During dynamic loading of structures, such as winds, earthquakes or vibrations due to the
operation of machines installed on the structures, a resonance response can be occurred, when
the frequency of vibration is equal, or almost equal, with the predominant natural frequency
of the structure. The level of forces (or accelerations and displacements) generated by resonance vibration are generally too large and usually they don’t be acceptable, both for the operation and the safety of the structure. This response is related also with the damping of the
structure so as the damping is increased the resonance response is decreased .
The more practical way to reduce the vibration of a structural system is to change its dynamic properties through the strengthening or changing the mass of the system. However,
these interventions are very difficult to be applied in many structural systems. In this case, the
most effective and economic way to reduce the vibration is to apply an additional dynamic
system at a discrete location of the existing structure to change its dynamic properties in order
to avoid the resonance. Tuned Mass Dampers (TMDs) belongs into this category of devices.
The TMD system is designed taking in the account many parameters and especially the frequency of resonance. It is effective only over a narrow frequency band very close to the resonance frequency. This problem was under investigation in many research efforts [1, 2, 3, 4].
The design, manufacture and installation of TMD is a very complicated and expensive procedure. Therefore, for these reasons, today they can have applications only on very specific
structures. The sliced mass (SM) and the Rolling Mass (RM) have similar behavior and effects with the TMD. Except of the effectiveness, these specific systems have many differences
with the TMD such as the manufacture procedure, the installation on the structures, the cost as
well the design and the control of their response. On the other hand, the sliced mass (SM) and
the rolling mass (RM) can easily be manufactured and installed on a structure but very difficult to be controlled in the way for the reduction of the resonance response.
This paper deals with the experimental and numerical investigation of the effectiveness of
a Rolling Mass (RM) to the reducing of the resonance response of un experimental [5] and a
numerical model of one storey structural system. For the purposes of this effort the shaking
table of Frederick University was used.
 At the first stage, a sweep test including a range of frequencies of excitations was completed in order to define the resonance response of a steel experimental model simulating one storey building.
 At the second stage the design and the manufacture of a simple Rolling Mass (RM) was
completed and its dynamic properties were defined through a sequence of experimental
tests with sinusoidal base excitations.
 At the third stage, the RM was attached at the roof of the steel experimental model
structure and the influence of that to the resonance response of the model structure was
investigated in various cases. Through this investigation the stiffness and the mass ratio
of the RM to those of the model structure were defined in order to have the higher level
of the reduction of the resonance response.
 At last but not least, based on the results from the experimental investigation, a numerical model of one storey real structure was designed with or without Rolling Mass (RM)
at the roof level. This numerical model was subjected also under sinusoidal base excitations in order to study the effectiveness of the RM to the resonance response. The normalized results from the experimental investigation of the experimental model structure
and those from the numerical investigations of the real model structure were founded
out in enough good correlation.
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2

EXPERIMENTAL INVESTIGATION

2.1 Experimental model structure and results from sweep test
For the purpose of this investigation, a flexible steel frame system in small scale was used
consisted by two flexible vertical elements and a rigid slab. From this point of view we can
assume that this model represent a Single Degree of Freedom (SDOF) system. Before any test,
the mass and the stiffness of this model were measured. This model was fixed at the platform
of the shaking table and was subjected on a range of frequencies of excitations (1.5 - 8.5Hz)
with step 0.5Hz, including of course in this range of frequencies the predominant frequency of
this steel frame. In all the cases the max. base acceleration was kept constant (2.0m/sec2). The
base acceleration as well the acceleration response of the experimental model were measured
in time domain and restored using a data acquisition system (figure 1). Through this sequence
of tests (well known as sweep test) the resonance response of the SDOF system was defined
as well the predominant frequency and the viscous damping of the experimental model. The
results of the resonance response from this test are summarized in figure 2.

Figure 1: The experimental setup with the model structure

Figure 2: The resonance response of the experimental model
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2.2 Experimental Rolling Mass (RM) and results from sweep test
At the second stage the design and the manufacture of a single Rolling Mass (RM) was
completed. It is a symmetrical system with four rollers, free standing in a metallic plate and
able to roll in horizontal direction. At the edge of this plate two rigid metallic systems were
fixed. The rolling mass was connected with these rigid metallic systems with springs arranged
in symmetrical configuration (figure 3). This system was attached at the platform of the shaking table and was subjected to a range of frequencies of excitations with constant max. base
acceleration but with various values of mass of the RM and various values of stiffness of the
springs. Before any test the stiffness of the used springs were measured. For each test, the
base acceleration as well the response acceleration of the RM were measured and restored.
Using these data, the resonance response of the RM, the predominant frequency and the viscous damping were estimated. The results from one case from this sequence of tests are presented in figure 4.

Figure 3: The rolling mass on the shaking table

Figure 4: Resonance response of the Rolling Mass (RM)
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2.3 Experimental model structure with RM and results from sweep test
At the third stage, the system with the RM was attached at the roof of the model structure
and was subjected in a large number of sinusoidal base excitations using the same range of
frequencies and max. base acceleration as in the previous tests (figure 5). The results from a
test are presented in figure 6 and correlated with those from the resonance response of the experimental model without the RM. As can be seen the response of the experimental model
with RM is reduced drastically in a narrow band of frequencies closed to the resonance frequency (figure 6). However, two other peaks of the response of this system with RM are occurred but with lower level of amplitudes, one at the left of the resonance frequency with
frequency F1 and one at the right with frequency F2. The left one represent the case with inphase response of the RM with that of the model structure and the right one the case of the
out-of-phase response.

Figure 5: The experimental model with the RM on the shaking table

Figure 6: Correlation of the resonance response of the experimental model without the RM (SMF)
with the response of the same model with the RM (SMR)
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2.4 Results from experimental parametric investigations
An extended parametric investigation with 13 sweep tests were completed in order to examine the influence of the mass and the predominant frequency of the RM to the response of
the model structure. In the first case, the mass ratio (k = mass of RM / mass of model structure) was kept constant (k=16%) but the frequency of RM was changed from test to test (į =
natural frequency of RM / natural frequency of model structure) using different springs. Seven sweep tests were completed in the same range of frequencies and constant max. base acceleration as before. The results from this investigation are presented in figure 7. As can be seen,
the response of the model structure with RM is changed drastically form test to test. In the
second case, the ratio of frequencies was kept constant and equal to one (į=1) and the ratio of
mass (k) was changed from test to test fixing additional masses on the RM. The results from
six sweep tests are presented in figure 8. As can be seen, in his case the response of the model
structure with RM is more constant. However, it was founded out that the lower amplitude of
the response is occurred in the case when the ratio of the mass of the RM over the mass of the
model structure is 10% (k=10%).

Figure 7: Experimental results of the experimental model with RM from seven sweep tests
with constant ratio of masses (k=16%)

Figure 8: Experimental results of the experimental model with RM from six sweep tests
with constant ratio of frequencies (į=1)
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2.5 Prediction of the fundamental frequencies of experimental model with RM
At first, the assumption that the experimental model without the RM is a Single Degree of
Freedom (SDOF) system is adopted. Therefore, the case of the experimental model with RM
assumed that is a Two Degree of Freedom (2DOF) system. Using analytical methods from
structural dynamic theories, the prediction of the fundamental frequencies of the experimental
model with RM (F1, F2) and the difference between these two frequencies (F2-F1) are estimated. The F1 corresponds to the 1st mode with the in-phase response of the model structure
and the RM and the F2 corresponds to 2nd mode with out-of-phase response. The predicted
results from the analysis of 13 experimental sweep tests are presented in figures 9 and correlated with those which measured during the experimental tests. As can be seen from the diagrams of this figure, there are enough good correlation between experimental results and the
predicted values. These observations allowed us to continue the investigation of this problem
through numerical simulations as will be presented in the follow section.

1st mode (F1)

2nd mode (F2)

Figure 9: Prediction of fundamental frequencies of the experimental model with RM
and correlation with the experimental result
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3

NUMERICAL INVESTIGATION

3.1 Description of the numerical model
Based on the results from the experimental investigation, a numerical model of one storey
frame of a real structure with height 3.0m was designed with or without Rolling Mass (RM) at
the roof level. This structural model is consisted by two columns and an horizontal rigid
beam. At the first stage, through a modal analysis the predominant frequency of the structural
system without the RM was founded out (fo=2.85Hz). The two columns are expanded over
the beam as rigid elements. The mass of the RM was defined to be equal to 10% of the mass
of the model of the real structure and to be very stiff using horizontal and diagonal bracers.
The attach of the RM at the middle of the beam was done through specific supports. The restrictions of these supports were defined in order to allow the horizontal displacement in two
horizontal directions but without creation of bending moments, simulating the roller supports
of the experimental model. Using horizontal springs, the RM was connected with the rigid
elements over the columns in both directions (figure 10). Through an extended numerical investigation the characteristics of the horizontal springs as well those of the specific supports
were defined with the main scope the predominant frequency of the RM to be equal to the
predominant frequency of the numerical model of the frame structure (2.85Hz). This model
structure with RM was subjected in a sweep test for various frequencies keeping constant the
max. base acceleration. The shape of the used sinusoidal signal was similar to that developed
by the shaking table as it is presented in figure 11.

Figure 10: Numerical model of frame system
with the RM at the roof

Figure 11: Shape of the sinusoidal base acceleration

3.2 Modal and step by step time history analysis
An extended modal analysis of the numerical models was completed to define the predominant modes of them because the final design of the numerical model with RM is based on
the modal characteristics, both the structural system and the RM. As has been mentioned
above, at the first stage the predominant frequency of the frame structure without the RM was
founded out. At the second stage the characteristics of the used springs and the those of the
supports of the RM on the rigid beam were defined with the main scope the fundamental frequency of the RM to be equal to that of the frame system. Finally, the predominant modes of
the frame system with the RM were estimated using SAP2000. The first two mode shapes of
this model are presented in figure 12 giving also the corresponding values of frequencies. As
can be seen, the 1st mode describes an in-phase response of the structural system with that of
the RM with f1=2.43Hz and the 2nd mode an out-of-phase response with f2=3.45Hz.
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After that, a step by step time history analysis of the structural system with RM was completed using as time history of the base acceleration the shape which was presented in figure
11 and for various values of frequencies and max. base accelerations. The results from two
cases are presented in figures 13 & 14. In the first case (figure 13) the frequency excitation
was equal to the fundamental frequency of the 1st mode, f1=2.43Hz. The black line correspond to the base acceleration (excitation), the red one to the acceleration response of the
frame system and the blue one to the acceleration response of the RM. As can be seen from
this figure, there is in-phase response of the frame system with the RM however, the max. acceleration of the RM is much higher than that of the frame system. In the second case (figure
14) the frequency excitation was equal to the fundamental frequency of the 2nd mode,
f2=3.45Hz. In this case, out-of-phase response is occurred between the RM and the frame system but also in this case the max. acceleration of the RM is much higher than that of the frame
system. All these observations are in a good agreement with those from the experimental investigation.

Figure 12: Mode shapes of 1st mode (f1=2.43HZ) and 2nd mode (f2=3.45Hz) of the structural model with RM

Figure 13: In-phase response - freq. ex. f1=2.43HZ

Figure 14: Out-of-phase response- freq. ex. f1=3.45HZ

3.3 Results for sweep analysis and correlation with experimental results
The numerical models of the frame structure with and without RM attached at the roof beam
were subjected in a sweep analysis in a range of frequencies of excitation and constant max.
base acceleration. The results from these analyses are summarized in figure 15 in normalized
form (response acceleration / resonance max. acceleration response) together with the corresponding normalized results of the experimental model from the sweep tests. As can be seen
from this figure there is a good agreement between numerical and experimental results. Some
differences between the results of the two models are under investigation.
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Figure 15: Correlation of numerical and experimental results

4

CONCLUSIONS

Through the experimental and numerical investigation of this paper, the follow conclusions
can be made:
 During the experimental investigation it was founded out that the Rolling Mass (RM)
can be used in experimental models in order to reduce the resonance response.
 The reduction of the resonance response becomes higher when the mass ratio (mass of
the RM / mass of the structure) is equal to 10% and the frequency of the rolling mass is
equal to that of the structure.
 In phase and out-of-phase response of RM to that of the frame structure can develop but
in both cases the response is much lower than that developed during resonant response
of the structure without the RM.
 A good correlation was observed between numerical and experimental normalized results, therefore similar conclusions can be made also from the numerical investigation
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Abstract
Many research efforts are continued nowadays around the world to validate numerical tools
for masonry structures using at the same time results from experimental works. The present
paper belongs in these efforts. At the first stage, this paper deals with the design of a simple
masonry building in prototype scale (1:1) including earthquake resistance design. After that,
the same structure was also designed in scale 1:10 in order to have the same distribution of
stresses under vertical and earthquake loadings, the same level of tensile stresses gravity
loadings at the critical zones and the same modes of vibrations under dynamic loadings.
From this point of view, it was assumed that this model building in scale 1:10 can develop the
same structural behavior with the corresponding prototype. Therefore, this model building in
scale 1:10 was constructed and tested using the shaking table of Frederick University. During
these tests, the acceleration of the base excitation and the acceleration response of the structure were recorded. Using these measurements from the case of 0.3g response acceleration,
the max. dynamic loadingof the model was estimated by multiply the response acceleration
with the mass of the model. This load wasapplied to the anumerical model with surface finite
elements and structural analysis was completed. By the evaluation of the numerical results
using Mohr-Coulomb failure criterion, the locations and the type of damages were specified
which founded out in a good correlation with the observed damages during the experimental
tests. Finally, the same cases of loadings were used for the structural analysis of the prototype structure as well the same procedure for the evaluation of the numerical results.These
results developed by the prototype model are correlated with those from the numerical model
of the experimental model and discussed.

Keywords:Masonry, finite elements, shaking table, numerical simulations, failure criterion
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1

INTRODUCTION

The protection of the ancient monuments and historical structures is in the main interest for
more than 100 years. In order to protect them from bad and catastrophic interventions, international chapters and relevant codes have been adopted and they are in practice in various
countries. The documentation of these structures, as the first stage of the works for their protection, includes the structural analysis of them under vertical, seismic and other cases of
loadings with the main scope the assessment and evaluation of their existing capacity. At the
second stage, one more structural analysis must be completed to examine their capacity for
the suggested intervention scheme. However, it is well known that the majority of monumental and historical structures are masonry structures, consisted by stones or bricks which are
arranged in various formations and connected with mortars. Therefore, the masonry is a synthetic and inhomogeneous material. In addition to that, the masonry can be characterized as
orthotropic and brittle material. On the other hand, the masonry structures are consisted by 2D
and 3D structural elements such as walls, piers, arches, vaults, cross vaults and domes having
a global behavior during earthquakes much deferent than that of contemporary structures.
For all these reasons, the simulation and the structural analysis of masonry structures is a
very complicated procedure. In the past, many techniques were suggested based on many assumptions and with many questions about the accuracy of the results from these methods. The
same problems are existing also for the design of new masonry structures, as described by the
EC6 (EN1996).The last 40 years, the used methods for the simulation and structural analysis
of masonry structures are based on the Finite Element Method (FEM) utilizing computer
software. At the first period the 2D models of structures were used simulating the structural
elements with linear elements. Approximately, after 1990 the surface finite elements are the
most common used elements for the simulation of masonry structures and more recently the
solid elements.
However, many research efforts are continued nowadays around the world to validate numerical tools for masonry structures using at the same time results from experimental works.
These works use various experimental methods for the testing of materials, masonry walls and
models of masonry building structures studied and tested with compressive machines, lateral
static or cycling loadings on a reaction frame and using a shaking table to produce dynamic
and earthquake base excitations of studied models. In parallel to the experimental tests, various numerical techniques are used, utilizing software of finite elements to simulate the experimental models and study them under the same loading conditions such as those used during
experimental investigation. Through this procedure and by the correlation of experimental and
numerical results the numerical tools are calibrated and after that they are used for extended
numerical and parametric investigations [1, 2, 3, 4].
Following the previous examples and for the same scope, an extended research effort has
been established at the Laboratory of Mechanics of Frederick University including testing of
materials, experimental tests on models of masonry structures and numerical simulations. The
present paper, at the first stage, deals with the design, the construction and testing on the shaking table of a masonry model structure in scale 1:10 [5]. At the second stage numerical simulations and structural analyses of the experimental model was completed using various levels
of seismic actions as recorded during the test. The results from structural analyses were evaluated using Mohr-Coulomb failure criterion and the estimated locations of failures are correlated with those observed during the experimental tests. At last, but not least, the same
procedure of structural analysis was developed for the corresponding prototype structure
(scale 1:1) and the results are correlated with those from the numerical model of the experimental model in scale 1:10 and discussed.
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2

DESIGN AND CONSTRUCTION OF THE EXPERIMENTAL MODEL

2.1 Mechanical properties of the materials
A usual limestone for the construction of monumental and historical structures in Cyprus
was used for the construction of the model structure. This stone belong to the Pachna Geological Formation (located at the Tochni area) and was supplied by the Tochni Quarries in units
with dimensions of 0.04mx0.03mx0.02m as required for the construction of the model structure in scale 1:10. A lime/sand ratio 1:4 was used for the lime-mortar mixture that was used
for bonding the bricks using the thin sand produced from crashing of the Tochni’s stone. The
dimensions of the timber used for the roof beams were 0.009mx0.019x0.45m.
An extended experimental sequence of tests was performed on the stones, mortar, masonry
units and timber, in order to define the mechanical properties of these materials. Three compressive tests of model stone/brick were performed in order to find its compressive strength
(fcb) and its modulus of elasticity (E). Table 1 summarizes these tests for each specimen. The
compressive strength of mortar was founded out fcm=0.303Mpa. In addition, three compressive tests of masonry triplets were performed in order to find the compressive strength of masonry wall (fwc) and the modulus of elasticity (E) (table 2). Apart from compressive tests,
shear stress tests were also performed in order to identify the shear strength without compression (fws)of the masonry wall (table 3). The masonry tensile strength (fwt) was assume to be
equal to the shear strength. These properties were used for the simulation, structural analysis
and evaluation of numerical results for both, the prototype building structure (scale 1:1) and
the experimental model (scale 1:10).
STONE 4cm X 3cm X 2cm

fbc (MPa)

Eb( MPa)

SPECIMEN1 (S1)

49.46

874.67

SPECIMEN2 (S2)

48.24

867.77

SPECIMEN3 (S3)

43.7

769.73

Average

47.13

837.39

Table 1: Mechanical characteristics of model stones 4cm x 3cm x 2cm

WALL

fwc (MPa)

E (MPa)

TRIPLET 1 (T1)
TRIPLET 2 (T2)
TRIPLET 3 (T3)
Average

14.52
15.7
21.96
17.393

880.17
639.91
13.83
511.303

Table 2: Mechanical characteristics of masonry wall

TRIPLET
T1
T2
T3
Average

݂)ߙܲܯ( ݏݓ
0.08
0.1
0.08
0.087

Table 3: Shear testing results of the masonry wall
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2.2 Design of the prototype masonry building in scale 1:1 and the experimental model in
scale 1:10
At first stage a single storey masonry building was designed with dimensions of those of
typical traditional houses as build before and until very early of the 20th century in Cyprus [5].
The architectural design of such houses was usually consisted by an open plan type of space
with dimensions 4.0mx7.0m and a height of approximately 3.0m. Two door openings with a
width of 1.4m are presented at the center of the larger dimension of the plan, while the thickness of the masonry wall is 0.4m.The two opposite large walls are connected at the roof level
with timber beams supporting a traditional horizontal roof system covered by soil materials.
The structural and earthquake resistance design of this building was completed according to
the provisions of EN-1996 (EC6) and EN-1998 (EC8) and the corresponding National Annexes of Cyprus [5]. For that, the same materials properties (stone, mortar, masonry &timber)
as used for the construction of the experimental model in scale 1:10 were used .
After that, the same structure was also designed in scale 1:10 and constructed (fig. 1). As
can be seen, additional masses were attached at the roof level according to basic rules for the
design of experimental models in small scaling. Through this effort the final design of model
structure was defined in order to have similar distribution of stresses under vertical and earthquake loadings, similar level of stresses at the critical areas and the similarshapes of the predominant modes of vibrations under dynamic loadings. From this point of view, it is assumed
that this model building in scale 1:10 can develop the same structural behavior with the corresponding prototype. The correlation of the first three modes of the prototype structure (scale
1:1) and the model one in scale 1:10 are presented in figure 2. As can be seen there is a good
agreement between the two models.

Figure 1: Drawings with the dimensions of the experimental model in scale 1:10
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NUMERICAL MODEL
OF PROTOTYPE STRUCTURE (SCALE 1:1)

NUMERICAL MODEL
OF EXPERIMENTAL MODEL(SCALE 1:10)

MODE 1 (1st mode in N-S direction)

MODE 1 (1st mode in N-S direction)

MODE 2 (2nd mode in N-S direction)

MODE 2 (2nd mode in N-S direction)

MODE 3 (1st mode in E-W direction)

MODE 3 (1st mode in E-W direction)

Figure 2: Correlation of the first three modes of the numerical models of the prototype structure (scale 1:1) and
the experimental model (scale 1:10)
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3

EXPERIMENTAL TESTS

3.1 Experimental setup
The model structure was attached at the expanded platform of the shaking table of Frederick University which can move in one direction (E-W) (figure 3). Four accelerometers were
used for the recording of the base excitation (CH. 1) and the response of the experimental
model at the top of the masonry walls (CH.2, CH.3 and CH.4) (figure 4). One of them attached at the middle of the west wall (CH.2) and one at the middle of the north wall (CH.3).
The last one (CH. 4) attached at the edge of the west wall. By the evaluation of the records
from this accelerometer with the one from CH. 2, the possible torsional response or out of
phase response of the model can be estimated. All these instruments were connected with the
data acquisition system for the recording the signals from the excitation and the response of
the model.

Figure 3: Experimental configuration

•

CH1: Base Excitation

•

CH2: Mid Top of West wall – (E-W)

•

CH3: Mid Top of North wall – (N-S)

•

CH4: Edge of West Wall – (E-W)

Figure 4: Instrumentation of the experimental model
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3.2 Sequence of the experimental tests
The main scope of this effort is to examine the behavior of the model structure under
earthquake base excitations. However, at the present investigation, the model structure was
tested in various other cases with the main scope to understand its behavior under dynamic
loadings. Therefore, the experimental sequence includes:
 Impulse tests for the estimation of the dynamic properties (period and viscous damping)
(figure 5). However after the evaluation of these results it was founded out much differences with those from numerical simulations due to the interaction of the system with
the shaking table platform. Therefore, an extended sequence of tests are under progress.
 Sinusoidal base excitations in a various range of frequencies and amplitude of the excitations but in low level to avoid the occurrence of damages
 Random white noise base excitations in various levels in order to moderate the occurrence of damages (figure 6). During these tests, damages were occurred when the max.
acceleration response in E-W direction was 0.3g.

Figure 5: Acceleration records from impulse test in N-S direction
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Figure 6. Base acceleration during random white noise
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3.3 Observed damages
As has been mentioned, during random white base excitations tests, the first damages were
observed in masonry walls located in direction E-W. These damages can be divided in two
groups. The first group includes cracks at the mortar joints close to the upper corners of the
openings which are expanded in diagonal direction up to the roof level. The second group includes also cracks at the mortar joints at the bottom of the corners of the masonry walls (figures 7 & 8). As has been also mentioned in the previous paragraph, these cracks were
observed when the max. acceleration response was 0.3g in E-W direction. However, maybe
these cracks were created as micro cracks during previous lower level of acceleration response.

Figure 7: Observed diagonal cracks at the corner of the opening and at the bottom corner of the walls

Figure 8: Location of cracks on the facade of the experimental model
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4

NUMERICAL SIMULATIONS AND STRUCTURAL ANALYSIS

4.1 Simulations of loadings and structural system
During the experimental tests it was founded out that the damages were observed when the
max. response acceleration was 0.3g. The created loadings on the structural model were estimated through a simple method as explain in what follow (fig. 9).The horizontal seismic force
(F)at the top of the masonry walls was estimated by multiply the additional masses with the
max. value of the recorded acceleration. This force is distributed as horizontal load at the timber beams (fi). The horizontal force from the additional masses creates also a bending moment at the top of the masonry walls (M). The vertical loading from the additional masses (N)
is also distributed at the timber beams (Ni) in combination with those created by the bending
moment (Nmi). In addition to that, horizontal loadings are created also on the masonry walls
(fwi). All these loadings with the gravity load of the masonry wall were used for the study of
a masonry wall in E-W direction under vertical loads and horizontal static loadings. A mesh
with 2cmX2cm finite elements was used for the simulation of the masonry wall with the assumption of isotropic material using the software SAP200 (fig. 10).

Figure 9. Estimation of the seismic loads

Figure 10. Numerical model under lateral seismic loadings
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4.2 Structural analysis and evaluation of the results of the experimental model
The vertical stresses (S22) (compression or tension) of the numerical model are shown in
figure 11 as well the shear stresses (S12) in figure 12. From these figures, it can be seen that
at the left bottom of the wall significant tensile stress is created however the compressive
strength is in lower level in the opposite site. Exactly the opposite will be occurred if the lateral load is applied to the opposite direction. The results of the stresses (S22 & S1) from this
analysis were evaluated using Mohr - Coulomb failure criterion (Ĳ- ı). For the design of the
envelope of the failure criterion the tensile, the shear and the compressive strength of masonry
wall were used as defined from the experimental tests. This evaluation is presented in figure
13. Each point presents the corresponding results of the of shear (S12) and normal (S22)
stresses of a joint of a finite element. The points which are in outside area of the failure criterion is mean that the corresponding joint of the finite element is failed. These finite elements
are colored in the mesh (figure 13). By the correlation of this mesh with the figure 8 it can be
said that the numerical results are in a good agreement with the locations and the type of the
observed damages during the experimental test showing only tensile mode of failures.

Figure 11. Vertical normal stress (S22) due to vertical and horizontal seismic loadings

Figure 12. Shear stress (S12) due to vertical and horizontal seismic loadings
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Mohr - Column Failure Criterion - ʏVs ʍ
Maximum base accelaration 0.3g
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Figure 13. Mohr Column Criterion - Maximum base acceleration 0.3g

Tension Failures
Figure 14. Evaluation of the numerical results with Mohr - Coulomb failure criterion and colored of the finite
elements with failure of the experimental model (scale 1:10)
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4.3 Structural analysis and evaluation of the results of the prototype structure
The same procedure for the simulation of the loadings and the structural system was applied also for the prototype structure defining the max. response acceleration 0.3g. However
this system is without additional masses therefore the loadings due to the response acceleration are created only on the roof system and the masonry walls. Although the we have the
same distribution of vertical normal stresses (S22) and shear stresses (S12), the max. values of
these stress were founded much higher than those developed in the case of the experimental
model. Also, for the evaluation of the numerical results the Mohr - Coulomb failure criterion
was used with the main scope to find the location and the type of failures.
As can be seen in figure 14, the combination of vertical normal stresses (S22) with the
shear stresses (S12) of more joints of the finite elements were founded to exceed the failure
criterion. On the other hand, we can see that except of the exceed of the tensile stresses there
is also a significant exceeding of the shear strength at the area with lower level of normal
stresses which define cracks of the joint mortars. The joints of finite elements and the corresponding finite elements with exciding of the level of stresses defined by the envelope of the
failure criterion are colored in the mesh (figure 14). By this figure we can see that the tensile
failures on the numerical model of prototype structure are in a good agreement with those occurred on the numerical model of the experimental model. However, and in addition to that as
have been mentioned above, shear failures are founded out especially in an horizontal line at
the bottom of the wall which can be characterized as sliding mode failures, as well the initiation of diagonal cracks can be mentioned.

Shear Failures
Tension Failures
Figure 15. Evaluation of the numerical results with Mohr - Coulomb failure criterion and
colored of the finite elements with failure of prototype structure (scale 1:1)
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5

CONCLUSIONS

Through this effort, a simple masonry building (prototype building in scale 1:10) was designed and at the same time an experimental model building was designed and constructed in
scale 1:10 of the prototype building. Specific rules were adopted for that focused on the modal analysis results, the distribution of stresses under vertical loadings and the level of the tensile stresses. The experimental model was subjected in various base excitations using the
shaking table of Frederick University. However, before the design and the construction of the
experimental model, the mechanical properties of the used materials (stone, mortar, masonry
and timber) were defined through experimental tests. The scopes of this effort was:
Firsts, to validate the numerical results from the structural analysis of the experimental
model with those from the experimental tests, focus on the correlation of the type and the location of the observed damages, using the Mohr - Coulomb failure criterion for the evaluation
of the numerical results. which designed according to the mechanical properties of the used
materials. From this point of view it was found out enough good correlation between the experimental and numerical results which both of them developed only bending modes of failures by the exceeding of the tensile strength.
Second, the numerical results of the experimental model (in scale 1:10) to be able to reproduce similar behavior of the prototype one (in scale 1:10), again focus on the observed location and type of damages. From this point of view it can be said that it was founded out
differences between two numerical models. Although, in both of them were founded out tensile mode of failures at the same locations of the numerical models, the model of prototype
structure developed also shear failures. Due to that, the quantity and the effectiveness of the
additional masses applied to the experimental must be checked and resigned.

REFERENCES
[1] G.C. Manos, V. Soulis, J. Thawabteh, 2003, “Numerical Investigation of Mortar – Joint
Modes of in-plane failure Utilizing Unereinforced Masonry Assemblages”, 9th North
American Masonry Conference, Clemson Univ., North Carolina, USA
[2] G.C. Manos, V.J. Soulis, J. Thawabteh, 2003 “Non-linear Numerical Simulation of the
Mortar Joints’ Failure Mechanism Utilizing Unreinforced Masonry Assemblages”, 6th
Intern. Symp. on Computer methods in Str.l Masonry, Italy.
[3] Paulo Candeias, A. Campos Costa, Ema Coelho, 2004, "Shaking table tests of 1:3 reduced scale models of four story unreinforced masonry buildings", 13th World Conference on Earthquake Engineering Vancouver, B.C., Canada
[4] Lakshmi Keshav, and V. G. Srisanthi, 2012, Masonry CSEB Building Models under
Shake table Testing-An Experimental Study,World Academy of Science, Engineering
and Technology, International Journal of Civil and Environmental Engineering Vol:6,
No:12
[5] S. Demosthenous, 2016, Experimental and Numerical Investigation of a Masonry Model Building Structure in scale 1:10, Final Year Project, Dept. of Civil Engineering, Frederick University, Supervisor, M. Demosthenous

3020

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

PASSIVE CONTROL ISSUES ON THE LONGITUDINAL AND
TRANSVERSE VIBRATIONS OF FLEXIBLE PYLONS
George D. Manolis1, and George I. Dadoulis2
1

Department of Civil Engineering
Aristotle University, Thessaloniki 54124, Greece
e-mail: gdm@civil.auth.gr
2

Department of Civil Engineering
Aristotle University, Thessaloniki 54124, Greece
gdadoulis@civil.auth.gr

Abstract
The influence of passive mass dampers and base isolators on the vibratory motion of flexible
beams with uniform cross-section, viewed as a special case of the non-uniform one, is examined herein for both axial and flexural vibrations. Use of such beams is widespread, both in a
mechanical engineering setup (e.g., wind turbines, aircraft blades) as well as in a civil engineering setup (e.g. pylons, antennas). We start with an analytical solution to the governing
equations of motion to recover the eigenproperties of a cantilevered pylon in the presence of
a top mass and base springs. This is followed by the complete solution for the case of harmonic ground motion using modal analysis. Results are finally presented in term of transmissibility functions, defined as the ratio of the top pylon displacement amplitude to that of the base
motion, so as to identify the frequency range where the presence of these external control devices is beneficial.
Keywords: Pylons, Flexible Structures, Vibrations, Passive Control, Elastic Waveguides, Lumped
Mass, Soil Springs
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1

INTRODUCTION

The kinematic and stress fields that develop in elastic beams are dependent on the material
properties, the geometry and on the external loads. For dynamic loads, retaining a continuous
distribution of the mass of the beam along its length yields an elastic waveguide [1,2] that can
exhibit flexural, axial and torsional vibrations. Beams in flexure with a non-uniform crosssection are governed by a fourth order, linear partial differential equation (PDE) with variable
coefficients, while for the other two modes of vibration the equations of motion are PDE of
second order. It is also possible to have coupling between the axial and flexural vibrations,
which requires solution of two coupled PDE. Furthermore, if a lumped mass is placed at the
top of the beam, or if its foundation is elastic, then the boundary conditions change and are no
longer homogeneous. These two additions modify the structural response of the beam and
their presence can be viewed as a means of passive structural control. A discussion of the circumstances under which the effects of rotatory inertia and shear deformation must be considered, and whether or not coupling of flexural and axial vibrations is important, have be found
elsewhere [3,4]. In general, for flexible pylons serving as part of power transmission lines and
as telecommunication antennas, and for the frequency range of ambient vibrations generated
by traffic, the aforementioned effects seem to be of minor importance. We note that this frequency range is roughly 20-200 Hz, with flexural vibrations occurring in the lower part and
axial vibrations in the higher part of the spectrum. On the other hand, the Bernoulli-Euler
beam theory fails and has to be upgraded to Rayleigh’s model with the rotatory inertia of the
cross-section included in the equations of motion, for high vibration frequencies in excess of
500 Hz.
The literature is rich in the solution of continuous beams under dynamic loads [5], but research interest remains strong, because these elements play a pivotal role in structural engineering (e.g., column elements) and in mechanical engineering (e.g., blades). In the interest of
brevity, we simply mention here a recent paper [6] on an exhaustive analysis of wind turbines
in an offshore environment under all three response modes (bending, compression, torsion) to
a variety of environmentally-induced loads. From our perspective, the field of application of
this work, which is continuation of a previous publication [4], is structural health monitoring
(SHM). More specifically, modern advances in hardware have rendered possible the use of
wireless sensors that send signals to a central processing unit, which in turn evaluates them to
decide if the integrity of the structure in question has been compromised [7,8]. To stem the
flow of large data over time, it is essential that these sensors be equipped with software based
on reliable and efficient numerical models representing the structure in question. This way,
computations can be carried out locally to produce results against which the recorded signals
may be compared. This allows for a first evaluation of the recorded data, which can be discarded if it just shows a routine response of the structure to ambient vibrations. Furthermore,
an SHM system can be placed within an artificial intelligence (AI) environment [9], which
would serve to monitor the structural response in the absence of an overseer and give alert
signals when it becomes evident that the structure in question is experiencing duress due to
environmentally induced loads and needs to be inspected.
In here, we examine simple methods for passive vibration protection of a cantilevered pylon used as part of an electric transmission line for railways by formulating the equations of
motion for flexural and axial vibrations. The pylon is then augmented with either of two elementary passive structural control devices, namely a lumped mass at the top and a base isolator in the form of springs at the base. The magnitude of the lumped mass has to be relatively
small compared to the total mass of the pylon so as to serve as a secondary system [10] whose
fixed-base natural frequency can be tuned with respect to the eigenfrequencies of the pylon.

3022

George D. Manolis and George I. Dadoulis

2. MATHEMATICAL MODELS FOR NON-UNIFORM BEAMS
We will formulate the mathematical models for the tapered cantilevered pylon shown in
Fig.1, where placement of a lumped mass at the top and of springs at the base serve as rudimentary passive damping devices. Then, the uniform cross-section cantilevered pylon can be
recovered as a special case. By considering in Fig. 1 the force and moment equilibrium of a
under distributed longitudinal
and transverse
loads, we
differential segment
obtain the coupled governing equations of motion as

Figure 1. Cantilevered pylon with (a) ring cross-section of variable radius ; (b) length L with
added mass and springs at the ends and (c) the free body diagram.
(1a)
(1b)
and
) are the axial and transverse displacements, respectively and
In the above,
is the distributed mass. Next, the axial force, bending moment and shear force are defined as
),
and
(
).
Initial conditions are assumed to be zero, and three sets of boundary conditions are considered,
which respectively address the fixed base case, the fixed base case with a lumped mass at the
top, and the base isolated case:
and

(2a)
and
(2b)

and
(2c)
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In the above.,
is the top and
is the base of the cantilevered pylon with length
. The lumped mass
placed at the top influences both axial and flexural vibrations, whereas the base springs
respectively influence the longitudinal motion, the
transverse motion and the base rotation.
2.1 Harmonic vibrations
and
for the range of frequencies conBy ignoring the coupling terms
sidered in here, and by differentiating the variable stiffness terms, we recover the following
equations:
(3a)
(3b)
In the above,
and
are the aggregate axial and flexural stiffness that varies along
the pylon length
. The notation introduced now involves primes
and dots (.) to
denote differentiation with respect to the spatial coordinate x and time t.
We now consider a slender, circular cylindrical pylon with a cross-section in the form of an
annulus of constant thickness and variable radius
, which is a rather common design
for pylons. The reference radius is the mean radius of the cross-section defined as
, where
is the external radius, see Fig. 1. For small thickness , the
cross-section area, moment of inertia and polar moment of inertia are closely approximated as
, while the mass per unit length is
. We adopt a general
representation of a radius that changes quadratically with height, i.e.
,
with
the mean radius at the top. Then, the following expressions for the pylon stiffness and
mass are recovered:
(4)
where
are reference values computed at the top, i.e. for
.
Note that it is possible to handle material properties that are also position dependent, so long
as the aggregate stiffness and mass values obey Eq. (4). We finally note in passing that torsional vibrations are of minor importance as ambient ground vibrations are unlikely to elicit
torsion at the base of the shaft.
Assuming a time harmonic environment, the input and the response can be written in terms
, where
of position dependent amplitudes times the exponential term
is the frequency of vibration. Therefore, the dependent variables are now the amplitudes of the axial and flexural vibration
and we also define the corresponding
amplitude of the external distributed forces as
. The governing equations for harmonic motion are now
(5a)
(5b)
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which respectively are a Bessel equation of fractional order for the axial motion and Euler’s
equation for the flexural motion.
3. SOLUTIONS FOR LONGITUDINAL AND TRANSVERSE VIBRATIONS
To recover analytical solutions to the above equations, we first derive the homogeneous solution and then solve for the eigenvalue problem to recover the eigenproperties of the pylon,
first for axial and then for flexural vibrations. The general form of the homogeneous solutions
to Eq. (5) in the frequency domain are
(6a)
+

+

(6b)

In the above,
are the Bessel functions of first kind and fractional order , while exponents
are non-repeated complex numbers. Also, , are constants of integration to be
determined from the boundary conditions.
For flexural vibrations, Euler’s equation (5b) requires a preliminary transformation of variables as
to convert it into a differential equation with constant coefficients.
The characteristic polynomial for this differential equation that must be solved for determining the exponents is
. Solution to the aforementioned
quartic
polynomial
yields
complex
roots
in
the
form
,
. In our case,

with
=

(7)

where
and for a dimensionless spatial parameter
.
We adopt the Kelvin solid model with a complex elasticity modulus in the form
, where is the original real-valued elasticity modulus and is a
constant in the viscoelastic stress-strain law. For concrete, the dimensionless damping coefficient values have been experimentally determined to range as
, values which respectively correspond to pre-stressed and to weathered concrete. This complex number
representation of the elastic modulus filters into the pressure and shear wave speeds
,
and into the wave numbers for axial and flexural vibrations.
If tapering is ignored and the pylon cross-section is uniform with radius , then the above
homogeneous solutions reduce to
(8a)
(8b)
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3.1 The eigenvalue problem
The eigenvalue problem derives from imposing homogeneous boundary conditions, see Eq.
(2a). The boundary conditions corresponding to the lumped mass and the elastic springs can
be rendered homogeneous as well, leading to a more complicated solution for the eigenfunc. The corresponding eigenvalues
are recovered during this
tions
process by solving for the roots of a transcendental equation. More specifically, the solutions
given in Eq. (6a) for axial vibrations and in Eq. (7) for flexural vibrations can be respectively
recast in matrix form as
(9)
respectively, with the former matrix size being
and the latter being
These matrices
respectively contain Bessel functions and trigonometric functions evaluated at the two ends
of the pylon. By setting the matrix determinants equal to zero and solving for the
roots of resulting transcendental equations using the Newton-Raphson method, the eigenvalues of the pylon are recovered. Finally, the eigenfunctions are evaluated starting with a backsubstitution of the eigenvalues in Eq. (9) and usually setting one of the coefficients of the
equal to one.
vectors {
3.2 External loads
When external loads are present, one can opt to either employ modal analysis or to find a
particular solution for the right-hand sides (RHS) of Eq. (5) corresponding to time harmonic
forces, in which case the complete solution is the addition of the homogeneous and particular
parts. For ambient vibrations in the form of ground motion, a complication arises due to the
fact that one must distinguish between the displacement of the cantilever relative to its base,
and its total displacement which is the addition of both. The generic form of ground motion,
, where
is a mean
be it in the vertical or horizontal directions, is
is the frequency of vibration. Assuming
value for the ground displacements and
are relative to the base, then
the RHS of Eq. (1) are
. Two frequency ranges are relevant to the pylons considered here due to the passage of high speed trains: (i) High frequency base accelerathat result from the
tions in the vertical direction in the range
train’s wheels running across rails that have minor imperfections and (ii) low frequency base
accelerations in the horizontal direction in the range
as the train moves rapidly and generates forward travelling elastic waves in the soil.
g
3.3 Mass dampers and base springs
at the top, one boundary condition for each of the axial
If the pylon has a lumped mass
and flexural vibrations involves the acceleration at
. In a steady-state environment,
these acceleration amplitudes are
, to which the amplitude of the base
acceleration
must be added. This still allows for a reformulation of the boundary
conditions of Eq. (2b) in the homogeneous form specified by Eq. (9). The boundary condiare simpler to implement betions of Eq. (2c) involving the base isolation springs
cause they involve relative displacements. For the flexural vibration case, each of the
translational and rotational springs are examined separately. Since the eigenvalue formulation
matrix equations resulting from the imposition of the boundary conditions are complex, there
is some economy in computation to be gained if their inversion is carried out in closed form.
matrix
that yields constants
. It becomes more involved
This is trivial for the
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for the
matrix
that yields constants
, and we give as example in the
Appendix the transcendental equation that yields the flexural eigenfrequencies for a lumped
mass
at the top of the pylon.
4. EIGENPROPERTIES OF PYLONS WITH PASSIVE CONTROL DEVICES
Following the modal analysis approach previously discussed, we will focus on pylons with
a uniform cross-section, as being the more general reference case.
4.1 Longitudinal vibrations
The transient axial displacement for the damped catilevered pylon is as follows:
)

(10a)
(10b)

In the above, summation is over all
has real and imaginary parts given by

eigenmodes, while complex coefficient

,
with

(11)

. The eigenfunction is defined in the interval

If a lumped mass

as

is placed at the top of the pylon, the axial displacement is
)

(12a)
(12b)

with coefficient

,

and complex coefficient

given by Eq. (11).

4.2 Transverse vibrations
As in the above, reconstitution of the transverse displacement using modal analysis for the
damped, flexible pylon with uniform cross-section is given as
(13)
with the real and imaginary parts of the complex coefficient

given as

,
and where
eigenfunctions is

(14)

is the radius of gyration of the cross-section. The general form of the
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(15)
is placed at the pylon’s base, then constants
When a horizontal base spring
the eigenfunctions are given below as

appearing in

(16)
Next, when a rotational spring

is placed at the base, the new constants

are now
(17)

5. NUMERICAL STUDIES FOR A FLEXIBLE PYLON
The aim here is to derive transmissibility (TR) functions for both axial and flexural vibrations of a cantilevered pylon serving as part of the network for electrified railway lines. The
pylon material is pre-stressed concrete, and the relevant geometric and mechanical properties
, the total mass of the pylon. All subsequent compuare given in Table 1 below, including
tations were carried out in a Python programming environment [11], where computation times
did not exceed
for the TR functions that follow, which are parametric in the mass ratio
and in the spring
constants.
a (m)
39.5

b(m)
49.5

d (m)
0.0875

E (kPa)
44.4·106

ρ (tn/m3)
2.55

m0 (tn/m)
0.301

R(a) (m)
0.215

R(b) (m)
0.3375

ΜΤ (tn)
3.84

δ (%)
5.0

Table 1: Properties of the pre-stressed R/C cantilevered pylon
5.1 Preliminary calculations
We define an equivalent, uniform cantilevered pylon that has a constant cross-section dethrough-out its height. This is simply done for comparison purfined by the base radius
poses with the tapered one, and Table 2 lists the first three axial and flexural eigenfrequencies
for both types of pylons. We observe that the difference in the first fundamental frequency of
the pylon is in the neighborhood of 5 between the tapered and the uniform cross-section
variants. Further such comparison studies can be found in Ref. [4].
Pylon type
Uniform

f1 (Hz)
axial
104.3

f2 (Hz)
axial
312.9

f3 (Hz)
axial
521.6

f1 (Hz)
flexural
5.57

f2 (Hz)
flexural
34.92

f3 (Hz)
flexural
97.78

Tapered

114.0

316.5

523.7

5.84

30.47

80.85

Table 2: Comparison of the eigenvalues between R/C pylon uniform and tapered cross section.
5.2 The eigenvalue problem for a base-isolated pylon with a uniform cross-section
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For illustrative purposes, Fig. 2 below shows the pylon’s first three flexural eigenmodes
for the case of a translational spring KY whose value increases so that in Fig. 2(c) the fixedbase pylon case is recovered.

(a)

(b)

(c)
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Figure 2: First three eigenfrequencies and eigenfuntions of a flexible pylon under transverse
vibrations as a function of the translational base spring magnitude: (a) Soft spring, KY=500
kN/m, (b) intermediate spring, KY=5,000 kN/m and (c) stiff spring KY=50,000 kN/m.
Also, Fig. 3 is a convergence study on how the first three flexural eigenfrequencies of the
base isolated pylon converge to the values for the fixed-base case as the magnitude of the
translational and rotational base springs increases

(a)

(b)
Figure 3: Convergence study on the first three flexural eigenfrequencies of the base-isolated
pylon as a function of spring stiffness: (a) translational spring KY and (b) rotational spring KΘ.
Note: The dotted red line is for the fixed-base pylon.
5.3 Transmissibility functions for longitudinal vibrations
We next proceed to recover TR functions for the reference case of the equivalent uniform
pylon, keeping in mind that tapering basically acts as a perturbation of the first eigenfrequencies of an equivalent pylon with a uniform cross-section. Since the eigenfrequencies of pylons
are widely spaced, we resort to log-log plots. Starting with Fig. 4, we observe that until the
first axial eigenfrequency is reached, the presence of the lumped mass at the top is of minor
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consequence, but still somewhat detrimental. However, as the frequency continues to go up,
the lumped mass starts actively reducing the motion by as much as an order of magnitude, and
is effective. Note here the emergence of a new eigenfreeven a small mass of 10% of
quency, otherwise absent when there is no top mass. The situation with the vertical base
spring is quite different, because at low frequencies, below the first eigenfrequency, we have
substantial decrease in the TR values as compared to the fixed base, which roughly corresponds to the spring with the largest values, namely KX=5·106 kN/m . As the frequency goes
up, the TR exhibit minor fluctuations but the motion de-amplification is still substantial.

(a)

(b)
Figure 4: Transmissibility functions TR between top and ground displacement amplitudes versus frequency f for longitudinal pylon vibrations under a normalized sinusoidal ground acceleration input and for a damping δ value of 5% as a function of: (a) mass ratio RM=ML/MT; (b)
vertical base spring KX values.
5.4 Transmissibility functions for transverse vibrations
We continue with Fig. 5 for flexural vibrations, where the TR functions for the base isolation springs present a rather complicated situation. Assuming that the highest spring values
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approach the fixed-base case, then base isolation springs are ineffective at low frequencies, i.e.
those below the first flexural eigenfrequency. As we move past that value, only the horizontal
spring is effective in producing de-amplification of motion. Finally, the rotational spring remains ineffective at both the low and high ends of the frequency spectrum, where it shifts the
fixed-base dominant eigenfrequency to lower values. It is effective only when the external
frequency of vibration approaches a narrow frequency range around the fixed-base pylon eigenfrequencies.

(a)

(b)
Figure 5: Figure 4: Transmissibility functions TR between top and ground displacement amplitudes versus frequency f for transverse pylon vibrations under a normalized sinusoidal
ground acceleration input and for a damping δ value of 5% as a function of: (a) horizontal
base spring KY values and (b) rotational base spring KΘ values.
6. CONCLUSIONS
In this work, we have derived solutions for the transmission of motion between the top and
base of a cantilevered pylon, to which either a lumped mass is attached at the top or springs
are inserted at the base for the purpose of acting as passive control devices. Of course, it may
be that a lumped mass is already attached to the pylon, as would for lighting devices, cable
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supports, signal transmission apparatus, etc., which implies that the results generated here are
still applicable. The same holds true if the pylon is founded on soft soil, in which case we
have soil-structure-interaction phenomena and the ground is replaced by an equivalent set of
springs.
For a typical R/C pylon used in electric rail lines, with vibrations induced by passing trains
in both the vertical direction and on the horizontal plane, the presence of the lumped mass at
the top of the pylon is beneficial in the high frequency range, where we see an amplitude reduction in the pylon displacements. Conversely, in the low frequency range as compared to
the pylon fundamental eigenfrequency, the presence of a lumped mass ranges is of minor significance and may even be detrimental. Similar conclusions can be drawn in reference to the
presence of base isolation springs that become effective in the higher frequency range. In the
low frequency range, however, their presence is detrimental, as they result in an increase in
amplitude at the top for transverse vibrations, but beneficial for longitudinal vibrations.
The presence of a lumped mass and of base isolation springs becomes important when
viewed in terms of SHM, because these passive damping mechanisms can be upgraded to a
semi-active status [9]. For instance, it may be possible to allow for the lumped mass to fluctuate as the pylon structural vibrations unfold with time, provided a suitable mechanism can be
added for this purpose. In addition, there would have to be a control algorithm, as for instance
a predictor-corrector method that computes the imminent displacement at the top of the pylon
and energizes the mechanism if this displacement exceeds a prescribed limit. A similar situation can be envisaged for the case of a base isolation mechanism. In both cases, the use of
control algorithms pre-supposes the existence of robust and efficient structural analysis capabilities, as would be the case for the analytical solutions presented herein.
Acknowledgement: The authors acknowledge support from the German Research Foundation (DFG) projects SM 281/14-1 entitled “Data-driven analysis models for slender structures
using explainable artificial intelligence” and SM 281/20-1 entitled "Resilient infrastructure
based on cognitive buildings", Prof. K. Smarsly, University of Hamburg-Harburg, coordinator.
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APPENDIX
We derive here the transcendental equation for flexural vibrations of a tapered pylon with a
at the top, whose numerical solution by the Newton-Raphson method yields
lumped mass
the eigenfrequencies. This derivation assumes that this mass is activated by the relative transverse motion
of the pylon, which is the case that appears often in the literature. We
should note, however, that the mass is influenced by the total motion that includes the base
motion
. Finally, recovery of the first three eigenmodes is usually deemed sufficient for
any subsequent dynamic analysis. More specifically, we start with the shear force boundary
condition

We follow with a substitution for
eigenfunctions
:

in terms of the generalized coordinates

and the

However, the generalized coordinates obey the single degree-of-freedom equation as

Since the bending moment at the pylon’s top is zero, we have that
Manipulation of the boundary condition equation yields

Next, we use the dimensionless length
tapered pylon

,

.

and of moment of inertia of the

to recover the following equation:
(A.1)
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The total mass of the pylon

is then computed as

, where

,

, and

.

By inserting the above expressions in Eq. (A.1) we recover that

We now introduce the homogeneous solution for flexural vibrations as
{
where

. Now we can define the following quantities:

The full set of boundary conditions for the lumped mass at the top is

Finally, to recover the wave numbers, the determinant of the

matrix is set equal to zero:

(A.2)

The matrix terms appearing in Eq. (A.2) are as follows:
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Abstract
This study investigates suitable models for the analysis of innovative retrofits in infilled (and
bare) reinforced concrete frames. It focuses on the detrimental effects of prior damages and
deficiencies in frames such as corroded steel reinforcements or inadequate lap-splices in columns that may lead to premature failures and structural collapses. It investigates numerically
the beneficial effects of innovative interventions on deficient RC frames, through pseudodynamic 3-dimensional finite element analyses. The intervention involves infill wall with special thermal insulating clay brick orthoblocks, having at the boundary interface with the RC
frame, an advanced seismic joint made of highly deformable polyurethane. The technique has
been already validated experimentally in frames without corroded or lap-spliced bars [1] (as
well as for a four-column structure in project named “INfills and MASonry structures protected by deformable POLyurethanes in seismic areas” – INMASPOL [2,3]). The analyses
suggest that the 3dimensional FE models may reproduce with satisfactory accuracy the mechanical behavior of FRP retrofitted deficient columns. Further, they suggest that the deficient RC frames after the innovative composite retrofit achieve higher base shear load than
the original bare RC frame without corroded or lap-spliced bars, at comparable top displacement ductility.
Keywords: Finite Element, retrofit, reinforced concrete frame, brick infill, polyurethane
seismic joint
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1

INTRODUCTION

Reinforced concrete (RC) structures in seismic and coastal regions often present accumulated damage due to corrosion of steel reinforcement [4] among others. Further, the columns
may include several deficiencies such as inadequate lap-splices of bottom steel bars [5, 16]
among others. Available innovative materials and intervention techniques such as steel fiber
systems or fiber reinforced polymers (FRPs) in the form of sheets, strips and ropes are widely
used. Suitable diagnosis and retrofit of deficient members can improve their strength, delay
further corrosion of the reinforcement as well as reduce deformations at the serviceability limit stage [5-11, 17].
Furthermore, the behavior of RC frames with masonry infills is significantly affected by
the stiffness and the difference in yield-failure deformation between the RC frames and the
masonry infills. The majority of buildings are constructed by brittle materials (clay bricks or
concrete). Flexible frames cannot support high loads at low excitations and this can cause
damage to the infills in normal (frequent) earthquakes. In the case of aftershocks, damaged
infills may fail in and/or out of plane and collapse, causing human injuries. On the other hand,
if the infill is too strong compared to the columns, it may cause their detrimental shear failure.
Seismic isolation of the infills through structural Polyurethane Flexible Joints (PUFJ) may
result in desirable RC frame – infill interaction enhancing the elastic stiffness and base shear
while maintaining significant displacement ductility of the composite frames [1-3]. PUFJs can
be used to fill cracks or joints or to bond composite materials (for masonry see [12]). In cases
the fiber retrofit is applied with standard epoxy resins or inorganic matrices, the sequence of
failures of the infilled RC frames remains unchanged, revealing a significant accumulation of
damage for relative displacement of the frame between 0.5% - 1.5% [13]. Recent analytical
studies have shown that strengthening with PUFJs may delay infill damage and thus enables
the engagement of multiple different infills in a building frame. This aspect increases their
shear capacity significantly [3].
However, during an experimental campaign involving large scale frames, only a few parameters can be investigated due to the high demand of resources and time. 3D finite element
modelling and analyses may help address the effects of critical design parameters or deficiencies or damages in frames, by further developing already validated models in RC columns and
in half RC column-foundation specimens retrofitted or not (see [14,15]).
This study investigates analytically the performance of bare RC frames with corroded reinforcements or inadequate bar lap-splices. Further, their corresponding RC frame counterparts
with an innovative infill and PUFJ seismic joint are included in the parametric investigation.
The infill wall is made of special thermal insulating clay bricks (orthoblocks with vertical direction of holes), having at the boundary interface with the RC frame an advanced seismic
joint made of highly deformable polymer (PUFJ). The technique has been already validated
experimentally in frames without corroded or lap-spliced bars in [1] (as well as for a fourcolumn structure in INMASPOL [2,3]). The parametric analyses reveal the effects of damages
and deficiencies on the performance of seismic resistant frames and the potential of innovative retrofits with seismic polymer joints.
2

FINITE ELEMENT MODELLING

This study develops suitable models for the analytical investigation of innovative retrofits
in infilled (and bare) framed structures with prior structural deficiencies, based on the prior
numerical validation of 3D FE models of isolated columns with deficiencies.
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2.1

Concrete

The behavior of concrete is captured with the Riedel–Hiermaier–Thoma (RHT) model [1820] (ANSYS, Autodyn [21]), suitable for similar geological materials under dynamic loading
situations. The RHT is a constitutive model for brittle materials and is a combined plasticity
and shear damage model in which the deviatoric stress in the material is limited by a generalized failure surface of the form (Eq. 1)
f ( P, V eq , T , H ) V eq  YTXC ( P ) * FCAP ( P ) * R3(T ) *( F ) RATE (H )

(1)

ZKHUHıeq is the uniaxial compressive strength, YTXC(p) is the fracture surface, FCAP(P) is a
dimensionless cap function which activates the elastic strength surface within the RHT material model at high pressures, R ș is the third invariant dependence term and (F)5$7( İ is the
strain rate effect represented through fracture strength with plastic strain rate.
2.2

Longitudinal and Transverse Steel Bars

In Explicit Dynamics analyses, plastic deformation is computed by reference to the Von
Mises yield criterion (also known as Prandtl–Reuss yield criterion). This states that the local
yield condition is (Eq. 2)
(V 1  V 2 ) 2  (V 2  V 3 ) 2  (V 3  V 1 ) 2

2Y 2

(2)

ZKHUHı1ı2ı3 are the first, second and third principal stresses and Y is the yield stress of
steel reinforcement under tension.
For the elastic part of the response of the longitudinal and transverse steel was chosen the
“Isotropic Elasticity” model. The “Bilinear Isotropic Hardening” model was used to define the
yield stress (Y) as a linear function of plastic strain, İp (Eq. 3)
Y

Y0  A * H p

(3)

where Y0 is the yield strength and A is the tangent modulus.
2.3

Brick

Brick is modeled with Young’s modulus equal to 3800 MPa and Poisson’s Ratio equal to
0.25. The orthotropic elasticity material properties with tensile strength in X, Y and Z directions are 1.49 MPa, 3.89 MPa and 1.49 MPa, respectively.
2.4

Fiber Reinforced Polymers (FRP)

The retrofitted isolated specimens were externally confined with 2 layers of carbon FRP
[5]. The FRP jacket was applied over a height of 600 mm at the base of the column. The
thickness of one layer of CFRP was tf=0.13 mm, the elastic modulus was Ef=230 GPa and the
IDLOXUH VWUDLQ ZDV İuf=0.015, while the corners of the section were rounded with radius of
r=30mm. FRP jacket was modelled as an orthotropic elastic material. For the analyses, the
material properties were reduced to 59,160 MPa for the elastic modulus along the direction of
carbon fibers in order to take into account both the fibers and impregnation polymer. In addition, the thickness of the jacket was suitably increased so that the elastic modulus multiplied
by the thickness of the jacket, in both cases, provides the same axial rigidity value.
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2.5

Polyurethane

The frame specimen is the brick infilled RC frame with polymer joints of 2cm thick at 3
sides, simulating application to existing buildings. The 3-sided gap was filled in with PUFJ
polymer through by injection. Polymer for PUFJ was of type Sika PM. The elastic modulus,
strength and ultimate elongation of the polymer were 4 MPa, 1.4 MPa and 110%, respectively
in a tensile test and the Poisson ratio 0.47. Polyurethane is modeled as an isotropic elasticity
material.
2.6

Element Type

Concrete and bricks were eight-node elements "Hexahedral Solid Elements". The internal
steel reinforcement was 2-node element “Beam (Line) Elements” with the ability to develop
large axial deformations. More details on the FE modelling and analysis procedure can be
found also in [14, 15].
3

VALIDATION OF FE MODELS

The analytical study presented herein includes two phases. At the first phase the accuracy
of the prediction performance of the constructed 3D FE models are validated against the experimental results of 2 selected real scale RC frames from the study by [1]. Specimen A1F is
the bare RC frame of the series and it is designed according to current Eurocodes. This real
scale frame has plane dimensions of 270 cm long beam with extensions of 30 cm in both sides
and height of 245 cm (245 cm to the level of the diaphragm). The columns are of cross section
GLPHQVLRQV RI  FPî FP DQG KDYH ĭ ORQJLWXGLQDO FRQWLQXRXV UHEDUV ZLWKRXW ODSVSOLFHV DQGĭPPFORVHGVWirrups (peripheral and rhombic). The columns have two top
extensions of 30 cm as well as a common foundation beam with dimensions 30 cm×40
cm×355 cm. The top beam has cross section dimensions of 25 cm×25 cm and is reinforced
ZLWKĭORQJLWXGLQDOUHEDUVDQGĭPPFORVHGVWLUUXSV SHULSKHUDO 7KHGimensions
of the RC frame and the detailing of the internal steel reinforcement are depicted in Figure 1a.

(a)

(b)

Figure 1: (a) Dimensions of the RC frame and detailing of internal steel reinforcement and (b) Specimen B2 with
3 –sided polymer joint applied on existing infill (adapted by [1]).
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Specimen B2 is identical to the A1F frame with addition of infill wall with special thermal
insulating clay bricks (orthoblocks with vertical direction of holes), having at the boundary
interface with the RC frame, advanced seismic joint made of highly deformable polymer. The
polyurethane joint is 2 cm thick, placed at 3 sides (at 2 vertical interfaces and at top interface)
which is depicted in Figure 1b. The two columns of the frame have been subjected to 375 KN
concentric load each. Then, the horizontal actuator imposed cycles of gradually increased displacements at the top beam. More details on the experimental setup and test results of the 2
selected frames can be found in [1].
Figures 2a and 2b show in black and black-grey curves the experimental envelope base
shear – top displacement curves of the two frames for (+) and (-) push respectively. It should
be mentioned that the innovative orthoblock infill with the PUFJ seismic joint increased the
elastic stiffness of the frame as well as the maximum base shear of the frame from 164 kN
(A1F frame push +) and 134 kN (A1F frame push -) to 192.8 kN (B2 frame push +) and 167
kN (B2 frame push -) when the orthoblock-PUFJ is used. Further, the top displacement ductility of the infilled frame B2 was remarkable, with negligible base shear reduction up to 3.5%
drift for push (+).
The analytical predictions of the FE analyses are in red color and compare well with the
experimental ones in terms of maximum and ultimate base shear as well as in terms of top
displacement at maximum bearing load and at ultimate (see figure 2).

(a)

(b)

Figure 2: Analytical base shear force -displacement curve for (a) A1F and (b) B2 with no and 29% corrosion,
compared against the experimental ones.

4

PARAMETRIC FE ANALYTICAL INVESTIGATION

At the second phase, the study utilizes the modelling approach presented in [15] for RC
columns with lap-spliced steel bars or with corroded reinforcements. The corresponding developments are introduced in the frames A1F and B2 to investigate the effects of the implementation of orthoblock infill with seismic PUFJ on the P-d performance of deficient frames
in need of retrofit.
4.1

Corrosion of steel reinforcement

Anagnostou and Rousakis [15] validated the simplified FE approach on the analysis of RC
columns with corroded steel bars of varying degree of corrosion utilizing the experiments by
[5]. The half column specimens had section dimensions 20 cm x 30 cm and height 120 cm.
The concrete strength and steel yield stress was fc=25.5 MPa and fyL=460 MPa and the normalized axial load v=0.18. Four different degrees of corrosion were investigated experimen-
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tally. The FE analytical results in [15] suggest there is reduction of the force received by the
longitudinal bars under tension compared to the uncorroded column, as the degree of corrosion increases (in accordance with the mass loss of the steel). The strength and the ductility of
RC column decrease and the reduction of strain in corroded steel bars is significant. Finally,
for a high degree of corrosion, fracture of steel longitudinal bars is expected.
A corrosion of about 10% results in negligible reduction of the ultimate chord rotation [5]
while a higher than 20% leads to a dramatic reduction of the yielding and ultimate strength.
The column NS-X16 presented a reduction in experimental ultimate displacement of about
28% and in strength about 10% with respect to uncorroded one. This corrosion level is considered in this study the limit one for a column satisfying the seismic code requirements.
Herein, the analytical and experimental results (for both directions, push + and push -) of
specimens NS-X0 and NS-X16 (0 and 16% corrosion, respectively) for the maximum and ultimate lateral force (Pmax, Pu DQGWKHFRUUHVSRQGLQJGLVSODFHPHQWV įPmaxįPu) are presented
and compared in Table 1. The parameter used for the comparisons in all tables is the Absolute
Divergence (AD), also known as Absolute Error (AE). It is defined as follows:

AD

aanal .  aexp.

(4)

aexp.

$'UHTXLUHVWKHDEVROXWHH[SHULPHQWDOYDOXHV Įexp.) to be subtracted by the analytical ones
Įanal. DQGWKHQGLYLGHGE\WKHH[SHULPHQWDORQHV Įexp.). The divergence between the experimental and analytical values at characteristic states for the columns is low (Table 1). All comparisons with loads and displacements at characteristic states suggest the analytical
predictions are satisfactory. More details can be found in [15].

Pmax (+) (kN)
įPmax (+) (mm)
Pmax (-) (kN)
įPmax (-) (mm)
Pu (+) (kN)
įPu (+) (mm)
Pu (-) (kN)
įPu (-) (mm)

NS-X0
Exp.
60.70
20.00
52.00
15.00
51.60
81.10
44.20
70.00

Anal.
54.56
20.87
54.56
20.87
46.38
73.75
46.38
73.75

AD (%)
10.11
4.35
4.92
39.13
10.12
9.06
4.92
5.36

NS-X16
Exp.
50.90
18.00
50.00
30.00
43.27
55.10
42.50
55.00

Anal.
49.56
42.12
49.56
42.12
42.13
52.86
42.13
52.86

AD (%)
2.64
134.00
0.88
40.40
2.63
4.07
0.88
3.89

Table 1: Comparative results for specimens NS-X0 and NS-X16 with different corrosion levels.

The same approach was adopted for the frames A1F and B2. The scenario concerns 29%
mass loss due to corrosion for all the steel bars and stirrups, including the two columns along
with the beam. All analyses are stopped at the same displacement, as the experimental one.
Figure 2a presents the analytical base shear force – displacement curve of frame A1F with
29% corrosion while figure 2b the curve of B2 with 29% of corrosion, both in yellow color.
The dashed lines mark the 20% drop of the maximum values of the analytical and experimental base shears (for both directions, push + and -), considered as the lowest acceptable
threshold of base shear at failure according to several seismic codes. In particular (see Table
2), for frame A1F without corrosion these experimental limit values for push (+) and (-) are
0.8×164=131.2 kN and 0.8×134=107.2 kN respectively. The analytical prediction is
0.8×148=118.4 kN, being around the average of experimental ones. Analysis for A1F with
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29% corrosion reveals maximum base shear of 113.35 kN which is around the analytical 80%
value at failure for uncorroded frame. Further, the ultimate base shear is 103.26 kN, lower
than the experimental limits and far lower than the analytical failure limit of 118.4kN. It
seems that the base shear degradation at ultimate because of 29% corrosion in bare frame A1F
is 30.2% (i.e. from 148 kN to 103.26 kN), concluding corroded A1F as insufficient. This load
drop is far higher than in isolated columns (15.6%) as all steel reinforcements of the frame are
considered corroded.
A1F (29% corrosion) A1F (11dbL lap
length)
AD (%) Anal.
AD (%) Anal.
AD (%)
9.76
113.35
23.41
139.67
5.63
7.80
46.25
22.83
53.34
11.00
10.94
113.35
23.41
139.67
5.63
7.80
46.25
22.83
53.34
11.00
12.98
103.26
25.79
131
5.9
101.50
101.5
11.58
103.26
25.79
131
5.9
101.50
101.5
-

A1F (No corrosion, No lap)
Exp.
Pmax (+) (kN) 164.00
įPmax (+) (mm) 65.00
133.40
Pmax (-) (kN)
įPmax (-) (mm) 65.00
159.90
Pu (+) (kN)
101.50
įPu (+) (mm)
124.70
Pu (-) (kN)
99.00
įPu (-) (mm)

Anal.
148.00
59.93
148.00
59.93
139.14
101.50
139.14
101.50

Table 2: Comparative results for specimens A1F with different corrosion levels and lap lengths.

For frame B2 without corrosion, the corresponding experimental limit values for push +
and - are 0.8×192.8=154.2 kN and 0.8×167=133.6 kN respectively (Table 3). The corresponding analytical prediction is 0.8×190.25=152.2 kN, being around the experimental push + value.
Analysis for B2 with 29% corrosion reveals maximum base shear of 152.66 kN which is
around the analytical value at failure for uncorroded frame. Further, the ultimate base shear is
141.48 kN, which is higher than the limit experimental value for push – direction. However,
this base shear degradation at ultimate because of 29% corrosion, is 25.6% (i.e. from 190.25
kN to 141.48 kN), concluding corroded A1F marginally as insufficient. Interestingly, if B2
frame is considered the retrofitting scenario for A1F corroded bare frame, then the analytical
behavior of corroded A1F retrofitted with orthoblock infills and PUFJ (corroded B2) is
somewhat better than the analytical behavior of uncorroded A1F. Indeed, the maximum base
shear of B2 corroded is 152.66 kN (higher than 148kN in A1F uncorroded). Further, the ultimate base shear is also higher. Given the unique characteristics of PUFJ for emergency retrofits providing a short curing period of some hours [1-3], this innovative retrofit could enable
the corroded frame to sustain P-d demands equivalent to the uncorroded one.

Pmax (+) (kN)
įPmax (+) (mm)
Pmax (-) (kN)
įPmax (-) (mm)
Pu (+) (kN)
įPu (+) (mm)
Pu (-) (kN)
įPu (-) (mm)

B2 (No corrosion, No lap)
Exp.
Anal.
AD (%)
192.80 190.25 1.32
44.80
54.70
22.10
166.60 190.25 14.20
44.80
54.70
22.10
179.00 180.42 0.79
81.40
81.40
134.50 180.42 34.14
81.40
81.40
-

B2 (29% corrosion)
Anal.
AD (%)
152.66
19.76
51.70
5.48
152.66
19.76
51.70
5.48
141.48
21.58
81.40
141.48
21.58
81.40
-

B2 (11dbL lap length)
Anal.
AD (%)
165.04
13.25
53.72
1.79
165.04
13.25
53.72
1.79
147.76
18.10
81.4
147.76
18.10
81.4
-

Table 3: Comparative results for specimens B2 with different corrosion levels and lap lengths.
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Figures 3 and 4 present the concrete damage of the specimens A1F and B2. Frames A1F
with 29% corrosion and uncorroded present similar damage accumulation. Damage occurs
mostly at the bottom and the top of the columns (critical regions) and inside the joints. Specimen B2 with 29% corrosion presents damage at similar regions but of lower severity as the
damage is also distributed inside the orthoblock infill.

(a)

(b)

Figure 3. Concrete damage of specimen A1F with (a) no corrosion/no lap splices, and specimen B2 with (b) no
corrosion/no lap splices (magnification factor 2).

(a)

(b)

Figure 4. Concrete damage of specimen A1F with (a) 29% corrosion at total displacement 101.50 mm and specimen B2 with (b) 29% corrosion at total displacement 81.40 mm (magnification factor 2).

4.2

Lap-spliced longitudinal bars

Anagnostou and Rousakis [15] have verified the 3D FE models of columns with lapspliced longitudinal bars utilizing the experiments by [22]. The half columns had section dimensions 25 cm×50 cm and height 160 cm. The concrete strength varied among columns
fc=26.9-32.9 MPa, and steel yield stress fyL=514 MPa. The normalized axial load was v=0.260.30, while three different lap-splice lengths of 15 times the diameter of the longitudinal bar
(15dbL), 30dbL and 45dbL were examined. Table 4 cites the analytical and experimental results
of columns with no bar laps or with bar lap lengths of 15 dbL and 30dbL confined with 2 layers
of FRP. All comparisons with loads and displacements at characteristic states suggest the analytical predictions are satisfactory. Column with 15 dbL lap-splices (R-P2L1) shows a significantly reduced base shear (a mean reduction of about 20%) and reduced deformation capacity
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compared with the column without laps (R-P2L0). Column with 30dbL (R-P2L3), achieves
ultimate displacement similar to that of R-P2L0 but at marginally lower base shear (around
4%). Similarly, the analytical maximum axial force developed on the bars under tension at the
lap region at the base of column R-P2L3 is 134.63 kN. This force is 9% lower than the axial
force of 147.89kN in R-P2L0. For the column R-P2L1 the corresponding axial force is 85.49
kN, being 57% of the one in column R-P2L0. Therefore, the steel bars in the lap do not yield
(analytical yield tensile force on the bar is 130.8 kN).

Pmax (+) (kN)
įPmax (+) (mm)
Pmax (-) (kN)
įPmax (-) (mm)
Pu (+) (kN)
įPu (+) (mm)
Pu (-) (kN)
įPu (-) (mm)

R-P2L0
Exp
240.00
48.50
194.00
38.50
192.00
70.40
155.20
64.00

Anal
217.73
34.84
217.73
34.84
174.18
75.37
174.18
75.37

R-P2L1
AD (%) Exp
Anal
9.28
175.00 176.86
28.16
19.50 27.77
12.23
168.00 176.86
9.51
19.00 27.77
9.28
140.00 141.49
7.06
54.40 58.46
12.23
134.40 141.49
17.77
50.00 58.46

R-P2L3
AD (%) Exp
Anal
1.06
215.00 209.11
42.41
48.50 38.13
5.27
208.00 209.11
46.16
34.50 38.13
1.06
172.00 167.29
7.47
75.20 66.85
5.27
166.40 167.29
16.92
65.00 66.85

AD (%)
2.74
21.38
0.53
10.52
2.74
11.10
0.53
2.85

Table 4: Comparative results for specimens R-P2L0, R-P2L1 and R-P2L3 with different lap lengths.

The same approach was adopted for the frames A1F and B2. The scenario concerns the insufficient lap-splice case of 15dbL. However, this lap length is further reduced to 11dbL accordingly, based on the different concrete strength of the frames (C30 quality) that
corresponds to higher bond strength of the bars inside concrete than the one in the columns by
[22] (C20 quality). All analyses are stopped at the same displacement, as the experimental one.
Figure 5a presents the analytical base shear force – displacement curve of frame A1F with
11dbL lap length while figure 5b the curve of B2 with 11dbL lap length, both in green color.
Analysis for A1F with 11dbL lap length reveals maximum base shear of 139.67 kN (see
Table 2) which is only 5.63% lower than the analytical value at maximum for the frame without laps (148 kN). The corresponding ultimate base shear is 131 kN (only 11.4% lower than
148 kN, correspondingly). The ultimate base shear in A1F with laps is higher than all limit
values of 20% drop (experimental or analytical), being sufficient globally, despite insufficient
laps. It seems that the base shear degradation at ultimate because of insufficient lap-splices is
higher in isolated half column specimens revealing a shear force of 141.49 kN. The corresponding maximum base shear in column without lap-splices is 217.13 kN, denoting a drop of
34.8% (3 times higher). The reason for this, may be attributed to the engagement of the sections on the top of the columns of the frame at higher extend, to compensate for the insufficiency of the bottom sections (redistribution effects).
Analysis for B2 with 11dbL lap length reveals maximum base shear of 165.04 kN which is
14.4% lower than the analytical value at maximum for the frame B2 without laps (Table 3).
The ultimate base shear in B2 with laps is 147.76 kN (22.3% lower, correspondingly). This
value is around the analytical limit value of 20% drop for frame B2 without laps (152.2kN),
being only marginally insufficient globally, despite heavily insufficient laps. Further, if B2
frame is considered the retrofitting scenario for A1F bare frame with laps, then the analytical
behavior of corroded A1F retrofitted with orthoblock infills and PUFJ (corroded B2) is far
better than the analytical behavior of A1F without laps. Indeed, the maximum base shear of
B2 with laps is 165.04 kN (higher than 148kN in A1F without laps). Further, the ultimate
base shear is 147.76 kN (Table 3), compared with 139.14 kN in A1F without laps (Table 2).
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In this case, orthoblock-PUFJ emergency retrofit [1-4], could enable the lap-spliced frame
to sustain P-d demands higher than the A1F frame without laps.

(a)

(b)

Figure 5. Analytical base shear force -displacement curve for (a) A1F and (b) B2 with no and 11dbL lap length,
compared against the experimental ones.

Figure 6a presents the undeformed lap length region of 11dbL while figures 6b and 6c the
slippage of the bars of frames A1F and B2 at ultimate. In both cases the analyses suggest that
the lap-spliced bars reach their yielding force under tension (96.5 kN) despite the slip.

(a)

(b)

(c)

Figure 6. (a) Undeformed 11dbL lap length, (b) Slippage of longitudinal steel bars of specimen A1F at ultimate
displacement of 101.5 mm and (c) B2 at ultimate displacement of 81.4 mm (magnification factor 10).

Figures 7a and 7b suggest that both frames present similar damage accumulation. Damage
occurs mostly at the bottom and the top of the columns (critical regions) and inside the joints.
Specimen B2 with 11dbL lap-splices presents damage of higher severity than in A1F, at the
upper left beam-column joint region and at the bottom of the right column. However, the
maximum shear force does not drop below 80% of the maximum experimental and analytical
values.
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(a)

(b)

Figure 7. Concrete damage of specimens with 11dbL lap length of (a) A1F and (b) B2.

5

CONCLUSIONS

The analytical results of the developed FE models for frames A1F and B2 compare well
with the experimental results. Further, the frames are suitably integrated to assess analytically
their performance when they suffer 29% mass loss of their steel reinforcements due to corrosion or when the bottom column reinforcements have insufficient lap-splices of 11dbL length.
Reference experiments of the international literature in half column specimens are utilized to
validate the produced models.
The analytical results are mainly assessed based on the lowest acceptable threshold of 20%
drop for the base shear at failure when compared with the maximum base shear of the frame
(according to several seismic codes) without damages or deficiencies. Further, the investigated deficiencies cause no significant degradation of the elastic stiffness of the frames.
The corrosion of 29% steel mass loss to all reinforcements in bare frame A1F, results in ultimate base shear that is 30.2% lower than the maximum base shear in uncorroded A1F.
Therefore, the frame is in need of retrofit as insufficient. In corroded B2 the corresponding
drop is lower, 25.6%, considering it marginally as insufficient. However, if corroded B2 is
considered the retrofit scenario for corroded A1F with orthoblocks and PUFJ, then the base
shear at maximum and at ultimate are both higher than the corresponding values in A1F uncorroded, at comparable top displacement ductility. Therefore, it can be considered an efficient retrofit (especially as emergency one). However, such high levels of corrosion should be
treated with caution.
The insufficient lap-splice of 11dbL to the bottom bars of the columns in bare frame A1F
results in ultimate base shear that is only 11.4% lower than the maximum base shear in A1F
without laps. The ultimate base shear in A1F with laps is higher than all limit values of 20%
drop (experimental or analytical), being sufficient globally, despite insufficient laps (in isolated half column specimens the drop was 3 times higher). In B2 with lap-splices, the corresponding drop is 22.3%, considering it as marginally insufficient, despite insufficient laps.
Further, if B2 frame is considered the retrofitting scenario for A1F bare frame with laps, then
the analytical behavior of A1F with insufficient laps and retrofitted with orthoblock infills and
PUFJ (B2 with lap-splices) is far better than the analytical behavior of A1F without laps. Orthoblock-PUFJ could enable the frame with lap-splices to sustain P-d demands higher than the
A1F frame without laps, at comparable top displacement ductility.
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Abstract
The present study presents the results of experimental and numerical investigation on the
behavior of self-supporting, double skin metal faced insulating sandwich panels under
compression, tension and shear. More specifically, appropriate number of specimens is
subjected to compression, tension and shear loads at the “Laboratory for Strength of Materials
and Structures” (LSMS) Department of Civil Engineering of Aristotle University of
Thessaloniki (AUTh) in compliance with the terms of BS EN 14509:2013 standard. In addition,
numerical models simulating the compression and tension tests are developed and the
mechanical properties of the materials composing the insulating panels are calibrated. As a
result, stress – strain laws for both compression and tension behaviours of the product are
determined. Moreover, numerical model simulating the shear test is built by implementing the
previously formed material laws with analytical stress-strain relations for compression and
tension. Finally, the response of the numerical model under shear test is compared to the
experimental one and consequently the accuracy of determined material laws is assessed.
Keywords: Composite, Self-supporting double skin metal faced MW panels, Experimental
tests, Numerical simulation, Material law, Validation
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1

INTRODUCTION

Sandwich panels are modern pre-fabricated construction components used as cladding
elements for different types of buildings. Sandwich panels consist of an insulating core material
covered by two faces which are typically made of thin metal sheets. The materials can be
configured in many possible combinations. For instance, for the cover layers thin metal faces,
timber-based plates or glass fiber reinforced plastics can be used. The insulating core layer in
most cases is made of structured foams like polyurethane (PUR), polystyrene (PS) or of mineral
wool (MW). Sandwich panels are used as light-weight roofs and wall claddings in industrial
and commercial buildings. Usually, the structures are loaded by permanent loads, like selfweight, snow and wind loads. However, additional loads like temperature differences between
external and internal metal faces or creep of the core must be taken into account for statical
calculations of sandwich panels structures. The high load bearing capacity of sandwich panels
is the result of a rigid connection between the core material and the cover layers. The bending
moment is distributed to the two faces (e.g., for panels with flat faces in the form of axial forces)
and the shear loads are borne by the core layer. In standard applications, the panels are mounted
and fixed on a load-bearing substructure of beams or purlins. Sandwich panels can reduce the
problem of lateral torsional buckling of this substructure of beams or purlins by providing
stabilization either by shear stiffness or by torsional restraint. [1,2].
For the structural behavior of sandwich panels, it is necessary to consider all of the potential
failure modes: tensile failure of the faces (due to tensile stress), local buckling (wrinkling) of
the faces (due to compressive stress), and shear failure of the core or the adhesion between the
core and face. In sandwich panels with thin strongly profiled faces, two additional failure modes
are introduced: shear strength of the webs in a profiled face and the support reaction capacity
of a profiled face [3,4].
The European standard BS EN 14509:2013 [5], or European Recommendations published
by the European Convention for Constructional Steelwork (ECCS) and the International
Building Council (CIB) do not provide detailed design methods for sandwiches with strongly
profiled faces. Determination of the load bearing capacity required for the design of sandwich
panels is to a large degree based on test results [6].
Pokharel and Mahendran [7,8] implemented Finite Element Analysis Method (FEM) in
order to investigate the structural behavior of flat and lightly profiled sandwich panels. The
investigation of structural behavior and failure analysis of composite structures through the use
of finite element analyses have also been presented in [9] and [10].
The objective of this paper is to investigate experimentally and numerically lightly profiled
insulating panels but most importantly develop a methodology for calibrating and determining
materials’ law that would enable an accurate simulation and estimation of the structural
behavior of theses composite panels.
2

EXAMINED SPECIMENS AND EXPERIMENTAL PROCEDURE

All the experimental tests are executed at the “Laboratory of Strength of Materials and
Structures” of Aristotle University of Thessaloniki (AUTh) in compliance with EN 14509:2013
standard. The insulating panel under examination is in fact a sandwich section that consists of
two metal faces of thickness 0.45mm, called “lamellas” and a core material between them which
is Mineral Wool (MW). This panel is denominated as SP. The profile of the studied section is
depicted in Figure 1. Three (3) panel thickness values, dC, are considered in the present research:
50mm, 80mm and 100mm.
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Figure 1: Profile of the examined self-supporting, double skin metal faced insulating SP

The compressive strength (fCc) and elasticity modulus (ECc) of the examined panel is
measured by testing six (6) specimens of each thickness in compliance with the procedure
described in paragraph A.2 of EN 14509: 2013 standard. The specimens, as recommended in
EN 826 standard (compressive behavior of thermal insulation products) should have a square
cross-section of dimensions between 50 and 300mm. In the present study prisms of 100x100mm
are used. Also, six (6) specimens of the same dimensions are tested for evaluating the tensile
behaviour of the panels and measuring their tensile strength (fCt) and elasticity modulus (ECt)
in accordance with the paragraph A.1 of EN 14509: 2013. Finally, the terms of paragraph A.3
of the aforementioned paragraph are implemented for testing three (3) SP specimens of length
of 1000mm and width of 100mm under “shear test with two-point loads” and estimating the
ultimate shear strength (fCv) and shear modulus (GC). The properties of the specimens and
details of the procedures are listed below in Table 1.
Examined
Characteristics

Test
Method/Procedure

Specimens’
dimensions
thickness length width
dC (mm)
(mm) (mm)

min number
of tested
specimens

Compressive strength
EN 14509:2013 A.2 50, 80, 100
100
100
and modulus
Tensile strength and
EN 14509:2013 A.1 50, 80, 100
100
100
modulus
Shear strength and
EN 14509:2013 A.3 50, 80, 100 1000
100
modulus
Table 1: Properties of tested specimens and experimental procedures
3

6
6
3

EXPERIMENTAL RESULTS

In this section the results of the experimental tests are presented. Figures 2, 4 and 6 illustrate
the damage pattern of compression, tension and shear, respectively. In Figure 3 the compression
stress – strain curve is depicted and the average values of strength and elasticity modulus are
presented. The same applies to Figure 5, which refers to tensile behavior, while Figure 7
illustrates the maximum applied load – deflection curve of the examined specimens and shear
strength and modulus average rates are displayed.
Observing Figure 3, one can see that the thickness of insulating panels has little effect on
their performance under compression test as the characteristic values of compressive strength
and elasticity modulus have little difference for the three examined width rates. Also, it is not
clear if this little impact is negative or positive since the compressive strength of SP 80mm
thick is smaller than that of 50mm, but greater than that of 100mm.
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Figure 2: Indicative photographs of SP specimen before (left) and after (right) compression test

Figure 3: Compressive strength-strain diagrams of six (6) specimens of thickness dC=50mm (top-left), dC=80mm
(top-right), dC=100mm (bottom-left) and table of average compressive strength and elasticity modulus values
(bottom-right)

The experimental results revealed that the performance of SP under tension test (Figure 5) is
deteriorate to that under compression (Figure 3) as the average tensile strength amounts
approximately to 10kPa while the average compressive strength is about 60kPa, i.e., 6 times
greater. Another interesting finding is that the tensile elasticity modulus of the examined
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insulating panels is roughly 1/8 of the compressive modulus, fact that is depicted in the
corresponding curves’ slope angle.

Figure 4: Indicative photographs of SP specimen before (left) and after (right) tension test

Figure 5: Tensile strength-strain diagrams of six (6) specimens of thickness dC=50mm (top-left), dC=80mm (topright), dC=100mm (bottom-left) and table of average tensile strength and elasticity modulus values (bottomright)

The performance of SP under shear test is very sound as shown in Figure 7. The shear
strength average value amounts to 3255kPa, 54 times greater that the compressive strength and
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325 than the tensile strength. This happens because of the high contribution of lamellas (steel
panels) to the tensile behavior of SP product (lamella material’s properties listed in section 4).

Figure 6: Indicative photographs of SP specimen before (left) and after (right) shear test

Figure 7: Applied load-deflection diagrams of three (3) specimens of thickness dC=50mm (top-left), dC=80mm
(top-right), dC=100mm (bottom-left) and table of average shear strength and elasticity modulus values (bottomright)

4

NUMERICAL MODELING

Three-dimensional finite element numerical models have been developed adopting a macro
modeling approach with homogenized non-linear material laws. It should be underlined that the
steel face (lamella) of the insulating panel has been at first tested separately at the “Laboratory
of Strength of Materials and Structures” of Aristotle University of Thessaloniki and the
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material’s mechanical properties have been calibrated in a Finite Element Analysis (FEA)
software. The results of this calibration are presented in Figure 9 and the material’s properties
are listed in Table 2. After that, the compression and tension tests have been simulated and both
the compressive and tensile characteristics of the core material (MW) have been calibrated in
order to achieve the actual behaviour of the panels, observed at the laboratory. For indicative
reasons and in order to avoid a lengthy paper, only the calibration of panels of width dC=50mm
under compression is demonstrated below. The same procedure is followed for each thickness
value for both compression and tension tests. Finally, a material law that satisfies all cases is
determined and its parameters are presented in Table 3 and these parameters become the input
for FEM simulation of shear tests.
tension
stress (MPa) plastic strain
380
0
500
0.1581
50
0.1881
Table 2: The calibrated material law for lamellas of SP

Figure 9: Calibration of tensile behavior of lamellas
(steel panels of thickness of 0.45mm)

Figure 10: Calibration of compression behavior of the insulating panels of thickness dC=50mm
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compression
stress (MPa)
plastic strain
0.035
0
0.0175
0.05176

tension
stress (MPa) plastic strain
0.0075
0
0.0020
0.03324

Table 3: The calibrated material law for Secret Fix Panels (SP)

Figure 11: Applied load-deflection curves for numerical FEM simulation of SP

Comparing Figures 7 and 11, one can observe a very good correlation as the results of
numerical simulation approach adequately the experimental ones. More specifically, the
maximum load values achieved in FEA simulation for SP of thickness of 50mm and 80mm are
very close to the real ones (Figure 7), while the maximum load of 100mm thick SP is a little
lower than the experimental (600N against 750N – Figure 7). Moreover, the load-deflection
curves achieved in numerical simulation have greater slops angle, which possibly can be
attributed to elasticity modulus scarce assess. This could be investigated further. Finally, the
damage pattern under shear test in FEA software is illustrated below (Figure 12), which is very
realistic, comparing to the one observed in laboratory (Figure 6)

3056

Sofia Gkaraklova, Lazaros Melidis, George C. Manos and Konstantinos Katakalos

Figure 12: Illustrated damage pattern in FEM simulation models for SP of width dC=50mm (top-left), dC=80mm
(top-right) and dC=100mm (bottom)

5

CONCLUSIONS

The performance of insulating MW Panels SP behavior under compression, tension and
shear loadings is discussed here, mainly focusing on the FEM simulation capacity to accurately
approach the experimental results. The main conclusions are enlisted below:
x

x
x

The compressive strength of SP is about 6 times greater than the tensile strength. The
shear strength of SP is about 54 times greater than the compressive strength and 325
than the tensile, which is mainly attributed to the high contribution of lamellas (steel
panels) to shear behavior.
The thickness of SP has little impact on its performance under compression and
tension tests.
The developed 3-D FEM models, after experimental tests and numerical validation
of the materials, can satisfactorily capture the observed shear behavior of the
insulating panels, especially in terms of the maximum load bearing capacity, but also
in the damage pattern.
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Abstract
A study is presented on the seismic fragility analysis of a class of existing RC school buildings in
Puglia, Southern Italy. Firstly, we defined a taxonomy for identifying a homogenous building class,
through the collection of typological data, such as construction age, number of storeys and
construction materials. After, by means of the available Census data on Italian school buildings, we
selected 735 units in the focused area to assembly a proper database to involve in the phase of
numerical modelling and analysis. To assess fragility, we employed two modelling options: (a) a
single-degree-of-freedom approach, by evaluating the backbone of the simplified models; (b) a multidegree-of-freedom approach, by means of some index buildings of the class for which a full
knowledge of geometrical and mechanical properties is available, as well as their spatial nonlinear
numerical models. Nonlinear time history analyses were performed on all simplified models to define
specific class fragility, accounting for any source of variability (record-to-record and building-tobuilding). The results of the investigation are compared in terms of class fragility curves, in order to
highlight the differences between the two modelling approaches.

Keywords: Class Fragility Curves, Typological Data, SDOF Models, MDOF Models.
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1. INTRODUCTION
The studies about seismic fragility at class-level of buildings have recently become increasingly
numerous among researchers, which try to individuate the main sources of vulnerability and to reduce
the related risk of several typologies of building portfolios. Of growing interest are the investigations
focused on the existing building stock, which is often characterized by an high probability of damage,
especially if subjected to earthquakes. Several examples of the catastrophic effects given by
earthquakes are available, with regard to different building typologies having different social
importance, such as residential [1-2], strategic (e.g., schools [3-4] or hospital), precast and
ecclesiastical buildings [5]. A myriads of approaches can be employed for defining fragility functions
for class-level assessment purposes, in which four macro-categories can be identified: (i) empirical
[6-7], (ii) mechanical [8-11], (iii) judgemental [12] and (iv) hybrids methods. Among these, in this
study we are going to argue about mechanical ones, focusing on the results achievable by different
modelling approaches.
Generally, the mechanical methods allow to perform fragility/vulnerability assessment through
a direct derivation of the relationship between seismic intensity and damage states/losses. This is
possible by means of the analysis results (usually nonlinear dynamic or static) carried out on
numerical models, which simulate a single or a class of buildings. The results of a fragility function,
elaborated for large-scale purpose, is strictly related to the quantity and the quality of the numerical
models at disposal, which in turn depends from the available data. With this regard, Silva et al. [13]
defined the two extreme options: (a) few detailed multi-degree-of-freedom (MDOF) models; (b)
many single-degree-of-freedom (SDOF) models. The first option consists in the selection of few real
(or idealized) archetypes representative of a certain building class, characterized by a detailed
knowledge of all structural components and all geometrical and mechanical properties. This is the
case of the so-called index-buildings, which are usually selected through the expert opinions of the
analyst, as made in [10,14]. Obviously, an incorrect selection of the index-building properties can
lead to a misleading fragility evaluation, frustrating the related analysis efforts. The second option
consists in an extensive analysis process on a large number of reduced-order models, generated on
the base of few data and outlined through simple computations. The easy management and the evident
discount in terms of analysis efforts makes the SDOF models the most attractive option, as shown in
several literature works [15-16], although the loss of accuracy in each single model (e.g. local
responses, structural irregularities) assumes a key role in the fragility estimate. In the middle, other
methods are available from the scientific literature, balancing accuracy vs. complexity and quantity
vs. quality of numerical models [17-19].
In all cases, by referring to class-level fragility, the starting point is the definition of a building
taxonomy, which can vary on the basis of the sample size. As a matter of fact, to represent the overall
fragility of a specific class via simple SDOF models, few data are necessary, such as the construction
material, the year of construction or the number of storeys. On the other hand, the adoption of complex
MDOF models requires the knowledge of detailed information, which implies a not always
sustainable economic and computational burden in the investigation and analysis phases.
Anyway, the goodness of the fragility function is strongly influenced by two not negligible
aspects: (a) the analysis method (b) the uncertainty treatment. On the analysis side, static pushover
(SPO) analysis [20] and nonlinear response history analysis (NRHA) contend for the title of best,
where the first approach wins in simplicity and intuitiveness, while the second approach dominates
the first one in the prediction of seismic response of buildings, accounting for the real nature of
earthquakes (use of ground motions) and for the features variability of any kind of buildings (e.g.,
structural irregularities, influence of higher modes). On the uncertainty side, NRHA approach can be
preferred in class-fragility analysis, where record-to-record variability can be taken into account by
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evaluating its contribute on the basis of the number of records employed, the selected intensity
measure (IM) and the investigated engineering demand parameter (EDP). In addition to this kind of
uncertainty, the intra-building and the inter-building uncertainties are to consider, where the first one
refers to the uncertainty in the knowledge of each investigated building and the second one aims to
define the variability of each building in the selected ensemble to represent the class.
In this wide range of options, a study on the fragility function of a class of real school buildings
in Puglia (Southern Italy) is provided, by exploring the two abovementioned modelling extremes:
many simple SDOF models vs. few complex MDOF models. Given a building taxonomy, the
comparison among fragility curves at safety limit-states is provided, by using the results of 10
complex MDOF models selected from the work by Ruggieri et al. [21] and the response of 735 SDOF
models elaborated from the information contained in some freely available exposure databases
(ISTAT Census data [22], ARISTOTELES Project [23], Open Data about Italian schools provided
by Italian Ministry of University and Research (MIUR) [24]). Fragility functions will be developed
by opting for a NRHA approach, as well as by running cloud analyses on MDOF models and
incremental dynamic analyses (IDAs) on SDOF models [25]. For the case at hand, we can anticipate
that the seismic behaviour of SDOF models (e.g., backbone curve), which could be evaluated through
any number of methods proposed by the scientific literature, has been evaluated looking at the MDOF
models, their modelling assumptions and their seismic response.
2. MODELLING METHODOLOGIES FOR SDOF SYSTEMS FOR CLASS-LEVEL
ASSESSMENT POURPOSES
The use of SDOF models for developing class fragility/vulnerability functions has been often
adopted by researchers to limit the computational burden for larger sets of buildings [15-16]. The
parametrization of the inelastic behaviour of SDOF, as well as the backbone shape, can be elaborated
through different fairly popular procedures. For example, Ruiz-García and Miranda [26] elaborated
a probabilistic approach to estimate the maximum inelastic displacement demands of SDOF systems,
by providing a new version of the R-μ-T (strength ratio-ductility-period) relationship [27], trough the
definition of the constant-strength inelastic displacement ratios. Vamvatsikos and Cornell [28]
proposed a pushover-based approach to investigate the dynamic behaviour of SDOF models,
simulated through a quadri-linear backbone and contextually, authors developed the SPO2IDA tool.
The same approach was involved in the analytical studies developed in FEMA P440A [29], which
presents the force-displacement capacity of some spring typologies to employ in SDOF systems for
simulating different building behaviours, expressed in terms of maximum inter-story drift ratio (θmax)
vs. the normalized base shear on the yield value (Vb/Vb,y or F/Fy). Lagomarsino and Giovinazzi [30],
proposed the relationships to relate macro-seismic and mechanical-based approaches, in which
authors provided criteria to trace the SDOF backbone curves for several class of European buildings.
Vamvatsikos and Aschheim [31] adopted the paradigm of Performance-Based Design, by means of
Yielding Frequency Spectra approach, to define an equivalent SDOF model from a MDOF one, as
well as after applied by Kohrangi et al. [32] in the vulnerability model for buildings in the
municipality of Isfahan, Iran.
Herein, we are adopting the procedure suggested in [32], by assuming a backbone curve of
SDOF models (and the boundary control points for the spring to employ, in terms of θmax vs. F/Fy)
according to the seismic behaviour of full MDOF models, given a building taxonomy. With regard
to the building taxonomy, it is necessary that both SDOF and MDOF models are belonging to same
class, which is defined by the parametrization of at least five parameters, usually available in freely
online databases: construction typology (CT), year of construction (CY), number of storeys (NS) and
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two values among in-plan area (A), total volume (V), interstorey height (Hi) and total height (HTOT).
Within the online databases containing the required information, the parameters A and V are often
available and they can be employed by means of simple equations and assumptions, to estimate all
the key features of the building taxonomy. In particular, knowing CT, CY and NS, the other parameters
can be find with the following equations (or with the inverse formulations):
(1)

=

(2)

=

In addition, assuming the typical values of gravity loads (L) for the selected building class, it is
possible to compute the total mass (M) and the total weight (W) of the buildings:
=

∙

+
=

(4)

∙ ∙

=

;

(3)

=

(5)

where G and Q are, respectively, the dead and the accident loads, ψk2 is the combination coefficient
for the quasi-permanent kth load, g is the gravity acceleration and mi is the mass of the ith storey. While
Q can be defined on the basis of the prescriptions provided by the current building code, G is an
unknown parameter, which can be established on the basis of the typical features of the building
typology investigated. To support the definition of G, the knowledge of the technologies and the loads
detected on some MDOF buildings is fundamental, in order to identify the most employed typologies
of slabs, external and internal masonry infills, floor tiles and other finishes.
To define the SDOF behaviour, the formulation defined in [31] and developed in [32] can be
employed, where the parameters of an equivalent SDOF are provided. In particular, given the building
taxonomy, the approach consists in the definition of eight parameters and a SDOF backbone shape.
Among the eight parameters, NS and Hi are directly identified from the input building database. Three
of the eight parameters can be fixed a-priori, as well as the participation factor (Γ) and the mass
participation factor (a1) for the first vibration mode and the conventional damping ratio (ξ). For the
case at hand, both Γ and a1 can be fixed equal to 1, as suggested in [32]. The remaining three
parameters are:
x The base shear coefficient, Cy, identified as the ratio between the yield base shear and the
total weight of the structure (Vb,y/W);
x The yield storey drift, θy, evaluated on the real elastic behaviour of MDOF building;
x The coefficient of distortion, αCOD, which represents the ratio between the peak interstorey
drift and the related roof drift, as following defined:
(6)

=

Operationally, Cy can be defined on the yield code spectrum given the yield displacement ( y),
because it is equivalent to yield spectral acceleration (expressed in unit of g). To define y as
suggested in [31], the following equation can be adopted:
δ =

∙(
∙

∙

)

(7)

Eq. 7 depends from the parameters θy and αCOD, where the first one can be defined by observing the
behaviour of the available MDOF structures, while αCOD can be defined according to [33, 34]. This
parameter is the simpler way to define the deformation behaviour of buildings and, for a generic
MDOF system, αCOD ranges between 1.1 and 1.4 as long as the building behaves as elastic. After the
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yielding and for higher values of θmax, αCOD tends to increase, as shown in [31]. For a one-storey
building αCOD is equal to 1. Once that all the eight parameters are defined, the period of each SDOF
system (T*) can be evaluated as:
∗

=2 ∙

∙

(8)

Finally, to define the backbone shape of SDOF system, it is possible to purse different options,
basing on the expected behaviour of the simulated buildings. The simpler option is the elastic-plastic
shape, while to better simulate the post-elastic behaviour it is possible to refer to the parametric
capacity curve shapes provided by FEMA-P440A [29]. The presented SDOF models can be employed
in the fragility function, by means of the results provided by the analysis phase. Some additional
remarks can be added for the development of the procedure. Firstly, for a class-level purpose, different
seismic actions can be considered within the focused area and the definition of the yield spectral
acceleration can be differentiated on the basis of the buildings localization. After, some of the eight
parameters, such as θy, can be established a-priori on the basis of the CY of the buildings and the
reference building code [32]. Nevertheless, the detailed knowledge of the structural behavior of some
MDOF structures, representative of the building class, can be used for having a reliable indication
about the effective values to employ in the procedure. In the end, also the adoption of the FEMAP440A backbone curves [29] could represent a simplification. Also for this aspect, the seismic
response of few MDOF structures belonging to the identified class can be employed for a calibration
of a specific-class backbone curve shape, to involve in the fragility function through the simplified
modelling approach.
3. DEFINITION OF AN HOMOGENEUS CLASS OF SCHOOL BUILDINGS IN PUGLIA,
SOUTHERN ITALY
The starting point of this study is represented by 15 real RC school buildings in the province of
Foggia, Puglia, Southern Italy. In particular, for these buildings, which present a generalized in plan
irregularity, a near-full information of the geometrical and mechanical features is available and,
according to the work by Ruggieri et al. [21], the 3D numerical models of buildings and the related
pushover analyses in both directions are at disposal. Following the procedure in Section 2, within this
sample of buildings, it is possible to define an homogenous subset aimed to identify a building
taxonomy, according to some key parameters and additional historical information.
Firstly, all buildings present a NS ranging from 2 to 3, which suggest that the entire sample is
constituted by low-rise buildings, also according to the classification provided by HAZUS [35]. After,
concerning to the CT, all buildings are RC moment-frame buildings, which do not present RC walls
and all buildings present infill panels (in some cases, the eternal frames are totally infilled, while in
others they are partially infilled and presenting ribbon windows). The discriminant parameter is the
CY. Despite all buildings were designed between 60’ and 80’, three main historical aspects have to
be considered to define the building taxonomy [23]:
x After some modifications occurred in 1935 and in 1969, the Apulian seismic map was
upgraded in 1981, and some municipalities of the Province of Foggia (North of the Region)
were redefined from non-seismic to low-seismic areas, as shown in Figure 1.
x Between 1972 and 1979, Italian governments released a new version of the Italian building
code, in which new design rules were introduced accounting for the first anti-seismic
requirements.
x In the subsequent years to the Second World War (from 1945 to 1950), new buildings
difficultly presented RC moment-frame structural systems, because it was very likely the
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presence of masonry structural parts. This evidence was caused by the aftermaths of the
Fascism that previously forbade the use of the steel in Italy.

Figure 1 – Evolution of the seismic classification in Apulian Region with reference to, respectively, 1935/03/25,
1962/11/25 and 1981/3/7 [23]. The white part indicates non-seismic areas, the orange part indicates a low-seismic areas
(zone 2) and the red part indicates a medium-high seismic areas (zone 1)

Then, with regard to CY, the buildings belonging to homogenous class are the ones built
between the 1950 and 1979 and located in the municipalities classified as non-seismic areas
(according to the seismic classification provided by Italian governments and shown in Figure 1),
within the indicated time period. According to the identified building taxonomy, 10 of 15 school
buildings fall under the homogenous class. Figure 2 reports the pushover curves in both main
directions (X and Y, according to the reference system adopted in [21]) for the new subset of
buildings, labelled as B1-B10 (From the total sample, B3, B4, B5, B6 and B10, as defined in [21],
have been excluded and the remaining 10 buildings have been renumbered).
Pushover curves - MDOF models
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Figure 2 – Pushover curves in both directions (X,Y) of the 10 RC school buildings, belonging to the identified building
class

For a purpose of class-level assessment, given the building taxonomy, several buildings can be
identified from freely available databases, for which few data are at disposal. For the case at hand,
two open databases have been consulted and elaborated: (a) database developed in ARISTOTELES
Project [23] and (b) Open Data about Italian schools provided by Italian Ministry of University and
Research (MIUR) [24]. From the first database, which was based on the ISTAT Census data [22],
information about all the existing schools in Puglia have been gathered with reference to 2001. In
particular, data on CY, CT, NS, V, A, municipalities where buildings are located and the related seismic
evolution in the time were extracted. From the second database, information about all the existing
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schools in Italy have been collected with reference to 2019. In detail, it presents only the exact
location of each school building (municipality, address, postal code) and information on CY, A and
V. In both databases, each unit presents an univocal code to identify the school. By matching the two
databases through the comparison of the common data (univocal code, municipality, CY, A and V,
evaluated with a certain tolerance) and with regard to the given building taxonomy, 735 existing RC
school buildings have been selected. All data have been elaborated according to the Eqs. 1-5. More
in detail, after the evaluation of Hi and HTOT for all buildings, a value of L equal to 6 kN/m2 has been
supposed, given by the assumption of a value of G equal to 5 kN/m2, a unique value of Qk equal to 3
kN/m2 and a value of ψk2 equal to 0.3 in accordance with the Italian Building code (NTC18) [36].
Figure 3 reports the geographical distribution of all identified buildings, where the greater part of the
units are located in the South and in the Central of the Region, while only few buildings have been
considered in the North, accounting for the existing seismic zoning in the assumed time interval.

Figure 3 – Distribution of the selected 735 school buildings along the Region, according to the given taxonomy

4. SEISMIC FRAGILITY ASSESSMENT AT CLASS-LEVEL
4.1 Numerical models
For both samples made by 10 MDOF and 735 SDOF systems, different modelling strategies
have been employed. Concerning to the modelling of the 10 full models of the known school
buildings, the reference is the work made in Ruggieri et al. [21], where the nonlinear MDOF models
were carried out through a lumped plasticity approach and by implementing all the geometrical and
mechanical features at disposal. As just shown in Figure 2, a ductile behaviour is assumed, by
neglecting for simplicity the influence of shear mechanisms and infill panels. Nevertheless, as
declared in [21], shear failures given by low transversal reinforcement of structural elements can be
evaluated a posteriori, by checking the brittle mechanisms of beams and columns. After, all the 735
buildings belonging to the homogenous class have been elaborated for a SDOF approach. More in
detail, looking at the SPO curves of the 10 MDOF structures, a value of θy equal to 0.25% has been
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F/FY

Cy

fixed while, according to [32], the values of αCOD are assumed equal to 1, 1.25 and 1.35, respectively
for 1-storey, 2-storeys and 3-storeys buildings. Using Eq. 7, the values of y have been defined for
all buildings. Later, assuming an elastic code spectrum, the values of Cy have been defined, which
are the same values of the spectral accelerations. Finally, by means of Eq. 8, the values of T* have
been determined. With regard to the assumed elastic code spectrum, the seismic actions in the regional
capital (Bari, which is in the Central of the Bari) has been considered, as good compromise between
the higher seismicity in the North and the lower seismicity in the South. Still, in the elastic code
spectrum has been computed by using an unitary behavior factor and by considering an usage class
adequate to school buildings, with a coefficient equal to 1.5. Lastly, no any amplification factors due
to e.g., soil and topography categories have been considered. For few cases of the buildings
investigated, high values of Vby are obtained, considering high values of A, as typical for school
buildings in the focused geographic zone. In addition, a large set of T* is identifiable, which ranges
about from 0.3 s to 0.8 s and given by the different NS that characterize buildings in the considered
sample.
Therefore, all 735 buildings have been modelled through nonlinear SDOFs oscillators. In
particular, the springs of the SDOF systems have been simulated by using OpenSees software [37],
opting for a Pinching4 material to define the quadri-linear force-displacement capacity boundaries.
Regarding to the backbone capacity of the springs employed in the SDOF models, “spring 3b”
provided by FEMA-P440A [29] has been considered. As a matter of fact, according to the modelling
strategy adopted for the MDOF structures, a ductile behaviour has been accounted for, as visible in
the backbone curve shape reported in Figure 4 (right), which also reports the boundary control points
of the backbone curve. All coordinates of the normalized hinge (each point is indicated with a letter,
labelled from A to G) are specified in Table 1 and they are reported in terms of θmax vs. F/Fy. In
conclusion, the results about SDOF models are displayed in Figure 4 (left), where capacity curves of
735 models are displayed in terms of Cy and R* (light grey lines) as well as the mean and the standard
deviation of all realizations (black lines).

Figure 4 – Capacity curves of the 735 SDOF models generated, displaying mean and standard deviation (left);
Backbone curve of SDOF models, according to the prescriptions provided by FEMA-P440A [29] (right)
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Table 1. Coordinates of the boundary control points of the Spring “3b” by FEMA-P440A [29], expressed in terms of
F/Fy vs. θmax
Structural system
Spring 3b - FEMA-P440A [29]

Quantity
F/Fy
θmax

B
1.00
0.01

C
1.05
0.04

D
0.80
0.06

E
0.80
0.08

F
0.80
0.08

G
0.00
0.08

4.2 Seismic analysis and class fragility function

AvgSa (g)

The structural response of the 735 SDOF models have been investigated through NRHAs,
according to the IDA methodology, while the MDOF models were investigated through SPOs
analyses and NRHAs [21]. These latter analyses were performed according to a practice-oriented
principle (computational cost reduction) and, for this reason, only few NRHAs have been carried out.
With regard to the number of records employed, MDOF models were subjected to a set of 11 ground
motion records characterized by two horizontal components, to investigate 3D models in both main
directions. For sake of comparison, the same set of 11 ground motion records has been employed
herein, by running IDAs with all the 22 horizontal components to each SDOF model. Figure 5 shows
an example of the analyses performed on the numerical models, both for SDOF and MDOF systems,
by assuming as IM the average spectral acceleration (AvgSa) evaluated in a range period from 0.2 s
to 2 s and as EDP, the values of θmax. In particular, IDAs on the SDOF model n. 10 are shown in the
left graph while cloud analyses on B1 are shown in the right graph, where black and red dots indicate,
respectively, non-collapsed and collapsed points (Both models are characterized by a NS equal to 2).
Regarding to the cloud analyses on 3D models, the results have been recorded in both main directions
and, for sake of comparison they are expressed in an unique IM-EDP plane, by considering as
response the square-root-of-sum-of-squares rule of the θmax in both main directions. Having the
structural responses for both sets of models, fragility analysis have been performed. In particular, the
fragility functions are differently developed for the two modelling extremes. For identifying the EDP
distribution conditioned by the IM value, a power law approximation has been developed on the
structural responses of MDOF systems [38], while an IM-basis approach has been employed to IDA
results of SDOF systems.

Figure 5 – IDAs on SDOF models (plot for SDOF model n. 50) vs. cloud analysis on MDOF model (plot for building
B1, where black and red dots indicate, respectively, non-collapsed and collapsed points)
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With regard to the limit-states to investigate, in this study all evaluations have been referred to
the safety limit-states, considering that the collapse mechanisms can be given by brittle and ductile
failures. In a practice-oriented view, three limit-states have been defines, as well as near-collapse
(NC) for brittle and ductile mechanisms and life-safety (LS) for ductile mechanisms. While the
achievement of the limit-states can be evaluated independently on each MDOF system by observing
the effective structural behaviour of the simulated buildings, a different approach needs to be
employed for SDOF models. As a matter of fact, despite a large sample of SDOF models allows to
provide a good coverage of all buildings falling into the entire class, this modelling approach does
not guarantee an accurate structural failures prediction, especially in the cases of structural
irregularities and of higher modes relevance. To establish a valid approach that combines the effective
local and global behaviours provided by MDOF models and the simplified estimates provided by
SDOF models, fixed values of θmax have been assumed for both the involved modelling approaches.
In particular, a θmax equal to 0.5% has been assumed for NC-brittle limit-state, while thresholds equal
to 3.2% and 4.3% have been assumed, respectively, for LS- and NC-ductile limit-states.
These limits are selected by extending the mean values of the thresholds obtained for the
buildings selected from the work by Ruggieri et al. [21] to the overall behaviour of the backbone
curves for SDOF models. Looking at the boundary control points in the backbone capacity curve
(Figure 4, right), NC ductile limit-state is fixed on the branch C-D, which identifies the softening part
that leads to the residual lateral strength, while LS is fixed in the branch B-C, precisely at the end of
the hardening phase.
Once that fragility curves have been evaluated for all units of the identified class, accounting
for all limit-states of interest (NC - brittle, LS and NC - ductile) and for the two modelling and analysis
approaches (cloud on 10 MDOF vs. IDAs on 735 SDOF), class fragilities are estimated by virtue of
the laws of total expectation and total variance. In particular, the ensemble lognormal mean (μC) is
given by the mean of all individual lognormal means, while the related dispersions (βC) are evaluated
through the sum of the squares of the intra-building and inter-building dispersions. The class fragility
curves are displayed in Figure 6, in terms of probability of exceedance of the building capacity
conditioned by the IM value assumed for the limit-state considered (P[IM > IMC | IM], where IMC is
the capacity IM), both for the 735 SDOF models (left, with all fragility curves for all individual units,
displayed in light grey) and the 10 MDOF models (right). Table 2 reports the values of the fragility
curves parameters, in terms of μC and βC.
The comparison among the two modelling options shows that for the NC-brittle limit-state, the
values of μC and βC are similar while for the LS-ductile and NC-ductile limit-states, the values of μC
and βC obtained by SDOF models are lower than the ones provided by MDOF models. Nevertheless,
considering the percentage difference obtained in terms of μC for NC-brittle limit state, which is in
the order of 50%, it is evident how the two modelling approaches do not return comparable results.
This is mainly due to the structural irregularity presented by MDOF structures (and by school
buildings in general), which cannot be predicted by a simple SDOF modelling approach. As a matter
of fact, as shown in Figure 5, the results obtained by SDOF models are conservative, also for lower
values of θmax and for an elastic behaviour, which should return similar values of μC for a fixed EDP
value. These disparities in results lead to improve the simplified modelling approaches for fragility
analysis at class-level, especially for irregular buildings. Other reasons can justify the obtained
differences, considering that the higher dispersions of the fragility curves obtained by the MDOF
models can be addressed to the combination of some aspects: (i) few models are available for
representing the class; (ii) few NRHAs have been performed on MDOF structures; (iii) the continuous
IM-EDP representation through power law is characterized by a certain approximation degree.
Obviously, the choice of running few NRHAs on MDOF models allow to reduce the computational
cost related to the analysis, which represents a limit in a large-scale analysis. On the SDOF approach
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side, the main advantage of the approach is the possibility to consider the differences in median
responses of the sample (inter-building dispersion) and the structural responses given by the set of
records employed (intra-building dispersion). On the other hand, the knowledge of the structural
behaviour of some MDOF structures could play a key role in the SDOF system definition, because it
could allow to better fix some parameters, e.g. backbone curve shape, limit-state thresholds, besides
to account for the structural irregularities. In the end, the proposed comparison shows advantages and
disadvantages of the two modelling and analysis extremes in the seismic fragility prediction at classlevel, with different results that require further investigations, especially for the SDOF modelling.
Class fragility curves - MDOF
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Figure 6 – Fragility curves for the specific-class investigated, accounting for safety limit-states (NC - brittle, LS and NC
- ductile) and for the two modelling approaches (SDOF and MDOF)
Table 2. μC and βC values for fragility curves of the specific-class investigated, accounting for safety limit-states (NC brittle, LS and NC - ductile) and for the two modelling approaches (SDOF and MDOF)
Model
SDOFs
MDOFs

NC (Brittle)
μC
βC
0.045 0.466
0.077 0.763

LS (Ductile)
μC
βC
0.246 0.340
0.533 0.488

NC (Ductile)
μC
βC
0.296 0.362
0.753 0.557

5. CONCLUSION
A study on the seismic fragility of existing RC school buildings in Southern Italy is presented,
by leveraging on few detailed MDOF models and a large sample of simplified SDOF models. In the
first step, a building taxonomy for the specific-class has been investigated, by defining the ranges of
some typological parameters, such as the construction typology, the year of construction and the
building height. After, by using the available data from some freely databases containing information
about Italian school buildings and based on the Census data, 735 buildings have been selected and a
SDOF modelling approach has been employed. The lateral behaviour of the 735 models has been
defined on the basis of methodology developed in [31, 32], and they have been compared with 10
buildings belonging to the class, for which a full modelling and the nonlinear analyses results are
available [21]. The entire sample of 735 reduced-order models have been generated and investigated
through IDAs. The comparison among the safety fragility curves obtained by the two modelling
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approaches, the two analysis methods and the two samples of buildings having a different size,
provides different results for safety limit-states, as well as brittle and ductile ones. The differences
confirm the evidence that the SDOF modelling herein adopted is low accurate to predict the behaviour
of irregular buildings, also for low EDP values, which imply an elastic behaviour of buildings.
Generally, conservative estimates are provided by SDOF models, with higher values of medians and
dispersions for MDOF models. From the MDOF side, the choice of index buildings that effectively
represents the class is the main hurdle, as well as the complexity and the effort for an extensive
analysis phase. On the other hand, MDOF system represents the best way to reproduce the seismic
response of the class, accounting for global and local behaviour. From the SDOF side, the
methodology allows to consider a more accurate estimate of the structural responses for the given
building class, accounting for any source of variability (record-to-record and building-to-building).
In the end, the characterization of the simple models could require the knowledge of the overall
behaviour of more complex structures belonging to the class, which drives to find future calibration
processes, especially for irregular structures as school buildings. The employment of the two
modelling extremes in class fragility studies and subjected to different nonlinear analyses suggests
advantages and disadvantages of both methodologies, as well as the necessity to further investigations
to improve the approaches at class-level.
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Abstract. Differential settlements during earthquake ground shaking at the base of framed
buildings located on the crest of slopes can produce heavy damage. This reflects the importance
of considering ground shaking and co-seismic vertical displacements as interacting hazards in
seismic fragility assessment. Slow-moving landslides are indeed secondary hazards of earthquakes that can induce significant damage accumulation, increasing the seismic vulnerability
of structures. This paper presents the main findings of a seismic fragility analysis that was
carried out on RC framed structures representative of low-rise, pre-code, residential Italian
buildings. The methodology behind this study made use of fibre-based structural models and
sequential nonlinear static analysis, which allowed the simulation of structural response to
both earthquake ground motion and differential settlements with acceptable computational
cost. Based on multivariate regression models available in the literature and random sampling
of structures, seismically-induced settlements at the base of each structure were simulated considering multiple intensity measures (IMs) of seismic ground shaking. The correlation between
the selected IMs was derived through a recent database of 250 accelerograms, which allow a
wide representation of seismic hazard in the whole Italian territory for seismic risk assessment.
The buildings were analysed with OpenSees software, assuming four performance limit states
for characterization of seismic fragility at multiple levels of structural damage. The comparison
between fragility curves associated with earthquake ground shaking only and those derived
considering differential settlements allows the impact of cumulative damage to be evaluated.
Keywords: Seismic fragility, Reinforced concrete buildings, Fibre-based plasticity modelling, Earthquake-induced landslides, Cumulative damage.
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1

INTRODUCTION

Post-earthquake reconnaissance missions have shown that earthquakes often produce slope
instability, resulting in landslides that can exacerbate seismic damage to buildings and infrastructure and hence both life and economic losses. Buildings located on the crest of slopes can
experience co-seismic displacements associated with slow-moving earthquake-induced landslides. This suggests considering the interaction between earthquake ground shaking and such
landslides in seismic risk assessment of buildings. In this context, the development of probabilistic methodologies allows engineers, decision makers and stakeholders to carry out a multihazard risk analysis accounting for different sources of uncertainty in shaking and landslide
hazards, vulnerability, and exposure.
In recent years, research developments in this field have been made, particularly in the case
of reinforced concrete (RC) buildings but usually neglecting the uncertainties on their geometry
and material properties that play a role in performance-based seismic assessment of existing
structures. Foutopoulou and Pitilakis [1–3] studied the vulnerability of buildings to earthquakeinduced landslides, making use of three-dimensional finite element (FE) modeling and nonlinear time history analysis of both the slope and building. Nonetheless, that computational strategy can be too computationally demanding for seismic vulnerability assessment of building
classes that are spatially distributed within a region.
In this study, a computationally efficient method for probabilistic vulnerability assessment
of RC buildings subjected to earthquake-induced landslide hazard is presented. The proposed
methodology builds upon a recent selection of strong ground motions oriented towards largescale risk assessment of buildings, which allows incorporating correlation between different
intensity measures (IMs) used for earthquake ground shaking and slow-moving landslides.
2

METHODOLOGY

The vulnerability assessment described in this paper is based on a probabilistic procedure
that allows modelling and propagation of uncertainties through fragility analysis, which is a
well-established method in earthquake engineering [4]. After that a class of buildings with RC
frame structure was selected, the correlation between two IMs used to describe the intensity of
earthquake ground shaking and slow-moving landslide was investigated. In this respect, the
selected IMs were the peak ground acceleration (PGA) and peak ground velocity (PGV), the
correlation of which was investigated via 250 accelerograms that were recently selected in the
ReLUIS-DPC 2019-2021 research project. The accelerograms were characterized by a wide
amplitude range reflecting design spectra for L'Aquila, Italy (with return period ranging from
50 to 10,000 years), which was found to give a good representation of seismic hazard over the
entire Italian territory [5]. Each accelerogram was characterized by a (PGA, PGV) pair, so the
correlation between those IMs was studied over a set of 250 data points. More specifically,
PGA and PGV were selected to measure the intensity of shaking and landslide, respectively.
After that seismic input was defined, the authors modelled the uncertainties in structural
properties of the selected buildings, creating the basis for random generation of structural models. Random sampling was based on Monte Carlo simulation, which was fully implemented in
MATLAB [6]. The structural capacity of RC buildings was defined through a fibre-based FE
modelling approach using OpenSees software [7]. The seismic performance assessment of each
random model of the RC structure was carried out by means of a sequence of nonlinear static
analyses, in which the structural system was first subjected to incremental vertical differential
settlement associated with the landslide, and subsequently to incremental horizontal displacement associated with earthquake ground shaking. Hence, the sequential nonlinear static analysis
consisted of a nonlinear static analysis under incremental vertical settlement and a pushover
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analysis of the structure. The range of settlements impressed to the structure was based on the
study by Foutopolou and Pitilakis [8], who proposed a predictive model that allows the prediction of peak co-seismic displacement based on the slope’s characteristics and seismic input IMs.
This allowed seismic displacement demand associated with slow-moving landslide to be predicted. Seismic displacement demand associated with ground shaking was evaluated according
to the N2 method [9]. Seismic fragility of the selected buildings was evaluated with respect to
four performance limit states corresponding to increasing damage levels. Each fragility point
was derived under increasing PGA, allowing subsequent fitting of lognormal probability distribution to fragility data for development of fragility curves.
In the following sections, the methodology used in this study is described in detail.
2.1 Selection of buildings
The building class under study is that of low-rise residential buildings with RC frame structure built in Italy. The uncertainty modelling of those buildings involved consideration of both
geometric and material properties. The case-study buildings had two storeys and rectangular
plan, with frame systems consisting of 2 spans parallel to the slope crest and 3, 5, or 7 spans in
the perpendicular direction. Beams were assumed to have the same span length in each longitudinal and transverse frame of the structure.

Figure 1: Case-study building with geometric random properties.

The mechanical properties of materials were identified by grouping the buildings by construction time according to the evolution of Italian codes. Both buildings built before 1971 (i.e.,
the year that marked the transition from design to gravity loads only to design for earthquake
resistance) and those built between 1971 and 2008 in non-seismic areas according to past seismic zoning of Italy, were considered as pre-code. Low-code buildings were assumed to be those
built in seismic areas between 1915 and 2008 according to old seismic design criteria (firstgeneration earthquake-resistant buildings). Medium-code and high-code buildings are those
built after 2008, the former designed in low ductility class (second-generation earthquake-resistant buildings) and the latter in a high ductility class (third-generation earthquake-resistant
buildings).
This study investigated the fragility of pre-code RC buildings built before 1971, assuming
the following material properties: concrete with compressive strength having a mean value
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fcm = 16.0 MPa and coefficient of variation CoV = 31% [10]; and reinforcing steel with yield
strength having a mean value fym = 369 MPa and CoV = 20% [11].
2.2 Simulated design of structures
The design of the structural elements was carried out using the design methods used at the
time of construction [12,13] and the Italian code in force in the same period [14] (Table 1).
Item
Columns

Beams

Variable
b [m]
h [m]
hi [m]
c [mm]
b [m]
h [m]
l [m]
c [mm]

Value
Derived by simulated design
3.00
30
Derived by simulated design
[4, 6]
30

Table 1: Geometric properties.

The selected buildings were designed against gravity loads only according to the permissible
stress method, which was based on the assumption of permissible stresses, linear elastic behaviour of materials, and effects superposition. Table 2 outlines the properties adopted for sizing
of beams and columns.
Item
Concrete
Steel

Beams

Property
Rck
ıc,adm,c
ıc,adm,b
ıf,adm
Ac,min
Af
B

Value
160 kg/cm2
45 kg/cm2
50 kg/cm2
1400 kg/cm2
300×300 mm2
0.8% Amin
300 mm

H

ݎටܯൗܾ

Af
r

ݐξܾܯ

t

0.00174
4 Ø12
Ø6 @ min(Lmin/2; 10Ømin)

0.446

Af,min
Stirrups

Table 2: Parameters for simulated design of beams and columns.

2.3 Definition of performance limit states
The displacement approach used for vulnerability assessment suggests defining the performance limit states (LS) in relation to the strain capacity of the elements considered. According
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to the literature [3,12], the strain thresholds listed in Table 3 were assumed in terms of maximum strains of steel (İs) and concrete (İc) as a function of the construction period. This definition of limit states is in line with the fibre-based FE modelling of the structure, which allows
axial strain in materials to be monitored during structural analysis.
Limit State
LS1
LS2
LS3
LS4

Analytical definition
İct,max= İctp
İs,max= 0.0125; İcc,max= 0.0045
İs,max= 0.025; İcc,max= 0.006
İs,max= 0.045
Table 3: Definition of limit states.

LS1 was associated with slight damage and was assumed to be attained when the maximum
tensile strain in concrete Hct,max reached the cracking strain Hctp. LS2 was associated with moderate damage and was assumed to be attained when either the maximum tensile strain in steel
Hs,max reached 0.0125 or the maximum compressive strain in concrete Hcc,max reached 0.0045.
Similar criteria were adopted for LS3 and LS4, which were respectively associated with severe
damage and near collapse. In detail, LS3 was assumed to be attained when either Hs,max reached
0.025 or Hcc,max reached 0.006. The collapse limit state, i.e. LS4, was assumed to be attained
when Hs,max reached 0.045.
3

DISPLACEMENT DEMAND DUE TO EARTHQUAKE-INDUCED LANDSLIDE

As briefly discussed in Sect. 2, 250 accelerograms compatible with design spectra for L'Aquila, Italy (with return period ranging from 50 to 10,000 years), were selected to cover a very
wide range of shaking intensities and to allow risk assessment at any site of Italy. Figure 3
shows a bi-logarithmic scatter plot of PGA and PGV for selected ground motions.

Figure 2: Correlation between PGV and PGA of selected accelerograms.

A regression analysis was performed using the power function as model, which on the bi-logarithmic plane is represented by a straight line. Based on the (PGA, PGV) pairs of the selected
accelerograms, the following equation was obtained:
ܲ ܸܩൌ ͳʹͳǤ͵ܲܣܩଵǤଽ
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with a coefficient of determination R2 = 0.799 and standard deviation VPGV = 8.79 cm/s. Such a
regression model allows the random generation of PGV conditioned upon PGA as expected
conditional value of PGA plus a sample of the model error, the latter being assumed as lognormal random variable with zero mean and standard deviation equal to VPGV. Figure 4 shows the
distribution of PGV given PGA = 0.25g.

Figure 3: Probability distribution of conditional PGV given PGA = 0.25g.

In order to evaluate the permanent displacement D induced by the earthquake, the study
conducted by Fotopoulou and Pitilakis [5] was taken into account. Those researchers developed
5 different predictive models based on single or multiple IMs. In this study, the following predictive model was used:
ሺܦሻ  ൌ െͺǤ͵Ͳ  ͳǤͺ͵݈݊ሺܲ ܸܩሻ  െ ͲǤ͵Ͷ݈݊൫݇௬ Ȁܲܣܩ൯  െ ͷǤͻͶ݇௬ േ ͲǤͶ߳

(2)

which allows the prediction of D given PGA, PGV and ky, assuming ky as yield acceleration
coefficient of the slope, ɸ is the standard normally distributed variable with zero mean and unit
standard deviation and 0.64 is the logarithmic standard deviation.
To take into account the different configurations of the slope, reference was made to the
yield acceleration coefficient ky that summarizes the effects of both geometric and mechanical
characteristics of the slope, the relative location of the building with respect to the slope, and
the effects of gravity loads transmitted from the building to the slope.
To cover the majority of cases, 5 values of the parameter ky were considered, namely, 0.05g,
0.10g, 0.15g, 0.20g, and 0.25g. For each ky-value, 10 levels of PGA between 0 and 1.0g were
considered, resulting in 50 combinations. For each value of ky and PGA, 103 samples of the
building class were randomly generated through Monte Carlo method in order to obtain a sample that is representative of the existing buildings.
4

SEQUENTIAL STRUCTURAL ANALYSIS

The analysis was conducted using the OpenSees opensource software [7]. OpenSees allows
users to simulate the response of structural and geotechnical systems subjected to seismic input
and/or other types of actions. The construction of a finite element model and subsequent analysis must be implemented in OpenSees through a code in TCL or with more recent versions in
Python. For this reason, OpenSees is well suited for applications in the research field, especially
when using parametric models for the evaluation of building classes.
Once the geometric, mechanical and load models were defined, the analysis procedure consisted in the application of gravity loads through a first analysis step with force control.
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Afterwards, a modal analysis was carried out to identify the first-mode shape to define the corresponding profile of horizontal seismic actions.
The second analysis stage consisted in the application of the settlement at the base of the
columns subjected to the landslide. That analysis was carried out with displacement control,
assuming a gradually increasing displacement with step equal to 1 mm. In each analysis step,
the reaction force at the base of the columns affected by the settlement was computed to check
whether columns were compressed. Otherwise, the support at the base nodes was removed in
the subsequent analysis phases.
At this point, a nonlinear incremental static (pushover) analysis was performed with displacement control to assess the structural performance under horizontal seismic actions. The
roof centroid was assumed as a control point and the first-mode shape of the structure was used
to generate the lateral load profile proportional to the product of modal displacements by inertia
masses. Pushover analysis was carried out by increasing the roof displacement by 10 mm until
a peak base shear degradation of 75% was attained.
Structural performance was assessed during each analysis stage, checking whether axial
strains in frame members reached their limit states thresholds outlined in Table 3. In that way,
the capacity in terms of displacement associated with each limit state was evaluated.
Whilst seismic demand in terms of vertical displacement was predicted through the model
into Eq. (2), the seismic demand associated with horizontal ground shaking was estimated according to the N2 method [9]. Accordingly, the base shear versus roof displacement curve derived through pushover analysis was transformed into the corresponding capacity curve of an
equivalent single-degree-of-freedom (SDOF) system, allowing the seismic demand assessment by
means of inelastic displacement spectra. The displacement demand was computed for each considered PGA level and compared to the capacity associated with each limit state, allowing the
authors to assess whether each limit state was exceeded.
5

DEVELOPMENT OF FRAGILITY CURVES

Given a prescribed value of ky, for each PGA level the conditional probability of exceeding
a prescribed limit state was estimated as the ratio of the number of failure cases Nf to the total
number of simulations (i.e., Nsim = 103). This allowed the computation of counted fragility under
varying PGA. A lognormal probability distribution was then fitted to fragility points to develop
a fragility curve for each limit state. Figure 6 shows the fragility curves corresponding to
ky = 0.15g for all limit states, considering either ground shaking only (dashed lines identified as
EQ in the figure legend) or both the combined effect of seismic ground shaking and co-seismic
settlement due to slow-moving landslide (solid lines identified as EQ + L in the figure legend).
Table 4 outlines the median value of PGA, denoted by PGA50, and dispersion E corresponding
to each limit state.
LS
LS1
LS2
LS3
LS4

Ground shaking
ȕ
PGA50 [g]
0.0055
0.7535
0.1312
0.4327
0.1752
0.4292
0.7233
0.4051

Ground shaking + landslide
ȕ
PGA50 [g]
0.0055
0.7535
0.1054
0.4125
0.1403
0.4120
0.3034
0.4204

Table 4: Median and dispersion of fragility curves.
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Figure 4: Fragility curves.

The fragility curves show a high vulnerability of the case-study building class even without
considering the effect of co-seismic settlement. As expected, slight damage (LS1) consisting of
concrete cracking takes place at very low levels of PGA. For the limit state of collapse (LS4),
the co-seismic settlement has a major impact on seismic vulnerability, reducing PGA50 from
0.72g to 0.30g. A lower increase in median PGA with decreasing dispersion is found for the
limit states of moderate damage (LS2) and severe damage (LS3).
The horizontal distance between median values of the fragility curves is a measure of the
ductility available in the structure of the case-study buildings. In this respect, the relatively
small distance between the fragility curves corresponding to LS2 and LS3 indicates a rather
limited ductility of pre-code RC buildings.
6

CONCLUSIONS

In the present study, the seismic vulnerability of existing RC buildings subjected to earthquake-induced landslides has been assessed. Buildings placed upstream of the slope and therefore exposed to the effects of co-seismic settlements were considered. Lumping the geometric
and geotechnical characteristics of the slopes as well as the presence and relative distance of
buildings through the yield acceleration coefficient, 1000 building samples were randomly generated, based on Monte Carlo method. For each sample, a simulated design was carried out to
determine the dimensions of the member cross-sections and their reinforcement. Each building
model was modelled and analysed in OpenSees by first imposing co-seismic vertical displacements associated with slow-moving landslide and then horizontal displacements associated
with seismic ground shaking. Seismic performance under both earthquake-induced landslide
and horizontal ground shaking was evaluated through nonlinear static analysis with displacement control. For each sample, the displacement capacity corresponding to four limit states was
evaluated and compared to demand, allowing fragility estimation under varying PGA. The
lognormal distribution was fitted to fragility points to develop fragility curves.
The proposed methodology makes it possible to assess the vulnerability of RC frame buildings to seismically-induced landslides through a fully mechanics-based approach. This allows
drawbacks of empirical vulnerability assessment methods to be overcome, particularly when
observed damage data on buildings struck by earthquake-induced landslides are lacking. It is
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also emphasised that the proposed methodology based on fibre-based FE modelling and sequential nonlinear static analysis has a very low computational cost with respect to nonlinear
time history, allowing a very large number of simulations on 3D building structures. For each
case study (i.e., yield acceleration coefficient), 10,000 analyses on 1000 structural models subjected to 10 levels of seismic intensity were carried out on a personal computer equipped with
8 cores, a 3.6 GHz processor and 32 GB RAM. This allowed 1 analysis per minute, leading to
a total duration of 7 days for the entire fragility analysis to be completed.
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Abstract
The earthquakes of the last decades have shown that the Italian residential masonry built heritage has high seismic vulnerability, in particular when considering structures built before
1919. For this reason, it is necessary to develop effective large-scale risk mitigation strategies
in order to reduce the huge losses that could occur in the aftermath of an earthquake. In this
paper some retrofit interventions applicable mainly to old buildings are presented, explaining
their advantages and potential. These interventions are then implemented, through Vulnus 4.0
software, on a database of 205 buildings built before 1919, previously analyzed in their as-built
state.
Fragility curves are then developed for each building, and are processed in order to create a
vulnerability model for different construction periods that takes into account the possible retrofit intervention strategies. Therefore, this procedure allows a comparison between pre and
post retrofit intervention fragility, and the results in terms of curves can be used for large scale
damage and risk simulations.
Keywords: Residential Masonry Buildings, Territorial-Scale Seismic Vulnerability, Fragility
Model, Retrofit intervention.
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1

INTRODUCTION

Over the last decades, Italy has been affected by very impactive seismic events, which caused
thousands of casualties and around 180 billion euros of economic losses, in terms of recovery
and reconstruction costs [1]. It is clear that those high economic and human costs are no longer
sustainable, and large-scale mitigation policies need to be pursued.
In this context, Italian institutions (in particular the Department of Civil Protection - DPC)
are working in synergy with the scientific community to find effective seismic risk mitigation
strategies [1-3]. In particular, the work presented in this paper is part of a project carried out by
ReLUIS (Network of University Laboratories for Earthquake Engineering) and EUCENTRE
(European Centre for Training and Research in Earthquake Engineering), and coordinated by
DPC. The aim of the project is to develop large scale vulnerability models for consolidated
buildings, and then to perform cost-benefit analyses that can give an estimate of the payback
time of seismic retrofit interventions. The final purpose is to elaborate mitigated risk maps that
simulate different preventive strategies, thus making it possible to identify prioritization and
convenience ranking for the different interventions.
In order to do so, one must assess the variation of seismic vulnerability between the as-built
configuration and the case where particular seismic retrofit interventions were performed. The
estimation of seismic vulnerability, i.e. the propensity of structures to suffer damage after a
seismic event of a given intensity, is usually defined by fragility curves. A fragility curve is a
probabilistic distribution that expresses the probability of occurrence of a certain damage state
in relation to seismic intensity. Usually, lognormal cumulative fragility curves are used [4].
In literature there are several methods to define fragility curves: a) empirical methods, in
which fragility curves are calibrated from damage data survey in areas affected by seismic
events [5-8]; b) analytical (mechanical) methods, based on structural models and analyses that
simulate the seismic behavior of buildings [9-13]; and c) hybrid methods, which have characteristics from both a) and b) methods [14].
In this study, a mechanical simplified procedure was used to obtain fragility curves for Italian
residential masonry buildings with eight different types of intervention. This study focuses on
residential historical buildings: these are usually stone (mainly random) and solid brick masonry buildings, with timber floors and roofs and in most cases without any retaining elements,
such as tie-rods or beams. In particular, buildings dating from before 1919 were analyzed, as
they represent the 29.4% of the Italian masonry heritage and the 18.1% of the entire Italian
residential building stock [15], but made for the most of damage observed in recent events.
The paper firstly presents the most common seismic retrofit interventions in Italy for the
analyzed building type, and defines the main modifications that these interventions produce in
structural and mechanical parameters. Then, the selected interventions were simulated in a database composed of 205 Pre-1919 masonry buildings. The program used for the analysis and
the elaboration of the fragility curves is the Vulnus vb 4.0 software [16, 17].
Then, the curves obtained by Vulnus are post-processed according to the Donà et al. [18]
methodology, in order to obtain a single fragility model.
2

INTERVENTIONS FOR SEISMIC RETROFIT OVERVIEW

Interventions for seismic improvement can be grouped in the following categories [19, 20]
according to their aim: a) interventions targeting strength and compactness of walls; b) interventions that improve connections, and c) interventions aimed at strengthening and stiffening
horizontal diaphragms.
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2.1 Masonry strengthening and compacting
In case of historical ordinary buildings, the materials that compose the load-bearing stone
masonry structure are often not very performing in terms of mechanical characteristics. Several
techniques can be applied to improve masonry performance, provided a careful evaluation of
the most suitable intervention with respect to the typology and the quality of the masonry is
previously carried out [19-21].
When the stone masonry is inconsistent and characterized by the presence of voids (two or
three leaves masonry), the most used and effective interventions are grout or mortar injections
[22-24]. This type of intervention consists in the grouting of the wall’s core through a regular
pattern of drilled holes, previously cleaned by water or compressed air. Injections are performed
from the bottom to the top of the walls with controlled pressure.
In case of damaged or inconsistent masonry, it is also possible to realize reinforced concrete
jackets [25] made of cement or lime-based mortars and a steel mesh or fabrics reinforcement.
To the ends of a successful intervention, the reinforcements on both sides need to be well anchored to the wall by the means of transversal connections (Figure 1a).
With stone ashlar or brick masonry, but either with poorly performing resistant elements or
poor quality mortars, the most suitable interventions are bed-joint repointing (also reinforced
with metal bars) or the application of FRCM-TRM (Fibre/Fabric Reinforced Cementitious Matrix/Mortar – Textile Reinforced Mortars) plasters [26, 27]. The latter consists of reinforced
plasters made with glass, carbon, aramid or polypropylene fiber meshes, coated in inorganic
matrices based on lime or cement mortar. These reinforcements can be widespread to the entire
surface of the walls or applied locally (Figure 1b) [28, 29].

a)

b)

Figure 1: Reinforced concrete jackets (a) and example of application of FRCM-TRM (b).

The condition of multiple leaves that are not adequately connected to each other can occur
in both brick and stone masonry. In order to guarantee the overall functioning of the wall, it is
possible to insert artificial transverse elements in its thickness (made of reinforced concrete or
metal profiles), or metal tie-rods (made of smooth or threaded bars) with an anti-expulsion
function [22, 22]. This type of intervention is feasible only if the masonry is consistent enough
to ensure the solidarization between the faces.
2.2 Improvement of connections and box-like behavior
The seismic behavior of existing masonry buildings also depends on the connections between structural elements (wall-to-wall and wall-to-floor). These connections are necessary to
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enable the global behavior of the building and to prevent the activation of out-of-plane mechanisms, however they are generally inadequate in more ancient buildings.
The connections among the walls can be obtained through local interventions, although the
application of connecting elements between parallel opposite walls (such as steel tie-rods and
cables or external confining rings) has proved to be one of the most effective [19, 25]; moreover,
tie-rods are a traditional technique which is also highly compatible. Usually, steel threaded bars
are placed at floor levels, in the two main directions of the building, along the load-bearing
walls, although in more recent times they may also have been combined with diagonally crossed
systems. Tie-rods must be positioned at floor level in conjunction with the nodes (along external
and inside walls, Figure 2a).

c)

a)

b)

d)

Figure 2: Ties positioning (a, b) and examples of external anchors (c, d).

In general, the tie-rods placed on the upper levels of the building have a crucial role for the
local equilibrium of the walls. For an effective intervention, the contrasting masonry must be
sufficiently consistent and resistant to sustain the local force applied by a tie’s anchor; for this
reason, localized interventions are recommended, such as hydraulic mortar injections, reinforcement or replacement of individual degraded elements, assuming that the general state of
the masonry is sufficiently good.
Another possible intervention is the insertion of tie-beams just at the top or at all levels of a
building. According to past Italian seismic codes [30, 31] they must have been made of reinforced concrete, but this was recently proved to be more detrimental than beneficial to seismic
behavior as a consequence of high weight and poor compatibility with random masonry [19,
20, 32]. Therefore, a new generation of tie beams was proposed, adopting reinforced masonry
or steel structural shapes [33].
2.3 Strengthening and stiffening of horizontal diaphragms
Horizontal diaphragms in seismic conditions should redistribute horizontal loads from loadbearing walls orthogonal to the earthquake direction to those parallel to it, in order to oppose
the highest strength.
Timber floors are based on the assembly of overlapping elements, which are able to withstand and distribute vertical stresses, but not horizontal ones. This is due to the lack of adequate
connections between the elements of the horizontal structure (inadequate in-plane stiffness) and
between the horizontal structure and the vertical one (inadequate wall to floor connection).
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Considering the fundamental partitioning action of floors, interventions aim at not only decreasing plan deformability, but also strengthening the connections between floors and walls
have to be performed. However, an excessive strengthening, like that obtained by floor replacement with reinforced concrete slabs, would be ineffective, or even pejorative from a seismic
retrofit point of view [20, 34].
For what concerns historical buildings, several techniques have been developed respecting
traditional construction practice and avoiding at the same time the negative increase of weight
at the floor level [26].
Some examples of interventions that improve the diaphragm action are wooden planking
and application of diagonal metallic belts or composite material strips. These interventions can
be executed on the intrados or on the extrados of the floor. With regard to residential buildings
without valuable floors, interventions on the extrados are preferable.
In order to increase the in-plane stiffness, the addition of single or double wooden planks
over the existing one can be considered (in orthogonal direction or at 45°, using tongue-andgroove joints with nails or screws as connectors) [35, 36] (Figure 3).

a)

b)

Figure 3: Reinforced timber floor with single planking inclined at 45° (a); reinforced timber floor with double
planking crossed at +45° and -45° (b).

Interventions that do not modify floor stiffness but assure an adequate connection with walls
are perimeter steel plates anchored with dowels to the walls [37] and distributed anchors at the
ends of floor joists. These have to be injected with mortars or resins on the wall, or anchored
externally; on the inner side, they have to be nailed to joists or upper boards, thus binding the
floor to the wall (Figure 4) [38, 39].

Figure 4: Example of connection floor-to-wall.
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3

ANALYSIS TOOL AND IMPLEMENTATION OF INTERVENTIONS

Once the best performing retrofit interventions were analyzed, it was possible to select the
most suitable method and tools to start the implementation phase.
3.1 Analysis method
The software used for the analysis is Vulnus vb 4.0 [16, 17], originally developed by A.
Bernardini, R. Gori and C. Modena (University of Padova). Vulnus can analyze load-bearing
masonry structures through limited information (geometry, material properties, construction
details, qualitative information) by means of limit analysis.
The Vulnus methodology is based on the calculation of the critical horizontal accelerations
that cause the activation of the main out-of-plane collapse mechanisms for each wall, and inplane shear failure of the two main parallel wall systems. These critical accelerations are then
normalized to gravity acceleration g and returned in terms of indices I1 and I2 for the in-plane
and out-of-plane response, respectively.
More specifically, the index I1 represents the shear resistance calculated on the weakest direction of the building, eventually corrected in case of irregularities that may cause non-uniform
distributions of normal and tangential stresses. On the other hand, the index I2 depends on the
possible out-of-plane kinematic mechanisms and it corresponds to the minimum value of the
sum of two sub-indices, I2' and I2". In particular, I2' evaluates a building’s resistance to mechanisms which involve a vertical strip of its walls (overall overturning of the wall, overturning
and flexural failure of the top storey). I2'' instead evaluates the resistance to mechanisms developing across the breadth of a walls (horizontal masonry strips): a) bending and arching mechanism failure, b) overturning and flexural collapse of the arch shoulders, and c) detachment of
the transverse walls, always at the last storey.
In addition, a third index I3 represents qualitative features of the building (not included in
the other two indices). I3 is calculated as the weighted normalized sum (between 0 and 1) of
the scores derived by the "Second Level" form of GNDT [40]. Specifically, the form consists
of 11 parameters, to which a quality class form A to D (where A is the best condition) is assigned; each qualitative class is then associated to a numerical score.
Once the three indices I1, I2 and I3 have been calculated, Vulnus performs a vulnerability
analysis using the fuzzy sets theory. The fuzzy approach allows to consider uncertainties associated to those parameters which are not directly measured and to the variability of the mechanical characteristics of the materials.
Using this approach, Vulnus calculates three fragility curves, which represent the mean
(White curve) and the extreme probabilities (Lower-Bounds and Upper-Bounds curves) of
reaching or exceeding the triggering acceleration of in-plane or out-of-plane mechanisms. For
this reason, the damage state (DS) associated to the resulting fragility curves is a DS2-3, with
reference to the scale proposed by the European Macroseismic Scale (EMS-98) [41].
3.2 Implementation of retrofit interventions
On the basis of the considerations presented in section 2 and of direct field observations [32,
42], some interventions were considered as the most effective for Pre-1919 buildings. These
interventions are presented in Table 1.
Vulnus allows to carry out simplified vulnerability analyses of masonry buildings. This implies that interventions must also be implemented in a simplified way. In fact, some intervention
could be directly implemented by the options already present in the software, whereas others
had to be implemented indirectly, reproducing the effect of the intervention on the building’s
overall behavior.
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The implementation methodology of the selected interventions is presented below. Some
interventions were also implemented in combination (as shown in Table 1).
individual interventions
MSN1
1st stage
of masonry strengthening (stone: injection – brick: reinforced plaster)
MSN2
2nd stage
TR
addition of tie-rods
FLR
stiffening of floors (light interventions)
combined interventions
MSN1+TR
first stage of masonry strengthening + addition of tie-rods
MSN1+FLR
first stage of masonry strengthening + stiffening of floors
MSN2+TR
second stage of masonry strengthening + addition of tie-rods
MSN2+FLR
second stage of masonry strengthening + stiffening of floors
Table 1: Implemented retrofit interventions.

Two stages of retrofit interventions of strengthening of masonry are proposed. The first stage
(MSN1) considers the application of light or single interventions, whereas the second one
(MSN2) implies the concurrent application of more types of intervention or the implementation
of a single intervention with all possible expedients to ensure the best results. The masonry
interventions proposed in this study, according to the type of masonry, are: on random multileaf stone mainly injections are suggested, whereas the application of FRCM-TRM reinforced
plaster is preferred in the case of stone ashlars or brick masonry. To simulate these interventions
through Vulnus, the corrective coefficients shown in Table 2 were applied. The coefficients
refer to table C8.5.II available in [43], and represent a medium increase of the mechanical characteristics of the materials composing the building owing to different type of intervention. It
can be observed that the first step brings a similar improvement among different masonry types.
Instead, the implementation of more invasive and heavy interventions on stone masonry, characterized by values of the mechanical parameters lower than the ones associated to brick masonry, gives greater improvements, although not exceeding the values of the mechanical
characteristics of brick masonry. Lastly, the interventions considered require the addition of
material, which is estimated to determine an average increase of masonry specific weight by
5%.
Stone masonry
Solid brick masonry
Tuff masonry

MSN1
1.7
1.5
1.6

MSN2
2.4
1.8
1.9

Table 2: Multiplicative coefficients used.

The insertion of tie-rods (TR) was directly implemented in Vulnus. In fact, the software
provides the possibility to enter the number of ties present in both main directions of the building. TR intervention was implemented by placing, for each main direction of the building, an
adequate number of rods (two rods, one per side, placed parallel to the internal partitions, and
one rod to the perimeter walls).
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As regards to floor interventions (FLR), the most effective solutions for historical buildings
are the insertion of bracing systems or the installation of double wooden planks, in order to
increase the stiffness without overloading. Since in Vulnus floor types determine just the dead
loads on walls, diffuse chains have been placed to simulate the improved box-like behavior
when floors are stiffened. In addition, to further increase the diaphragms’ reaction of the model,
the floor-to-wall friction coefficient was increased to account for the improved connection
achieved by the intervention.
In order to update the class of the Second Level GNDT form parameters, used by Vulnus to
elaborate the final curves, the modifications that each intervention brings to the as-built configuration were studied. Of the 11 parameters of the form, those linked to the interventions analyzed are: quality of the resistant system, floor type, roof type and state of maintenance. The
value assigned to other parameters in as-built conditions was maintained in strengthened ones.
In Table 3 the adopted changes, made with reference to the manual of the form [40], are reported.

GNDT parameter
Resistant system
Floors
Roof
State of maintenance

MSN1
MSN2
A

TR

FLR

+ 1 class

A
+ 1 class

A

MSN1+TR MSN1+FLR
MSN2+TR MSN2+FLR
A
A
A
+ 1 class
+ 1 class
A
A

Table 3: Modified classes for the GNDT parameters considered.

4

FRAGILITY MODEL WITH RETROFIT INTERVENTIONS

The present study is in continuity with past analyses [44, 45] in which a database of more
than 500 buildings was analyzed using Vulnus 4.0 and fragility sets were obtained for ten
macro-types (five age and two height classes) of as-built residential masonry buildings. Specifically, the eight interventions identified in the previous chapters have been implemented on
those 205 buildings which belonged to the Pre-1919 macro-typology of the original database.
Then, the elaboration of the specific fragility sets for each intervention was carried out following the procedure proposed by Donà et al. [18].
4.1 Methodological approach
As already mentioned, the Vulnus software produces three fragility curves associated with
an average probability (White) and two extreme probabilities (Upper- and Lower-Bounds), corresponding to a damage state DS2-3.
In order to define a single fragility model for the two macro-typologies considered in this
study (Pre-1919 Low-Rise buildings, i.e. 1 and 2 floors, and Pre-1919 Mid-Rise buildings, i.e.
3, 4 and 5 floors), in the first place the White, Upper- and Lower-Bounds curves were processed
separately. The curves of each building were averaged firstly by municipality, in order to maintain a geographical representativeness, and then by number of floors and age of construction,
considering for each sub-typology the actual real distribution obtained from 2001 ISTAT census data [15].
Subsequently, the fragility model of Lagomarsino and Cattari [10] was calibrated on the
mechanical fragility model obtained for DS2-3, in order to represent seismic fragility over the
five damage states (from DS1 to DS5). In this way, a new mechanically based heuristic fragility
model was derived.
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combination of DS2

Lower Bounds

White

Reference fragility model
(DS2-3)

Upper Bounds

Lastly, the different sets obtained for White, Upper- and Lower-Bounds were combined,
with the aim of developing a single fragility set (LUW). This operation allows to maintain the
average fragility defined by the White curves (assumed as the most likely fragility), but at the
same time to increase the dispersion parameter, thus resulting more suitable to represent the
vulnerability of the built stock on a large scale.
In Figure 5, the main steps of this procedure [18] are presented.

Figure 5: Procedure used to define the mechanical-heuristic fragility model from the mechanical one obtained
through Vulnus [18].

4.2 Fragility sets and results
The procedure presented in §4.1 was recursively carried out for each intervention considered.
In this way, the fragility sets related to the Pre-1919 buildings for the two height classes LowRise (1 and 2 storeys) and Mid-Rise (3, 4 and 5 storeys) were obtained, and it was possible to
compare the fragility curves of the as-built configuration with the curves obtained after the
simulation of the interventions.
It should be noticed that, despite the validity of the method [18], the models presented below
(Figure 6) do not allow to evaluate the effects that the interventions may produce limited to
some DSs (e.g. reduction of severe damage but not of slighter one), but provide just an overall
indication of their effectiveness.
As expected, the graphs in Figure 6 show that the greatest variation in vulnerability occurs
with the application of combined interventions. Considering individual interventions, the insertion of tie-rods (TR) produces underperforming results, while the intervention on floors (FLR)
gives slightly better outcomes. The greatest effectiveness derives from two-steps interventions
applied to increase masonry strength and compactness (MSN1, MSN2). When the floors or ties
interventions are combined with masonry strengthening (MSN1+FLR, MSN1+TR,
MSN2+FLR, MSN2+TR), the floors interventions appears to be more effective than the tierods ones.
Furthermore, the different effectiveness of interventions in Low-Rise and Mid-Rise buildings can be examined. The interventions on the floors and those related to the insertion of tierods are more effective if applied to Low-Rise buildings, whereas for Mid-Rise buildings the
vulnerability reduction is smaller. This leads to the conclusion that the height of the building
plays a fundamental role in the variation of vulnerability.
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FLR

TR

MSN1

MSN2

MSN1+FLR

MSN1+TR
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MSN2+FLR

MSN2+TR

Figure 6: Comparison of fragility sets developed for Pre-1919 buildings in as-built condition and with retrofit for
the interventions analyzed.

5

CONCLUSIONS
x The paper presents a study that provides mechanical-heuristic seismic fragility curves of
Pre-1919 Italian residential masonry buildings, subject to seismic retrofit interventions. In
particular, eight type of intervention were analyzed: two steps of intervention concerning
the strengthening of the walls (MSN1, MSN2), insertion of tie-rods (TR), stiffening and
improvement of diaphragm behavior of the floors (FLR), as well as the combination of
these interventions (MSN1+TR, MS1+FLR, MS2+TR, MS2+FLR).
x The software Vulnus 4.0 was used, and the fragility curves (White, Upper-Bound and
Lower-Bound) were obtained for eight retrofit solutions, on a dataset of 205 buildings.
Then, the procedure by Donà et al. [18] was applied and fragility sets for the retrofit interventions have been derived, so that they could be compared with the as-built fragility
curves.
x In general, the results show that masonry strengthening is overall more effective than any
other intervention. Moreover, combined interventions are more effective than single ones.
It should be noticed that the reduction of vulnerability deriving from a combination of two
interventions is not the simple sum of that obtained from individual ones.
x Possible future developments are the extension of this study to residential masonry buildings belonging to construction periods starting from 1919, which have different characteristics and may require different retrofit interventions.
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Abstract
Fragility models are important tools for seismic risk assessment and seismic damage scenarios
estimation. Some models are already available in the literature, however, in the case of infilled
RC frames, further investigations are necessary, given the high uncertainty about their
behaviour. In fact, damage observations following seismic events, suggest that the presence of
masonry infills can strongly influence the response of reinforced concrete (RC) frames and
affect their collapse mechanisms. The main goal of this work is to contribute to the seismic
vulnerability assessment of the existing building stock in the Emilia-Romagna region in
northern Italy, developing fragility models for infilled RC frame buildings. On the basis of an
analysis of both census data on the existing building stock and on damage survey forms after
the 2012 Earthquake, a set of representative structures was defined and modelled with finite
elements, adopting a concentrated plasticity approach. Different modelling approaches of the
infill walls were considered, using single and multi-strut models, in order to simulate shear
failure in columns. Non-linear static (push-over) analyses were then carried out on these
models to obtain their capacity curves. Displacement demands were computed using simplified
procedures (IN2 method). The definition of damage levels in the models was based on the
achievement of local deformation capacity limits of structural and non-structural elements,
according to the classification provided by the EMS-98 Macro-seismic scale. Fragility curves
were finally obtained by considering uncertainties in material properties, by means of the
Response Surface method, as well as ground-motion record-to-record variability.
Keywords: RC frames, masonry infills, fragility curves, pushover analysis, seismic fragility.
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1

INTRODUCTION

Many of the buildings currently present in the European area date back to several decades
ago and were built without seismic design criteria, due to changes in the seismic classification
of the territory and to the considerable evolution of structural design codes in the most recent
years; hence the interest and the need for studies on existing buildings. Within a probabilistic
framework, an important tool for assessing the seismic vulnerability of existing buildings are
fragility curves, which associate the probability of exceeding a certain damage level to different
levels of a certain measure of ground-motion intensity.
After the Emilia earthquake (northern Italy) in May 2012, many of the studies on existing
buildings focused on masonry buildings [1] and prefabricated structures [2, 3], i.e. the types on
which the most severe damage was observed. Studies have also been carried out on reinforced
concrete frames with masonry infills [4]; in particular, fragility curves have been developed in
[5], for some models of representative buildings, based on capacity limits associated with the
damage levels defined by the EMS-98 macro-seismic scale. Furthermore, this study provided a
damage scenario for the area hit by the Emilia earthquake, also making predictions on the
cumulative damage caused by multiple seismic events. The typical damage observed following
seismic events raises the need to use models capable of describing the local interaction
phenomena between frames and infill panels [6, 7]. Preventive considerations are necessary on
the choice of materials characteristics, with particular attention to the masonry infill properties,
which can strongly influence the structural behaviour of the building and, consequently, the
assessment of its vulnerability [8].
The present work presents the fragility curves for existing residential Reinforced Concrete
(RC) frame structures with masonry infills, and is part of a larger study aimed at assessing the
seismic vulnerability of the existing building heritage in the Emilia area. These fragility curves
are obtained analysing, by means of nonlinear static analyses and Response Surface
metamodels [9], a series of case study structures, which in terms of geometry, dimensions and
mechanical characteristics, can be considered representative of the fraction of the existing
building stock under study.
2

REFERENCE BUILDINGS

2.1 Characteristics of the building stock
In order to define the case study buildings, preliminary investigations were made to acquire
information about the main characteristics of the existing building stock: in particular, reference
was made to the data of the AEDES forms (i.e. post-earthquake damage evaluation forms used
in Italy), compiled following the Emilia earthquakes, occurred in May 2012, and census data
provided by ISTAT (National Institute of Statistics), from the 15th general population and
housing census, for the areas of Bologna, Ferrara and Modena. Analysing the available data on
existing buildings, once the construction type and intended use of interest have been identified,
all data was filtered by construction period, number of storeys, average floor surface and
regularity.
The data from the AEDES forms and census, restricted to RC frame structures for residential
use, involve sample consisting of 1573 and 58980 buildings, respectively: it is clear that the
census data offer a broader and more general vision than the AEDES data, which instead
concern a small part of the building stock, as they are compiled only for a subset of the buildings
affected by the earthquake, i.e., in general, for buildings that have shown some damage. On the
other hand, AEDES data can provide important information of the structural features of the
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buildings that were most susceptible to damage. Figure 1 shows the distribution of the number
of floors in the dataset.

Figure 1: Number of storeys of existing building stock.

There is a clear prevalence of low-rise buildings, with less than 2 floors, for the ISTAT data,
in contrast to the AEDES forms data, which show an opposite trend for buildings with a greater
number of floors (in detail 4 or greater than or equal to 5): this can suggests that, in general,
buildings with a higher number of floors, although they constitute a smaller percentage of the
building stock, also constitute the most fragile part. According to ISTAT data, almost 58% of
the RC frame structures were built between the 50s and 70s, a time period characterized the
complete lack of seismic design criteria in the area affected by the 2012 earthquake.
For the definition of the geometry in plan and elevation of the models to be studied, the data
on the average floor surface was analysed and correlated with the number of floors (as shown
in Figure 2). It should be noticed that only the AEDES forms provide this data. The range of
floor areas between 100 m2 and 170 m2 is common for buildings with a low number of floors,
while it is not very frequent in buildings with 5 or more floors. The range of surfaces between
170 and 300 m2 characterizes a large part of the sample of buildings, being present in a relatively
high percentage in all categories based on the number of floors (between 23.7% and 39.2%), in
particular for structures with a number of floors equal to or greater than 4. Floor areas from 300
to 500 m2 mainly characterize buildings with a number of floors greater than or equal to 4.

Figure 2: Average floor area and number of storeys (AEDES data).

It should be specified that the relationship between the average floor area and the number of
floors may not fully represent the actual building stock, but only a subset of it, as only the
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AEDES forms makes this information available. However, as specified above, it can be thought
that these data provide more direct information on the most fragile part of the building stock
and is therefore of greatest interest in the context of assessing the seismic vulnerability of
existing buildings.
2.2 Definition of case study structures
On the basis of the characteristics observed, two types of building were defined: in particular
a 2-storey and a 4-storey building. The plan surface area of each building (see Table 1) was
chosen in such a way as to obtain structures that are as representative as possible of the existing
stock.
In order to conduct non-linear static analyses, two-dimensional models were created.
However, since the existing buildings in the area under consideration often feature frames with
different features in different horizontal directions, two models were considered for each
structure. The direction indicated with X corresponds to the one of main frames, while Y
corresponds to the one of slabs, which are assumed as one-way.
X direction
MODEL n° bays
2 storey
4 storey

3
4

Y direction

span length
[m]

Lx [m]

n° bays

span length [m]

Ly [m]

Plan surface
[m²]

4.5
4.5

13.5
18

3
3

4
4

12
12

162
216

Table 1: Main geometric features of benchmark buildings.

2.3 Simulated design
A simulated design was carried out on the reference buildings, to define the size of the crosssections of the structural elements and the relative reinforcements. To this purpose, it is of
primary importance to place the buildings in an appropriate regulatory context. Based on the
ISTAT census data on the construction period for the sample of buildings analysed, it is
believed that the period of greatest interest, spans from the 50s to the 70s.
In the simulated design of the structures, the method of admissible stresses was used,
respecting the requirements set out in the Italian structural design code issued in 1976 [10], thus
considering it the reference standard. All the structures have been designed for vertical loads
only; unlike the perimeter beams, shallow wide beams were considered for the internal frames,
a typical solution of residential buildings, in which, due to architectural requirements, the
thickness of beams is maintained within the thickness of slabs. Permanent loads were assumed
equal to 5 kN/m2 while live loads to 2 kN/m2. A concrete with a characteristic compressive
strength Rck equal to 25 MPa was considered for the simulated design. For the characterization
of the reinforcing bars, reference was made to a series of studies on the mechanical
characteristics of the steels used in RC structures in the 1960s [11]: in particular, smooth bars
were used, with a median yield stress equal to 369.9 MPa, which lead to an allowable stress of
155 MPa. The stirrup spacing in columns is assumed equal to 25 cm. The size of columns
depends on their axial stress, evaluated on the basis of tributary areas, while the beams were
designed only for the bending moment due to the vertical loads. In particular, the perimeter
beams have a section with dimensions 30x50 cm, while the cross-section of roof beams are
30x45 cm. The internal main beams have a section of 75x24 cm. Secondary beams, i.e. in the
Y direction, are also considered, but of reduced dimensions.
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3

MODELLING

The case study buildings must be schematized in a finite element model that is able to
simulate the nonlinear structural response under to horizontal loads, both for structural elements
(beams and columns) and non-structural elements, such as masonry infills. An approach based
on lumped plasticity was adopted in the modelling. Finite element modelling was carried out
through the OpenSees software [12]. The model of each structure was not limited only to one
infilled frame (external frame), but involved the modelling of two frames side by side (Figure
3): one infilled and one bare frame, bound to undergo the same floor displacements, under a
rigid diaphragm assumption.

Figure 3: Example of the adopted modelling scheme.

3.1 Frame elements
The frame elements (beams and columns) have been modelled using linear elastic elements,
with rotational springs at their ends (ZeroLength elements). A moment-rotation relationship
characterized by a three-linear envelope was adopted, defined by three characteristic points,
which represent the yield condition, the ultimate condition, and the complete loss of strength.
the latter is defined by the slope of the degrading branch, until zero moment, based on the Ibarra,
Medina and Krawinkler model [13]. For each hinge the rotation capacity, corresponding to the
yield (θy,s) and ultimate (θu,s) conditions was evaluated based on the approach suggested by
Eurocode 1998-part 3 [14] for estimating the yield (θy) and ultimate (θu) chord rotations of RC
members:
θy = ௬

εy dbl fy
h
Lv +av z
+0.0014 ൬1+1.5 ൰ +
Lv
d-d' 6ඥfc
3
0.225

1
max൫0.01;ω' ൯
θu ൌ 0.016ሺ0.3ఔ ሻ ቈ
f
maxሺ0.01;ωሻ c
γel

൬min ൬9Ǣ

Lv 0.35 αρsx ೢ
100ρd
 ሺ1.25
൰൰ 25
ሻ
h

(1)

(2)

where ϕy is the yield curvature of the element cross-section, Lv is the shear span length, h is the
cross-section depth; ω and ω’ are, respectively, the mechanical reinforcement ratio of the
tension and compression longitudinal bars; fc, fy and fyw are the concrete compressive strength,
the longitudinal reinforcement yield tension and the stirrup yield tension, respectively, (MPa);
εy is the steel elastic modulus; dbl is the mean diameter of longitudinal tension reinforcement; d
and d’ are the depths to the tension and compression reinforcement, respectively; z is the
internal lever arm length and av is equal to 1.0 if shear cracking is expect to precede the end
section flexural yielding and it is equal to 0 otherwise; ρsx is the ratio of transverse reinforcement
in loading direction (x); ρd is the diagonal reinforcement ratio; α is the confinement
effectiveness ratio; γel is equal to 1.5 for primary seismic elements and it is equal to 1.0
otherwise; ν is the normalized axial force.
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Some of the parameters in Eqns. 1 and 2 are not constant during a pushover analysis,
however, given the limited number of storeys of the case study buildings, the axial force in the
columns was assumed as constant, and due to non-seismic gravitational loads only. The shear
span length Lv was defined on the basis of some preliminary analyses that led to the choice of
the following values: half the length of the element for beams and columns, with the exception
of the first storey columns, for which a point of contraflexure placed at 2/3 of the length, starting
from the base, was assumed. Values of θy and θum were corrected, according to Eurocode 1998part 3 rules, in order to consider lapping of reinforcing bars, the presence of smooth bars and
the lack of seismic details.
In modelling the beam-spring assembly, the flexural behaviour of each element of the frame
has been traced back to that of two equivalent cantilever beams. The effective moment-rotation
relationship for the rotational springs was defined by subtracting from the total chord rotation
(beam-spring system) the chord rotation due to the elastic deformation of the element, as
reported below:
θy,s =θy -

My Lv
3EJ

(3)

Mu Lv
3EJ

(4)

Mu θy
αc My

(5)

θu,s =θum -

θuc,s =θu,s +

where θy,s is the spring rotation at yielding, θu,s is the spring rotation at ultimate condition and
θuc,s is the spring rotation corresponding to the complete loss of strength; αc is a percentage of
the elastic branch stiffness of the backbone curve and it defines the slope of the degrading
branch.
3.2 Masonry infills
Masonry infills were modelled adopting equivalent struts, using Truss elements, which
follows the constitutive low proposed by Panagiotakos and Fardis [15] (as shown in Figure 4),
implemented in the form of a three-linear force-displacement curve through the Hysteretic
material of the OpenSees library.

Figure 4: Example of the adopted force-displacement relationship for masonry infills.

The initial behaviour of the infill depends on the initial shear stiffness of the panel, defined
as:

3103

G. Salamida, N. Buratti

K1 =

Gw Lw tw
hw

(6)

in which Gw is the masonry shear elastic modulus, Lw and hw are the effective length and height
of the panel, respectively and tw is its thickness. The horizontal force corresponding to the first
shear cracking depends on the shear cracking strength τcr:
Fcr =τcr Aw =τcr Lw tw

(7)

The stiffness of the second branch of the backbone curve corresponds to the axial stiffness
of the equivalent masonry strut, as follows:
K2 =

Ew bw tw
dw

(8)

where Ew is the masonry elastic modulus, dw is the diagonal length of the infill panel and bw
represents the width of the equivalent strut, which was calculated with the formulation proposed
in [16]:
bw =dw ·0.175ሺλhw ሻ-0.4
4 Ew tw sin(2θ)
λ= ඨ
4Ec Jp hw

(9)
(10)

The parameter λ defines the relative stiffness of the RC frame and the infill panel, according
to the formulation developed in [17], in which Ec is the concrete elastic modulus, Jp is the
moment of inertia of the columns of the surrounding frame and θ is the inclination angle of the
panel with respect to the horizontal. The overstrength ratio, i.e. the ratio between the maximum
strength of the masonry strut and the shear cracking strength, is equal to 1.3, while the stiffness
of the degrading branch is 3% of the initial elastic stiffness, until a residual strength assumed
as 1% of the peak force.
Different equivalent truss geometries were considered; in particular, single- and three-strut
models (Figure 5). The first is able to adequately describe the global behaviour of an infilled
frame, characterized by an increase in stiffness and resistance compared to a bare frame, but it
is not able to simulate the local shear-failure mechanisms in columns due to the interaction with
masonry infills. The second one, on the other hand, is capable of taking into account the local
interaction phenomena between the frame and the infill panel.

Figure 5: (a) single-strut model; (b) three-strut model.

In the three-strut models the total strut area is distributed among the three truss elements,
considering 50% for the centre element and 25% for the others. The end node distance of side
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truss elements from a frame node hz = z / 2 (see Figure 5) is based on an estimate of the size of
the contact area between the infill and the frame, where z is calculated as follows:
π
z=
(11)
2λ
The mechanical characteristics of masonry, such as the elastic modulus, the shear elastic
modulus and the shear cracking tension, were defined after [6]. In particular, Ew and Gw were
set to 1495 MPa and 598 MPa, respectively, while τcr was set to 0.36 MPa.
The presence of openings in masonry infills was considered, assuming a percentage of
openings αw = 14%, evenly distributed. Therefore, simple relationships based on the definition
of reduction coefficients directly applicable to the strut areas were used; in particular, reference
was made to the following formulation [18]:
1.14
λop =1-2α0.54
w +αw

4

(12)

ANALYSIS METHODOLOGY

Non-linear static analyses were carried out using OpenSees software. For each case study
structure, pushover analyses were performed both in X and Y directions, assuming two different
distributions for the horizontal forces: one proportional to the storey masses (uniform
distribution), and one dependent on the shape of the first mode of vibration (linear distribution).
The outputs of the pushover analyses were then processed using the MATLAB® software, with
which a procedure for calculating the displacement demand was also implemented (see Section
4.2).
4.1 Damage levels for numeric models
Five levels of damage were defined, deriving them from the EMS-98 macro-seismic scale
[19]. Each of these damage states (from DS1 to DS5) was associated to with the achievement
of a certain local capacity in terms of displacement. On the basis of the modelling choices made,
it was convenient to define the damage to the structural elements as a function of the
deformation of the rotational springs that represent the plastic hinges. Damage on the infill
panels was defined based on the deformation in the corresponding truss elements. The criteria
adopted are as follows:
x DS1 – slight damage: is reached when the first cracks appear in the masonry infills,
i.e. when the cracking force of the struts is reached.
x DS2 – moderate damage: this state occurs when either one RC member yields or one
truss element reaches its peak strength.
x DS3 – heavy damage: this state occurs when either one of the truss elements reaches
its ultimate displacement or one plastic hinge reaches a rotation corresponding to 3/4
of the ultimate rotation capacity.
x DS4 – very heavy: this state occurs when in one of the columns there is a resisting
moment degradation of 20% after the peak resisting moment.
x DS5 – collapse: this state occurs when the total resisting base shear of the structure
becomes equal to 20% of the residual capacity of the bare frames.
In addition to the five damage states described above, a further level of damage (DS5shear)
was considered based on to the achievement of the shear strength in the structural elements
(typically in the columns). Shear failure is a fragile failure mechanism which, although not
specifically mentioned on the EMS-98 scale, represents very heavy damage. The shear strength
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has been defined according to the current Italian structural design code [20]. Each level of
damage was associated to a specific displacement of the control point.
4.2 Capacity curves
Sample results for the buildings studied are reported in Figure 6. These plots contrast the
different behaviour of bare frames and the infilled frames, the latter being characterized by
higher initial stiffness and maximum strength as well as by a relevant loss of strength, after the
masonry struts failure. The capacity curve of the entire building was obtained combining
infilled and bare frames, as discussed in Section 3.

Figure 6: Capacity curves for in the X direction with mass proportional force distribution for the 2-storey singlestrut model (a); 4-storey with single-strut model (b); 4-storey building, three strut model (c). For further details
about geometrical characteristics see Table 1.

The observed collapse mode is predominantly characterized by soft floor mechanisms at the
base of buildings. This behaviour is favoured by several factors: the low quality of detailing;
the lack of capacity design criteria in design; furthermore, the failure of the infill panels in one
floor tends to create a soft storey condition. These factors favour the formation of plastic hinges
in columns rather than in beams. The plots in Figure 6 also show the capacity limits associated
to the five damage levels under consideration. In the curves shown in Figure 6, it can be
observed that the damage level DS2 is characterized by the rupture of the infills rather than by
the yielding of the frame elements; conversely DS3 occurs first in the frame. In the 3-strut
model (Figure 6-c) it can be observed that the columns shear failure occurs approximately when
the peak resistance of the infills is reached, i.e. when the pressure of the panel on the contact
area with the frame is maximum. It should be noted that also in the single-strut models shear
failures can occur, but these models are not able to simulate the local interaction between the
frames and the masonry infills occurring at the ends of columns and beams.
4.3 Evaluation of the displacement demand
In pushover analyses the displacement demand on a structure, associated with a certain IM
value, such as PGA or spectral acceleration, is computed based on the definition of an
equivalent SDOF system and specific R-μ-T relationships. The present study was based on the
IN2 method [21], which is applicable to systems characterized by a significant strength
degradation as infilled frame structures. The method requires a preliminary multi-linearization
of the pushover curve, respecting the underlying areas equality criteria, as shown in Figure 7.
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Figure 7: Example of multi-linearization of the 4-storey building capacity curve.

Given an elastic spectrum in terms of acceleration the calculation of the displacement
demand first passes through the study of an equivalent SDOF system, and the evaluation of an
appropriate inelastic demand spectrum. For the calculation of this latter and of the required
ductility, reference was made to the relation R-μ-T proposed in [22]. This procedure requires an
elastic spectrum with a standard Newmark-Hall shape. The elastic spectrum adopted in the
present study was defined according to the current Italian structural design code [20],
considering a return time of 475 years and assuming a position of the site close to the epicentres
of the main shocks that stroke the Emilia area. The IN2 curves in terms of PGA are shown in
Figure 8, for 2 and 4 storey buildings, considering a single strut model for masonry infills.

Figure 8: IN2 curves for the 2-storey (a) and 4-storey building (b) single-strut models.

5

FRAGILITY ANALYSIS

This section is dedicated to the seismic fragility assessment of the case study buildings.
Considering the numerical models presented, a fragility analysis was conducted, with the aim
of obtaining fragility curves that relate the probability of reaching the damage levels discussed
in Section 4.1 to the values of Peak Ground Acceleration (PGA). To this aim it is necessary to
consider the uncertainties that affect the problem under consideration. These are mainly related
to: material properties, modelling uncertainties, record-to-record variability and prediction
capacity of the analysis method adopted. Random Variables (RV) were used in order to describe
these uncertainties. The RVs chosen are (see Table 2): concrete compressive strength fc; steel
yielding stress fy; chord rotation at yielding θy; chord rotation at ultimate condition θum;
coefficient αc, which determines the slope of the post capping stiffness of RC members; lateral
force Finf and lateral drift Dinf of the infills force-displacement relationship. In particular,
different variabilities have been assumed for Finf and Dinf relatively to the cracking point and
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the peak point of the infills behaviour curve. The variables described above influence the
behaviour of the building, in particular, affecting the capacity curve. However, the R-μ-T
relation used to determine the inelastic spectra in the calculation of the displacement demand,
provides an average value of the required ductility. Therefore, a certain variability was assumed
also for the ductility demand [22], this represents both the uncertainty on the prediction
provided by the adopted analysis method and record-to-record variability. A log-normal
distribution has been assumed for all RVs and the corresponding coefficients of variation are
shown in Table 2. The coefficient of variation for concrete compressive strength was evaluated
in order to fall within the limit values set for the concrete acceptance criteria, while that relating
to the coefficient αc was defined in order to obtain a median value comparable with the
formulation reported in [23], and extreme values contained within the range tested in [24].
For each building model, given a set of random values of the RVs, defined a loading direction
and a distribution of forces it is possible to compute a capacity curve, which can then be used
to find scaling factor for the elastic response spectrum that leads to a displacement demand
equal to the capacity associated to a certain DS. The PGA of the so obtained scaled spectrum
represents a measure of the structural capacity for the DS under consideration. By repeating
this procedure for more samples of the RVs is possible to obtain a sample of the PGA capacity
values associated to a certain DS, the cumulative probability distribution of these values
represents, the fragility curve relative to the considered damage level. However, such a
procedure is computationally inefficient because it requires a large number of samples.
Therefore, Response Surface (RS) models were introduced in order to find empirical
relationships between the structural capacities for each of the DSs under consideration and the
values of the RV. A RS is a statistical regression model that interpolates, within a certain
domain, the values of a response variable – PGA capacity for a certain DS in this case – as a
function of a set of independent variables.

Table 2: Random Variables and uncertainty parameters.

In order to obtain data for fitting the RS models, the Central Composite Design (CCD)
criterion was used in order to define a set of values of the RVs to be used for the pushover
analyses. Since, as discussed later, the ductility demand was not considered in the RS models,
the number of RVs is 7, which according to CCD correspond to 27+2∙7+1 = 143 combinations
of the RV values to be used for pushover analyses. These are carried out for each model, for
each direction and for each distribution of forces. The form of RS model adopted for each
structure, for the i-th DS associated to a loading direction and a force distribution is:
lnሺPGADS ≥DSi ሻ = b0 +b1 ln൫fc ൯ +b2 ln ቀfy ቁ +b3 ln൫θy ൯ +b4 lnሺθum ሻ +b5 lnሺαc ሻ +b6 ln൫Finf ൯ +
+b7 ln൫Dinf ൯ +ε

(13)

where b0 to b7 are unknown regression coefficients, and ε in a normal error term. Their values
were estimated by means of linear regression. The standard deviation of the error term was the
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augmented considering the uncertainty on the ductility demand [22]. Since a log-normal
distribution for the RVs was assumed, ln(PGADS ≥ DSi) is a linear combination of normally
distributed variables and therefore assumes a normal distribution which is fully defined by its
mean value and standard deviation. The cumulative distribution function for ln(PGADS ≥ DSi)
represents the fragility curve for the i-th DS. As mentioned above, fragility curves are obtained
for the different main directions of the building and for the different horizontal force profiles
(Figure 9).
Fragility curves for the X and Y directions of each building (Figure 9-a) were obtained by
considering the highest probability value (worst case) between the curves associated to the two
different lateral load distributions. In order to provide a global assessment of the building's
seismic vulnerability, direction-independent fragility curves were also evaluated; these curves
were obtained as the average exceedance probability for generic DS for the two different
directions (Figure 10). Considering the worst case between the X and Y directions would in
fact lead to a systematic overestimation of the building's vulnerability. The fragility curves
obtained for 2 and 4-storey buildings show that the latter is more vulnerable than the former,
with differences in the probability of damage higher that 30%, in particular for the DS3, DS4,
DS5 and DS5shear in the PGA range between 0.2 g and 0.6 g.

Figure 9: Fragility curves for the 4-storey building: (a) X (solid line) and Y direction (dashed line); (b) force
distribution proportional to storey masses (solid line) and to the first mode (dashed line).
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Figure 10: Global capacity curves (single strut model): 2-storey (a) and 4-storey building (b).

The fragility curves for the 4-storey building modelled with 3 equivalent struts are shown in
Figure 11. For the frame members a flexural behaviour similar to the case of the single strut
model was observed, however, with this model, an anticipated shear failure at the ends of the
columns can be triggered, due to the local interaction between the infill panel and the
surrounding frame. The fragility curve associated with shear failure is very close to the curve
associated with DS2, corresponding to the first condition to occur between the infill peak
strength and yielding of the frame elements. In the three-strut model the shear failure of the
columns tends, therefore, to occur at the maximum strength in the masonry struts and to
anticipate the columns yielding.

Figure 11: Global capacity curves for the 4-storey building (three strut model).

6

CONCLUSIONS

With this work we have contributed to the seismic vulnerability assessment of RC frames
with masonry infills. Starting from a study on the characteristics of the existing building stock
in the Emilia area, case study buildings were defined, then modelled with finite elements
considering the contribution of masonry infills. Non-linear static analyses were carried out on
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the obtained models and the capacity in terms of PGA associated with different DSs was
evaluated. Fragility curves were finally developed for the examined buildings using RS models.
Different infills models were considered, in order to simulate the fragile shear failure in the
columns. However, the three-strut modelling used here, while capturing the local interaction
described, are not able to adequately describe the behaviour of the structure after the shear
failure has been detected. Fragility curves have also been presented for shear failure, but in
these terms, more work is needed.
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Abstract
Masonry churches have a high intrinsic seismic vulnerability, demonstrated by the effects of
the last earthquakes in Italy. In the present study a database of 1391 II level post-earthquake
survey form (A-DC) has been analyzed. The forms were filled by the University of Padua, the
University of Naples Federico II and the University of Naples Parthenope, under the coordination of the Department of Civil Protection, the Cultural Heritage Ministry (MiBACT) and the
Italian Laboratories University Network of Seismic Engineering (Re-LUIS). The form were
filled after the 2016/2017 Central Italy seismic sequence (889 forms), the 2012 Emilia earthquake (264 forms) and after the 2009 L’Aquila earthquake (238 forms). A typological investigation has been done as preliminary phase, and some vulnerability modifiers have been
determined, with the aim of developing vulnerability and fragility curves dependent of poor but
effective typological characteristics of the buildings.
Keywords: Masonry Churches, Definition of Typologies, Vulnerability Curves, L’Aquila
2009, Emilia 2012, Central Italy 2016.
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1

INTRODUCTION

In the last decades, great losses have occurred to the artistic and cultural heritage as a result
of seismic events. In particular, serious damage has been suffered by churches [1-6], object of
the present study. With the purpose of assess the safety conditions and collect the data of the
damage suffered by ecclesiastical buildings, a specific form for the survey of damage churches
[7, 8] was developed. The current version (A-DC form [9, 10]) consists of several sections, in
which identification data, context description, damage data, safety evaluations and basic geometric information of the building are reported. As concern the damage survey, the form is
based on the identification of the damage level (from 0 to 5) of 28 possible collapse mechanisms
of macro-elements. Then, it is possible to obtain an overall damage index id (from 0 to 1) as a
normalized average of the damage level of each mechanism.
The seismic events considered in this study are those in which the form for the damage
survey of churches has been used in its actual version: the 2009 L’Aquila earthquake, the 2012
Emilia earthquake and the 2016/17 Central Italy seismic sequence. The surveys have been carried out under the coordination of the Department of Civil Protection (DPC) and the Ministry
of Cultural Heritage and Tourism (MiBACT) by group of technicians (structural engineers,
officials of the superintendence, fireman if the safety level was low). In particular, the authors
have used A-DC forms filled mainly by the University of Padua, and in part by the University
of Naples Federico II and the University of Naples Parthenope.
Churches are a peculiar type of building which has intrinsic seismic vulnerability due to its
constructive and typological features (i.e. great lights, absence of intermediate diaphragms,
large height to width ratio of walls, thrusting horizontal structures) [11]. Thus, in order to elaborate large-scale analysis, churches must be approached differently than ordinary buildings [2,
13, 14]. Usually, the evaluation of seismic risk at territorial scale requires the identification of
different classes of buildings which have similar behavior [12]. For ordinary buildings, those
classes are generally defined by the type of load-bearing structure (e.g. masonry, reinforced
concrete, etc.) and by the constructive techniques and building regulations (mainly identifying
with age of construction ranges). On the other hand, churches are usually load-bearing masonry
buildings, distinguished by typological features more than constructive ones (e.g. presence of
macro-elements, type of plan and façade, etc.). Therefore, the aim of this work is to identify
typological characteristics that affect the vulnerability of the churches, in order to allow the
elaboration of typological vulnerability and fragility curves that could account for different
churches vulnerabilities and therefore be applied on large-scale seismic risk assessment according to the churches features.
2

TYPOLOGICAL DESCRIPTION OF THE SAMPLE

The database considered in the present study includes a total of 1391 post-earthquake survey
A-DC forms [9, 10], filled mainly by the University of Padua, and in part by the University of
Naples Federico II and the University of Naples Parthenope. Of these, 889 were collected following the 2016/2017 Central Italy earthquake sequence [6], 264 following the 2012 Emilia
earthquake [4], and finally 238 following the 2009 L'Aquila earthquake [3]. Table 1 shows the
geographical distribution of the surveys.
As already mentioned, in order to carry out the vulnerability analysis of churches it is necessary to consider the great geometrical and typological differences that they may present,
which could lead to a very different seismic response. In particular, using the information collected from the A-DC forms and the photos of the post-earthquake surveys, the typological
distributions of the churches affected by the three 2009, 2012 and 2016/17 earthquakes have
been analyzed.
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Earthquake
Central Italy 2016/17

Emilia 2012

L’Aquila 2009

Regions (number of churches): province
Marche (602): Ancona (AN), Ascoli Piceno (AP), Fermo (FM), Macerata
(MC), Pesaro e Urbino (PU)
Abruzzo (111): L’Aquila (AQ), Chieti (CH), Pescara (PE), Teramo (TE)
Umbria (110): Perugia (PG), Terni (TR)
Lazio (66): Frosinone (FR), Rieti (RI), Viterbo (VT)
Emilia Romagna (138): Bologna (BO), Ferrare (FE), Modena (MO), Reggio
Emilia (RE)
Lombardia (82): Cremona (CR), Mantova (MN)
Veneto (44): Rovigo (RO)
Abruzzo (238): L’Aquila (AQ), Teramo (TE)
Table 1: Geographical distribution of the sample.

Specifically, the distribution of the following database parameters was studied [6]: a) type
of plan (Figure 1); b) type of façade; c) masonry type; d) type of bell structure; and e) dimensions (volume).
The results in terms of the distribution of the analyzed features are collected in Table 2 and
the typologies associated with each church belonging to the database, geographically located,
are presented in Figure 2.
As regards to the type of plan, seven types were identified based on the number of naves,
the presence of apse, transept and side chapels (Figure 1). Specifically: type 1 represents one
nave churches with, simple rectangular plan, without apse or aggregated elements; type 2 is
similar to type 1, with the addition of the apse; type 3 represents the most complex possibility
for one nave churches (apse, transept and/or side chapels); type 4 is three or more naves church,
with very complex plan (transept, chapels, apses at the end of naves and transept); type 5 is also
a three or more naves church, with medium complex plan; type 6 represents the less complex
typology of three naves churches (includes also the 2 naves churches); type 7 is circular or
central plan (polygonal) church.

Figure 1: Schematic representation of the seven type of plan considered in this study.

The analysis of the sample showed that in Central Italy simpler churches are predominant.
The most common types are 1 and 2, whereas with very small percentages are found types 3, 5
and 6; types 4 and 7 are just over 1%. Table 2 and Figure 2 show that the churches affected by
the 2009 L’Aquila earthquake have many similarities with the ones of the 2016/17 Central Italy
seismic sequence (both affect the central Apennine belt). In fact, the most widespread are type
1 and 2 churches (82.8 % CI and 66.9% AQ), but also, type 6 and type 3 are common. The trend
identified in the Central Italy region changes considerably for the churches located in the Po
Valley: the percentage of type 1 is very small (mostly oratories and minor private chapels).
Instead, the more complex typologies (type 3, 6 and 5) are more widespread with a cumulative
percentage of 61.4%. The numbers of types 4 and 7 remain marginal. Analyzing the geographical distribution, it can be observed that in the Apennine region there is a predominance of
single nave churches (mainly typologies 1 and 2); the cases of churches with more naves are
located in the less mountainous areas and in Abruzzo, and they belong to typology 6, so they
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have a not excessively complex geometry. In the Po Valley the typologies present are distributed in the territory, and are not visibly dependent on geographical location.
The second feature analyzed is the type of façade. Four main types of façade have been
identified: gabled, salient façade, quadrangular and polygonal. The cases that was not possible
to trace back to one of these four types (e.g. churches with side entrances connected to adjacent
buildings on several sides or churches with a large prothyrum or narthex) were excluded from
the present analysis, because of the different seismic behavior of the façade macroelement.
With regard to the sample of Central Italy, there is a clear majority of gabled type, whereas
the church façades of the L'Aquila earthquake belong in large part to the gabled and the quadrangular type. Instead, most of the churches in the Po Valley have salient and gabled façades.
The type of façade seems to have no correlation with geographical location (Figure 2) probably due to similar geographical conditions of the inspected area all enclosed in the plain.
Another important typological characteristic is the masonry type. Since the masonry texture
is often covered by plaster, it is not always possible to determine the constituent material of the
walls, unless more in-depth investigations are carried out. As for the façade, also for the masonry typology, the not identified cases have been excluded from the typological analysis.
Four masonry types have been distinguished: random stone, stone ashlar, brick masonry and
mixed stone and brick masonry. The masonry parameter distribution is the most clearly readable: in Central Italy and L’Aquila samples, stone is the most common material (mainly random
rubble), whereas in Emilia no cases of stone masonry but an almost totality of brick masonry
have been identified. Figure 2 shows that the type of masonry depends almost exclusively on
the geographical/topographical location. In the lowland areas and in the coastal strip only brick
masonry (or mixed masonry at most) is present, whereas rising to a higher altitude and moving
away from the coast, bricks begin to be flanked by the stone until it is completely replaced by
it (this is particularly evident in the Central Italy earthquake).
Regarding the type of bell tower, four types have been identified: isolated bell tower, bell
tower integrated or partially integrated with the church structure, bell gable and absence of bell
tower. The samples of Central Italy and L'Aquila have similar distributions: the most common
types are integrated bell tower and bell gable, whereas isolated bell tower is very uncommon.
L'Aquila sample has also a 10% of cases in which the bell tower is absent. Also, for this parameter, the Emilia database is visibly different from the others, presenting for the most part integrated and isolated bell tower, and only few cases of bell gable. Figure 2 shows that, in this
case, the differences between the distributions of the samples depend more on the territorial/regional area, rather than on altimetric or topographical factors.
The last of the typological features analyzed is the volume of the church. Since many forms
were incomplete in the section related to the geometric survey, also this parameter is not identified for the all database. Six ranges of volume have been chosen: two ranges of very small and
small churches (from 0 to 250 and from 250 to 500 m3), two of medium size churches (from
500 to 1000 and from 1000 to 2500 m3) and two ranges of large churches (from 2500 to 5000
and from 5000 m3 upwards). Table 2 shows that in Central Italy and L’Aquila the most widespread churches are those of medium size, followed by small churches and lastly those of large
size. Instead, in Emilia, the most of the churches have a large or medium volume. From a territorial distribution point of view, large churches are typically located in lowland areas or in
correspondence of cities or important centers (Figure 2).
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Central Italy 2016/17
n
%
889

Churches
Plan shape
1
2
3
4
5
6
7

L’Aquila 2009
n
238

%

Emilia 2012
n
264

%

sum

322
313
43
13
26
38
12
767

42.0%
40.8%
5.6%
1.7%
3.4%
5.0%
1.6%
86.3%

103
55
29
0
8
40
1
236

43.6%
23.3%
12.3%
0.0%
3.4%
16.9%
0.4%
99.2%

25
71
81
5
30
51
1
264

9.5%
26.9%
30.7%
1.9%
11.4%
19.3%
0.4%
100.0%

sum

572
65
74
58
769

74.4%
8.5%
9.6%
7.5%
86.5%

100
16
71
25
212

47.2%
7.5%
33.5%
11.8%
89.1%

104
122
2
21
249

41.8%
49.0%
0.8%
8.4%
94.3%

sum

318
52
141
219
730

43.6%
7.1%
19.3%
30.0%
82.1%

95
30
27
6
158

60.1%
19.0%
17.1%
3.8%
66.4%

0
0
2
229
231

0.0%
0.0%
0.9%
99.1%
87.5%

sum

17
351
283
18
669

2.5%
52.5%
42.3%
2.7%
75.3%

5
73
127
24
229

2.2%
31.9%
55.5%
10.5%
96.2%

63
146
11
43
263

24.0%
55.5%
4.2%
16.3%
99.6%

sum

100
131
183
185
94
94
787

12.7%
16.6%
23.3%
23.5%
11.9%
11.9%
88.5%

22
17
28
32
12
7
118

18.6%
14.4%
23.7%
27.1%
10.2%
5.9%
49.6%

14
17
11
47
61
78
228

6.1%
7.5%
4.8%
20.6%
26.8%
34.2%
86.4%

Façade typology
Gabled
Salient
Quadrangular
Polygonal
Masonry typology
Random stone
Stone ashlar
Stone/Brick
Brick
Bell tower typology
Bell tower isolated
Bell tower integrated
Bell gable
No bell tower
Volume [m3]
0 - 250
250 - 500
500 - 1000
1000 - 2500
2500 - 5000
> 5000

Table 2: Statistical distribution of plan shape, façade type, masonry type, bell tower typologies and volume for
the earthquake of Central Italy 2016/17, L’Aquila 2009 and Emilia 2012.

It can be concluded that Emilia churches are typologically very different from Central Italy
and L’Aquila ones. The latter, belonging to the same geographical area, have more homogeneous characteristics, with some differences due to the proximity to the coast and to altimetric/topographical factors. In particular, the feature that the most depends on altitude is the
masonry type, as a direct consequence of the availability of the different materials on site. The
other parameters analyzed are not directly dependent on the altimetry, but are more related to
the territorial/regional building traditions, especially evident in the type of façade and bell tower.
In summary, it emerges that the churches of Central Italy are mainly simple, medium size
and single nave, with a gabled façade and a bell gable or a bell tower integrated into the structure
of the church, built in stone (mostly random) in the Apennine area and brick in the coastal strip.
Very similar are the churches affected by the L'Aquila earthquake, with the only difference that
prefer a quadrangular façade and the cases with more than one nave are more widespread, although maintaining a very simple plan. Very different are the churches of Emilia and the Po
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Valley regions, which have large complex plans with gabled or salient façades, with the presence of isolated or integrated bell tower and built almost exclusively in brick.
To compare several features, the maps in Figure 2 show that in Emilia there is a good correspondence between volume and complexity (typology of plan shape), whereas in Central Italy
even when the churches are large the complexity is never high (particularly evident on the
coastal strip).
Central Italy 2016/17

L’Aquila 2009

Plan shape

Façade typology

Masonry typology

3146

Emilia 2012

Elvis Cescatti, Veronica Follador and Francesca da Porto

Central Italy 2016/17

L’Aquila 2009

Emilia 2012

Bell tower typology

Volume [m3]

Figure 2: Map of the geographical distribution of different typological features for the earthquake of Central Italy 2016/17, L’Aquila 2009 and Emilia 2012.

3

VULNERABILITY CURVES

The seismic vulnerability of a building is defined as the propensity of the structure to suffer
damage after a seismic event of a given intensity. It could be represented by a continuous function called vulnerability curve that relates the expected mean value of damage of a class of
buildings to the seismic intensity. The latter is usually presented in terms of macroseismic intensity, but it can also be provided as peak ground acceleration-PGA values.
The formulation originally provided by [15] for residential buildings and further adapted to
churches by Lagomarsino and Podestà [13] (1) was take as reference to develop typological
vulnerability curves.
 ܫ ͵ǤͶ͵ͷ ή  ଓഥ௩ െ ͺǤͻͳʹͷ
൰൨
ߤௗ ൌ ʹǡͷ ͳ   ݄݊ܽݐ൬
ݍ

ሺͳሻ

where μd represents the mean damage grade (0 ≤ μd ≤ 5) as function of: the macroseismic intensity I expressed in accordance with the MCS scale [16], the mean vulnerability score iv derived from the second level survey form for churches [17], and the ductility index q = 3.
In particular, a fitting procedure of the observational damage data collected was carried out
using (2):
ߤ ൌ ʹǡͷ ή ሾͳ  ݄݊ܽݐሺߙ ή ܫெௌ  ߚሻሿ
 ߙ݄ݐ݅ݓൌ ͳȀݍ
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ܽ݊݀ߚ ൌ ܽ ή ݅௩  ܾ

ሺͶሻ

and optimizing the value of α and β.
The formulation (2) is equivalent to (1), but expressed in terms of the two parameters α (3)
and β (4),. In this way, from the fitting procedure on mean damage values, the resulting vulnerability curve inherently includes the average value of iv on the whole dataset. Indeed, as suggested below, the evaluation of different vulnerabilities classes or typologies could be related
to a selected subset of homogenous churches.
3.1 Consideration on the damage index id
As mentioned before, the A-DC survey form allows to calculate an overall damage score
(damage index) id for each church. In particular:
ͳ σୀଵ ݀
݅ௗ ൌ 
ͷ
݊

ሺͷሻ

where n is the number of mechanisms that can be potentially activated in the church and dk is
the damage recorded in the k-th mechanism (from 0 to 5).
In order to be used for vulnerability and fragility analysis, the damage index id has to be
converted to a damage level from 0 to 5, according to the EMS scale [18]. One of the most used
correlation [13] is reported in Table 3.
Damage index id
Damage level
(EMS98)
Description of the
damage

0-0.05

0.05-0.25

0.25-0.4

0.4-0.6

0.6-0.8

0.8-1

DS0

DS1

DS2

DS3

DS4

DS5

no damage

slight
damage

moderate
damage

heavy
damage

very heavy
damage

collapse

Table 3: Correlation between the damage index id of the A-DC form and the damage level according to the
EMS98 scale [13].

Using the correlation in Table 3, a process of discretization of a continuous quantity is carried out. This process is required to relate the result of the A-DC form to a damage level and to
build damage probability matrices (DPM), but inevitably, it implies a great loss of detail. Moreover, this discretization slightly varies the overall mean description of the damage. For instance,
considering a dataset of 101 churches equally distributed in the damage index id from 0 to 1,
due to the different dimensions of each damage state, that discretization leads to an average μD
damage of 2.87 instead of the mathematical mean of 2.50. Figure 3 reports the real case of the
2016/17 Central Italy database with id multiplied by 5 to have a comparison. The graph shows
how different the damage results can be: as expected, in general the mean damage obtained
through the correlation proposed by Lagomarsino and Podestà [13] is higher then that obtained
directly by the damage index id, but not in a consistent way. Indeed, in correspondence of some
intensities (e.g IMCS=8 and IMCS=9.5) the difference is very low (about 0.15), while for others
(e.g IMCS=7.5, IMCS=8.5 and IMCS=10) the difference is very impacting (0.5). This is a consequence of the specific distribution of the sample, and therefore it can generate unreliable results
in terms of comparison analysis.
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Figure 3: Comparison between the mean value of the damage expressed in terms of μD and id for the Central Italy
churches.

Therefore, since this study works directly on the average damage to figured out the vulnerability curve, and does not use the DPMs, it was decided to build the vulnerability curve in
terms of damage index, using in place of the usual mean value μd (2) the average id values (6):
݅ௗ ൌ Ͳǡͷሾͳ  ݄݊ܽݐሺߙ ή ܫெௌ  ߚሻሿ

ሺሻ

The value of 2.5 is assumed as 0.5 accordingly to the domain of id. This choice has been
made both to have more possibilities to adapt the curve to the observational values, and to use
in a direct way the information obtained from the damage surveys, avoiding the loss of information deriving from the discretization of the value of id.
3.2 Fitting procedure
Once defined the formulation (6), some specification about the adopted fitting procedure are
herein reported.
The two coefficients α and β have been calibrated with the minimization of the total error.
The ductility related coefficient α was not keep fixed to q = 3 since the observation of three
different earthquakes and an extended sample shows a variability of this factor as reported in
Table 4. As concern the β parameter, it was derived by the mean value of the observational
damage indices of the A-DC forms, with a fitting procedure based on the minimization of the
total error resulting from the sum of the square residual.
Table 4 reports values obtained from the fitting of eq. (6) and Figure 4 plot each vulnerability
curve on the experimental data observed. As is possible to notice there is a good agreement
between the observed data and the continuous curves with very limited errors.
α
β
error
q

Central Italy 2016/17
0.263
-2.205
9.86 x 10-04
3.807

L’Aquila 2009
0.316
-2.678
4.83 x 10-04
3.161

Emilia 2012
0.360
-2.471
1.82 x 10-03
2.778

Table 4: Value defined for the three analyzed earthquakes according to eq. (6)

3149

Elvis Cescatti, Veronica Follador and Francesca da Porto

Central Italy 2016/17

L’Aquila 2009

Emilia 2012

Figure 4: Vulnerability curves obtained from the three analyzed earthquakes

4

INFLUENCE OF TYPOLOGIES

Since the previously observed curves are defined on the whole dataset, hence accounting for
the average vulnerability, the selection of homogenous dataset of churches with the same vulnerability may improve the overall evaluation.
Once defined the vulnerability model and the fitting method, it was possible to analyze the
influence on seismic vulnerability of different typology characteristics that may lead to the homogenous subset above seek. Specifically, in this paper, the influence of masonry type and the
number of naves are presented.
On the basis of the results reached in section 2 about the typological distribution of the
churches belonging to the database, the following analyses have been carried out limited to the
churches of Central Italy and L'Aquila, in order to guarantee the uniformity of the sample. Future more accurate analysis will allow to study the entire database, and come to overall results
not affected by possible errors due to not considered features.
4.1 Influence of masonry type
The first typological parameter to be analyzed is the type of masonry. The categories already
identified in the context of typological characterization have been further simplified and reduced to three: stone masonry (both ashlar and random rubble masonry), brick masonry and
mixed stone and brick masonry.
Figure 5a shows that the two extreme categories (i.e. stone masonry and brick masonry) have
a marked difference in terms of damage, whereas the behavior of the intermediate one (i.e.
mixed masonry) seems to be less linear and tends to overlap with the former in correspondence
of some IMCS. This can be attributed to the great variability that mixed masonry can presents,
sometimes with a predominance of stone, sometimes of brick. Moreover, it is possible that in
some cases the particular disposition of the different materials composing the masonry leads to
both particularly unfavorable and favorable consequences.
Therefore, this parameter proves to be relevant for the definition of seismic vulnerability. In
Figure 5b the results of the fitting procedure are shown. In this elaboration, the behavior of
mixed masonry churches emerges to be very similar to stone masonry ones, although those
constructed in brick masonry proves to have a much better response to seismic actions.
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a)

b)
Figure 5: Mean id values for stone, mixed (stone/brick) and brick masonry churches (a)
and resulting vulnerability curves (b).

4.2 Influence of number of naves
The number of naves is the second typological feature analyzed. In particular, two classes
were defined [19, 20]: one nave churches and more than one nave.
Figure 6a shows that for low value of IMCS the damage observed for the two classes is similar.
Then, with the increase of the intensity, the different behavior of the different types clearly
emerges: churches with more than one nave tend to be less vulnerable compared to those with
one nave. The different vulnerability is justified by the greater possibility of churches with
several naves to absorb horizontal forces, thanks to the presence of colonnades and more widespread connections. On the other hand, the presence of such elements also makes less likely
that all of them are damaged in a marked way; in fact, as the complexity increases, the weight
of each macro-element decreases on the overall evaluation of the damage, leading on lower
damage indices.
In Figure 6b, the vulnerability curves calibrated on the observed damage of both one and
more than one nave churches.

a)

b)
Figure 6: Mean id values for one nave and more than one nave churches (a)
and resulting vulnerability curves (b).
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5

CONCLUSIONS
x The present paper has presented a detailed typological distribution analysis of 1391
churches, affected by the 2009 L’Aquila earthquake, the 2012 Emilia earthquake and the
2016/17 seismic sequence of central Italy. The considered features have been plan shape,
type of façade, masonry type, typology of bell tower, and volume of the church. It was
figured out that the greater differences are due to the geographical and the altimetric/morphological location. In particular, churches of Central Italy regions are mainly simple, medium size and single nave, with a gabled or quadrangular façade and a bell gable or a bell
tower integrated into the structure of the church, built in stone (mostly random) in the
Apennine area and brick in the coastal strip. On the contrary, the churches located in the
Po Valley regions generally have large complex plans with gabled or salient façades, with
the presence of isolated or integrated bell tower and built almost exclusively in brick.
x Then, a methodology to derive vulnerability curves from damage data collected by the ADC survey forms were defined starting form [13] and adapting the formulation to large
scale and typological evaluation needs. Specifically, a reflection on the relation between
the damage index id and the discrete damage value μd was made and the vulnerability
curves for the three analyzed earthquakes were provided.
x Lastly, the impact on seismic vulnerability related to the type of masonry and the number
of naves of the churches was analyzed. Three different masonry typologies were defined
(i.e. stone masonry, brick masonry and mixed stone and brick masonry), with the result
that stone masonry and mixed masonry churches have a similar vulnerability, significantly
higher than the one of brick masonry churches. Regarding the number of naves, one nave
churches result more vulnerable of more than one nave ones, probably thanks to the presence of colonnades and widespread connections.
x Possible future developments are, first of all, the analysis of the influence of more typological parameters on the seismic vulnerability of churches. Then, an important further
study is the extension of the procedure to the overall database, inclusive of Emilian
churches.
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Abstract
Assessing the seismic vulnerability of existing buildings is a fundamental step in order to define
mitigation programs in prone earthquake areas. In Italy, in 2019 the National Department of
Civil Protection supported an ongoing research project involving its “Center of Competence”
on seismic risk, ReLUIS (Network of University Laboratories for Earthquake Engineering),
with the cooperation of Eucentre (European Centre for Training and Research in Earthquake
Engineering) to update the 2018 version of the National Risk Assessment. In this context, new
fragility curves are being derived by using different approaches, whose results will be properly
combined. In the paper, the purposely set up methodology for deriving analytical fragility
curves through Non-Linear Dynamic Analyses (NLDAs) has been described. Further, results
relevant to some Italian Reinforced Concrete (RC) building types have been shortly presented
and analyzed, emphasizing the role of some key parameters affecting seismic vulnerability such
as design level and infill arrangement.
Keywords: RC existing buildings, seismic vulnerability assessment, non-linear dynamic analyses, fragility curves
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1

INTRODUCTION

Past earthquakes have clearly pointed out the high level of seismic risk in Italy. According
to the 2018 National Risk Assessment (NRA) [1, 2] released by the Department of Civil Protection (DPC), seismic risk mainly depends on the high vulnerability of the existing building
stock, which was mostly built before the seismic classification of large part of the Italian territory and, consequently, without seismic rules. Seismic risk analyses in the 2018 NRA were
carried out through the “Italian Risk MAps” (IRMA) platform [3], by combining the results
obtained by different research units (RUs) belonging to two “Centers of Competence” of DPC,
such as ReLUIS (Network of University Laboratories for Earthquake Engineering) and Eucentre (European Centre for Training and Research in Earthquake Engineering). These results are
mostly based on the empirical information reported in the Da.D.O. (Database of Observed Damage) database [4] collecting damage data relevant to the most damaging Italian earthquakes
occurred in the last fifty years. Within the ongoing 2019-2021 DPC-ReLUIS research project,
the Work Package WP4 “Seismic Risk Maps - MARS” aims at preparing an updated version
of the 2018 NRA by considering additional vulnerability models [5]. Specifically, in order to
overcome the limited amount of observational damage data, in particular for Reinforced Concrete (RC) buildings, new sets of fragility curves (FCs) are being derived by using different
approaches whose results will be properly combined [5]. In the present paper, the methodology
for deriving analytical FCs especially for RC buildings through Non-Linear Dynamic Analyses
(NLDAs) has been briefly described. Subsequently, the results for some RC building types have
been analyzed in order to highlight the role of some key parameters affecting seismic vulnerability such as design level (i.e., gravity load design and earthquake resistant design) and infill
arrangement (i.e., infills regularly arranged along the height and pilotis configuration).
2

METHODOLOGY

In the MARS research activity, a cloud-like approach has been adopted for deriving analytical Fragility Curves (FCs) through Non-Linear Dynamic Analyses (NLDAs). The methodology is based on ten main steps, as follows:
1. Identification of building classes
2. Selection of building types
3. Simulated design of building types
4. Modelling
5. Selection of Intensity Measure
6. Selection of representative ground-motion records
7. Non-linear dynamic analyses
8. Definition of relationship “structural response - damage level”
9. Treatment of fragility curves dispersion
10. Generation of analytical fragility curves
In order to identify building classes and typologies (steps 1-2), the knowledge of the attributes mainly affecting seismic vulnerability and its distribution over a building stock are crucial
aspects in large-scale vulnerability studies [6, 7]. In this context, several sources of information
are available in Italy (e.g., ISTAT census data [8], post-earthquake inspections [9], interviewbased surveys [10]), each one characterized by different quality and accuracy of data. According to the 2011 ISTAT census of population and houses [8], the Italian building stock amounts
to about 12 million buildings, most of them are masonry structures (more than 7 million) while
about 4 million are RC ones. Due to the large number of masonry structures, almost half of the
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Italian buildings have 2 storeys (i.e., low-rise type) while, for taller buildings, RC resisting
frame structures were generally adopted. In terms of construction period, masonry buildings
were mostly built up to the end of the 1970s while RC buildings became the structural type
mainly adopted in Italy after the 1970s. Due to the low percentage of the Italian territory classified as seismic until 1980 (about 25%), most of the existing residential buildings were designed only for gravity loads. In case of seismic design, moderate lateral forces (i.e., equal to
either 7% or 10% of the “seismic weight”) without anti-seismic criteria were used. Generally,
both materials’ quality and design practice have growth over time. Similarly, as a result of the
increasing attention to thermal and sound insulation requirements, different types of infills can
be found, as reported in [11].
Summarizing the previous remarks, analytical FCs for Italian RC buildings have been derived by considering the following parameters (Figure 1):
x period of construction, three periods: ’50s, ’70s and ‘90s (consistent with the ranges 194670, 1971-90 and >1991 defined by ISTAT 2011);
x design level, two types: GLD buildings (i.e., designed only for gravity loads) and ERD
buildings (i.e., earthquake resistant design);
x number of storeys, three types: Low-rise (i.e., 1-2 storeys, Figure 2a,d), Mid-rise (i.e., 3-5
storeys, Figure 2b,e) and High-ULVH  storeys, Figure 2c,e);
x infill arrangement, three types: Regularly Infilled-frame (IF); Pilotis-frame (PF) and Bare
frame (BF).

Figure 1: RC building types (from Masi et al. [5])

According to the above reported parameters, some building prototypes have been selected
and detailed by means of the simulated design [12] carried out by taking into account the code
in force, the quality of the typical materials and the design practice of the period. The selected
structural layout is regular in-plan with different dimensions for low rise (Figure 2a,d) and
mid/high rise (Figure 2b,c,e) types. For the ‘50s and ‘70s building types (both GLD and ERD

3178

A. Masi, V. Manfredi, G. Nicodemo, A. Digrisolo

types), lateral load resisting frames (i.e., having rigid beams) are present only along the X direction and on the exterior frames. On the contrary, the ‘90s types show two frames (with flexible internal beams) along the two orthogonal in-plan directions. For all the considered building
types, infills are double layers with empty cavity having different effective thickness (from 20
to 28 cm, ranging from ‘50s to ‘90s types) values and consistency (i.e., solid and hollow clay
bricks).
Structural analyses have been performed by using the finite element code OpenSees [13]. A
macro-modelling based on lumped plasticity has been adopted according to Ricci et al. [14].
Specifically, at both ends of each structural member, a bending moment–rotation (M-ș UHOD
tionship has been defined by adopting the Ibarra, Medina and Krawinkler model [15]. When a
brittle failure is predicted (e.g., this typically occurs in the short columns of the staircase structure), the above-mentioned M-ș UHODWLRQship has been appropriately modified considering a
bending moment value calculated as a function of the ultimate shear capacity according to the
Sezen model [16]. On the basis of the mechanical properties of the constituent materials typically found in real buildings of the period under consideration [17, 18], mean strength values
have been assumed in evaluating the structural capacity. Infill panels have been modelled by
using an equivalent diagonal whose mechanical properties has been assumed according to [11,
19].

a)

b)

d)

e)

c)

Figure 2: 3D view of 2 storey (a), 4 storey (b) and 6 storey (c), and in-plane layout of 2 storey (d), 4 storey and 6
storey (f) types (from Masi et al. [5])
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A special attention has been paid to the selection of representative ground motion records
for Non-Linear Dynamic Analyses (NLDAs). Specifically, a large set of real signals consistent
with the Italian seismic hazard for soil condition consistent with A/B categories according to
DM 17/01/2018 [20] has been selected and considered in terms of Peak Ground Acceleration
(PGA). Although more effective Intensity Measures (IMs) could have chosen (e.g., [21]), PGA
represents the best compromise between a good correlation with the non-linear seismic response and practical constraints (i.e., data available from the Italian hazard map and standards
of the IRMA platform). The considered signals with increasing intensity levels allow to reach
all the EMS-98 damage levels [22] with an adequate number of data. Note that, for higher intensity levels (i.e., PGA values higher than 0.5-0.6g), a spectral matching procedure of real
recorded motions has been adopted [23].
According to the lognormal cumulative distribution functions employed to define FCs, the
standard deviation of the natural logarithm of the considered IM has been used to describe the
total variability associated with a given damage level. In this framework, the overall uncertainty
(ETOT) has been computed by considering three main sources of uncertainty, i.e., seismic demand (ED), inter/intra building capacity (EC) and damage thresholds’ definition (EDS), and combined WKURXJKDVTXDUHURRWVXPဨRIဨWKHဨVTXDUHV 6566 UXOH, as follows:
ଶ
ߚ்ை் = ඥߚଶ + ߚଶ + ߚௌ

(1)

Since ED is directly evaluated from NLDAs as a function of the selected ground motion records,
for the other sources of uncertainty (i.e., EC and EDS), suitable (deterministic) values from literature (e.g., [24]) and consistent with the Italian context have been considered.
In order to derive analytical FCs, the maximum interstorey drift (IDR) value along the height
has been considered as earthquake demand parameter (EDP). From each NLDA, IDR value
along the two in-plan directions has been evaluated and referred to the corresponding PGA
value. For IDR value falling into a given damage level as defined according to a suitable relationship between damage levels and interstorey drift values, the median and the logarithmic
standard deviation of the PGA value have been evaluated. An example of the relationship
adopted for GLD building types is shown in Table 1 [21].

EMS-98
definition
Interstorey
drift (%)

D0

D1

SD = null
NSD = null

SD = null
NSD = slight

< 0.1

0.1 – 0.25

D2
SD = slight
NSD =moderate

0.25 – 0.5

D3
SD = moderate
NSD = heavy

0.5 – 1.0

D4
SD = heavy
NSD = very heavy

1.0 2.5

D5

Destruction

>2.5

Table 1: Relationship between damage levels and interstorey drift values adopted for mid- and high-rise GLD
buildings (from Masi et al. [21])

Finally, the FC related to a given damage level has been obtained by applying the wellknown expression [24]:
ܲ( = )ܣܩܲ|݇ܦȰ ఉ

ଵ

ವ,ವೖ

ீ

k=1,…,5

ή ݈݊ ቀீ
ቁ൨
തതതതതത
ವೖ

(2)

where P(Dk|PGA) is the probability of exceedance of the k-th damage level Dk given a PGA
value, Ȱ is the standard normal (Gaussian) cumulative distribution function, ȕD,Dk and തതതതതത
PGAୈ୩
denote the logarithmic standard deviation and median values, respectively. Note that ȕD,Dk
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accounts for only the record-to-record variability as obtained from the NLDAs. In order to conVLGHUDOOVRXUFHVRIXQFHUWDLQW\WKHYDOXHVUHODWHGWRȕC and ȕDS have to be added according to
expression (1). Finally, in order to avoid unrealistic shapes of FCs (e.g., the intersection of the
curves relevant to different damage levels), for each building type, ȕTOT value has been evaluated as the mean of the results from each damage level.
3

ANALYSIS OF RESULTS

On the basis of the proposed methodology, fragility curves (FCs) for all the typological classes described previously have been derived. For sake of brevity, in the present paper only the
FCs for the four-storey (4s) building type designed according to the 1970’s standards have been
shown. Results have been analyzed in order to highlight the role of some parameters such as
infill arrangement and design level on seismic fragility. FCs related to the considered parameters (i.e., GLD and ERD design levels, presence/arrangement of infills according to BF, IF and
PF configurations) are shown in Figure 3, as follows:
x

GLD-BF in Figure 3a;

x

ERD-BF in Figure 3b;

x

GLD-IF in Figure 3c;

x

ERD-IF in Figure 3d;

x

GLD-PF in Figure 3e;

x

ERD-PF in Figure 3f.

In the same figure, results in terms of median value of PGA (denoted as T and corresponding
തതതതതതୈ୩ ) and dispersion (E, corresponding to the overall uncertainty
to the previously described PGA
ETOT described above) for each damage level are reported. First of all, E values are in the range
0.58-0.67, with higher values for GLD types and lower ones for ERD. Further, for these latter
types, similar values equal to about 0.58 are found. As for T values, the first damage level (D1)
is reached at about 0.1g, irrespective of both design level and infill configuration, while greater
differences are found for higher damage levels. In order to emphasize the role of the design
level, Figure 4 shows a comparison in terms T values evaluated for each damage level. As
expected, ERD types show better performance than GLD ones, especially for higher damage
levels. Specifically, for IF configuration (Figure 4b), T value related to D5 (global collapse) is
0.96g for ERD and 0.69g (about -30%) for GLD. It is worth noting that, for lower damage levels
(i.e., up to D3), similar T values are obtained for both ERD and GLD. This result mainly depends on two factors, that are i) no infill damage prevention design was required by the code
considered for ERD types, thus providing a similar lateral stiffness value between ERD and
GLD, ii) the same type of infills was adopted for both ERD and GLD types. These aspects are
also confirmed from the results obtained for BF type, for which similar T values are found up
to D2. The better performance of ERD with respect to GLD is even more emphasized in case
of PF configuration. Indeed, the PGA median value at D5 evaluated for ERD type is approximately two times higher than for GLD type (0.86g and 0.45g, respectively for ERD and GLD).
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a)

b)

c)

d)

e)

f)

Figure 3: Fragility curves for the considered building types: GLD-BF (a); ERD-BF (b); GLD-IF (c), ERDIF (d), GLD-PF (e), ERD-PF (f)

In order to highlight the role of infills on seismic performance, a comparison in terms of
PGA median value by varying presence/arrangement of infills is shown in Figure 5a, for GLD
type, and Figure 5b for ERD one. In general, IF types have better performance than PF ones,
while intermediate results are found for BF. For GLD types, infills regularly arranged remarkably increase T values, especially for higher damage levels. On the contrary, for all damage
levels, lower differences between IF and PF are found in case of ERD types. For example, for
D5 evaluated for GLD, T value is equal to 0.69g for IF and 0.45g (about -35%) for PF. In case
of ERD, T value related to IF is 0.96g while it is equal to 0.86g (about -10%) for PF.
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a)

c)

b)

Figure 4: Comparison in terms of design level (GLD
vs ERD) for BF (a), IF (b) and PF (c) configurations

It is also noteworthy that, for higher damage levels, IF and BF types show similar seismic
performance. Specifically, T values evaluated at collapse (D5) are equal to 0.69g and 0.66g for
GLD-IF and GLD-BF, respectively, and 0.96g and 0.95g for ERD-IF and ERD-BF. To this
purpose, it should be recalled that infills are very brittle components whose contribution to the
lateral capacity of buildings decreases at higher IDR values associated with D4 and D5 damage
levels.

a)

b)

Figure 5: Comparison in terms of presence/arrangement of infills for GLD (a) and ERD (b) building types
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4

FINAL REMARKS

Within the Work Package WP4-MARS of the 2019-2021 DPC-ReLUIS research project,
one of the main goals is to enrich the vulnerability models adopted in the 2018 National Risk
Assessment by deriving additional fragility curves (FCs) from different approaches. In this context, a large set of analytical FCs through non-linear dynamic analyses has been obtained by
considering some prototypes representative of the Italian building stock. Four main parameters
have been considered to identify building classes, that are: (i) period of construction (three
periods: ’50s, ’70s and ‘90s), (ii) design level (two levels: gravity load design, GLD, and earthquake resistant design, ERD), (iii) number of storeys (three heights: Low-rise, Mid-rise and
High-rise), and (iv) infill arrangement (three configurations: Regularly Infilled-frame, IF, Pilotis-frame, PF, and Bare frame, BF).
In the paper, after a short description of the methodology, analytical FCs for the 4-storey RC
building types designed according to 1970’s standards have been analyzed in order to highlight
the role of some parameters affecting seismic vulnerability, and specifically design level and
infill arrangement.
As expected, although the ‘70s ERD types were poorly designed for lateral loads, significant
differences (about 30%) in terms of PGA median values at collapse (D5) have been found between ERD and GLD types. On the contrary, similar performance has been found for the lower
damage levels according to the EMS-98 classification (i.e., D1 and D2). This latter result mainly
depends on two factors, that are: (i) no infill damage prevention design was required by the
code considered for the ‘70s ERD types, thus providing a similar lateral stiffness value between
ERD and GLD, (ii) the same type of infills was adopted for both ERD and GLD types in the
‘70s.
The presence of infills regularly arranged improves seismic performance, especially for
buildings designed only for gravity loads (GLD type). As an example, for D5 damage level,
PGA median value is equal to 0.69g for IF types, and 0.45g for PF ones, with a reduction around
35%. On the contrary, lower differences (about 10%) have been found in case of ERD types.
The comparison between IF and BF types shows that the infill contribution to the lateral capacity of buildings is more appreciable for lower damage levels while, due to the brittle behaviour
of infills, it becomes negligible at collapse.
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Abstract
Prefabricated industrial sheds featured a high seismic vulnerability during the 2012 Emilia
earthquake (Italy). The buildings typically exhibited a rigid collapse mechanism that was a
consequence of the lack of connection between columns, beams and roof elements.
The study presents an experimental and numerical assessment of a novel isolation device
which has been designed to improve the seismic performance of industrial sheds. The device,
which is placed on the top of the column, exploits the movement of a rigid body on a sloped
surface to provide horizontal stiffness and control the lateral displacement of the beam.
Biaxial tests are performed to investigate the effect of the vertical load, the velocity of sliding
and the number of cycles on the force – displacement response of the device. To cope with the
capacity of the testing equipment, the experimental campaign is carried out on a scaled model
of the device, and the protocol is designed accounting for similarity requirements. The backbone curve of the tested prototype is eventually derived from the experimental data.
In the second part of the study, a 3D finite element model of the prototype is formulated in
Abaqus and used to switch the backbone curve from the scaled model to the full-scale device.
A parametric study is conducted to evaluate the influence of the inclination of the sloped surface and the coefficient of friction on the output force of the system.
Keywords: Prefabricated sheds; seismic isolation; retrofit; experiments; reinforced concrete.
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1

INTRODUCTION

In Italy, the seismic events of L'Aquila 2009, Emilia 2012 and Central Italy 2016 highlighted the vulnerability of the Italian stock on structures and infrastructures that were not designed according to modern seismic regulations.
The Emilia earthquake of May 2012 hit an area with a high density of productive activities,
affecting mainly industrial buildings in precast reinforced concrete (RC) [1, 2] rather than in
steel [3]. This seismic event caused a global economic damage of 13.27 billion of euros and
estimates show that the loss of direct and indirect income was between 3 and 3.8 billion [4].
After Emilia earthquakes, the Italian Civil Protection Department prepared a summary
(WG 2012) [5] of the main deficiencies of the precast industrial building structural performance. In this regard, it is worth also mentioning the study by Rossi et al. [6] about longspan-beam structure, which proposed a damage characterization to construct empirical fragility functions, cost and loss ratio curves referring to precast RC industrial buildings.
The existing industrial buildings in Italy are mainly characterized by a simple structural
layout with columns pin-connected to beams that support the roof, which is an extremely vulnerable configuration under a seismic event. Indeed, the most severe damage, observed also
during the event of Emilia 2012, is the loss of support and the consequent collapse of structural and non-structural elements [1, 2]. This kind of connections usually rely solely on friction and are inadequate to properly transfer the horizontal loads [7, 8, 9] and accommodate
compatible rotations and displacements [10, 11, 12, 13, 14, 15].
In order to improve the seismic performance of poorly designed or deficient structures, a
retrofit intervention needs to be planned and implemented at either local level or global one
[3]. Local interventions usually consist of structural strengthening, applying rigid and resistant reinforcement that increase the capacity of deficient elements; such a reinforcement
can be made of either steel, or high-strength fibers embedded into a cementitious or a polymeric matrix [16]. Conversely, global interventions are implemented by inserting in the structure particular devices, which either reduce the seismic input, by separating the motion of the
superstructure from the motion of the ground (namely seismic isolation systems) or increase
the total energy dissipation capacity (namely energy dissipation devices) [17,18] by concentrating on special elements out of the main load bearing structure the dissipation of most of
the energy transmitted by the earthquake.
The study presents an experimental and numerical assessment of a novel isolation device
which has been designed to improve the seismic performance of industrial sheds. The device,
which is placed on the top of the column, exploits the movement of a rigid body on a sloped
surface to provide horizontal stiffness, control the lateral displacement of the beam and dissipate with a friction mechanism part of seismic energy.
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2

DEVICE DESCRIPTION

The isolation device is composed by two steel elements one concave and the other convex,
truncated-pyramidal in shape. The two elements are coupled through the contact, total or partial, of their respective flat surfaces.
This isolation device is designed to be inserted at the junction between the columns and
beam of a building and is intended to transmit the vertical load in the node. The horizontal
displacement of the beam with respect to the column produced by an earthquake causes the
sliding of the convex surface of the first element on the concave surface of the second element.
This relative movement generates dissipation of a portion of the seismic energy introduced
into the system through the friction generated in correspondence of the sliding contact.
The device is designed to transmit an axial load Ndesign = 360 kN and perform a maximum
displacement ddesign = 60 mm.
To make the loads developed by the device compatible with the capacity of the test equipment, the characterization was conducted on a prototype scaled by a geometric factor
SL = 0.4 and fabricated in steel (unit scale factor for modulus of elasticity SE = 1). Applying
the principle of similarity, the scaling factors for all mechanical quantities are determined
(Table 1).
Size
Length
Elastic Modulus
Force
Pressure
Displacement
Time
Velocity
Frequency

Dimension
[L]
[F] [L]-2
[F]
[F] [L]-2
[L]
[T]
[L] [T]-1
[T]-1

Scale factor
SL = 0,4
SE = 1,0
SF = (SL)2 = 0,16
Sp = 1,0
Sd = 0,4
ST = (SL)1/2 = 0,6324
SV = (SL)1/2 = 0,6324
Sf = (SL)-1/2 = 1,5811

Table 21 Scale factor

This results in the following relationships between the design values of device force and
displacement and the values that should be applied in tests to the scaled prototype (Table 2).
Size
Axial load
Displacement

Real scale
Ndesign = 360 kN
ddesign = 60 mm

Prototype
Ntest = 57,6 kN
dtest = 24 mm

Table 2 Relation between design and test parameters

The scale-down have the dimension shown in Figures 1 and 2.
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Figure
g
1 Geometrical characteristics of convex element

Figure 2 Geometrical characteristics of concave element
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3
3.1

EXPERIMENTAL PROGRAM
Tests setup and instrumentations

The test is performed on a pair of prototypes of equal size, mounted in an upside-down
configuration to minimize the moment arising on the test machine due to the eccentricity of
the load applied on the specimen while it is in a translated position.
The concave component is mounted on the moving slide, while the convex component is
clamped to a fixed part of the testing machine, to the vertical actuator and the base respectively. The test configuration is shown in Figure 3.

Figure 3 Setup configuration: on the left in centered configuration, on the right in translated position

The tests were conducted on a pair of prototypes with lubrication. Applying the axial load
Ntest, kept constant during the test, and simultaneously imposing a horizontal displacement
through cycles of amplitude dtest at constant speed Vtest. The test protocol, articulated in the
execution of static and dynamic tests, reproduced for each combination of prototypes and type
of lubrication is specified in Table 3a for the static and Table 3b for dynamic tests.
ID
[-]
S1
S2
S3

Axial load
Ntest [kN]
14,4
28,8
57,6

Displacement
Velocity
n. cycles
dtest [mm]
Vtest [mm/s]
[-]
3
24
0,672
24
0,672
3
24
0,672
3
Table 3a Static test
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ID
[-]
D2a
D2b
D2c
D2d
D3a

Axial load
Ntest [kN]
28,8
28,8
28,8
28,8
57,6

Displacement
Velocity
n. cycles
dtest [mm]
Vtest [mm/s]
[-]
5
24
3,36
24
6,72
5
5
24
16,8
5
24
33,6
24
3,36
20
Table 3b Dynamic test

Tests were conducted using a biaxial testing system installed at the “Laboratorio Prove
Materiali e Strutture per le Costruzioni del Politecnico di Milano”. The testing machine consists of a rigid frame with 4 columns and two fixed crossbeams, one lower and one upper,
which form a closed ring in which the forces are confined [19].
The main characteristics of the test equipment are:
- Vertical load capacity: 500 kN
- Horizontal load capacity: 75 kN
- Horizontal displacement capacity: 100 mm
3.2 Results
The typical shape of the hysteretic horizontal force (F) - displacement (d) diagram of the
prototype seismic device obtained in the cyclic tests is shown in Figure 4. In the forcedisplacement diagrams, the total force acting in the horizontal direction on the pair of prototypes is shown on the y-axis; the reaction force of the individual prototype corresponds to half
of the force shown on the diagram.

Figure 4 Hysteretic loop

The prototype device has a rigid-plastic constitutive low, characterized by an approximately constant reaction force up to the design displacement. The reaction force is provided by the
sum of two contributions, each of which is ideally independent of the magnitude of the displacement: the first is the reaction force to the sliding of the convex element on the inclined
plane formed by the surfaces of the concave element, and the second is the friction force generated during sliding.
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In order to identify the characteristic parameters of the prototype, the hysteretic cycle is
approximated by two cycles of rectangular shape placed in the first and third quadrant of the
plane F - d, and such that the sum of their areas equals the area (A) of the hysteretic cycle itself. Based on energy equivalence considerations, the following parameters are defined:
Energy dissipated in a cycle:
Ediss =

(1)

Equivalent stiffness:
Keff =

(2)

Equivalent dynamic friction coefficient:
(3)

ȝeff =

where A [Nm] is the area of the hysteretic cycle, and the factor k0 = 2 takes into account the
fact that the test is conducted simultaneously on two identical prototype devices (Figure 4).
Static test
Velocity

n. cycles

[-]

Axial
load
Ntest [kN]

Vtest [mm/s]

S1

14,4

0,672

S2

28,8

0,672

S3

57,6

0,672

[-]
1
2
3
1
2
3
1
2
3

ID

Energy
dissipated
Ediss [Nm]
197
202
207
314
322
331
525
539
550

Table 4 Static test results

Figure 5 Static test curves
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Stiffness
Keff [N/m]
0,171
0,175
0,18
0,272
0,279
0,287
0,455
0,468
0,477

Friction
coefficient
ȝ(–)
0,142
0,146
0,150
0,114
0,116
0,120
0,095
0,097
0,099
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Dynamic test
Velocity

n. cycles

[-]

Axial
load
Ntest [kN]

Vtest [mm/s]

D2a

28,8

3,36

D2b

28,8

6,72

D2c

28,8

16,8

D2d

28,8

33,6

[-]
1
2
3
4
5
1
2
3
4
5
1
2
3
4
5
1
2
3
4
5

ID

Energy
dissipated
Ediss [Nm]
326
335
338
339
340
324
327
330
330
332
335
330
332
333
334
375
353
352
353
354

Table 5 Dynamic
y
test D2 results

Figure 6 Dynamic test D2 diagram
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Stiffness
Keff [N/m]
0,282
0,29
0,293
0,293
0,295
0,28
0,283
0,285
0,285
0,287
0,289
0,285
0,286
0,287
0,288
0,324
0,304
0,304
0,304
0,305

Friction
coefficient
ȝ(–)
0,118
0,121
0,122
0,123
0,123
0,117
0,119
0,119
0,12
0,12
0,121
0,119
0,12
0,12
0,121
0,134
0,126
0,126
0,126
0,126
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Velocity

n. cycles

[-]

Axial
load
Ntest [kN]

Vtest [mm/s]

D3a

57,6

3,6

[-]
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20

ID

Energy
dissipated
Ediss [Nm]
530
537
539
545
547
551
551
558
559
560
560
562
564
568
568
570
571
571
573
573

Table 6 Dynamic
y
test D3 result

Figure 7 Dynamic test D3 diagram
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Stiffness
Keff [N/m]
0,459
0,465
0,467
0,471
0,473
0,477
0,477
0,483
0,484
0,485
0,485
0,487
0,489
0,492
0,492
0,493
0,494
0,494
0,496
0,496

Friction
coefficient
ȝ(–)
0,096
0,097
0,097
0,098
0,099
0,1
0,1
0,101
0,101
0,101
0,101
0,102
0,102
0,103
0,103
0,103
0,103
0,103
0,104
0,104
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4
4.1

NUMERICAL MODEL
Numerical description

Numerical model of the seismic isolation device described above was developed using the
Abaqus CAE finite element calculation program [20].
The geometry of the numerical model of the prototype represents the one described previously that was subjected to experimental characterization tests at the Politecnico di Milano.
The numerical model takes into account only one device, and so there is only two elements,
one convex and one concave. To simulate the behavior of the prototype it is developed an implicit dynamic analysis with full Newton solution technique.
The FEM model, like the prototype, is subject to a biaxial load. The boundary conditions
that characterize the convex element are the distributed pressure of 11 MPa, whose resultant is
57,6 kN, applied on the external face, and the harmonic displacement with amplitude 24 mm.
The concave element is fixed.
The numerical model was mashed with elements C3D8 (three-dimensional hexahedral element with 8 nodes) with maximum dimension equal to 8 mm. A total of #1016 elements
were used for the convex element and #2034 elements for the concave element (Figure 8).
The contact between the surfaces in creeping contact was modeled through the surface-tosurface contact command, defining the convex element as the master element, and formulating a hard contact constitutive behavior in the direction perpendicular to the contact surface,
and a penalty constitutive behavior tangentially the contact surface [21]. The elements have
elastic properties, Young modulus equal to E = 210'000 MPa DQG 3RLVVRQ V FRHIILFLHQW Ȟ 
0.30, corresponding to the characteristics of steel. The friction coefficient between the surfaces of the concave and convex element, based on experimental tests conducted on a device
with lubricated surfaces, is assumed to be μ = 0.10.
In the numerical modeling, in the absence of precise indications, it was assumed that in the
initial configuration with perfectly centered concave and convex elements the two elements
are in contact through the two flat faces.

(a)

(b)

Figure 8 FEM model of the seismic energy dissipation device:(a) convex element; (b) concave element
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4.2

Numerical result

The results of the numerical analyses are shown below for different motion trajectories of
the convex component with respect to the concave component deILQHGE\DQJOHș Figure 9).
7KHVHLVPLFGLVVLSDWLRQGHYLFHKDVIRXUD[HVRIV\PPHWU\GHILQHGE\WKHDQJOHVș ș 
ș DQGș -WKHPRWLRQVDORQJWZRXQLGLUHFWLRQDOWUDMHFWRULHVZHUHDQDOyzed,
directed according to the directions cRUUHVSRQGLQJWRWKHDQJOHVș DQGș VLQFHWKH
other two have the same characteristics as the two considered.
The results are expressed in the form of:
- force-displacement curves:
- reaction force vs. displacement
- reaction moment vs. displacement
- contact pressure distribution

Figure 9 Definition of the reference system for the displacements

Figures 10 and 11 illustrate the force-displacement diagrams related to the analyses conducted
imposing a unidirectional movement along the symPHWU\GLUHFWLRQVș DQGș 

Figure 10 Force-GLVSODFHPHQWFXUYHIRUXQLGLUHFWLRQDOWUDMHFWRU\LQGLUHFWLRQș 
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Figure 11 Force-GLVSODFHPHQWFXUYHIRUXQLGLUHFWLRQDOWUDMHFWRU\LQGLUHFWLRQș 4

The characteristic curve of the device moving according to a direction of symmetry presents the classical flag-shaped that characterizes a constant reaction force independent of the
imposed displacement, but dependent on the direction of displacement. This behavior is consistent with the theoretical behavior corresponding to the movement of a solid on an inclined
plane with friction, which provides a reaction force of the type
(4)
where F is the horizontal reaction, d is the imposed displacement, N is the vertical comSUHVVLYHORDGĮLVWKHWLOWDQJOHRIWKe sliding surface, μ is the coefficient of friction, V is the
sliding velocity, and siJQ Â LVWKHVLJQIXQFWLRQ7KHILUVWWHUPRQWKHULJKWLQ(T 4) represents just the reaction force produced by motion on an inclined surface and the second term
on the right the friction force:
- WKHHIIHFWLYHDQJOHRILQFOLQDWLRQĮRIWKHGHYLFHVXUIDce along the direction in which the
trajectory develops is QRWFRQVWDQWEXWYDULHVDVWKHGLUHFWLRQRIPRWLRQGHILQHGE\WKHDQJOHș
varies according to the relation
(5)
where h and L are defined in figure
g
12.

Figure 12 Descriptive geometric parameters of surface inclinatioQDORQJDJHQHULFGLUHFWLRQș

The equation (4) expresses the reaction force developed by the seismic dissipation device in
the direction of motion, parallel to the trajectory of the convex component with respect to the
concave component. On the other hand, the reaction force developed in the direction perpendicular to the trajectory is zero (Figure 13), and this is justified by the symmetry of the contact
surfaces with respect to the direction of motion.
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(a)

(b)

Figure 13 Reaction force parallel and perpendicular to the direction of motion: (a) ș  E ș 

The reaction bending moment evaluated at the top of the column is shown in Figures 14. In
agreement with the results presented in Figure 13, the moment acts only in the plane parallel
to the direction of displacement, while the moment My acting in the perpendicular plane is
zero. The moment has two contributions, one due to the horizontal reaction force F produced
by the movement along the inclined plane, and the other due to the eccentricity of the vertical
force N due to the displacement of the convex element.
The moment presents non-negligible values (equal to about 50% of the moment at maximum
displacement) already for very small movements starting from the initial centered configuration, given by the product of the force F for the distance of its center of application from the
base of the concave element (equal to the thickness of the plate), and grows further with the
horizontal displacement d due to the vertical displacement of the center of application and especially by the eccentricity of the vertical force N that grows linearly with the displacement d.

(a)

(b)

Figure 14 Bending moment at the top of the column: (a) ș  E ș 
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Figure 15 shows the distribution of contact pressures on the surface of the concave element
for different values of displacement d, relative to the analysis with trajectory in the direction
ș $VFDQEHVHHQWKHFRQWDFWLQLWLDOly occurs at the horizontal plane at the bottom of the
concave surface, but as the convex component begins to move, the contact is transferred to the
inclined surface along which the motion develops. However, the contact remains localized
over a limited area of the surface, corresponding to the area over which the tapered end of the
convex member crawls, resulting in high contact pressures that, although below the yield
strength of the steel, can potentially accelerate surface wear.

d = 0,0 mm

d = 0,0048 mm

d = 0,052 mm

d = 4,8 mm

Figure 15 Contact pressures on the surface of the concave element for different values of displacement d
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5

DISCUSSION AND CONCLUSIONS

The force-displacement curves obtained from the numerical analyses carried out on the
prototype and the corresponding experimental curves obtained in the experimental tests are
compared in Figure 16.

(a)

(b)

Figure 16 Experimental and numerical force-displacement curve: (a) ș  E ș 

An acceptable correspondence between the experimental curves and the results of the numerical analyses is apparent. The biggest deviations are near the origin of the displacements
and are attributed to the effective geometry of contact between the surfaces in the centered
configuration of the device. Since the construction drawings provided by the customer and
used for the formulation of the numerical model do not give indications on the construction
tolerances, it was not possible to define a priori the characteristics of the initial contact to be
reproduced in the analysis.
The horizontal reaction force is kept constant for displacements increasing in modulus and
is only weakly influenced by the direction of the trajectory (ș YVș  PRUHRYHUWKLV
response is perfectly consistent with that predicted by a simplified analytical model that takes
into account the reaction generated by the movement on an inclined plane and the reaction
due to friction between surfaces.
Starting from the compared curves, the numerical model results validated. This allows to
proceed to the development of the same starting first from a numerical study, to highlight possible criticalities of this device.
Among the developments will be interesting the study of one-dimensional trajectories
along non-symmetrical axes and possible two-dimensional trajectories. In addition, as shown
in the results of numerical analysis, a problem to be solved is the presence of the moment at
the top of the column; it is possible through the development of this model to evaluate the
possibility of introducing a hinge under the concave element in order to avoid eccentricity of
the load.
Finally, it will be possible to model an industrial shed with the seismic dissipation device
in order to evaluate the actual benefits induced by the presence of the devices.
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Abstract
Under a seismic excitation the response of a building isolated with curved surface sliders
(CSSs) is highly influenced by the breakaway friction coefficient, which is a parameter that
governs the transition between the sticking and the sliding behaviour of the isolators. Its effect is detrimental especially in case of low-to-moderate earthquakes; in fact, the inertia forces are not able to overcome the breakaway frictional resistance of the CSS isolators and the
structure behaves as a fixed-base building, thus experiencing higher acceleration, inter-storey
drifts and internal forces than the isolated building. Usually this parameter is disregarded
because the majority of structural analysis programs implement the dynamic friction coefficient only throughout the response history analysis; this leads to a possible overestimation of
the displacement demand for the isolation system but a likely unsafe design for the superstructure.
In this contribution, the frictional resistance to sliding before the breakaway is simulated
through a bidirectional plasticity domain, coded in a finite element of the isolator formulated
in OpenSees. Based on this formulation, an exhaustive parametric analysis comprising a
range of friction coefficients and superstructure properties is implemented considering a
number of natural spectrum-compatible bidirectional ground motions of different intensity
levels and frequency contents.
Through the review and discussion of the results, the study provides insight into the implications of including the breakaway coefficient in non-linear time history analyses, and recommendations useful to predict the trigger acceleration at which sliding motion starts.
Keywords: Base isolation, Curved surface slider, Friction coefficient, Breakaway effect,
Nonlinear time history analyses.
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1

INTRODUCTION

The Curved Surface Slider (CSS) is one of the most popular isolation hardware, whose behaviour depends on two fundamental parameters, namely the coefficient of friction (μdyn) and
the effective radius of curvature (Reff) of the sliding surfaces.
During the motion of the CSS, the dynamic friction coefficient at sliding surface μdyn usually increases from a minimum value μLV, in the low-velocity regime, to a steady value μHV, in
the high-velocity range, as described by the Eq. (1) of Constantinou et al. [1]:
μdyn = μHV – (μHV - μLV)e(-αv)

(1)

where α is the transition rate parameter and v is the velocity. Nowadays, available commercial FE codes, such as SAP2000 [2] and MIDAS GEN [3], are still based on the friction
model of Eq. (1).
However, this formulation is not able to predict the actual response of CSS isolators in the
sticking phase preceding the triggering of the sliding motion. In fact, experimental findings
reveal that at the beginning of the motion and at any momentary sticking of the sliding surfaces, e.g. at motion reversal, the friction coefficient attains a higher value than μdyn, which is
known as the static friction coefficient μST. This parameter is governed by chemical bonds
arising at the interface between the contact surfaces during the sticking phase and the number
and strength of these bonds increases with the duration of sticking; indeed, the static coefficient of friction that contrasts the start of the motion (usually denoted as the breakaway friction coefficient μB) is reasonably larger than the value observed at motion reversal μrev.
Therefore, to properly simulate the actual response of CSSs during both the breakaway and
the sliding phase, the numerical formulation should include the breakaway friction coefficient
besides the dynamic friction coefficient [4]. Disregarding μB from the friction model leads to
an underestimation of the peak floor accelerations and maximum inter-storey drifts transferred
to the superstructure, which are likely to be experienced in the sticking phase before the
breakaway.
Some authors ([5] and [6]) developed friction models suitable to account for both forms of
static coefficient of friction, at breakaway and at motion reversal. However, both formulations
have some drawbacks: in [5] the study was limited to unidirectional trajectories (underestimating the decrease in damping capability induced by frictional heating [7]) and there was no
distinction among the different contributions of friction coefficients at the breakaway and at
motion reversal, as it implicitly assumed μB = μrev = μST. Also in [6], the work consisted in
unidirectional non-linear time history analyses (NLTHAs) and the low-velocity friction coefficient μLV was replaced by the static coefficient of friction μST, leading to a possible underestimation of the maximum displacement of CSS dmax, as well as an overestimation of the
residual displacement dres [4].
Gandelli et al. [8] studied the effect of different breakaway levels and friction materials on
the response of a mid-rise building protected by means of CSS isolators, confirming that the
breakaway friction has a major effect on the peak floor acceleration and on the shear at the
isolation level, whereas the influence on the maximum displacement of CSS dmax is usually
modest. However, the study was conducted only on one building prototype under unidirectional ground-motion, therefore the authors could not claim a general validity for its conclusion.
The present work consists in a more extensive parametric study comprising a significant
number of NLTHAs in which different properties of both superstructure and CSS isolation
system are taken into account, in order to draw more general conclusions on the effect of the
breakaway friction on the seismic response in terms of peak floor acceleration, inter-storey
drift, base shear and CSSs displacement demand.
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2

PARAMETRIC STUDY

A broad parametric study is carried out, performing 9072 bidirectional NLTHAs with the
structural analysis program OpenSees [9]. The analyses include different properties of the superstructure, namely number of storeys and base mass to floor mass ratio (mb/mf), as well as
different properties of the CSS isolation systems, considering three friction classes representative of low friction (LF), moderate friction (MF) and high friction (HF) sliding materials. The
analyses are performed considering a large group of natural ground motion records having
different intensity levels and frequency contents.
2.1

Structural models

The case-study structures consist of three RC buildings, conceived as moment-resisting
frames of two-storey, four-storey, and six-storey. The structures are designed in compliance
with the Italian Building Code NTC2018 [10] and are characterized by a double-symmetric,
square plan with three bays of 6m in both horizontal directions and a constant inter-storey
height of 3m, Figure 1.

Figure 1: Plan view and front view of representative four-storey building

The concrete compressive strength fc is equal to 25 MPa and the steel yield strength fy is equal
to 450 MPa. Additional information regarding geometry of the structural elements, design
loads and fundamental periods are reported in [4].
The structures are modelled in OpenSees [9] as linear elastic systems with ElasticBeamColumn elements [11] for beams and columns with appropriate cross-sectional characteristics.
The floor slabs are modelled as rigid diaphragms, by using the RigidFloorDiaphragm [11]
multi-points constraint, imposing the nodes belonging to the same floor to have the same displacement. Therefore, the floor mass (mf) can be lumped at a master node located at the centroid of each floor, along with a mass moment of inertia about vertical axis.
The buildings are isolated with sixteen CSS isolators located underneath each column and
connected to each other via a base slab of mass mb acting as a rigid diaphragm, which prevents differential displacements. Two base mass to floor mass ratios (mb/mf = 1.0 and = 2.0)
are considered for each building, thus including six different building configurations in the
parametric study, in order to verify if this parameter has an influence on the seismic response
of the case-study structures.
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The damping of the base-isolated system is modelled with a substructure approach, by separating the superstructure component alone from the base isolation system [12] and the superstructure is characterized by a stiffness proportional damping.
The CSSs have an effective radius of curvature Reff = 3000mm, which corresponds to an undamped period Tiso = 2π(Reff /g)0.5=3.48s, and are modelled with a reduced version of the
BVNC element developed by Gandelli et al. [13]. The reduced version of this element (hereinafter referred as BV element, Figure 2) accounts for the breakaway and the velocity effects
only. The transition between static and dynamic friction is accomplished by two distinct plastic material models, one for the static friction ruling the breakaway phenomenon, and the other for the dynamic friction after the initiation of the sliding motion. In particular, the
VelDependent friction model of the SingleFPSSimple3d element [11] is used to describe the
dynamic friction coefficient, according to the exponential formulation of Eq. (1), excluding
the influence of the normal force and of the heating phenomena on the variation of the friction
coefficient.

Figure 2: The BV element adopted in the present study: relevant bidirectional plasticity domain (left), associated
friction model (centre) and response of the element to a sinusoidal excitation (adapted from Gandelli et al. [13])

The study includes three friction classes representative of low friction (LF), moderate friction
(MF) and high friction (HF) sliding materials; each friction class ha different low-velocity μLV
and high-velocity μHV friction coefficients (Table 1) with a ratio μHV/μLV = 2.5, as indicated in
previous literature studies ([14] and [15]). The case μB/μLV =1 corresponds to no-breakaway
and is used as baseline reference for comparison, corresponding to the friction models usually
implemented in structural analysis programs. The second case μB/μLV =2 corresponds to intermediate breakaway that typically occurs with lubricated sliding material; while, the third
case μB/μLV =4 is the high breakaway, that may be caused by unfavourable effects induced by
low temperature, poor maintenance conditions of the sliding surfaces, mounting defects [16],
as well as possible permanent setting of the surfaces. The value μB/μLV =4 is selected according to the work of Constantinou et al. [1].
For all friction classes, the transition rate parameter α from the low-velocity to the highvelocity friction is set to 0.0055s/mm.
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Friction
class

Friction coefficient
(μLV, μHV)
(0.01, 0.025)

LF
(0.03, 0.075)
MF
(0.05, 0.125)
HF

Breakaway
class
μB/μLV =1
μB/μLV =2
μB/μLV =4
μB/μLV =1
μB/μLV =2
μB/μLV =4
μB/μLV =1
μB/μLV =2
μB/μLV =4

Breakaway friction
(μB)
0.01
0.02
0.04
0.03
0.06
0.12
0.05
0.10
0.20

Friction
ID
LF_1
LF_2
LF_4
MF_1
MF_2
MF_4
HF_1
HF_2
HF_4

Table 1: Parameters of the dynamic friction and of the breakaway considered in the parametric study

2.2

Seismic input

Non-linear dynamic analyses have been performed considering natural ground motions
characterized by two horizontal components, whereas the vertical component of the seismic
input is ignored. The accelerograms are selected from the European strong-motion database
[17] by means of the software REXEL v. 3.5 [18].
The parametric study is performed considering two installation sites: Lamezia Terme (latitude 38.58°, longitude 16.18°) and Naples (latitude 40.86°, longitude 14.28°), which respectively belong to the seismic zone 1 (high probability of occurrence of strong earthquakes) and
the seismic zone 2 (moderate probability of occurrence of strong earthquakes) of the old national classification [19]. The accelerograms are consistent with the elastic spectrum associated to an ordinary structure with nominal life Vn = 50 years and functional class II
corresponding to cu = 1.0. Both serviceability limit state (SLD) and life-safety limit state
(SLV) are used for the selection of the accelerograms; a topography condition T1 and two different soil conditions, designated as soil class A and soil class C, are considered. For each installation site, soil class and limit state, a suite of 21 independent bidirectional natural ground
motion records are selected with a magnitude range Mw between 5 and 8. In order to include
different fault distances, these 21 records include 7 events recorded at epicentral distance Rep
between 0 and 10 km, 7 events with Rep between 10 and 20 km and the remaining 7 events
with Rep between 20 and 50 km. Additional details pertaining to the input ground motions are
provided in [4] and Figure 3.
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Figure 3: Target response spectra and median response spectra for the two installation sites, two soil classes and
three epicentral distances

3

RESULTS AND DISCUSSION

The output of the NLTHAs on the base-isolated structure is analysed in terms of four response parameters representative of both the superstructure response and the base isolation
system response, namely (i) Peak Floor Acceleration (PFA), (ii) Inter-storey Drift Ratio (IDR),
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(iii) displacement of the base isolation system (diso), and (iv) shear force carried by the isolation system normalized to the total seismic weight Viso/Wtot, where Wtot is given by the sum of
Wss (equal to the sum of the seismic weight of each floor) and Wbs (equal to the seismic
weight of the base). The maximum values of each parameter are extracted from the 9072
NLTHAs and then statistically processed to obtain average maximum response quantities.
Figure 4 and Figure 5 show the average response parameters of the base-isolated buildings in terms of PFA, maximum IDR, isolators’ displacement diso, and normalized shear force
carried by the isolation unit Viso/Wtot, for serviceability earthquakes at SLD and life-safety
earthquakes at SLV respectively. The results are organized distinguishing between the three
friction classes (LF, MF and HF) and the three breakaway classes μB/μLV = 1.0, 2.0, 4.0, where
μB/μLV =1.0 represents the baseline reference model.
Referring to SLD case (Figure 4), the breakaway friction tends to increase the PFA, maximum IDR and maximum normalized Viso, in comparison to the baseline reference model
μB/μLV = 1.0. MF and HF friction class isolators show a similar trend for all the three parameters with a more relevant increase than that LF friction class isolators, especially for μB/μLV =
4.0. On the other hand, the isolators’ peak displacement diso does not seem to be affected by
the breakaway friction, indeed, the three curves do not show substantial differences compared
to the baseline reference model μB/μLV =1.0.

Figure 4: Average response parameters (PFA, IDR, diso, Viso/Wtot) at SLD

With regard to SLV case (Figure 5), LF friction class isolators seem not influenced by the
breakaway friction, while both MF and HF friction class CSSs increase significantly the PFA,
maximum IDR and maximum normalized Viso, especially for μB/μLV =4.0. Also for SLV, as in
SLD, the maximum displacement of the isolators diso is not influenced by the breakaway friction coefficient.
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Figure 5: Average response parameters (PFA, IDR, diso, Viso/Wtot) at SLV

The results of Figure 4 and Figure 5 are confirmed by looking at the overall behaviour of the
superstructure in terms of PFAs, Figure 6. The superstructure model analysed in NLTHAs
experiences higher PFAs due to the delayed engagement of the isolators at both SLD and SLV.
Figure 6 shows that under low-to-moderate intensity earthquake, typical of SLD, the breakaway friction has a major influence especially in case of MF and HF friction class; in fact,
CSSs with higher coefficient of friction may remain in the sticking phase over the entire duration of the ground motion, consequently the structure behaves as a fixed-based building and
the PFAs are much higher than the isolation building scenario.

Figure 6: Average PFA profiles at SLD (left) and SLV (right) along the height of the 6-storey building for different friction classes and μB/μLV ratios

Based on the previous considerations, a fundamental design parameter is the trigger acceleration atrigger, meant as the minimum value of the ground acceleration capable of activating the
sliding motion; indeed, for earthquakes characterized by a peak ground acceleration lower
than atrigger, the isolation system would not be activated, with potential detrimental conse-
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quences on the internal forces in the superstructure. The most simple way to analytically determine atrigger is referring to the simple two-degree-of-freedom (2DOF) system, consisting of
two masses, namely superstructure mass ms and base mass mb, connected to the ground by a
CSS bearing with coefficient of friction at breakaway μB [8]. The sliding motion is triggered
when the shear force through the CSS exceeds the resisting breakaway frictional force FB
evaluated as μB(ms+mb)g, where g is the acceleration of gravity [4] and this condition is
achieved when the ground motion acceleration ag is larger than the trigger value atrigger.
In 439 out of 9072 NLTHAs the CSSs were not engaged at all over the duration of the ground
motion, meaning that the inertia force induced by the ground motion acceleration was not able
to overcome FB. As expected, all these cases belong to the low-intensity serviceability earthquakes, SLD.
Figure 7 shows the relationship among the no-activation cases with the breakaway friction
coefficients μB, the soil class and the epicentral distance. The number of no-activation cases
increases with increasing of μB, and all the cases are concentrated in the range 0.10 – 0.20.
No-activation cases seem marginally influenced by the epicentral distance of the earthquake,
as the trend is almost equally distributed among the three values R1 ( 0 km ≤ Rep ≤ 10 km), R2
( 10 km ≤ Rep ≤ 20 km) and R3 ( 20 km ≤ Rep ≤ 50 km). Whereas the soil class show a significant influence on the occurrence of no-activation condition, since 374 out of the 439 cases are
obtained for rigid soil condition (soil A), and only the remaining 65 cases are observed for
medium soil conditions (soil C), typically characterized by higher values of PGA (Peak
Ground Acceleration) and of spectral acceleration corresponding to the fundamental period of
the superstructure.

Figure 7: No-activation cases in relationship to the breakaway friction coefficient (top) and sub-analysis depending on the epicentral distance (bottom left) and soil class (bottom right)

The parametric study has also included two values of the mass ratio mb/mf, however the influence of this parameter on the results in terms of atrigger as well as in terms of the considered
seismic response parameters did not show a clear trend, and seems to be marginal at least for
the building configurations and seismic excitations considered in this study.
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4

CONCLUSIONS

The study investigated the influence of the breakaway friction coefficient μB on the seismic
response of base-isolated buildings, by implementing in OpenSees [9] a friction model capable to reproduce the transition between the breakaway friction μB in the sticking phase and the
velocity-dependent friction model in the subsequent sliding phase.
In order to draw the most general conclusions, an extensive parametric study comprising
more than 9000 bidirectional NLTHAs has been performed, including three case-study buildings with increasing number of stories (2, 4 and 6), two different mass distributions (mb/mf =
1.0 and = 2.0), three friction classes (LF, MF and HF) and three breakaway friction classes
(μB/μLV =1.0, 2.0 and 4.0), Table 1. For the characterization of the seismic input, two intensity
levels of the earthquake excitations, associated to either serviceability SLD or life-safety SLV
limit states, two soil characteristics (class A and class C), three epicentral distances (Rep =
0÷10km, 10÷20km and 20÷50km) and two installation sites (Lamezia Terme and Naples)
have been considered, thus including 168 spectrum-compatible bidirectional components of
ground motion acceleration.
The results showed that in both SLD and SLV conditions, the sliding motion may be delayed by a high breakaway frictional resistance, and the CSSs may persist in the sticking
phase for a relatively long part of the ground motion, affecting significantly the seismic response of the superstructure and of the isolation system. In fact, the buildings experienced
higher inter-storey drifts IDRs and peak floor accelerations PFAs, as well as the isolation system engaged significantly higher normalized shear force Viso, whereas was marginally affected in terms of displacement diso.
Especially when the breakaway coefficient is relatively high and the base-isolated structures are subjected to low-to-moderate intensity earthquakes (typical of SLD), the CSSs may
persist in the sticking phase over the entire duration of the ground motion. This phenomenon
was observed in 439 out of the 9072 NLTHAs included in the parametric study, and the majority (85%) occurred for ground motions relevant to soil class A. It is likely that this occurs
because both the PGA (Peak Ground Acceleration) and the spectral acceleration corresponding to the fundamental period of the superstructure are higher in the soil class C than in the
soil class A.
Although these conclusions are confined to the examined cases, the present work provides
some insight into the effects of breakaway friction coefficient on the seismic response of
base-isolated buildings, highlighting the necessity to include this parameter in the NLTHAs.
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Abstract
Supplemental energy dissipation devices are employed both in new and retrofitted constructions in order to prevent structural damage, increase life-safety and achieve a desired level of
performance. Among these devices, hysteretic dampers have been proven to be an appropriate and economically affordable solution to reduce the vulnerability of ordinary structures,
such as residential, school and industrial buildings. The study presents an experimental and
numerical investigation of a Prestressed Lead Extrusion Damper (P-LED), an emerging energy dissipation device which provides energy dissipation by means of the plastic extrusion of
lead through an orifice created between a containing tube and a moving shaft and achieves
high specific output force by preloading of the working material.
The experimental investigation is performed following the provisions set in the European
standard EN 15129 for Displacement Dependent Devices. A damper prototype is tested in cyclic tests at different displacement amplitudes and in a monotonic ramp up to the amplified
design deformation. The damper shows a rigid-plastic behavior, without strength degradation
regardless of the imposed deflection; the shape of the hysteresis loops is essentially rectangular, resulting in an effective damping of 0.55, very close to the maximum theoretical level; the
device is able to sustain multiple cycles of motion at the basic design earthquake displacement, anticipating a maintenance-free operation even in presence of repeated ground shakes.
A 3D finite element model of the P-LED is formulated in Abaqus and validated upon the results of the experimental tests. The model enlightens that the output force of the damper accounts for two contributions, namely the extrusion force of the lead and the friction force
between the lead and the moving shaft. The model is then used in a parametric study to investigate the influence of the device dimensions, namely the diameters of the shaft, of the containing tube and of the bulge, and the length of the shaft, on the output force. The numerical
data points are fitted by a simple model which can be used for design of the damper to a specific quasi-static force.
Keywords: Lead Extrusion Damper, EN 15129, energy dissipation, experimental assessment,
finite element model.

3216

C. Pettorruso, E. Bruschi and V. Quaglini

1

INTRODUCTION

Supplemental energy dissipation is employed both in new and retrofitted constructions in
order to prevent structural damage, increase life-safety and achieve a desired level of performance ([1],[2]), appearing an appropriate and economically affordable solution to reduce the
vulnerability of ordinary structures, such as residential, school and industrial buildings [3]-[6].
Current energy dissipation devices can be classified in two main categories [7]: (i) the socalled fluid viscous dampers, where the dissipation is achieved through the lamination of a
viscous fluid forced by a piston to pass through an orifice or a valving system, and whose behavior strictly depends on the fluid velocity; (ii) the hysteretic dampers, which are further
classified in hysteretic steel dampers, friction dampers and metal extrusion dampers, depending on the mechanism actually used to dissipate the seismic energy.
Most of the dampers used in residential, school and industrial buildings belong to the hysteretic damper’s category ([2],[4],[6],[8] and [9]), whose constitutive law mainly depends on
the displacement.
Supplemental energy dissipation is typically implemented by providing the structure with
dissipative bracing systems, made of steel braces incorporating dissipation devices [10]. This
approach is aimed at achieving two effects, namely increase the structural stiffness, which reduces the structural displacement, and dissipate much of the seismic energy, which reduces
the structural acceleration [11].
However, though in principle dissipative braces represent a viable solution to protect any
kind of building, they show some drawbacks such as increased internal forces in beams and
columns, modification of the building layout, and in case of retrofit, the need of a significant
amount of construction work, resulting in heavy disturbance to the occupants [12]. For these
reasons, their application is more feasible in new constructions, where the provision of the
dissipative braces can be planned since the beginning, rather than for retrofit, because of architectural issues posed by the braces, like interference with the design of the façade and position of the openings [12]. Another issue concerns the fact that the design of dissipative
bracing systems is performed respecting the “structural safety requirement” at the Ultimate
Limit State only ([2],[10],[13]-[15]); indeed, the devices are designed not to be engaged under
normal service loads and weak seismic excitations [12]. Consequently, under small earthquakes, a structure equipped with dissipative braces is subjected to greater accelerations than
the bare configuration [5]. Moreover, tests carried out at the University of Basilicata (Italy)
[16] have shown that the significant reduction of the frame lateral deformation, brought by the
introduction of the hysteretic braces, is counteracted by a huge increase of Peak Floor Accelerations [5]. Similar results were obtained also from the numerical analyses performed by
Gandelli et al. [17] on a hospital building equipped with dissipative bracing systems. This
phenomenon has detrimental consequences especially to acceleration-sensitive non-structural
components [5],[17]. In recent years, some researchers suggested using new kind of systems
to control multi-levels of earthquake energy [6], to achieve stable deformation, increase structural ductility, and increase energy dissipation capacity with different stiffnesses [5], [18], [19]
and [20].
Moreover, because of low-cycle fatigue and residual stresses of steel dampers, or large
permanent deformations of friction and extrusion dampers, after a severe earthquake hysteretic dampers need to be replaced or restated, with consequent costs but also with a potential
threat to the safety of the structure, which is left exposed to aftershocks which may occur in
the aftermath of the main event.
In conclusion, a more robust form of energy dissipation is needed that satisfies several objectives [21]: (i) more compact and architecturally less invasive design in order to be ideally
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located within the beam-column joint region; (ii) should not require maintenance after a major
earthquake, in order to guarantee a high safety level and maintain an economical appeal, especially for the retrofitting of conventional buildings; (iii) should not be at risk of low-cycle
fatigue bar fracture; (iv) should ensure the re-centering of the structure; and (v) the cost of
devices should be economical compared with conventional design solutions.
An emerging energy dissipation device likely to satisfy these conditions is the lead extrusion damper [22], [23], which dissipates energy through the plastic extrusion of lead, forced to
flow through an annular restriction (Figure 1) provided either from a constriction of the tube
(a), or a bulged shaft (b).

Figure 1: Longitudinal sections of lead extrusion damper: (a) constricted tube type; (b) bulged shaft type.
Adapted from [24]

Two forces contribute to the overall output force of the device, namely the frictional resistance of the working material against the moving shaft, and the extrusion resistance of the
lead that is forced to flow through the annular orifice [25], [26], making the device weakly
dependent upon the velocity [27]. A part of the energy is immediately dissipated as heat,
which induces softening of the working material and reduces its strength. However, the effect
is temporary, because when the device is allowed to cool down, the original value of resistive
force is recovered [26]. The other part of the energy is stored in the deformed lead which
quickly recrystallizes and regains its original properties, resulting in consistent force across
multiple cycles of response without any strain hardening or loss of strength or stiffness [23].
The main drawback of this device is the formation of voids within the working material
during extrusion, which is attributed to compression of the lead: as the shaft moves, the material is compressed into a smaller volume leading to the formation of a trailing void [28], causing a decrease of the energy dissipation. For this reason, the lead extrusion dampers used in
the first structural applications were quite large, in order to provide sufficient reaction force
[22], [23]. Only in the first decade of the ‘21th century, Rodgers ([28], [29]) proposed an improved version called HF2V (High Force to Volume) where a substantial increase in the specific force was achieved by preloading the working material during the assembly. Increasing
the internal pressure of the system reduced the formation of trailing voids and increased the
reaction force and the force-to-volume ratio, allowing a more compact design. This device
present an essentially rectangular hysteretic curve, which maximizes the amount of energy
dissipation for a given applied force and displacement with a stable and repeatable behavior,
an insignificant sensitivity to aging and environment, compact dimensions, and low cost [29][31].
The present study deals with the Prestressed Lead Extrusion Damper (P-LED), which
achieves high specific output force by preloading of the working material [28]. The performance of the damper is assessed experimentally to verify the compliance to the requirements
of the European standard [32]. Then, a finite element model is formulated and used to investigate the influence of the device dimensions on the output force. The numerical data points are
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fitted by a simple model which can be used for design of the damper to a specific quasi-static
force.
2
2.1

EPERIMENTAL INVESTIGATION
Description of the prototype

A bulged-shaft type Prestressed Lead Extrusion Damper has been experimentally investigated in the study. The prototype has four main components, namely the bulged shaft, the
tube, the cap and the working material (Figure 2). Tube, shaft and cap are made of structural
steel, while the working material is 99.99% pure lead. The shaft is plated with hard chromium
(70 μm thickness) in order to minimize friction and wear when sliding through the bushing
provided in the cap. The cap is fixed to the tube wall by means of eight screws.
The characteristic dimensions of the device are: shaft diameter Ds = 32 mm; bulge diameter Dblg = 42 mm; inner diameter of the tube Dcyl = 60 mm; length of shaft in contact with the
working material Ds = 95 mm. The design deflection is dbd = 20 mm in either direction (i.e.,
40 mm total stroke). To maintain the reaction aligned along the major axis of the device and
avoid bending of the shaft, self-lubricating spherical hinges with a minimum rotation capacity
of ±2° are provided at both ends of the damper, namely at one end of the shaft and on the bottom of the tube.
During the assembling process, the working material was prestressed to a nominal force of
280 kN (corresponding to an average pressure of 138 MPa on lead) by tightening the screws
connecting the cap to the tube wall. Pre-stressing the working material was aimed at increasing the friction between the tube and the shaft and preventing coring out of the lead as the
bulge is forced through.
Three thermocouples were inserted into Ø5 mm blind holes drilled in the lateral wall of the
containing tube, about 5 mm away from the chamber filled with the working material, in order
to measure the temperature, rise during the extrusion process.

b)

a)

Figure 2: (a) Cross-section of the bulged-shaft P-LED; (b) prototype on the testing machine

2.2

Experimental procedure

The experiments were performed at the Materials Testing Laboratory of Politecnico di Milano, using a 500 kN servohydraulic testing machine (MTS Systems, Eden Prairie, MN).
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The specimen was subjected to the type testing protocol prescribed in the European standard EN 15129 [32] for assessment of Displacement Dependent Devices, i.e. damping systems
whose reaction force depends essentially on the displacement. The hysteretic force-deflection
response was evaluated by imposing harmonic cycles of increasing amplitude at 25%, 50%
and 100 % of the design deflection dbd = 20 mm, at a loading frequency of 0.5 Hz. Five cycles
for each intermediate amplitude and ten cycles for the maximum amplitude were applied.
Eventually, a ramp test at 0.1 mm/s rate was performed to the amplified design displacement
γbγxdbd = 26.4 mm (where γb = 1.1 and γx = 1.2 are the amplification factor and the reliability
factor given in the standard, respectively), to assess the failure condition under quasi-static
condition.
It is here noted that according to the standard the type tests performed on one specimen of
a device can be deemed valid also for new models of the device with same geometry, working
materials and constraints, provided that the geometrical linear differences between the new
and the tested model are less than 20% and the results can be suitably extrapolated to the new
device.
In order to assess the recovery of the original output force after cooling of the working material, at the end of the experimental protocol requested by the standard the prototype was left
at rest for 45 minutes and then subjected to a second series of 10 cycles to dbd..
3

RESULTS AND DISCUSSION

The force–displacement behavior of the P-LED prototype at the design deflection dbd = 20
mm is shown in Figure 3: in Figure 3(a) the prototype is subjected to the preload of 280 kN to
prestress the lead, while in Figure 3(b), the prototype was tested without application of the
preload. The hysteresis loops in Figure 3(a) have an almost rectangular shape, but for some
“cut-outs” at motion reversals which are attributed to a small trailing void, that occurred in the
lead in spite of the initial prestress. However, after the cut-out, the force achieves an essentially constant level, thus maximizing the amount of energy dissipation. From the shape of the
hysteresis loop the length of the trailing void created behind the bulge is estimated to be approximately 9 mm over a total stroke of 40 mm. In Figure 3(b), the size of the trailing void
increases to about 23 mm, significantly reducing the dissipated energy; also the output force
is substantially smaller than in the previous case (e.g., 187 kN vs. 228 kN at the third cycle)
due to the lower confinement of lead and the decrease in the extrusion resistance.

a)

b)

Figure 3: (a) Hysteresis loops of the P-LED prototype preloaded at 280 kN and tested to the design deflection dbd = 20 mm; (b) hysteresis loops of the prototype without prestressing

The strength of the device declines as the number of cycles proceeds due to heating of lead
(Figure 4); the output force Nb (evaluated as the average force on each branch, after the cutout) shrinks from 205 kN at the first cycle to 170 kN at the tenth cycle in extension, and from
243 kN to 193 kN in compression. The largest decrease occurs between the first and the third
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cycle (-13%), and then the force tends to approach a steady value. It must be here recalled that
the temperature reported in the panel in Figure 4 was measured in the steel wall of the tube,
about 5 mm away from the lead, and therefore underestimates the actual temperature of the
working material.

Figure 4: Progress of output force (mean value between extension and compression) and temperature
within the tube wall vs. number of cycles

Two quantities are calculated at each cycle and used to characterize the response of the PLED, namely the effective stiffness Keff=Nb/db and the effective damping
ξeff=2Acycle/(π4Keffdb), where Nb is the output force of the prototype, db is the maximum cycle
deflection and Acycle is the area of the hysteresis loop.
The European standard [32] requires that both Keff and ξeff remain essentially constant as the cycles proceed ((a) subscript 3 is relevant to quantities assessed at the third load cycle, and subscript i is relevant to quantities at the i-th cycle, excluding the first cycle (i ≥ 2)

Table 1); in particular, except for the first cycle, the difference among the cycles must remain within the 10%.
Test results
Requirement(a)
db = 5mm db = 10mm db = 20mm
| Keff,i - Keff,3 |/ Keff,3 < 0.10

0.024

0.035

0.098

| ξeff,i - ξeff,3 |/ ξeff,3 < 0.10

0.012

0.046

0.024

(a)

subscript 3 is relevant to quantities assessed at the third load cycle, and subscript i is relevant to quantities at
the i-th cycle, excluding the first cycle (i ≥ 2)
Table 1: Stability requirements for Non Linear devices [32] and results of the tests on the P-LED prototype

The average value of ξeff evaluated over 10 cycles performed at the design deflection is
0.55, i.e. 86% of the effective damping of an ideally rectangular loop, confirming the good
dissipation capacity of the P-LED. After cooling lead recrystallizes and recovers its original
properties, thereby providing a reliable and consistent response even in case of multiple loading sequences occurring within short time: after the execution of the experimental program
prescribed by the standard, the prototype was left at ambient temperature for 45 minutes and
then subjected to a second sequence of cycles at dbd; the stiffness and damping were practically unchanged from the previous sequence, with a -4% difference on Keff and 0% on ξeff at the
third cycle (curves labelled as “db = 20 mm (2)” in Figure 5).
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a)

b)

Figure 5: Plots of (a) effective stiffness Keff, and (b) effective damping ξeff of the P-LED vs. number of cycles at different deflection amplitudes db

Eventually, in the monotonic ramp test (Figure 6) the prototype was able to sustain the amplified design deflection γxγbdbd without leakage of working material. The force–deflection
curves presents an initial peak which is ascribed to the transition from the static to the kinetic
friction between lead and shaft [26] and then stabilizes at a constant level, demonstrating the
ability to accommodate the prescribed displacement without any damage or deterioration of
stiffness.

Figure 6: Force–deflection relationship of P-LED under quasi-static condition

4
4.1

NUMERICA INVESTIGATION
FE model

A 3D finite element model of the prototype presented in Section 2 was formulated in the general-purpose software Abaqus/CAE 6.14-2 [33], using 4-node bilinear axisymmetric elements
type C4X4. By exploiting the symmetry of the system about its longitudinal axis, only half of
the prototype is modelled.
The model includes four parts: the shaft, the tube, the plug and the working material (Figure
7). The region of the working material is meshed with fine mesh (maximum size 3.3 mm)
along the shaft region where large deformation is expected, in order to allow realistic simulation of lead flow around the shaft (Figure 7(b)), without severe distortion of the elements,
which may cause abortion of analysis.
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Figure 7: (a) Physical model of P-LED; (b) lead flow through the orifice between bulge and containing
tube during motion of the shaft (U2: displacement in Y direction, unit: mm)

Lead is modelled as an elastic-almost perfectly plastic material (a small hardening is introduced in order to avoid convergence issues), and S450 steel is assumed for shaft, tube and cap
regions. The modelling parameters of the FE model are as tabulated in Table 2 [34]. Hard
contact is introduced at the interface between shaft and tube and between shaft and cap, while
hard contact in normal direction, and frictional behavior in shear direction is assumed at the
interfaces between lead and shaft and between lead and containing tube, where the coefficient
of friction counts μ = 0.15 and μ = 0.30 respectively. The analyses are performed in two steps.
In the first step, prestressing of the working material is simulated by applying a constant force
of 280 kN uniformly distributed on the upper surface of the cap, pressing the cap on the lead.
In the second step, dynamic implicit analysis is performed by imposing a cyclic displacement
history to the shaft. Three analyses are conducted, with displacement amplitude of 5 mm, 10
mm and 20 mm, respectively.
Properties
E [GPa]
ν [-]
ρ [kg/mm3]

Steel
Lead
210
16.4
0.33
0.44
7.85x10-6
8x10-6
Plastic Strain Stress [MPa] Plastic Strain Stress [MPa]
0
450
0
20.5
0.2
500
0.001
21.5
Plastic behavior
0.002
22.0
0.1
22.5
0.3
23.0
E=Young’s Modulus [GPa], ν = Poisson’s Ratio [-], ρ = density [kg/mm3]
Table 2: Material properties used in the FE model

The quasi-static output force vs. deflection curves calculated from the model are compared to
the experimental curves evaluated at the third cycle of each test. The agreement between
model and experimental data is good in the first and in the third quadrant of the diagram, but
some deviation is observed at motion reversals (Figure 8). This is due to the fact that the numerical model does not account for trailing void, i.e. no gap can occur between working material and shaft as the bulge passes through the lead.
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Figure 8: Comparison between calculated (NUM) and experimental (EXP) hysteresis loop

4.2

Effect of device dimensions

The numerical model is then applied to investigate combinations of a wide range of device
dimensions (Table 3), to enable device optimization and further delineate the contributions of
friction and extrusion forces to the overall reaction force produced by the device. In each
analysis the compressive force on the lead is adjusted to the actual cross-section of the working material in order to provide an average pressure of 138 MPa.
Dimensions [mm]
Values
Ds
32 – 34 – 36
Dblg
33 – 34 – 35 – 37 – 38 – 40 – 42 – 44 - 46
Dcyl
50 – 55 – 60 -70
Ls
75 – 95 - 115
Ds =Shaft diameter, Dblg = Bulge diameter, Dcyl = tube diameter, Ls = shaft length
Table 3: Device dimensions investigated in the study

The importance of either force contribution can be appreciated in Figure 9(a), where the first
data point of each plot represents the situation where the extrusion force is negligible (Dblg Ĭ
Ds), and the output force is essentially provided by the frictional resistance of the prestressed
lead on the lateral surface of the moving shaft (the relative velocity on the tube surface is almost null); a larger shaft diameter corresponds to a larger contact area and hence a larger frictional force. In contrast, increasing the bulge diameter Dblg reduces the area of the annular
orifice through which lead flows, and thereby increases the extrusion resistance; this contribution is independent of Ds and becomes more important as Dblg approaches Dcyl. It is worth noting that only for large values of Dblg, i.e. Dblg > 44 mm, the contribution from extrusion
becomes equal to, or larger than, the frictional resistance. A similar conclusion (i.e. the friction force is a large part of the overall response) was reported in previous studies which compared the response of bulged, constrained and straight (i.e. without bulge) shafts [25], [27].
Figure 9(b), 9(c) and 9(d) show the effect of the tube diameter. When Dblg is small in comparison to Dcyl (Dblg/Dcyl İ 0.8), the output force is not influenced by the diameter of the tube; in
contrast when the gap is small (less than 4 mm in the examined cases) the extrusion resistance
has a steep increase, inducing large forces that can eventually lead to structural failure of the
rod or the cap screws.
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a)

b)

c)

d)

Figure 9: Influence of device dimensions of P-LED on the quasi-static output force Nb: (a) influence of
shaft diameter Ds and bulge diameter Dblg for assigned tube diameter Dcyl = 60 mm and shaft length Ls =
95 mm; (b) (c) (d) influence of tube diameter Dcyl and bulge diameter Dblg for assigned shaft diameter Ds =
32 mm, Ds = 34 mm, and Ds = 36 mm, respectively

5

CONCLUSIONS

The study investigated the behavior of an emerging energy dissipation device, namely Prestressed Lead Extrusion Damper (P-LED. The device provides energy dissipation through the
plastic extrusion of lead through an orifice created between a containing tube and a bulged
shaft, and achieves high specific output force though preloading of the working material during the assembly.
A prototype of the P-LED was experimentally assessed according to the provisions of the
European standard EN 15129 [32] for displacement dependent devices. The damper exhibits a
consistent rigid-plastic behavior without strength degradation regardless of the imposed displacement up to the amplified deflection prescribed by the standard. The influence of the rate
of deflection is weak over the tested range and can be ignored from a practical point. Cyclic
tests were used to evaluate the response of the damper at different displacement amplitudes.
Neglecting the effects of trailing voids at motion reversals, the hysteresis loops have an essentially rectangular shape with an equivalent damping ratio of 0.55, close to the maximum theoretical value of 0.63.
The tested specimen is able to sustain multiple sequences of motion at the basic design
earthquake displacement, demonstrating its ability to provide maintenance-free operation
even in presence of repeated ground shakes. Though a certain softening of the working material is observed due to heating, the changes in stiffness and damping capacity over 10 cycles
at the design deflection lie within the ±10% bound. Besides, the effect of heating is only tem-
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porary, and when the damper is cooled down to ambient temperature, the stiffness and damping characteristics return to their original value.
A 3D finite element model of the P-LED device was formulated and validated against the
experimental data. The numerical formulation was then used, in a parametric study, to investigate the effect of the device dimensions on the output force. The main parameters determining the response of the P-LED are found to be the annular area of lead around shaft and the
projected area of the bulge, which are related to the extrusion force of the working material,
and the area of the lateral surface of the shaft, which is proportional to the fiction force arising
from the relative motion between shaft and lead.

3226

C. Pettorruso, E. Bruschi and V. Quaglini

REFERENCES
[1] A. Di Cesare, F. C. Ponzo, D. Nigro. Assessment of the performance of hysteretic energy dissipation bracing systems. Bulletin of Earthquake Engineering, 12(6), 2777–2796,
2014; DOI: 10.1007/s10518-014-9623-z.
[2] A. Di Cesare, F. C. Ponzo. Seismic retrofit of reinforced concrete frame buildings with
hysteretic bracing systems: design procedure and behaviour factor. Hindawi, Shock and
Vibration, Volume 2017, Article ID 2639361, DOI: 10.1155/2017/2639361.
[3] F. Aliakbari, S. Garivani, A.A. Aghakouchak. An energy based method for seismic design of frame structures equipped with metallic yielding dampers considering uniform
inter-story drift concept, Engineering Structures 2020, 205, 110114,
https://doi.org/10.1016/j.engstruct.2019.110114.
[4] S. Garivani, S.S. Askariani, A.A. Aghakouchak. A.A. Seismic design of structures with
yielding dampers based on drift demands, Structures 2020, 28, 1885–1899,
https://doi.org/10.1016/j.istruc.2020.10.019.
[5] E. Gandelli, S. Chernyshov, J. Distl, P. Dubini, F. Weberd, A. Taras. Novel adaptive
hysteretic damper for enhanced seismic protection of braced buildings, Soil Dynamics
and
Earthquake
Engineering
2021,
141,
106522,
https://doi.org/10.1016/j.soildyn.2020.106522.
[6] M.Z. Golmoghany, S.M. Zahrai. Improving seismic behavior using a hybrid control system of friction damper and vertical shear panel in series, Structures 2021, 31, 369–379,
https://doi.org/10.1016/j.istruc.2021.02.007.
[7] C. Christopolous, A. Filiatrault. Principles of passive supplemental damping and seismic isolation. IUSS Press 2006, Pavia.
[8] C. Durucan, M. Dicleil. Analytical study on seismic retrofitting of reinforced concrete
buildings using steel braces with shear link, Engineering Structures 2010, 32, 29953010, doi:10.1016/j.engstruct.2010.05.019.
[9] F. Mazza, A. Vulcano. Equivalent viscous damping for displacement-based seismic design of hysteretic damped braces for retrofitting framed buildings, Bulletin of Earthquake Engineering 2014, 12, pages2797–2819, DOI 10.1007/s10518-014-9601-5.
[10] F. Mazza, A. Vulcano. Displacement-based design procedure of damped braces for the
seismic retrofitting of r.c. framed buildings, Bulletin of Earthquake Engineering 2015,
12:2121-2143, DOI 10.1007/s10518-014-9709-7.
[11] F. Yang, G. Wang, M. Li. Evaluation of the Seismic Retrofitting of MainshockDamaged Reinforced Concrete Frame Structure Using Steel Braces with Soft Steel
Dampers. Applied Science 2021, 11, 841. https://doi.org/10.3390/app11020841.
[12] J.E. Martínez-Rueda. On the evolution of energy dissipation devices for seismic design,
Earthquake Spectra 2002, Volume 18, Issue 2, Pages 309-346.
[13] CSLLPP (Consiglio Superiore dei Lavori Pubblici). Circolare 21 gennaio 2019, n. 7
C.S.LL.PP. Istruzioni per l’applicazione dell’«Aggiornamento delle “Norme tecniche
per le costruzioni”» di cui al decreto ministeriale 17 gennaio 2018, Roma; 2019, in
Italian.

3227

C. Pettorruso, E. Bruschi and V. Quaglini

[14] F. Braga, F. Buttarazzi, A. Dell’Asta, W. Salvatore. Protezione sismica di edifici in c.a.
con controventi dissipativi in acciaio. Dario Flaccovio Editore 2015; (in Italian).
[15] G. Lomiento, N. Bonessio, F. Braga. Design criteria for added dampers and supporting
braces. Seismic Isolation and Protection Systems 2010, 1(1):55–73.
[16] F.C. Ponzo, A. Di Cesare, N. Lamarucciola, D. Nigro. Seismic design and testing of
post-tensioned timber buildings with dissipative bracing systems. Frontiers in Built Environment 2019, 5(104). https://doi.org/10.3389/fbuil.2019.00104.
[17] E. Gandelli, A. Taras, J. Disti, V. Quaglini. Seismic retrofit of hospitals by means of
hysteretic braces: influence on acceleration-sensitive non-structural components. Frontiers in Built Environment 2019, 5(100), DOI: doi.org/10.3389/fbuil.2019.00100.
[18] Z. Li, H. Dong, X. Wang, M. He. Experimental and numerical investigations into seismic performance of timber-steel hybrid structure with supplemental dampers, Engineering Structures 2017, 151, pp. 33-43, 10.1016/j.engstruct.2017.08.011.
[19] A. Naeem, J. Kim J. Seismic performance evaluation of a multi-slit damper, Engineering Structures 2019, 189, pp. 332-346, 10.1016/j.engstruct.2019.03.107.
[20] T. Balendra, C.H. Yu, F.L. Lee. An economical structural system for wind and earthquake loads. Engineering Structures 2001, 23:491–501. https://doi.org/10.1016/S01410296(00)00061-4.
[21] G.W. Rodgers, K.M. Solberg, J.G. Chase, J.B. Mander, B.A. Bradley, R.P. Dhakal, L.
Li. Performance of a damage-protected beam-column subassembly utilizing external
HF2V energy dissipation devices. Earthquake Engineering and Structural Dynamics
2008b, 37(13): 1549-1564, DOI: 10.1002/eqe.830.
[22] W.H. Robinson, L.R. Greenbank. Properties of an extrusion energy absorber. Bulletin of
the New Zealand National Society for Earthquake Engineering 1975, 8(3), 187-191.
[23] W.H. Robinson, L.R. Greenbank. An extrusion energy absorber suitable for the protection of structures during an earthquake. Earthquake Engineering & Structural Dynamics
1976, 4(3), 251-259, DOI: 10.1002/eqe.4290040306.
[24] W.J. Cousins, T.E. Porrit. Improvements to lead-extrusion damper technology. Bulletin
of the New Zealand National Society for Earthquake Engineering 1993, 26, 342-348.
[25] V. Vishnupriya, G.W. Rodgers, J.B. Mander, J.G. Chase. Precision design modelling of
HF2V devices. Structures 2018, 14, 243-250, DOI: 10.1016/j.istruc.2018.03.007.
[26] G.W. Rodgers, J.G. Chase, J.B. Mander, J.B. Repeatability and high-speed validation of
supplemental lead-extrusion energy dissipation devices. Advances in Civil Engineering
2019, Article ID 7935026, DOI: 10.1155/2019/7935026.
[27] J.C. Golodrino, J.G. Chase, G.W. Rodgers, G.A. MacRae, C.G. Clifton. Velocity dependence of HF2V devices using different shaft configurations. Annual Conference of
the New Zealand Society for Earthquake Engineering 2012, Christchurch, New Zealand,
paper 99.
[28] G.W. Rodgers, J.G. Chase, J.B. Mander, N.C. Leach, C.S. Denmead. Experimental development, tradeoff analysis and design implementation of high force-to-volume damping technology. Bulletin of the New Zealand National Society for Earthquake
Engineering 2007a, 40(2), 35-48.

3228

C. Pettorruso, E. Bruschi and V. Quaglini

[29] G.W. Rodgers, J.B. Mander, JG. Chase, R.P. Dhakal, N.C. Leach, C.S. Denmead. Spectral analysis and design approach for high force-to-volume extrusion damper-based
structural energy dissipation. Earthquake Engineering and Structural Dynamics 2008a,
37(2), 207-223, DOI: 10.1002/eqe.752.
[30] G.W. Rodgers, J.G. Chase. Testing of Lead Extrusion Damping devices undergoing representative earthquake velocities. Annual Conference of the New Zealand Society for
Earthquake Engineering 2013, Wellington, New Zealand.
[31] D.A. Latham, A.M. Reay, S. Pampanin. Kilmore Street Medical Centre: application of
an advanced flag-shape steel rocking system. Annual Conference of the New Zealand
Society for Earthquake Engineering 2013, Wellington, New Zealand.
[32] CEN, European Committee for Standardization (2009). EN 15129. Anti-seismic devices.
Brussels.
[33] Dassault Systemes Simulia Corp. (2017). Abaqus/CAE user’s guide, Providence.
[34] V. Vishnupriya, G.W. Rodgers, J.G. Chase. Finite Element Modelling of HF2V lead extrusion dampers for specific force capacities. Procedure of the Pacific Conference on
Earthquake Engineering and Annual Conference of the New Zealand Society for Earthquake Engineering 2019, Auckland, New Zealand, paper 133.

3229

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

AN INNOVATIVE STEEL DAMPER WITH ADAPTIVE HYSTERETIC
BEHAVIOR
Emanuele Gandelli1, Johan Distl1, Peter Huber1, Christian Braun1
1

Maurer Engineering GmbH, R&D department
Frankfurter Ring 193, 80807, München, Germany
{e.gandelli, j.distl, p.huber, c.braun}@maurer.eu

Abstract
An ideal antiseismic technology should perform at high efficiency independently from the intensity of the ground shaking. However, traditional bilinear hysteretic dampers (BHDs) are
commonly designed for severe ultimate limit state earthquakes resulting in a poor efficiency
during weak but frequent events since they are engaged in their elastic region offering negligible damping. This can cause high peak floor accelerations (PFAs) that are detrimental for
sensitive non-structural components, like elevators, and electric networks, whose integrity is
essential for a prompt operation of the building after the quake. This shortcoming can be improved through a second generation of hysteretic dampers capable to produce different yielding levels based on the intensity of the occurring earthquake. Within this framework, the
innovative Adaptive Hysteretic Damper (AHD) is presented in this paper. The results of forcedisplacement tests carried out on a 2.0MN prototype are argued and prove its robustness and
reliability under several repeated cyclic motions. A simple design approach for braced frames
implementing the AHDs is eventually proposed and applied to a real case-study building to
quantify, through NLTH analyses, the enhanced seismic performances offered by this technology compared to traditional BHDs.

Keywords: Steel Dampers, Adaptive Hysteretic Behavior, Serviceability Limit State, Ultimate Limit State, Non-structural Component.
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1

INTRODUCTION

Among most advanced antiseismic design guidelines, the Eurocode 8 [1], embracing Performance Based Design (PBD) procedures [2], establishes two different seismic scenarios and
relevant performance requirements:
x the most severe “Ultimate Limit State” (ULS) scenario features 10% of exceedance
probability over the reference period VR=50years (i.e. return period TR=475 years). Under ULS seismic events, the structure shall be capable to withstand the seismic loads
without any global or local collapse preserving as well a residual lateral strength after the
quake (“structural safety requirement” or “no-collapse requirement”);
x the less intense (but more frequent) “Serviceability Limit State” (SLS) scenario provides
10% of exceedance probability over the reference period VR=10years (i.e. return period
TR=95 years). Under SLS seismic events, the structure, besides not suffering any structural damage, shall remain fully operational (“damage limitation requirement”).
In order to meet the second requirement, “acceleration sensitive”, “drift-sensitive”, and
“displacement sensitive” non-structural components (NSCs) should be protected against detrimental high peak floor accelerations (PFAs), interstorey-drifts (Δ), and absolute displacements (D) [3-5]. A list of most common NSCs grouped into these categories is given in Table
1. It is worth noting that the integrity of "drift-sensitive" NSCs should not represent a challenging target for structural engineers since usually enveloped, in average terms, by narrower
or comparable SLS lateral deflection limits for structural elements. For instance, among
weakest NSCs [3-6], curtain and infill walls, are characterized by a higher strength (ο )
compared to more critical reinforced concrete columns (ο ൌ ͲǤͷΨ vs. ο ൌ ͲǤΨ) [7].
Since characterized by several different layouts, the definition of the damage thresholds for
“displacement-sensitive” NSCs often needs the “expert judgment”. However, the fulfillment
of these checks can be easily ensured through conventional design approaches that usually
aim to control the storeys’ lateral displacements [5]. On the contrary, the assessment of the
integrity of “acceleration-sensitive” NSCs is more questionable since based on more complex
“floor response spectrum” analyses that require the (rarely available) knowledge of the natural
frequency and inherent damping of each NSC [8, 9]. Antiseismic technologies capable to minimize the spectral accelerations over a wide range of NSCs’ oscillation periods represent
therefore the best option.
nonstructural components’ categories
acc. sensitive
drift sensitive
disp. sensitive
false ceilings
infill walls
parapets
elevators
glass windows and doors storage racks
UPS battery cabinets
pipelines
chimneys
UPS switchboard panels
thermal/seismic joints
UPS distribution panels
Table 1: Most common “acceleration-sensitive”, “drift-sensitive”, and “displacement-sensitive” NSCs [3-5].

Among modern antiseismic technologies, Hysteretic Dampers (HDs), firstly introduced in
the ‘70s of the last century [10], are typically installed in braced frames in order to dissipate
the seismic energy through the plastic deformation of sacrificial mild steel components. Their
force-displacement (F-d) response is not (or only scarcely) affected by velocity and is conventionally modelled by means of bilinear hysteretic models. Over the last thirty years, HDs ex-
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ploiting axial loads, shear loads, bending, and torsion have been developed [11] and worldwide applied for the seismic protection of schools and hospitals [12, 13].
Despite the lower costs compared to other technologies (e.g. fluid viscous dampers), the
use of HDs not always represents the best option for the protection of high-technological or
strategic buildings [5]. Indeed, a recent experimental study [14] has shown that, on one hand,
the introduction of the hysteretic braces allows a significant reduction of the frame lateral deformation, on the other hand, can trigger a huge increase (up to 300%) of PFAs. Enhancements in antiseismic technologies and new approaches based on low-damage methodologies
are hence needed [15, 16]. Nevertheless, common methods for the design of new structures,
as well as for the retrofit of existing ones, account the “structural safety requirement” at the
ULS only [17-19]. In order to improve this unacceptable situation, the innovative Adaptive
Hysteretic Damper (AHD), a device capable to modulate its effective damping and stiffness
based on the intensity of the occurring earthquake, is presented in this paper. The reliability
and robustness of the AHD under multiple excitations, is proven through experimental tests
carried out on a full-scale 2.0MN prototype. Linear equivalent mechanical parameters to be
exploited in simple response spectrum analyses for the design of braced frames implementing
the AHDs are argued hereafter and exemplified through a case-study building. The comparison with the response calculated for the same building protected by conventional bilinear hysteretic dampers allows to claim the following achievements: (a) not impaired structural
performance under severe ULS earthquakes; (b) enhanced protection of “accelerationsensitive” NSCs under weak but frequent SLS events.
2

WORKING PRINCIPLE OF THE NEW DAMPER

Among common steel dampers, the Shear Hysteretic Panel (SHP) was the starting point for
the development of the novel Adaptive Hysteretic Damper (AHD). The SHP consists of a
steel plate with equally spaced openings delimiting a set of dissipative laminae (Fig. 1-left)
[20]. The relative motion between the bottom and the upper edge of the SHP induces the shear
deformation of the laminae first in the elastic and later in the plastic range (Fig.1-center) resulting in a typical bilinear hysteretic response (Fig.1-right). Despite SHPs exhibit a considerable energy absorption capacity and lateral stiffness even under small drift angles (ߛ ൌ ݀ Τ)ܮ,
that makes them very suitable for braced frames, their widespread application has been so far
constrained by their unsatisfactory strength against out of plane loads (buckling).

Figure 1: SHP damper: undeformed configuration (left), deformed configuration (centre), and typical bilinear Fd response (right).

The main novelties introduced by the AHD are shown in Fig. 2:
x the three-dimensional “hollow-section” arrangement of multiple laminae with an optimized “hourglass-shape” to form a dissipative core (the orange color element in Fig. 2-
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left) capable to withstand high drift angles (hence displacement amplitudes) and overcome buckling problems. The clockwise alternated transmission of tension and compression loads at the corners of the core engages the shear deformation of the laminae;
x the “in series connection” between a minor (D1, green element) and a major (D2, orange element) dissipative core (Fig. 2-left) allows the development of an innovative
“two-stages” hysteretic behavior (Fig. 2-right). The different yielding strengths of the
minor (ܨ௬ǡଵ) and major (ܨ௬ǡଶ  ܨ௬ǡଵ ) hysteretic cores are obtained by varying the
number and/or the geometry of the hysteretic laminae. Two connection plates (CP) are
used to link the dissipative cores to the main structural frame while a plate featuring a
slotted hole, hereafter referred as “GAP-element”, is introduced to mutually link the two
dissipative cores. This connector acts as a very stiff end-stroke stopper that: (a) during
minor SLS earthquakes, allows the exclusive plastic engagement of the minor core; (b)
during severe ULS events, enforces the activation of the major dissipative core to
achieve higher levels of effective stiffness and equivalent damping.

Figure 2: Adaptive Hysteretic Damper: device assembly (left) and innovative “two-stages” hysteretic loop (right).

Assuming that both the CP and the GAP elements offer very stiff elastic reactions (݇ ՜
λ) even during the most severe design loads, the F-d backbone curve of the AHD (Fig. 3left) can be described through an analytical model that depend on the following parameters
only: (a) yielding force of the minor (ܨ௬ǡଵ) and major (ܨ௬ǡଶ ) core; (b) elastic stiffness of the
minor (݇ǡଵ) and major (݇ǡଶ  ݇ǡଵ) core; (c) plastic stiffness of the minor (݇ǡଵ ) and
major (݇ǡଶ  ݇ǡଵ) core; (d) width of the slotted hole of the gap-connector (݀ீ ). Four different displacement fields can be distinguished:
x field A (݀௫  ݀௬ǡଵ ): both D1 and D2 operate in their elastic regime (݀௬ǡଵ denotes the
yielding displacement of the minor core). The device reacts as a soft spring to SLS static and dynamic loads;
x field B (݀௬ǡଵ ൏ ݀௫  ݀ாௌ ): D1 is deformed in its plastic field while D2 still reacts in
the elastic region (ୗ  ୋ represents the displacement amplitude at the attainment of
the contact in the gap-connector element). The device offers a minor effective stiffness
and a certain damping level in order to minimize the effects of frequent SLS earthquakes;
x field C (݀ாௌ ൏ ݀௫  ݀௬ǡଶ ): the attained “contact condition” in the gap-element prevents any further deformation of D1 while, on the contrary, entrusts the incremental
loads to D2 that is still reacting in its elastic regime (݀௬ǡଶ denotes the yielding displacement of the minor core);
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x field D (݀௬ǡଶ ൏ ݀௫  ݀௨ ): the gap-element is still effective and D2 is eventually deformed in its plastic field maximizing the energy dissipation capacity of the damper and
providing a higher effective stiffness in order to minimize the structural damages under
strong ULS earthquakes.
SLS operation fields
field A: ݀௫  ݀௬ǡଵ

field B: ݀௬ǡଵ ൏ ݀௫  ݀ாௌ

ܨሺ݀ሻ ൌ ݇ǡଵ ή ݀
ܨ௬ǡଵ ൌ ܨ௬ǡଵ
݀௬ǡଵ ൌ ܨ௬ǡଵ Τ݇ǡଵ 
۔
݇ǡଵ ή ݇ǡଶ
݇ǡଵ ൌ

݇ǡଵ  ݇ǡଶ
ە
ۓ

ۓ
۔
ە

ܨሺ݀ሻ ൌ ܨ௬ǡଵ  ݇ǡଵ ൫݀ െ ݀௬ǡଵ൯
ܨாௌ ൌ ܨ௬ǡଵ  ݇ǡଵ൫݀ாௌ െ ݀௬ǡଵ൯
݀ாௌ ൌ ݀ீ  ቂቀܨ௬ǡଵ  ݇ǡଵ൫݀ீ െ ݀௬ǡଵ൯ቁൗ݇ǡଶቃ
݇ǡଵ ൌ

݇ǡଵ ή ݇ǡଶ

݇ǡଵ  ݇ǡଶ

ULS operation fields
field C: ݀ாௌ ൏ ݀௫  ݀௬ǡଶ

field D: ݀௬ǡଶ ൏ ݀௫  ݀௨

ܨ ۓሺ݀ሻ ൌ ܨாௌ  ݇ǡଶሺ݀ െ ݀ாௌ ሻ
ܨ௬ǡଶ ൌ ܨ௬ǡଶ
݀۔௬ǡଶ ൌ ݀ீ  ܨ௬ǡଶΤ݇ǡଶ
݇ ەǡଶ ؆ ݇ǡଶ

൜

ܨሺ݀ሻ ൌ ܨ௬ǡଶ  ݇ǡଶሺ݀ െ ݀௬ǡଶሻ
݇ǡଶ ؆ ݇ǡଶ

Figure 3: Force-displacement response of the AHD: backbone trend (left) and relevant analytical model (right).

3

EXPERIMENTAL TESTS

The force-displacement response of the AHD was assessed in displacement-controlled tests
carried out at the Eucentre Lab. (Pavia, Italy) [21] on a full-scale prototype made of structural
steel S355 and characterized by: (1) minor hysteretic core featuring ܨ௬ǡଵ ൌ ͶͷͲ݇ܰ, ݇ǡଵ ൌ
ͺͲ݇ܰȀ݉݉, ݇ǡଵ ൌ ǤͲ݇ܰȀ݉݉ (2) width of the hole in the gap-connector ݀ீ ൌ േͳͷ݉݉;
(3) major hysteretic core featuring ܨ௬ǡଶ ൌ ͳ͵ͷͲ݇ܰ , ݇ǡଶ ൌ ʹͶͲ݇ܰȀ݉݉ , ݇ǡଶ ൌ
ͳͺǤͲ݇ܰȀ݉݉.
According to the European Standard EN15129 (§ 6.2) [22], the testing protocol (Table 2)
provided four runs with increasing displacement amplitudes equal to 25%, 50%, 100%, and
132% of the ULS design displacement (݀ௗ ), respectively. In particular, the first two runs
provides “only” 5 cycles and are conceived to assess the response the device for low and medium intensity earthquakes, while the third run (10 cycles at 100% of ݀ௗ ) is exploited to assess the degradation of the offered effective stiffness and damping due to low-cycle fatigue
under severe ULS earthquakes. Eventually, in the last run, usually known as “displacementcapacity” test, the robustness of the damper is verified at the overload displacement ݀ௗ obtained amplifying ݀ௗ by a reliability (ߛ௫ ൌ ͳǤͳ) and a safety (ߛ ൌ ͳǤʹ) factor [1].
run
1
2
3
4

ampl.
(mm)
±16.3
±32.5
±65.0
±86.0

vel.
(mm/s)
10
10
10
10

shape

cycles

notes

triangular
triangular
triangular
triangular

5
5
10
1

ൌ ͲǤʹͷ ή ݀ௗ
ൌ ͲǤͷͲ ή ݀ௗ
ൌ ͳǤͲͲ ή ݀ௗ
ൌ ͳǤ͵ʹ ή ݀ௗ

Table 2: Testing protocol.

During the tests, the deformations of the AHD were recorded through an electronic displacement transducer (LVDT) while instantaneous values of axial load by means of the load
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cell of the testing machine. In this regard, Fig. 4 depicts the device in its maximum compression and elongation configurations (achieved during the “displacement-capacity” test) and Fig.
5 shows the recorded experimental loops (overlapped with the analytical backbone curve).
The following results can be appreciated:
x a stable response of the AHD during runs No. 1-3. In particular, since the recorded
loops of each run are practically overlapped, in agreement with the requirement of the
EN 15129, both the energy dissipated per cycle ( )ܥܦܧand the effective stiffness (݇ )
of the device did not degrade more than 10% due to the low-cycle fatigue;
x the absence of sudden stiffness-drops at max/min displacement amplitudes of run no. 4
witnessing the capability of the device to withstand even higher loads/deformations;
x a fair agreement between the analytical F-d backbone plot (red-dashed lines obtained
through the Equations in the panel of Fig. 3) and the experimental data.

Figure 4: Maximum compression (top) and elongation (bottom) configurations reached by the AHD during run4.

Figure 5: Recorded experimental loops.
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4

DESIGN OF BRACED FRAMES THROUGH SPECTRAL ANALYSIS

A recent study [23] has proven that the dynamic response, both in terms of maximum displacement and peak acceleration at roof level, of a multi-storey frame implementing the novel
AHDs, can be predicted by means of simple iterative response spectrum analyses, where both
the bare frame and the dissipative braces are schematized by means of linear equivalent
SDOF systems. The basic assumption of this calculation method is the “a-priori knowledge”
of the structural properties of the bare frame. This is always typical of retrofit-projects while
for new buildings can be achieved through a preliminary design of the bare frame (e.g. accounting for the gravitational loads only). A modal analysis is hence performed to assess the
participation factor ߁ ൌ ݉ כΤσ ݉ ߶ଶ and the participating mass ݉ כൌ σ ݉ ߶ of the fundamental mode shape. The lateral capacity of the bare frame is also appraised through nonlinear
static (pushover) analyses under constant gravity loads and monotonically increasing horizontal loads (Fig. 6-left). Two distributions of lateral loads are considered, namely a “modal” pattern (resembling a triangular height-wise profile) and an “uniform” pattern as per EC8
provisions [1]. Among the two obtained capacity curves (base-shear  ܨversus control-point
displacement ݀), the one associated to lowest strength is then processed (Fig. 6-right) in accordance with Annex B of EC8 [1]. The pushover curve ሺܨǢ ݀ሻ of the MDOF system is then
scaled by the modal participation factor Ȟ to obtain the capacity curve F*-d* of the equivalent
ி
ௗ
single-degree-of-freedom (SDOF) system ቀ כ ܨൌ Ǣ ݀ כൌ ቁ. For clarity, hereinafter the quan

tities with superscript "*" will refer to equivalent SDOF systems, and quantities devoid of sufכ
כ
, yield ݀௬ǡி
, and ultimate
fix will refer to real MDOF systems. The yield force ܨ௬ǡி
כ
displacement ݀௨ǡி (where subscript ̶ ̶ܨstands for “frame”) are determined under the equal
energy criterion assuming an ideal elastic-perfectly plastic force-displacement relationship.

Figure 6: Qualitative representation of a pushover analysis (left) and definition of equivalent elastic-perfectly
plastic SDOF system of the bare-frame (right).

כ
Given a certain displacement demand (݀௫
) of the seismic motion, the effective stiffness
כ
כ
(݇ǡி ), and ductility demand (ߤி ) of the bare frame are calculated as:
כ
݇ǡி

ߤிכ

כ
 כΤ כ
כ
כ
݇ǡி
ൌ ܨ௬ǡி
݀௬ǡி ݀௫
 ݀௬ǡி
ൌቊ כ
כ
כ
כ
כ
݀௬ǡி
ܨ௬ǡி Τ݀௫
൏ ݀௫
 ݀௨ǡி

כ
כ
ͳ݀௫
 ݀௬ǡி
ൌቊ כ
כ
כ
כ
כ
݀௬ǡி
݀௫ Τ݀௬ǡி
൏ ݀௫
 ݀௨ǡி
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In particular, it has been recently proven [23] that the design parameters of the AHD can
כ
be iteratively adjusted in order to achieve a desired displacement target at ULS (݀௧ǡௌ
)
כ
כ
selected between two possible ranges: (1) ݀௧ǡௌ  ݀௬ǡி when the goal is to maintain the
כ
כ
כ
൏ ݀௧ǡௌ
൏ ݀௨ǡி
when a certain level of plasticization
frame in the elastic range; (2) ݀௬ǡி
of frame can be accepted.
The spectral analysis is then carried out approximating the response of the braced frame
through two linear equivalent SDOF systems working in parallel (Fig. 7-left) and accounting
for the frame (F*) and the damper (D*) responses. The effective vibration period of the
כ
) is conventionally calculated as:
braced frame (ܶǡிା
כ
ൌ ʹߨට
ܶǡிା

כ

(3)

כ
כ
ቀǡಷ
ାǡವ
ቁ

כ
is the effective lateral stiffness of the AHD (whose definition is given in next
where ݇ǡ
Section).
Adapting the original formulations for “in parallel damping mechanisms” [24], the equivaכ
) can be calculated through the following
lent viscous damping of the braced frame (ߦǡிା
weighted average [25]:
כ
כ
ߦǡிା
ൌ ߦǡி


כ
כ
כ
כ
కǡಷ
ήாೠǡಷ
ାకǡವ
ήாೠǡವ

(4)

כ
כ
ாೠǡಷ
ାாೠǡವ

כ
being: (a) ߦǡி
the viscous damping offered by the frame in the elastic range (typically 5%
כ
כ
and ܧ௨ǡ
the energy dissipated
and 2% for r.c. or steel structures, respectively); (b) ܧ௨ǡி
by the frame and the AHD, respectively.
כ
The estimation of the equivalent viscous damping (ߦǡ
) developed by the AHD is argued
כ
in the next Section while the one offered by frame (ߦǡி ) is calculated as [26]:


כ
ൌ ή ൬ͳ െ
ߦǡி
గ

ଵ
כ
ఓಷ

್

൰ ή ൭ͳ 

ଵ
כ
ቀ்ǡಷశವ
ାቁ



൱ή

ଵ
ே

(5)

being: (a) ܰ ൌ ͳ  ሾͳΤሺͲǤͷ  ܿሻௗ ሿ; (b) ܽ ൌ ͳͶͲ, ܾ ൌ ͲǤͷ, ܿ ൌ ͲǤͺͷ, ݀ ൌ ʹ.
For a generic set of AHD design parameters, i.e. ith couple of parameters
ሺሻ

כ
כ
൫ܶǡிା
ǡ ߦǡிା
൯ , the peak displacement of the braced frame is obtained by reducing the
כ
ǡ ͷΨ൯ ) through the
elastic (viscous damping 5%) spectral displacement ( ܵௗǡௌ ൫ܶǡிା
spectral reduction factor (Ʉ) proposed in [24]:
כ
כ
ܵௗǡௌ ൫ܶǡிା
ǡ ߦǡிା
൯

൞

ሺሻ

ൌ

ଵ
ఎ ሺሻ

כ
ή ܵௗǡௌ ൫ܶǡிା
ǡ ͷΨ൯

ሺሻ
כ
ߟሺሻ ൌ ටΤሺʹ  ߦǡிା
ሻ

(6-a,b)

כ
כ
כ
כ
כ
כ
, ܨ௬ǡଶ
, ݇ǡଵ
, ݇ǡଵ
, ݇ǡଶ
, ݇ǡଶ
, ݀ீ ) כare
The mechanical parameters of the AHD (ܨ௬ǡଵ
hence iteratively varied (Fig. 7, right) until the spectral displacement of the braced frame conሺሻ

כ
כ
כ
verges to the design target (ቚܵௗǡௌ ൫ܶǡிା
ǡ ߦǡிା
൯ െ ݀௧ǡௌ
ቚ  ݈ݐ, being  a small
כ
enough tolerance parameter (e.g.  ݈ݐൌ ͲǤͲͳ ή ݀௧ǡௌ ).
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Since the iterative design process could seem not trivial (seven variable parameters), some
“good practice” criteria that guide designers and practitioners to a fast identification of the
optimal layout of the AHD are provided in Section 4.2. Moreover, in Section 5, specific rules
for the spatial distribution of the AHD units at the different storey levels of the MDOF frame
are also provided and applied to a real case-study building.

Figure 7: Proposed calculation method: rheological model (left) and iterative response spectrum analyses (right).

4.1.

Linear equivalent properties of the AHD

According to a good design practice, it is assumed hereafter that beam elements used to
link the AHDs to the bare frame are very stiff and hence, even under severe earthquakes,
undergo neglibible elastic deformations without affecting the effective stiffness offered by the
dampers [23]. Otherwise, a simple approach to account for the flexibility of link elements can
be found in [19].
כ
The effective stiffness provided by the AHD (݇ǡ
) reflects the “two-steps” hysteretic
כ
) and
behaviour of the device (see Fig. 8) and, depending on the displacement demand (݀௫
כ
strength demand (ܨ௫ ) of the occuring earthquake (i.e. SLS or ULS), can be calculated as:
 כା  כήሺௗכ
כ
ிǡభ
ೌೣ ିௗǡభ ሻ
ǡభ

כ
݇ǡ
ൌ ൞ ிכ

כ
ௗೌೣ

כ
כ
݀௫
 ݀ாௌ
ሺܽܵܮܵݐሻ

כ
כ
כ
כ
ಶೄ ௗಶೄ ାிೌೣ ሺௗೌೣ ିௗಶೄ ሻ
మ
כ
ௗೌೣ

כ
כ
݀௫
 ݀௬ଶ
ሺܽܵܮܷݐሻ

(7-a,b)

It is worth noting that, embracing the approach proposed in a recent study in [25], Eq. 7-b
can be obtained equalizing the total elastic energy stored in the minor and major dissipative
כ
כ
כ
ൌ ܧǡଵ
 ܧǡଶ
):
cores to the elastic energy stored in a virtually equivalent linear spring (ܧǡ
ଵ
ଶ

ଵ

ଵ

ଶ

ଶ

ଶ
כ
כ כ
כ
כ
כ
כ
݇ǡ
݀௫
ൌ ܨாௌ
݀ாௌ  ܨ௫
ሺ݀௫
െ ݀ாௌ
ሻ

(8)

One can note that Eq. 8 alternatively means that the sum of the two blue shaded areas shown
in Fig. 8-right is equal to the grey shaded one.
Despite an apparently simple “in series” arrangement of the two hysteretic cores, the
effective damping offered by the AHD obeys to slightly more complex rules. Indeed, during
כ
כ
 ݀ாௌ
), only the minor core (D1) is plastically engaged
minor SLS earthquakes ( ݀௫
כ
providing a certain energy dissipation (ductility level ߤଵ
 ͳ) while the major (D2) acts as a
כ
non-dissipative link (ߤଶ ൌ ͳ). On the contrary, under more demanding ULS displacements
כ
כ
כ
(݀௫
 ݀௬ǡଶ
), the major core is activated experiencing a certain ductility demand (ߤଶ
 ͳ)
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while the deformation of the minor core is freezed at the maximum level allowed by the gap כΤ כ
כ
connector (ߤଵ
ൌ ݀ாௌ
݀௬ǡଵ ):
כ
ߤଵ

כ
כ
 ݀௬ǡଵ
ͳ݀௫
כ
כ
כ
כ
כ
Τ݀௬ǡଵ
݀௬ǡଵ
൏ ݀௫
 ݀ாௌ
ൌ ቐ݀௫
 כΤ כ
כ
כ
݀ாௌ
݀௬ǡଵ  ݀௫
 ݀ாௌ

כ
ߤଶ

(9-a÷c)

כ
כ
ͳ݀௫
 ݀௬ǡଶ
כ
כ
ିௗಸ
ሻ
ൌ ൝ሺௗೌೣ
ି כௗ  כሻ
ሺௗǡమ
ಸ

(10-a,b)

כ
כ
݀௫
 ݀௬ǡଶ

כ
כ
The equivalent viscous damping offered by the minor ( ߦǡଵ
) and major ( ߦǡଶ
)
dissipative cores are calculated by means of the formulation proposed in [26] for bilinear
hysteretic systems:



כ
ൌ ή ቆͳ െ
ߦǡሺሻ
గ

ଵ
್
כ
ఓವሺሻ

כ
െ ͲǤͳ ή ݎሺሻ ή ߤሺሻ
ቇ ή ൭ͳ 

ଵ
כ
ቀ்ǡಷశವ
ାቁ



൱ή

ଵ
ே

(11)

where: (a) the subscript "ሺ݅ሻ" refers to the minor (݅ ൌ ͳሻ or major (݅ ൌ ʹ) core, alternatively;
כ
(b) ܰ ൌ ͳ  ሾͳΤሺͲǤͷ  ܿሻௗ ሿ ; (c) ܽ ൌ ͳͶͲ , ܾ ൌ ͲǤͷ , ܿ ൌ ͲǤͺͷ , ݀ ൌ ʹ ; (d) ߤ
and ݎ ൌ
כ
כ
݇ǡ Ȁ݇ǡ are the ductility demand and hardening ratio, respectively.
כ
Eventually, the overall equivalent viscous damping offered by the damper (ߦǡ
) is calculated through this weighted average [25]:
כ
ൌ
ߦǡ

כ
כ
כ
כ
కǡವభ
ήாೠǡವభ
ାకǡವమ
ήாೠǡವమ
כ
כ
ாೠǡವభ
ାாೠǡವమ

(12)

כ
כ
and ܧ௨ǡଶ
the energy dissipated by the minor and major hysteretic core (Fig.
being ܧ௨ǡଵ
9), respectively.

כ
Figure 8: Definition of the damper effective stiffness for minor SLS displacements (left, ݀௫
 ݀ாௌ ), and
כ
severe ULS displacements (right, ݀௫  ݀௬ǡଶ ).

3239

E. Gandelli, J. Distl, P. Huber, and C. Braun

Figure 9: Definition of the energy dissipated by the two hysteretic cores for minor SLS displacements (left,
כ
כ
݀௫
 ݀ாௌ ), and severe ULS displacements (right, ݀௫
 ݀௬ǡଶ ).

4.2. Simplified set of AHD design parameters
כ
כ
כ
כ
Due to the large number (seven) of the AHD design parameters (ܨ௬ǡଵ
, ܨ௬ǡଶ
, ݇ǡଵ
, ݇ǡଶ
,
כ
כ
כ
݇ǡଵ , ݇ǡଶ , and ݀ீ ), the definition of the optimal damper layout could seem not easy. To
overcome this issue, some criteria to simplify/reduce the variable parameters are provided
hereafter. Within this framework, the ratios ߙி , ߙ , and  ݎare introduced to link the design
parameters of the two hysteretic cores and those of the bare frame [23]:
כ
כ
Τܨ௬ǡଶ

ߙி ൌ ܨ௬ǡଵ
כ
כ
ቐ ߙ ൌ ݇ǡଵΤ݇ǡி 
כ
כ
כ
כ
Τ݇ǡଵ
Τ݇ǡଶ
 ݎൌ ݇ǡଵ
ൌ ݇ǡଶ

(13-a÷c)

In particular, at designer's discretion, ߙ and  ݎcan be selected within the ranges (ߙி ൌ ͲǤ͵ െ
ͲǤ, ߙ ൌ ʹ െ ͳͷ, and  ݎൌ ͲǤͲͳ െ ͲǤͳͲ) suggested in [23] leading to:
כ
כ
ܨ௬ǡଵ
ൌ ߙி ή ܨ௬ǡଶ

כ ۓ
כ
݇ǡଵ ൌ ߙ ή ݇ǡி 
כ
כ
݇ǡଶ
ൌ ሺߙ Τߙி ሻ ή ݇ǡி

כ ݇۔
כ
ǡଵ ൌ  ݎή ߙ ή ݇ǡி 
כ
כ
݇ەǡଶ ൌ  ݎή ሺߙ Τߙி ሻ ή ݇ǡி

(14-a÷e)

Moreover, accomplishing to the “adaptive working principle” of the AHD providing the
exclusive engagement of the minor (D1) core during weak SLS events, a suitable criterion for
the selection of the width (݀ீ ) כof the gap-connector is [23]:
כ
כ
ǡ ߦǡிା
൯
݀ீ כൌ ߛ௫ ή ߛ ή ܵௗǡௌௌ ൫ܶǡிା

(15)

כ
כ
being: (a) ܵௗǡௌௌ ൫ܶǡிା
ǡ ߦǡிା
൯ the spectral displacement calculated at SLS; (b) ߛ௫ ൌ ͳǤͳ,
and ߛ ൌ ͳǤʹ a reliability and a safety factor, respectively [1].
The “good practice” design assumptions described in this Section allow to reduce the
כ
number of variable parameters to the couple (ܨ௬ǡଶ
; ߙி ) leading to a fast identification of
most suitable AHD layout.
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5

A CASE-STUDY

In this Section, a seismic retrofit intervention of the “Piastra building” of the hospital
complex of Lamezia Terme, a small city located in southern Italy, is designed through the
previously proposed iterative spectral analyisis. The beneficial effects offered by the AHDs,
compared to traditional bilinear hysteretic dampers (BHDs), are discussed and quantified. For
sake of simplicity, only the longitudinal frame of the “block C” is considered hereafter (Fig.
10-a). This building, erected in the early 70's, features a quite flexible r.c. frame (fundamental
period equal to 1.06s) and would not be capable to survive the ULS design earthquake [4].
The reference retrofitting solution through conventional BHDs has been already proposed
elsewhere [5]. In the same study, the characteristic parameters of both the real MDOF and the
equivalent SDOF system of the bare frame are provided (Table 3).
The new retrofitting solution provides the replacement of the traditional BHDs with the
innovative AHDs designed to ensure an unaltered degree of structural protection under severe
ULS events, and offer an enhanced seismic response to minor SLS earthquakes. In this regard,
according to the provisions of the Italian Building code [27], a severe “SLV” (ULS level) and
a weak “SLO” (SLS level) design spectrum, featuring respectively PGA=0.45g and
PGA=0.17g, were defined considering a topographic category T1, a nominal life of the
building ܸே ൌ ͳͲͲ( ݏݎܽ݁ݕcorresponding to a reference period ܸோ ൌ ܿ௨ ή ܸே ൌ ʹͲͲ) ݏݎܽ݁ݕ,
and foundation-soil type B.
By analogy with the design-assumption of traditional BHDs [5], the ULS displacement
כ
ൌ ݀௧ǡௌ Τ߁ ൌ
target of the new retrofit-project is set to ݀௧ǡௌ ൌ ͷͲ݉݉ ( ݀௧ǡௌ
͵Ǥͺ݉݉) in order to maintain the frame in the elastic field and avoid the hammering with the
adjacent “block B”. Besides this target, thanks to the iterative spectral procedure and the
design criteria provided in the previous Section, the following set of AHD design parameters
is detected to ensure minimal spectral accelerations under weak but frequent SLS earthquakes
כ
ൌ ͵ͲͲ݇ܰ , ߙி ൌ ͲǤ͵ͺ, ߙ ൌ ͳͷ ,  ݎൌ ͲǤͲͷ , and ݀ீ כൌ ͳͶ݉݉ . The relevant
[23]: ܨ௬ǡଶ
effective period and equivalent viscous damping of the braced frame are: (i) at ULS design
כ
כ
כ
ൌ ͲǤͷ͵ݏ, and ߦǡிା
ൌ ʹͻǤʹΨ; (ii) at SLS design level, ܶǡிା
ൌ ͲǤͶݏ,
level, ܶǡிା
כ
and ߦǡிା ൌ ʹ͵ǤΨ. The (equivalent SDOF) design parameters of the selected AHD layout
and those of the original BHD [5] are compared in Table 4.

1
2
3

ܑܕ
(ton)
1333
1302
954

ડ
(-)
1.36

כܕ
(ton)
2148

storey

real MDOF frame
۴ܡǡ۴ǡܑ
ܑ
(-)
(kN)
0.28
4703
0.63
3886
1.00
2090
equivalent SDOF system
כ
۴ܡǡ۴
ܡכ܌ǡ۴
(kN)
(mm)
4704
62.3

ܔ܍ ܓǡ۴ǡܑ
(kN/mm)
344
187
75
ܔ܍כ ܓǡ۴
(kN/mm)
75.5

Table 3: Characteristic parameters of the bare frame: real MDOF system (F) and equivalent SDOF one (F*).
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כ
۴ܡǡ۲
(kN)
2760

כ
۴ܡǡ۲
(kN)
7300

ܔ܍כ ܓǡ۲
(kN/mm)
1133

novel AHD
ܔܘכ ܓǡ۲
ܔ܍כ ܓǡ۲
(kN/mm) (kN/mm)
2998
85.0

ܔܘכ ܓǡ۲
(kN/mm)
224.9

כ܌۵
(mm)
14.0

כ
۴ܡǡ۲
(kN)
7000

traditional BHD
ܔܘכ ܓǡ۲
ܔ܍כ ܓǡ۲
(kN/mm) (kN/mm)
1124
28.1

Table 4: Design parameters of the selected AHD compared to those of the traditional BHD (eq. SDOF systems).

Once defined the design parameters of the equivalent SDOF of the AHD, the the yielding
force of the minor (ܨ௬ǡଵǡ ) and major (ܨ௬ǡଶǡ ) cores of the physical AHD devices installed at
the ith storey of the real MDOF frame are sized through this rule [23]:
ிǡಷǡ

൞

ܨ௬ǡଵǡ ൌ ൬ ி כ൰ ൬
ǡಷ

ிǡಷǡ

כ
ிǡವభ

ಲಹವǡ ή௦ణ
כ
ிǡವమ

ܨ௬ǡଶǡ ൌ ൬ ி כ൰ ൬
ǡಷ

ಲಹವǡ

൰
(16-a,b)

൰
ή௦ణ


and similarly for the elastic stiffness of the two cores:
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resulting in the following plastic stiffnesses:
൜

݇ǡଵǡ ൌ  ݎή ݇ǡଵǡ
݇ǡଶǡ ൌ  ݎή ݇ǡଶǡ

(18-a,b)

being: (a) ܨ௬ǡிǡ and ݇ǡிǡ the overall lateral yielding-strength and elastic stiffness of the
columns at the ith storey level [19], respectively; (b) ݊ுǡ the number of AHD units installed
at the same level; (c) ߴ the inclination angle of the dissipative braces (Fig. 10,b).
כ
The “storey-distribution” of ݀ீ
among the AHD units installed at the different storey
levels is assumed to reflect the fundamental mode shape [23]:
כ
݀ீǡ ൌ ߁థభ ή ሺ߶ଵǡ െ ߶ଵǡିଵ ሻ ή ݀ீ
ή ܿߴ ݏ

(19)

The complete set of design parameters of the real AHD units installed along the diagonal
braces of each storey level are listed in Table 5.
The effectiveness of the new retrofitting solution is proven through NLTH analyses carried
out in OpenSees FEM code [28] developing a specific modelling strategy for the AHD units
[23]. Two sets of seven ground motion records (Fig. 11), one for the SLS and one for the ULS
design spectrum, were identified by means of the software REXEL [29] enforcing the “spectrum compatibility” criterion in the range [0.15-2.0s]. According to the reference Standard
[27], the structural integrity of the frame is checked at ULS and the serviceability of the hospital at SLS considering the average response over the seven independent history analyses.
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level
1
2
3

ۯܖ۶۲ǡܑ
(-)
12
12
12

ܑ
(°)
54.8
44.2
51.3

۴ܡǡ۲ǡܑ
(kN)
399
265
163

۴ܡǡ۲ǡܑ
(kN)
1055
701
432

ܔ܍ ܓǡ۲ǡܑ
(kN/mm)
1293
455
240

ܔ܍ ܓǡ۲ǡܑ
(kN/mm)
3423
1205
635

࢘
(%)
7.5
7.5
7.5

܌۵ǡܑ
(mm)
3.1
4.8
4.4

Table 5: Design parameters of the different AHD units installed at each storey level.

Figure 10: Spatial arrangement of the AHD units: (a) in-plan location; (b) vertical layout.

Figure 11: Selected ground motion records for NLTH analyses at SLS (left) and ULS (right).

כ
כ
According to the design assumption (i.e. ݀௧ǡௌ
൏ ݀௬ǡி
), r.c elements of the braced
frame react to the seismic shaking remaining always in their elastic range. This is witnessed
by Fig. 12 that shows the calculated displacement envelopes over the storey levels: the average peak displacement at roof level is equal to 16mm for SLS events and to 52mm (؆
݀௧ௌ ) for ULS earthquakes. In particular at SLS, despite the “AHD solution” is a bit more
flexible than the “BHD solution” (16mm vs. 13mm of peak displacement, respectively),
כ
ൌ ʹ͵ǤΨ), the
thanks to the significant damping offered by the minor hysteretic core (ߦǡிା
displacement increase does not represent a hazard neither for “displacement-sensitive” nor for
“drift-sensitive” NSCs. Indeed, as shown in Fig. 13-right, the largest inter-storey drift affects
the 2nd columns level with a peak of 0.17% (practically identical to 0.16% calculated for the
“BHD solution”) that is widely below the “immediate occupancy” average limits for both the
weakest “drift-sensitive” NSC (0.75% for infill walls) [3] and r.c. column elements (0.66%)
[7].
The enhanced protection level offered by the innovative AHDs is evident comparing the
envelopes of PFAs at SLS (Fig. 13-left). The PFAs calculated at 3rd storey level are 0.20g and
0.42g for the retrofitting solution implementing the AHDs and the BHDs, respectively. This
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כ
achievement can be easily explained considering the lower effective period (ܶǡிା
ൌ ͲǤ͵͵)ݏ
כ
and minor equivalent viscous damping (ߦǡிା ൌ ͺǤͻΨ) offered by common BHDs (i.e.
stiffer structure with lower energy dissipation capacity). As shown in Fig. 14, the huge reduction (-52%) of the PFAs leads also to markedly less demanding floor response spectra (calculated assuming a conventional viscous damping equal to 5%). These plots allow to compare
the actual acceleration experienced by all NSCs (characterized different fundamental periods)
installed at the different storey levels. For all oscillation periods in the range [0 - 4.0s], the
floor response spectrum of the new “AHD solution” lies practically always below that of the
original “BHD solution” ensuring reduced peak values: -20%, -55%, and -53% for NSCs installed at first, second, and third storey level, respectively. Compared to the response offered
by traditional BHDs, one can therefore conclude that the innovative AHDs, besides an unaltered protection level for both structural and non-structural drift-sensitive elements, can guaranty a considerably enhanced safeguard of “acceleration-sensitive” elements leading to a
more prompt operation of the building after the quake and to likely reduced repairing costs.

Figure 12: Average displacement envelopes calculated for the braced frame under SLS (left), and ULS (right)
earthquakes.

Figure 13: Average PFA (left) and inter-storey drift (right) envelopes calculated for SLS earthquakes.
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Figure 14: Average floor response spectra (ߦ ൌ ͷΨ) calculated from acceleration time-histories obtained for
SLS earthquakes: storey 1 (left), storey 2 (center), and storey 3 (right).

6

CONCLUSIONS

Traditional bilinear hysteretic dampers (BHDs) dampers are usually designed to guaranty
the structural integrity of braced buildings under severe ULS seismic events. As a drawback,
under weak but frequent SLS earthquakes, they practically behave as stiff springs causing
high PFAs that are detrimental for “acceleration-sensitive” nonstructural components (NSCs).
To overcome this drawback, the innovative Adaptive Hysteretic Damper (AHD), capable
to develop a two-steps hysteretic loop and to modulate its effective stiffness and damping
based on the intensity of the occurring earthquake, has been presented claiming the following:
x results of experimental force-displacement tests have proven the reliability and robustness (i.e. stable response) of the device under repeated cyclic motions with increasing
amplitudes;
x simple response spectrum analyses can be exploited for the design of braced buildings
implementing the AHDs whose linear equivalent mechanical properties can be calculated through the analytical formulas provided in this paper;
x the main benefits arising from to the implementation of novel AHDs, rather than common BHDs, in braced frames have been quantified through NLTH analyses carried out
on a case-study building. Very similar lateral displacements and inter-storey drifts envelopes have been calculated for the two structural systems, at both ULS and SLS design
levels, resulting in the same protection level for structural and nonstructural sensitive
elements. On the contrary, at SLS, the adoption of the new AHDs leads to markedly reduced peak floor (up to -52%) and spectral accelerations (up to -55%) ensuring: (a) an
enhanced protection of “acceleration-sensitive” NSCs; (b) a more prompt response of
the building after the quake; (c) likely reduced repairing costs.
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Abstract
The inter-storey seismic isolation technique is becoming increasingly attractive for the seismic risk mitigation of buildings, also as alternative strategy to base isolation. The reasons for
applying this technique can be various and of different nature, such as: architectural concerns, feasibility of construction, and performance benefits. An interesting application of this
technique concerns its use for adding upper storeys to existing buildings, avoiding the increase of seismic forces on the substructure, or even reducing them. Therefore, this technique
could also be effective for seismic retrofit applications, using the mass of the superstructure
as a nonconventional TMD for controlling the dynamic response of the substructure.
Among the main issues concerning this application, there is the need to control the relative
displacement between the two structural parts and the acceleration of the superstructure,
while improving the seismic performance of the substructure.
In this paper, a multi-objective optimization method for the dynamic characteristics of the additional superstructure is presented, which uses a TMD approach and considers the performances of the substructure, isolation system and superstructure. A 3-storey (3 DOF) case
study structure was taken as a reference, analysing a wide range of isolated masses, isolation
periods and damping ratios. Time-history analyses are finally performed, based on the optimization results, in order to assess the effectiveness of both the optimization method and the
isolation technique, also considering the structural non-linearity.
Keywords: Inter-Storey Isolation System (IIS), Tuned Mass Damper (TMD), MultiObjective Optimization, Frequency Response Functions, Time-History Analyses.
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1

INTRODUCTION

The inter-storey isolation system (IIS) is becoming increasingly attractive, as it allows
greater freedom in the structural conception of skyscrapers and multi-purpose buildings by
defining two independent structures, i.e. substructure and superstructure, which may have different forms, materials and uses (e.g. [1, 2]). This represents both an advantage for architectural design and a sustainable solution for densely populated areas, as it allows significant
savings on land use. Furthermore, in some cases, the base isolation technique encounters economic and technical issues that can prevent its application; for example, its application is often difficult and expensive in existing buildings, and generally more than applying isolation
between storeys.
Moreover, the IIS technique can be applied to add extra storeys on the top of existing
buildings, with appropriate vertical capacity, without increasing the base shear forces (e.g. [3,
4, 5]). In particular, the isolated superstructure, when properly designed, can be used as a
Tuned Mass Damper (TMD) to improve the seismic behaviour of the substructure, thus making this technique very advantageous when retrofitting and elevation of the existing building
are both required.
From a functional point of view, the IIS technique combines the functions of seismic isolation and mass damping; indeed, the isolation system is a filter for the inertial forces transmitted to the superstructure and, at the same time, induces the isolated superstructure to exert a
mass damping action on the substructure, improving the seismic behaviour of the latter. In the
literature, two main conceptual approaches can be identified, each of which focuses on one of
the two main aspects of the IIS, i.e. seismic isolation or mass damping (TMD).
Studies that address the problem from the point of view of seismic isolation evaluate the
interaction between the superstructure and the substructure, the effects of the higher vibration
modes and their possible coupling, using frequency and mass ratios as design parameters (e.g.
[6, 7, 8, 9, 10, 11, 12]), but also the optimal parameters of additional Fluid Viscous Dampers
(FVDs) installed in the IIS (e.g. [2, 13, 14]). 3 degree-of-freedom (DOF) models (e.g. [8, 9])
or multi DOF models (e.g. [2, 10, 12]) are generally adopted, depending on the purpose of the
study.
Other researchers, on the other hand, approach the study of the IIS following the strategy
of mass damping, which is based on the principle of TMD, and considering the peculiarities
of the IIS, namely the fact that the isolated mass also performs structural and housing functions in addition to that of dynamic control. The design parameters are the mass and frequency ratios between the TMD and the primary structure, and the damping ratio provided by the
TMD. Generally, frequency and damping ratios are optimized for set values of mass ratio, using simplified 2 DOF models.
The concept of TMD for structural application was first introduced by [15], who applied a
secondary mass to a single degree-of-freedom (SDOF) system harmonically excited. [16] first
established a TMD design approach to suppress the peak displacement of an undamped SDOF
system (primary structure) sinusoidally excited. This approach is based on the observation
that all frequency response functions (FRFs) of the combined 2 DOF system (SDOF primary
structure with TMD), obtained for various damping ratios of TMD, pass through two specific
points (“fixed point theory”). Following the same design approach of [16], [17] derived the
TMD design formula to optimizes the performance of the undamped SDOF primary structure
in the case of harmonic excitation at the base (more useful for earthquake engineering applications). Later, [18] proposed the equations for the optimal tuning parameters of the TMD in
the case of damped SDOF primary structures. Then, [19] first conceived the idea of using a
heavily damped vibration absorber (or TMD) to reduce the seismic response of the structure.
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In particular, he suggested to tune the TMD in resonance with the primary structure and
showed that its best performance is obtained when the two complex vibration modes of the
resulting 2-DOF system have similar damping ratios, and approximately equal to the mean
damping ratio between those of the TMD and the structure.
For several years, studies have focused on TMDs with low mass ratios, which are also often susceptible to tuning problems (e.g. [20]). Only more recently, various investigations have
been directed towards TMDs with large mass ratios, also called nonconventional TMDs, given the growing interest in innovative applications such as mega-sub-control-structures
(MSCS), inter-storey isolation systems and sliding roof systems (e.g. [21]). These TMDs have
shown greater robustness than those with low mass ratios, due to their lower sensitivity to tuning (e.g. [22]). In particular, [23] showed that the design formulas proposed by [19] do not
guarantee the equality of the modal damping ratios of the two complex modes in the case of
TMD with mass ratios greater than 0.005; therefore, through a numerical procedure, [23] provided new design equations that result in equal damping ratios and equal frequencies for the
two vibration modes. [24] validated the TMD tuning equations obtained by [23], proposing an
analytical formulation that matches the same results. [25] proposed an alternative approach
for tuning TMDs with large mass ratios, still equalizing the damping ratios but, at the same
time, minimizing the maximum FRF amplitude associated with the displacement of the primary structure. The TMD damping ratio according to this last approach is significantly lower
than that deriving from the model of [23], despite ensuring a similar efficiency of the TMD.
[26] proposed an energy-based design methodology for non-conventional TMDs, which maximizes the ratio between the energy dissipated by the isolation system (located between the
masses of a 2DOF system) and that of the input earthquake. [27] compared different optimization approaches, minimizing the variance of the responses (i) in displacement or (ii) in acceleration of the primary structure, or (iii) maximizing the energy dissipated by the TMD system
(like [26]). [28] provided the equations for optimal TMD tuning, using a 2 DOF reducedorder model without damping in the main structure, minimizing (i) the maximum amplitudes
of the base shear force under harmonic excitations, or (ii) the variance of the base shear force
under a band-limited random excitation of white noise. [21], similarly to [25], proposed a
TMD optimization approach that approximately equals the damping ratios of the 2 DOF system and, at the same time, minimizes its overall response; in particular, in addition to minimizing the FRF of the displacement of the primary structure, as done by [25], [21]
simultaneously minimized the FRF of the acceleration of the nonconventional TMD, holding
the latter also structural functions.
This paper investigates the inter-storey isolation system (IIS) as a technique for adding upper storeys to an existing building, improving at the same time its seismic behaviour. A 3storey case study structure (without considering the IIS) is taken as a reference, analysing a
wide range of isolated masses, isolation periods and damping ratios. First, some assessments
are carried out on the effects that the IIS parameters (normalized to the substructure characteristics) have on the dynamic response of the substructure, using the complex modal analysis
and evaluating the FRFs of the equivalent 2 DOF system. An alternative approach for tuning
the IIS (or TMD) parameters is then proposed, carrying out two multi-objective optimizations
that consider the performance of the substructure along with that of the isolation system (to
limit the P-Δ effects on the substructure, OPT1) or along with that of the superstructure (to
limit the TMD accelerations, OPT2). It is worth noting that high damping values in the IIS are
effective in limiting the relative displacement of the isolators (and therefore the P-Δ effects)
but could have negative effects on the overall structural behaviour, especially on the superstructure and its content (e.g. [2, 13, 14, 29]). Parametric time-history analyses are finally performed, based on the optimal solutions obtained for the IIS parameters, in order to assess the
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effectiveness of the optimization method and therefore of the isolation technique, also considering the structural non-linearity.
2

CASE STUDY STRUCTURE AND PARAMETER DEFINITION

For reasons of clarity, even if the study presented here is of general applicability, reference
was made to a generic three-storey structure, representative of regular RC frame buildings
with a fundamental period of about 0.3 s. The building is shown in Figure 1 and is characterized by the following floor masses, m1=m2=350 t and m3=300 t, and by the following storey
stiffnesses, k1=k2=k3=780 kN/mm. Assuming that the structure can support additional floors
(by its own capacity or through appropriate interventions), it is intended to add an isolated
superstructure above it (which can therefore be defined as substructure), whose total mass is
given by the masses of the isolation layer and the additional floors.
Conceptually, the IIS subdivides the structure into three main parts, i.e. the substructure,
the isolation system and the superstructure. As said before, some relevant studies focusing on
the aspect of seismic isolation analyse the structure using 3 DOF or multi DOF models, while
other studies adopting TMD approaches evaluate the structural response using 2 DOF reduced-order models. However, as demonstrated in various studies (e.g. [7, 12]), when the
mass ratio (μ) between the isolated mass and the mass of the substructure is less than 1, there
is a “mass damping” behaviour, and therefore it is possible to neglect the higher vibration
modes of the superstructure, simplifying the system with an equivalent 2 DOF model.
Thus, considering values of μ in this study up to 1, both substructure and isolated superstructure were modelled with an equivalent SDOF model. In particular, the substructure is
characterized by an angular frequency (ωSDOF) of 21 rad/s (i.e., vibration period of about 0.3 s)
and a damping ratio (ξSDOF) of 5%; its equivalent mass (mSDOF) is 606 t and corresponds to the
modal mass of the first vibration mode of the 3 DOF structure, calculated as in Equation 1,
where ϕ1 is the first eigenvector normalized to 1 and Mst the mass matrix of the structure. On
the other hand, the isolated superstructure is characterized by the parameters mIS (sum of the
masses of isolation and superstructure), ωIS and ξIS (angular frequency and damping ratio of
the isolation system), as shown in Figure 1; the relation between mIS and ωIS is given in Equation 2, where kIS is the IIS stiffness. Considering the parameters of the isolated superstructure
normalized to those of the substructure, as generally done in TMD approaches, the mass (μ)
and frequency (ν) ratios in Equation 3 can be defined, which together with ξIS represent the
dimensionless parameters of the nonconventional TMD to be optimized. Lastly, Equation 4
shows the matrices of mass (M), damping (C) and stiffness (K) of the 2 DOF reduced-order
model (Figure 1b), as a function of the aforementioned parameters.
In this study, the optimization is performed for the parameters ν and ξIS, considering the
range from 0.05 to 1 for ν and the range from 0.01 to 2 for ξIS, for set values of μ (0.25, 0.5,
0.75 and 1).
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(a)

(b)

Figure 1: (a) MDOF models of the structure without and with IIS. (b) Related reduced-order models.

3

ASSESSMENT OF STRUCTURAL BEHAVIOUR IN FREQUENCY-DOMAIN

3.1

Complex modal analysis

In traditional structural design, damping is assumed proportional to mass and stiffness and
the results from classical modal analysis are not affected by it (as the C matrix is not included
in the problem formulation). When using non-proportional damping (e.g., in the case of IIS,
where the damping is concentrated in some parts of the structure), the actual modal characteristics are different from the classical ones, and require a non-classical or complex modal analysis for their evaluation (e.g. [30]).
In this study the state-space formulation is adopted, which allows to decouple the equations
of motion transforming the system with n second-order differential equations into a system
with 2n first-order differential equations, where n is the DOF number, namely:
.

..

v(t ) = Av(t ) + I g u g (t )

(5)

where v(t) is the state space vector at time t, A is the state space matrix, Ig is the input vector
..

and u g (t ) is the applied input process. v(t), A and Ig are defined below:
ªxº
v(t ) = « . » ; A
«¬ x »¼

I º
ª 0
ª0º
«-M -1K -M -1C» ; I g = «-τ »
¬
¼
¬ ¼

(6)

where x and x are the relative displacement and relative velocity vectors, respectively; I is
the unitary matrix of dimensions 2x2; M, K and C are the system matrices defined in Equation 4; τ is the unitary vector of dimensions 2x1. Therefore, the eigenvalue problem can be
defined as:
Aψ i

Oi ψ i

(7)

where λi represents the eigenvalues and ψi the eigenvectors.
Since the main objective of this study is the control of the seismic response of the substructure through the IIS, Figure 2 shows the results relating to the second vibration mode of the 2
DOF model (i.e., the mode associated with the deformation of the substructure), for μ=0.5,
values of ν equal to 0.2, 0.4 and 0.6, and values of ξIS in the range 0 - 2.
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(a)

(b)
Figure 2: Complex modal analysis results of 2 DOF system, for μ=0.5, ν=0.2, 0.4, 0.6, ξIS=0 - 2: (a) eigenvectors
of the second mode; (b) normalized frequency ω2 and damping ratio ξ2 of the second mode, as a function of ξIS.

Figure 2a shows that, for low to medium values of the frequency (ν) and damping (ξIS) ratios, the masses move in a decoupled way (characteristic behaviour of the isolated structures,
due to the filter action exerted by the IIS), while increasing the value of the previous parameters the two masses reduce their relative displacement until, beyond certain values of ν and ξIS,
they move together. Instead, Figure 2b shows that, as ξIS increases, the frequency of the second mode (ω2) is reduced, while the damping ratio of the second mode (ξ2) first increases and
subsequently, for high ξIS values, it decreases. In particular, the peak of ξ2 seems to be corresponding to the change in concavity of the ω2/ωSDOF curve. These variations are greater for
higher ν values (i.e., for more rigid IIS), as the resulting 2 DOF system is more coupled in
terms of mass displacement. In fact, a “perfect coupling” (for sufficiently high ν and ξIS values)
will lead to a single vibration mode having a modal mass equal to (mIS+mSDOF) and a modal
damping ratio equal to that of the substructure, ξSDOF (which justifies the reduction of ξ2 for
high ξIS values).
3.2

Frequency Response Functions

To analyse the influence of the parameters μ, ν and ξIS on the actual structural response, the
frequency response functions (FRFs) of the equivalent 2 DOF systems (obtained parametrically by varying the values of μ, ν and ξIS indicated in Section 2) were evaluated. FRFs express how a sinusoidal signal with a given input frequency is transferred within the system. In
particular, the FRFs associated with the displacements (H(ω)) and accelerations (Ha(ω)) of
the various DOF of the system can be defined as follow, where ω is the excitation vibration
frequency:
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H(Z )
H a (Z )

(Z 2 M  iZC  K ) 1 MW
Z 2 H(Z )  W

(8)

Specifically, the investigated FRFs concern the drift of the substructure (i.e., of the lower
mass) |H1(ω)|, the drift of isolation (i.e., between the two masses) |H2(ω)-H1(ω)|, and the acceleration of the superstructure (i.e., of the upper mass) |Ha2(ω)|. Figure 3 shows the trend of
the selected FRFs with respect to the variation of ω and one of the main parameters (μ, ν, ξIS)
at a time – therefore as 3D surfaces – assuming μ=0.5, ν=0.4 and ξIS=0.5 as reference values
for the other parameters. The following observations can be drawn:
x Increasing the values of μ results in a reduction of |H1(ω)| and |Ha2(ω)|, and therefore in a
better structural performance in terms of drift of the substructure and acceleration of the
superstructure; instead, the influence of μ on |H2(ω)-H1(ω)| (i.e., on the isolation drift) is
not very significant.
x Low values of ν allow to limit the acceleration of the superstructure; intermediate values
of ν (e.g., between 0.4 and 0.6) seem the most effective solution to reduce the drift of the
substructure; on the other hand, high values of ν are optimal for reducing the isolation
drift, even if they induce significant amplifications both on the substructure drift and on
the superstructure acceleration.
x The increase in the ξIS values provides an effective initial reduction of the substructure
drift and of the superstructure acceleration, at least up to medium-high values of ξIS
(about 0.5), beyond which a further increase leads to a significant amplification of both
|H1(ω)| and |Ha2(ω)|. Instead, ξIS is always effective in reducing the isolation drift, as also
confirmed by other studies (e.g., [2, 13, 14]).

Figure 3: Trends of the FRFs as a function of μ, ν and ξIS; reference parameters: μ=0.5, ν=0.4 and ξIS=0.5.
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4
4.1

MULTI-OBJECTIVE OPTIMISATION
Proposed approach

As seen in the Introduction, many of the literature studies on the optimization of TMD parameters (at least up to the most recent ones) seek the maximum effect of “mass damping”
focusing on the minimization of the response of the primary system, thus neglecting the performance of the tuned mass (i.e., IIS drift and acceleration) in the optimization procedure.
However, controlling the deflection of the isolators (and thus also the P-Δ effects on the substructure) and the acceleration of the superstructure can be of significant interest considering
that the mass to be tuned is in fact a habitable building.
In order to model the stochastic nature of the seismic input, the Power Spectral Density
(PSD) function of a zero-mean Gaussian stochastic process, S(ω), is generally assumed; considering this type of process, the random vibration theory produces the following covariance
matrices:
f

³ H(Z ) S(Z ) H(Z )

Cov[xxT ]

*T

dZ

f

(9)

f

.. .. T

*T
³ H a (Z ) S(Z ) H a (Z ) dZ

Cov[x x ]

f

Furthermore, assuming the seismic excitation also as a white noise process, its PSD function is no longer dependent on ω (S(ω)=S0); therefore, in order to obtain the optimal TMD parameters (i.e., μ, ν, ξIS, variables of |H(ω)| and |Ha(ω)|), the minimization of the integrals in
Equation 9 is equivalent to the minimization of the integrals in Equation 10, where σ2 and σa2
are the displacement and acceleration variance, respectively.

V 2 S0

f

³

2
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2

H a (Z ) d Z

f

By defining the FRFs of the reference SDOF system, in terms of displacement (HSDOF(ω))
and acceleration (Ha,SDOF(ω)) as:

H SDOF (Z )

(Z 2  iZ 2[ SDOF ZSDOF  ZSDOF 2 ) 1

H a , SDOF (Z )

(11)

Z 2 H SDOF (Z )  1

the following Performance Indices (PIs) can be defined:
f
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2
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f
f
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f

where, PI1 and PI2 are respectively the substructure drift variance and the isolation drift variance both normalized to the drift variance of the equivalent SDOF system, whereas PI3 is the
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superstructure acceleration variance normalized to the acceleration variance of the SDOF system. Therefore, based on these PIs, the objective functions (OFs) are defined as follow:
OF1

min PI1 ([ IS ,Q )

OF2

min PI 2 ([ IS ,Q )

OF3

min PI 3 ([ IS ,Q )

(13)

In particular, two multi-objective optimizations (OPT1 and OPT2) are performed, simultaneously minimizing OF1 and OF2 (OPT1), or OF1 and OF3 (OPT2), with the aim of controlling the substructure performance but, at the same time, also the deflection of the isolators or
the acceleration of the superstructure.
In order to solve these multi-objective optimization problems, the well-known Nondominated Sorting Genetic Algorithm NSGA-II (e.g. [31, 32]) was used. This algorithm,
widely used in practical optimization problems, first creates an initial parent population P0, of
size N, with a random process; then, sorts this population according to the non-domination
criterion (i.e., assigning to each solution a rank based on its non-domination level – e.g. 1 for
the best level, 2 for the next one and so on – and minimising it); subsequently, it generates an
offspring population Q0, of size N, through binary tournament selection, recombination and
mutation operations. Once the initial parent (P0) and offspring (Q0) populations are defined,
an iterative procedure is carried out for a set number of generations (to be defined according
to the stability and convergence of solution). This procedure allows to determine the parent
and offspring populations at generation (k+1) starting from those at generation (k). In particular, the solution Pk+1, of size N, is generated starting from the combined population Rk=Pk+Qk,
of size 2N, based on two cascading criteria: the solutions preferred are (i) those of lesser (nondomain) rank and, among solutions of equal rank, (ii) those located in a less crowded region
(selected by a crowding comparison operator). Using the new parent population (Pk+1),
through a binary tournament selection, crossover and mutation operations, the new offspring
population (Qk+1) is then created. This procedure continues until the last generation required.
The main parameters of this algorithm are therefore the number of generations, the size of the
population sought and the mutation and crossover probabilities; the values set in this study for
these parameters are shown in Table 1.
Parameter
Generations
Population
Mutation probability
Crossover probability

Value
120
80
0.1
0.9

Table 1: Parameters set for the NSGA-II algorithm.

4.2

Optimization results

The results obtained by the NSGA-II algorithm, i.e. the Pareto fronts, are shown in Figure
4 for both optimizations (OPT1 and OPT2). The main considerations are reported below.
x Overall, for the various cases analysed, the minimum values of OF1 (OF1min) are approximately equal to 0.4 (both for OPT1 and OPT2), indicating a clear reduction of the substructure drift due to the application of the IIS (i.e., of the isolated superstructure).
x Then, while the minimization of OF2 (in OPT1) causes values of OF1 greater than 1, the
minimization of OF3 (in OPT2) allows values of OF1 always less than 1; this means that
the solutions aimed at minimizing the superstructure acceleration do not cause an increase in the substructure drift compared to the case without IIS (i.e., the SDOF system),
as instead occurs when the minimization of the isolation drift is sought.
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x The values of OF3 show that the superstructure accelerations, when optimized, are significantly reduced compared to those of the existing substructure (i.e., the SDOF system).
x It is also worth noting that, as μ increases, the minimum values of OF1 and OF2 increase
– for OPT1 (Figure 4a), whereas the minimum values of OF1 and OF3 decrease – for
OPT2 (Figure 4b).

(a)

(b)

Figure 4: Pareto fronts (minimum values of OFs) for set values of μ: (a) OPT1; (b) OPT2.

Since OF1 indicates the reduction of the variance of the substructure drift, a range from
OF1min to OF1=0.7 (i.e., 30% reduction) – as shown in Figure 4 – is considered effective for
the purposes of this study; in particular, three values of OF1 were selected for subsequent
evaluations (for both optimizations), namely OF1min, OF1=0.5 and OF1=0.7.
Figure 5 shows the optimal values of the IIS (or TMD) parameters, for both OPT1 (Figure
5a) and OPT2 (Figure 5b), associated with the selected OF1 values. In particular, the optimal
values of ξIS and ν are shown as a function of μ, as well as the values of OF2 for OPT1 and the
values of OF3 for OPT2. The following observations can be derived:
x The OF1min solutions (which minimize the variance of the substructure drift) are the same
for both OPT1 and OPT2 optimizations, as expected. For these solutions, as μ increases,
the values of ξIS increase and those of ν decrease; therefore, these optimal solutions range
from the “mass damping” behaviour towards that of “intermediate seismic isolation”, as
already observed in previous studies.
x As regards the OPT1 optimization, the reduction of OF2 (i.e., of the variance of the isolation drift) is associated with the increase of the values of ξIS and ν, that is, with solutions
that induce a greater coupling between the two structural parts.
x On the other hand, regarding the OPT2 optimization, reductions of OF3 (i.e., of the variance of the superstructure acceleration) are possible by increasing the values of ξIS and
reducing those of ν, even significantly (especially for OF1=0.7 and low μ values).
x Looking at the values of OFs as a function of μ, it can be seen that OF2 is more sensitive
for high values of μ, whereas OF3 for low values of μ. In these respective μ ranges, multiobjective optimization is more effective and beneficial than single substructure performance optimization.
x The minimization of OF3 (see the case OF1=0.7), in the case of low values of μ, is obtained by considerably reducing ν (i.e., increasing the filter action offered by the IIS) and
significantly increasing ξIS (beyond the critical damping value for the presented study).
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(a)

(b)
Figure 5: OPT1 (a) and OPT2 (b): optimal values of ξIS, ν, OF2 and OF3 as a function of μ (OF1=OF1min, 0.5, 0.7).

4.3

Comparison with other literature solutions

The optimal values of the IIS parameters (ξIS, ν) obtained for the OF1min solution (equal for
OPT1 and OPT2), which minimize the displacement variance of the primary system, are
compared in Figure 6 with other relevant literature solutions, as the mass ratio μ varies. These
solutions are taken from: [17], who provided a closed-form solution for the TMD parameters
in the case of an undamped primary SDOF system with base harmonic excitation; [25], who
optimized the parameters of TMDs with large mass ratios by matching the damping ratios of
the 2 DOF system while minimizing the maximum FRF amplitude associated with the displacement of the primary structure; [27], who proposed different approaches, including the
minimization of the displacement variance of the primary structure (displacement approach)
and the maximization of the energy dissipated by the TMD system (energy approach).
It is worth considering that the various solutions compared in Figure 6 refer to different
values of the damping ratio of the primary structure (ξSDOF), i.e.: 0% for [17], 5% for [25] and
this study, and 2% for [27]. However, as discussed in previous study (e.g. [25, 27, 21]), reasonable variations of ξSDOF do not significantly affect the optimal TMD parameters.
As can be seen from these comparisons, the results obtained for OF1min are very similar to
those obtained by the other literature approaches, and in particular by [27] (displacement approach).

Figure 6: Optimal IIS parameters obtained in this study compared to other TMD solutions from the literature.
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5

ASSESSMENTS THROUGH TH ANALYSES

5.1

Structure modelling and seismic input

This section shows the results of a Time History (TH) analysis, carried out on the 3 DOF
case study structure (see Section 2) without and with IIS, in order to evaluate the optimization
solutions previously obtained and therefore the effectiveness of the IIS technique.
The structure (see Figure 7) was modelled as a lumped mass system with a non-linear
structural behaviour, assuming the bi-linear hysteretic law of Takeda for the substructure,
which is often used to describe the behaviour of ductile RC frames. This hysteretic model was
calibrated on the elastic stiffness of each storey, assuming a ratio r between the post-yield
stiffness and the elastic stiffness equal to 0.2, and an inter-storey drift δy at yield equal to
0.5%. The superstructure was modelled as a linear SDOF system, adopting for the IIS parameters (ν and ξIS) the optimal values obtained, associated with the mass ratio μ=0.5 and the solutions of OF1 = OF1min, 0.5 and 0.7, of both the optimizations performed (OPT1 and OPT2).

Figure 7: Hysteretic model of the substructure and optimal parameters of the IIS used for the TH analyses.

Time History analyses were performed for eight natural accelerograms, chosen among
those of the European Strong-Motion Database (ESD, [33]). They were scaled to be compatible, on average, with the following elastic response spectrum of EC8: Type 1, ag=0.25g (bedrock acceleration) and soil B (i.e., soil factor S=1.2); the peak ground acceleration PGA
(=ag·S) is 0.3g. The main details of the natural records chosen are reported in Table 2, and the
acceleration spectra are shown in Figure 8, together with that of EC8.
Ref.

Earthquake

Location

Date

Mw

Acc.1
Acc.2
Acc.3
Acc.4
Acc.5
Acc.6
Acc.7
Acc.8

Montenegro (aftershock)
Campano Lucano
Erzincan
Ano Liosia
Campano Lucano
Tabas
Ano Liosia
Montenegro

Montenegro
Italy
Turkey
Greece
Italy
Iran
Greece
Montenegro

1979/05/24
1980/11/23
1992/03/13
1999/09/07
1980/11/23
1978/09/16
1999/09/07
1979/04/15

6.2
6.9
6.6
6.0
6.9
7.3
6.0
6.9

Distance from
epicentre [km]
20
33
13
18
33
57
20
25

Table 2: Information on the assumed accelerograms.
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Fault
mechanism
thrust
normal (y)
strike slip
normal
normal (x)
oblique
normal
thrust

Scale
factor
5.42
3.02
0.59
3.51
3.04
1.71
0.32
0.66
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Figure 8: Acceleration response spectra compatible with the EC8 (Type 1) spectrum.

5.2

Analysis results

The main results obtained are shown in Figures 9 to 11. Figure 9 (for OPT1) and Figure 10
(for OPT2) shows the profiles of inter-storey drift and floor acceleration; in particular, they
show the maximum values obtained from the analysis of the single accelerograms and the related average values. On the other hand, Figure 11 shows (for both OPT1 and OPT2) the results obtained for the isolation drift (DIS). The following considerations can be drawn:
x All the optimal solutions adopted made it possible to significantly reduce both the maximum inter-storey drifts and the maximum floor accelerations in the substructure, compared to the case without IIS. In particular, in the case without IIS, the maximum drift
values exceeded the yield limit drift (δy=0.5%), causing inelastic structural deformations;
instead, the optimal solutions of the IIS always allowed to remain in the elastic range.
x The OF1min solution, common to OPT1 and OPT2, is associated with the better performance of the substructure in terms of inter-storey drift, as expected.
x For OPT1 optimization, as the accepted value of OF1 increases (i.e., solutions OF1=0.5
and then OF1=0.7), the drift profiles of the substructure remain similar to those in the
case of OF1min, i.e. there is no clear reduction in the substructure performance in terms of
drifts, while it improves in terms of floor accelerations; then, as expected, the accelerations of the superstructure increase (albeit slightly), to the advantage of a greater reduction of the isolation drift (see Figure 11), due to the minimization of OF2 along with OF1.
x For OPT2 optimization, as the accepted value of OF1 increases (i.e., OF1=0.5 and then
OF1=0.7), the response of the substructure worsens compared to the case of OF1min, both
in terms of maximum inter-storey drifts and floor accelerations; then, as expected, the accelerations of the superstructure are considerably reduced, due to the minimization of
OF3 along with OF1, at the expense of an increase in the deflection of the isolation system (with however acceptable values, as shown in Figure 11).
x It can be noted that moving away from the OF1min solution (e.g., OF1=0.7), the OPT1 results tend to give a more uniform response of the substructure along the building height,
also reducing its variability with respect to the earthquake, whereas the OPT2 results
provide a greater decoupling between the two structural parts (typical of seismic isolation), reducing the control function on the substructure.
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Figure 9: Profiles of inter-storey drift and floor acceleration, for OPT1 solutions.

Figure 10: Profiles of inter-storey drift and floor acceleration, for OPT2 solutions.
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Figure 11: Isolation drift (DIS) values resulting from both optimizations (OPT1 and OPT2).

Figure 12 summarizes the main results obtained from the two optimizations. In particular,
it shows the ratio between the average structural responses obtained for OF1=0.5 and OF1=0.7
and the respective ones obtained for OF1min, considering the following performance parameters: substructure drift (θmax, associated with OF1), isolation drift (DIS, associated with OF2)
and superstructure acceleration (AU, associated with OF3).
Consistently with what was previously observed, and with respect to the OF1min solution
(which minimizes the substructure drift), the OPT1 optimization allows to strongly reduce DIS
(even more than 50%) while maintaining good performances in terms of θmax and AU, which
are only slightly amplified. On the other hand, the OPT2 optimization allows strong reductions in AU (greater than 50%) at the expense of appreciable amplifications of θmax and DIS.

Figure 12: Average structural responses (for the cases OF1=0.5 and 0.7) normalized to the case of OF1min.

6

CONCLUSIONS

A study investigating the inter-storey isolation system (IIS) as a technique for adding upper
storeys to an existing building, while improving its seismic behaviour, is presented. A 3storey case study structure (without considering the IIS) was taken as a reference.
The first part of the study evaluated the effects of the main parameters of the IIS (or nonconventional TMD) on the dynamic response of the substructure; these parameters are the ratios of damping (ξIS), frequency (ν) and mass (μ), with ν and μ referring to the substructure
characteristics. Given the prevailing “mass damping” behaviour for μ values ≤ 1, the structure
was modelled with a reduced-order 2 DOF model. The evaluation was performed in the frequency domain, using the complex modal analysis and the frequency response functions
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(FRFs) of the substructure drift, the isolation drift and the superstructure acceleration. The
variations of the characteristics of the second vibration mode and of the FRFs were evaluated
over the entire range assumed for the various parameters of the IIS (i.e., ξIS from 0 to 2, ν and
μ from 0 to 1). These preliminary assessments led to the subsequent definition of the methodology to optimize the IIS parameters.
In particular, two alternative multi-objective optimizations were proposed, named OPT1
and OPT2, minimizing different objective functions (OFs). OPT1 minimizes the variance of
the substructure drift (OF1) along with that of the isolation drift (OF2); OPT2 still minimizes
the variance of the substructure drift (OF1), but together with the minimization of the acceleration variance of the superstructure (OF3).
The NSGA-II algorithm was used to solve the multi-objective problem, searching for the
best solutions of ν and ξIS for set μ values. The solutions obtained from OPT1 and OPT2 were
compared with each other, as well as with other relevant solutions from the literature. To this
end, representative optimal solutions were selected from the Pareto fronts on the basis of the
value of OF1, i.e. OF1 = OF1min (≈0.4), 0.5 and 0.7.
Finally, based on these optimal solutions, time-history analyses were performed, in order
to verify the effectiveness of the optimization approach and therefore the beneficial effects of
the IIS technique. For this purpose, a set of natural accelerograms was assumed, which is
compatible with the EC8-Type1 spectrum, with soil B and PGA=0.3 g, and the substructure
was modelled as a lumped mass 3 DOF system with a non-linear structural behaviour. Overall,
the following conclusions can be drawn:
x The IIS technique, when its stiffness (ν) and damping (ξIS) parameters are suitably optimized in relation to the isolated mass ratio (μ), seems effective in improving the seismic
behaviour of the substructure (or existing structure).
x Considering the optimal solution that minimizes the variance of the substructure drift, i.e.
OF1min, the increase in the mass ratio (if allowed by the substructure in terms of vertical
capacity) leads to a reduction of the optimal values of ν and to an increase of those of ξIS,
i.e. solutions that are more similar to those of seismic isolation. Consequently, increasing
μ reduces the accelerations of the superstructure but increases the drift of the isolation
system.
x The OPT1 optimization provides effective solutions to reduce the isolation drift while
containing the maximum values of the substructure drift similar to those of the OF1min solution. With the solutions of OPT1, a more uniform behaviour of the substructure is also
obtained, minimizing floor accelerations.
x The OPT2 optimization provides effective solutions to reduce the superstructure acceleration while containing the maximum values of the substructure drift similar to those of
the OF1min solution. With the solutions of OPT2, a more decouple behaviour between the
two structural parts is also obtained, and therefore a lower reduction in the substructure
accelerations.
x OPT1 is particularly advantageous for the higher μ values (for which the isolation drift is
more sensitive – OF2), whereas OPT2 for the lower μ values (for which the superstructure acceleration is more sensitive – OF3). Finally, the solutions for OF1=0.5 seem a
good compromise for both optimizations.
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Abstract
The New San Giorgio Bridge has been built in a very short time between April 2019 and August 2020 in order to reconnect the highway system of the western part of Italy after the tragedy of the collapse of the Morandi Bridge, built in 1967 by prof. Riccardo Morandi. The new
viaduct has a steel concrete composite closed section for the deck, a structural scheme of continuous beam with a total of 19 spans supported by elliptical concrete box piers with a maximum height of 40 m. The bridge is seismically isolated by means of friction pendulum devices
and multidirectional bearings. In the transverse direction the seismic devices, except for two
piers, are a combination of friction pendulum and shear fuses. The paper describes the construction supervision process for the functional acceptance tests of the bearing devices with
respect to the Italian National Law, NTC2018, European norms EN15129 and EN1337, and
in fulfilment with the Technical Specifications issued by the Italian Railway system (RFI) and
Italian State Road Association (ANAS). The paper highlights the main issues encountered
during the application of the several specifications for the certification and acceptance processes. A description of the different functional tests required during the construction supervision process is presented as well as an overview of the different acceptance criteria of the
tests results. The aim is to provide useful recommendations for technicians involved in the
definition of the seismic acceptance tests for bearing devices for highway bridges in the Italian and European contest.
Keywords: New San Giorgio Bridge, Seismic isolation, Curved surface sliders, Certification,
Acceptance Tests, Benchmark test.
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1

INTRODUCTION

On the 14th August 2018 the highway Viaduct of the A10, one of the strategic roads of the
northern part of Italy, collapsed. This tragedy caused the death of 43 people that were crossing
the bridge in that moment.
The viaduct was designed between the 1964 and 1967 by the famous Italian Engineer prof.
Riccardo Morandi and it was a cable stayed bridge structure with reinforced concrete post
tensioned cables.
On December 2018, RINA Consulting was charged to develop the Project and Management, the Construction Supervision, the Health and Safety Management for the demolition of
the Morandi Bridge and for the reconstruction of the Polcevera Viaduct, the Genoa new San
Giorgio Bridge (called for brevity San Giorgio Bridge in the following) designed by the Arch.
Renzo Piano. In this process, RINA took the role of technical and administrative support of
the Commissioner all along the design process and it has been present during all the activities
of demolition and reconstruction from the beginning to the end.
The San Giorgio Bridge has been designed by Italferr, starting from the concept of Arch.
Renzo Piano, and has been built by a consortium called PerGenova and composed by
WeBuild and Fincantieri. Because of the emergency, the reconstruction of the bridge was a
very challenging task as it involved in parallel the project development and the construction
phase.
As part of the Construction Supervision role, an important activity is the quality assurance
that requires the control of the construction products on site as well as in the factories.
One of the most important task related to the quality control for the San Giorgio Bridge
was related to the qualification and acceptance tests of the seismic devices and bearings installed in the viaduct to isolate the steel-concrete deck from the piers. This require the development of a detailed “Testing Protocol” as part of the quality control activity and this
document has been deployed taking into account: i) design specifications according to the design developed by Italferr; ii) drawings developed by the manufacturer Maurer SE and FIPMEC; iii) European norms and Italian specifications; iv) technical capabilities of the testing
devices present worldwide.
Figure 1 shows the San Giorgio Bridge after the construction phase. The testing program
according to the construction and project plan aiming at match the main milestones in terms
of deck launching and the time required to perform the tests. To this aim, the required functional tests have been organized in compliance with the construction plan requirement with
the support and contribution of all the laboratories charged to execute the tests. Differently
from other general design projects, in this case the acceptance process corresponds with the
certification process, generating many issues normally not present. Indeed, in this case, the
devices are not commercially produced elements, but have been realized “ad hoc” for the
bridge, due to the requirements from the design specifications (e.g., the presence of the 100
meter spans and the condition of only 2 devices on each pier led to significant dimensions and
acting forces for the devices).
This paper presents a detailed description of the whole testing program with a particular
focus on the acceptance tests protocol, as well as a summary of the performance of the devices during the specified static and dynamic tests. Despite the demanding testing requirements
in the new European norm, the results proved that the proposed design of the isolators successfully fulfilled the performance required for the acceptance of the devices.
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Figure 1: Pictures of the San Giorgio Bridge.

2

THE SEISMIC ISOLATION SYSTEM OF THE SAN GIORGIO BRIDGE

The San Giorgio Bridge has a length of 1067 m and the road level is at a height of 40 m.
The bridge has a steel-concrete composite deck with an overall width of 29.8 m and with a
distance between the supports of 7 m. From the structural point of view, the bridge is a continuous beam with all spans’ length of 50 m except for the three spans in the center (with a
length of 100 m and for the spans near the abutments that are shorter).
The deck is seismically isolated from the piers. The supporting scheme has been designed
to withstand the seismic actions, wind actions and thermal actions, particularly relevant in a
bridge with a length of 1067 m without intermediate movement joints. Figure 2 shows a plan
view of the bridge.

Spans subjected to RFI approval

Figure 2: Plane view of the San Giorgio Bridge.

The bridge is equipped with the following devices (between the parenthesis, the nomenclature as per the UNI EN15129 [1] is reported), according to the plan view of Figure 2: i) two
curved surface sliders (friction pendulum) on each pier from P2 to P17 with shear fuses for
the device on the north side (combined devices: curved surface sliders + fuses) and without
shear fuses for the device on the south side; ii) two multidirectional bearings on pier P1 and
P18; iii) two multidirectional bearings on the abutments A, west side, and abutments B, east
side; iv) a guided bearing in the center of the abutments; v) two curved surface sliders on the
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piers RP1-RP2-RP3 of the ramp; vi) an elastomeric device in the center of the abutment A of
the ramp; vii) two multidirectional bearings on the abutment A of the ramp.
The supporting system of the bridge has been designed to guarantee horizontal flexibility
of the bridge during the seismic actions; this to increase the structural period of vibration and
to reduce the seismic acceleration, while at the same time to limit the movement due to the
wind actions. For this reason, the shear fuses are placed on the isolators in the south side of
the piers from P2 to P17: these fuses aims at ensuring a fixed behaviour in the transversal direction for the serviceability limit states while they will break off in case of seismic event.
To avoid the direct contact between steel deck and concrete piers in case of extreme seismic events, the deck is also equipped with seismic restraints in the transversal direction in
each pier and in the transversal and longitudinal direction in the abutments. Movement joints
are provided only at the three abutments.
This paper focuses on the seismic certification and acceptance protocol followed for the
curved surface sliders, friction pendulum and, then, for the categories i) and v) previously described. Moreover, a detailed discussion is provided with reference to the acceptance tests for
the devices under investigation.
2.1

Seismic behavior of the curved surface sliders and combined devices

Curved surface sliders are seismic isolators that provide the four main functions of the base
isolation (see UNI EN 15129, 3.1.26) through an appropriate arrangement of curved sliding
surfaces; they use the characteristics of a pendulum to increase the natural period of the isolated structure. Several experimental and analytic studies on single and double concave surface sliders are present in literature, concerning different critical issues and the uniaxial and/or
the biaxial response (e.g., [2-5]).
The curved main sliding surface of Curved Surfaces Sliders provides a restoring force at
displacement d.
Energy is dissipated by friction due to movement in the main sliding surface. Rotations of
the structure are accommodated by the secondary sliding surface.
Figure 3 shows the functional principle and main elements of curved surface sliders for the
type A (see Table 1) curved surface sliders of the San Giorgio Bridge.

(a)

(b)

Figure 3: (a) Functional principle and main elements of Curved Surface Sliders for the type A (see Table 1)
curved surface sliders of the San Giorgio Bridge; (b) picture of the device.

The constitutive law of this typology of devices in the horizontal plane, under constant axial load, is usually described with the following relationship [6]:
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F

Mg  Pdin 

Mg
d
R

(1)

where:
F= horizontal force
Mg= N is the vertical force
R=radius of curvature of the device
d= horizontal displacement
Pdyn=dynamic friction coefficient
The resultant hysteresis loop is reported in Figure 4.

Figure 4: Force-Displacement relationship of the curved surface slider referred to the benchmark-cycle 2 test for
one of the bridge devices.

Figure 5 shows the break-away friction, also called stick-slip effect, that is the forces recorded when the motion of the device starts [7], as well as the increase of force that is recorded
with the inversion of the velocity.

Figure 5: Experimental behavior of curved surface slider referred to the frictional resistance test for one of the
bridge devices.

For the San Giorgio Bridge, the curved surface sliders are combined, in the transversal direction, with shear fuses. In this case, the device acts as a friction pendulum in the longitudi-
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nal direction while for the transverse direction is fixed until a specific value of force is
reached. Once the break-away force is reached the device has the same behavior in both the
horizontal directions. The main objective of the combination of the shear fuses for the viaduct
is to guarantee the benefits of the base isolation and to limit horizontal displacement under
transversal wind loads.
3

THE CERTIFICATION AND ACCEPETANCE PROCESS FOR THE CURVED
SURFACE SLIDERS IN THE EUROPEAN REGULATIONS FRAMEWORK

This chapter describes the certification and acceptance process for the curved surface sliders. Clearly, the design is directly linked to the recommendations of the country of realization
of the construction. In the case of the San Giorgio Bridge, the Italian national code (NTC
2018, [8]) is inserted inside the context of European codes and specifically the UNI EN 15129
[1] and the UNI EN 1337 [9]. NTC 2018 [8] clearly separate the tests related to the certification process from the tests related to the acceptance process. This separation between certification and acceptance processes and the relative definition of the tests plan for the curved
surface sliders is in perfect agreement with the suggestions of the UNI EN15129 [1] and UNI
EN1337 [9]. Moreover, according to NTC 2018 [8] specific tests should be added based on
the different type of isolators. For the case study of the San Giorgio Bridge, the curved surface sliders, described in Section 2, did not exist at the moment of the bridge design. They
have been designed from the company ad hoc for the San Giorgio Bridge. Thus, in this case
the certification and acceptance processes develop in parallel.
For the certification procedure, NTC 2018 (11.9.2) [8] requires that the anti-seismic devices must comply with the European standard harmonized UNI EN 15129 [1] and have the CE
marking. The system of evaluation and verification of the constancy of performance, provided
for in the aforementioned UNI EN 15129 [1], is applied. The certification procedures are intended to demonstrate that the device is capable of maintaining its functionality under the
conditions of use envisaged throughout the life of the project.
For the acceptance procedure, NTC 2018 (11.9.3) [8] requires mandatory on-site acceptance checks for all the types of devices; furthermore, the Works Supervisor, before in-situ
implementation, verifies the required certification documentation, and refuses the nonconforming devices. The Works Supervisor should also carry out the geometric verification
and dimensional tolerances. The acceptance tests can be performed and certified by a laboratory that is able to guarantee adequate competence, equipment and organization. For the
curved surface sliders, the methodology for the tests acceptance plan definition and for the
relative evaluation criteria are those reported in the UNI EN 15129 [1] with reference to the
Factory Production Control tests. Then, it is possible to use, for the purposes of acceptance
tests, also the Factory Production Control tests carried out within the certification process of
the devices in accordance with UNI EN 15129 [1] if (conditions respected for the case study
San Giorgio Bridge): i) the sampling of the devices was carried out, on the lots destined for
the specific site, by the Works Supervisor of construction site; ii) the tests are performed and
certified by a laboratory with adequate expertise, equipment and organization; iii) the aforementioned certificates explicitly indicate the construction site (s) where the supply is used.
Finally, the devices subjected to certification or acceptance tests may be used in construction only if: i) the elements stressed in the non-linear field are replaced or if their resistance to
low-cycle fatigue is at least one order of magnitude higher than the number of test cycles; ii)
and in any case only after that they are subject to verification of their perfect integrity and full
functionality.
The number of devices subjected to acceptance tests for the curved surface sliders is provided in Section NTC 2018 11.9.8.1 [8]. The acceptance tests must involve at least 20% of the
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devices, in any case not less than 4 and no more than the number of devices to be implemented.
3.1

UNI EN 15129

The UNI EN 15129 [1] standard is the European standard for the description of the process
of certification and acceptance for the curved surface sliders. The UNI EN 15129 [1] requirements have been integrated with additional tests required by national recommendations. However, a brief summary of the entire process of certification and acceptance processes is
summarized herein. Chapter 10 of UNI EN 15129 [1] concerns the Assessment and Verification of the Constancy of the Performance (AVCP). It specifies that the conformity of the antiseismic devices to the requirements of UNI EN 15129 [1] and to the performance declared
from the producer have to be demonstrated through: i) type-product identification; ii) check of
production in factory from the fabricator, including the assessment of the product.
Type-product identification is represented by the type tests that form the certification process together with the acquisition of the CE marking. According to UNI EN 15129 (10.2) [1],
all the mechanical features of the sliders needed for the design to guarantee the service life,
should be determined through type tests on full scale sliders, also including cyclic tests. The
tests results should confirm the representative values of the mechanical features of the sliders.
Check of production in factory is represented by the factory production control (FPC) tests
that form the acceptance process. According to UNI EN 15129 (10.3) [1], the fabricator
should keep a FPC system to ensure that the sliders are in compliance with the performance
declared in their essential features. The FPC includes also some specific tests for the devices
and the check on the raw materials. These general rules are valid for all type of sliders, while
the curved surface sliders are specifically analysed in Section 8.3.4 of UNI EN 15129 [1], defining the type tests (8.3.4.1) and the FPC tests (8.3.4.2).
Then, coherently with the purpose of this work, a focus is herein dedicated to the FPC tests
to complete the acceptance of the devices. Section 8.3.4.2 of UNI EN 15129 [1] presents the
tests to be implemented for the curved surface sliders (see Figure 6). In order to complete the
FPC checks, the following tests are required:
a) Vertical load bearing capacity (see Sect. 8.3.1.2.2.2 and 8.3.4.1.2 of UNI EN 15129 [1]);
b) Frictional resistance force under service conditions (see Sect. 8.3.1.2.2.5 and 8.3.4.1.3 of
UNI EN 15129 [1]);
c) Test run P1, also called benchmark test (see Sect. 8.3.1.2.2.6 and 8.3.4.1.5 of UNI EN
15129 [1]).
The testing of raw materials and constituents shall be carried out in accordance with Tab.
16 of UNI EN 1337- 2:2004 [9] or, in case of other sliding materials, according regulations
provided in the respective European Technical Approval (ETA).
In conclusion, Figure 6 summarizes the acceptance protocol of curved surface sliders in an
European framework, based on recommendations described in this chapter. Note that in addition to the required tests from the UNI EN 15129 [1], additional tests recommended from the
national codes and from other authorities involved in the project can be added to the tests protocol. Indeed, this was one of the main challenge of the acceptance test procedure: to ensure
the compliance to all the European and Italian codes and at the same time to guarantee the fulfilment of the technical specifications issued by the Italian Railway system (RFI) and by the
Italian State Road Association (ANAS).

3273

Marcello Cademartori, Andrea Miano, Antimo Fiorillo et al.

Figure 6: Flow-chart of acceptance protocol for the curved surface sliders.

In the case study of the San Giorgio Bridge, the Italian national code (NTC 2018, 11.9.8,
[8]) suggests adding to the protocol another test, called Quasi Static test. Moreover, it is to
note that in the case study of the San Giorgio Bridge, also the Technical Specifications issued
by the Italian Railway system (RFI) and Italian State Road Association (ANAS) have been
considered in the acceptance process. In particular, additional tests have been added to the
acceptance protocol tests based on the recommendations of RFI, that in some cases proposed
tests conceptually similar to the ones from UNI EN 1529 [1], but using different load conditions/setup conditions/acceptance parameters. In this paper, the acceptance tests required by
the RFI specifications are not treated.
4

ACCEPTANCE PROTOCOL TESTS: THE SAN GIORGIO BRIDGE CASE
STUDY

The main objectives of the testing program carried out for the San Giorgio Bridge were: i)
to guarantee the fulfilment of the applicable technical norms; ii) to guarantee the respect of
the design planned performances; iii) to investigate the behaviour of the devices with respect
to the comments and prescriptions issued by the different authorities during the approval process of the project (e.g. Technical Authority of the Italian Minister of Transportation and
comments by the Commissioning Authority); iv) to investigate the durability and long-term
behaviour of the devices applying all the tests available as per the most updated state of the art
in this field.
All the above objectives have been addressed aiming at the same time at the respect of the
project and construction plan.
Pursuing that the codes and specifications cannot regulate every aspects of complex phenomena, a pro-active role of the Construction Supervision team, in strong cooperation with
the designer with the manufacturer and with the laboratories, has been deployed with the
common purpose to verify the performance of the seismic devices while at the same time respecting the construction program.
The seismic acceptance tests have been performed in different testing facilities depending
on their loading and displacement capacity and at the same time to make feasible the execution of different tests in parallel. Each testing facility was used for a similar group of devices
to obtain more comparable results for similar bearings. The following laboratories have been
involved in the experimental program:
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- SismaLab under the supervision of the Polytechnic of Milan for the device of the ramp
and for the shear fuses;
- Polytechnic of Milan using the external premises of FIP-MEC in Padua for the breakaway tests of the combined device friction pendulum + fuses;
Eucentre Lab in Pavia for friction pendulum and multidirectional bearings.
This section presents the acceptance protocol (UNI EN 15129 [1] FPC tests plus national
code required tests) for the case study of the San Giorgio Bridge. Note that additional tests on
the conformity of the characteristics of the materials in accordance with Tab. 16 of UNI EN
1337- 2:2004 [9] have been implemented. Moreover, under the supervision of the RFI specialists, other tests have been carried out based on their protocol. Table 1 reports the under investigation, the type of tests performed and the standard to which each test refers (tests done in
accordance with the RFI specifications are not included here).
CURVED SURFACE SLIDERS TYPE

PIER

TYPE A: 3 SLIDERS ON
THE 100 METERS BAYS
TYPE B: 4 SLIDERS ON
THE 50 METERS BAYS
TYPE C: 4 SLIDERS ON
THE BRIDGE RAMP

P9/3, P10/3 and
P11/2
P2/3, P13/3, P2/2 and
P12/2
RP3/R2, RP3/R3, RP2/R2
and RP1/R2

TEST
Load
Frictional
Bearing
Benchmark
Resistance
Capacity
UNI EN
UNI EN
UNI EN
15129
15129
15129

QuasiStatic
NTC
2018

Table 1: Summary of devices under investigation and relevant tests (see Figure 2 for labels).

The following nomenclature is used: the number after “P” refers to the pier number as reported in Figure 2, while the number after the “/” refers to the location of the devices on the
pier (“3” for the northern support and “2” for the southern supports). The supports located on
the southern side are combined devices (curved surface sliders + shear fuses).
The sliders types have been in depth discussed in Section 2 while the present section focuses on a critical discussion on the main issues occurred during the test program:
x Because the devices were not commercially produced elements, but have been realized “ad hoc” for the bridge, due to the requirements from the design specifications,
the acceptance tests were carried out in parallel with those related to certification
process. The UNI EN15129 [1] does not require full test for the combined devices
in the acceptance tests protocol while it suggests only one test in the certification
process. This may lead to significant issues in the cases in which the certification
and acceptance processes correspond; indeed, high priority should be given to the
combined device test, because it is crucial to verify that unexpected interferences
between the components of the devices, that can affect the behavior of the whole
device, are avoided. For the case study of the San Giorgio Bridge, the Construction
Supervision team required the implementation of specific tests for the combined
devices (tests in the transversal direction, break away tests on two sacrificial devices among others); however, they are not discussed in detail in this paper. During the
combined tests, small modifications/upgrading can be necessary, such as in the case
study, and this clearly point out that such a test should occur before the single components tests;
x The vertical loads are sometimes very high in particular for modern bridges (i.e. 1.3
NULS=axial load from gravity load combination for ultimate limit states is required
for the load bearing capacity test). This could imply that testing facilities may have
not adequate capacity. These constraints should be taken into account in the design
of structures/infrastructures to easily allow to tests the components (potentially in
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the same geographical region of the construction), based on the current instrumentations availability of the laboratories; otherwise a significant increase of time and
cost for testing not conventional devices should be considered. The norms should
also provide specific procedures in such cases in order to simplify the whole procedure, by keeping the same safety level. The same problems may occur in terms of
displacement requirements;
x the design of small friction values may imply that the calibration forces of the laboratory equipment can be comparable to forces to be measured; this can strongly
affect the tests results.
Furthermore, as discussed in the following sections, the interpretation of some tests of UNI
EN 15129 [1] may in some case not univocal or not always quantitative (e.g., see Faverage
definition in the next Section).
From here, a specific focus is dedicated to the benchmark test, that is the more important
dynamic test inside the requirements of UNI EN 15129 [1] in the acceptance phase.
4.1

Benchmark test

In the context of the curved surface sliders acceptance tests, the benchmark test is required
from UNI EN 15129 [1] with two purposes:
1) Verification of cycle stability in terms of fluctuation of the test force with respect to the
average force;
2) Verification of the dynamic friction coefficient.
The load application method (UNI EN 15129 8.3.4.1.5 [1]) is reported as follows in Table
2, where dbd is defined as the maximum design displacement of the device. During the test, a
permanent vertical load Nsd (seismic combination) was applied to the device.
Type of test

Test run

Benchmark

P1

Compression
load Ns [kN]
Nsd

Displacement
d0 [mm]
1 x dbd

Peak velocity
v0 [mm/s]
50

Number of
complete cycles
3

Table 2: Load application method for the benchmark test (UNI EN 15129 8.3.4.1.5 [1]).

About the test acceptance criteria, according to UNI EN 15129 8.3.1.6 [1], the movement
in the sliding surfaces shall be regular and uniform and without producing any type of vibrations such as those induced by the stick-slip phenomenon. The force oscillation needs to be
contained inside a variation range of +/- 5% of the average restoring force, at any level of
bearing displacement up to 85% of the maximum displacement required from the test protocol.
The average restoring force shall be obtained from the best-fit straight line determined by the
least square interpolation of the response between +/- 85% of the maximum displacement.
Then the requirement for the satisfaction of the test can be summarized as:
for (-0.85) dbd <d <(+ 0.85) dbd : Fregression- (0.05Faverage) <Ftest <Fregression + (0.05Faverage)

(2)

Moreover, the dynamic friction coefficient needs to fall within the limits specified by the
Structural Engineer under the testing conditions specified in UNI EN 15129 8.3.4.1.5 [1].
Then, it is considered necessary to verify that the dynamic friction coefficient deriving from
the test falls within the lower and upper bounds used in the design phase. The following check
can be performed by calculating the average dynamic friction using the following formulation:
P

H
2  (d  | d  |)  Vload
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where: H = area subtended by the curve, d + = maximum displacement, d- = minimum displacement, Vload = vertical load. This value should vary inside the lower/upper bound range.
Then, the final requirement is that:
μlower bound <μ <μupper bound

(4)

As for example, the results of the benchmark test on P10/3 slider (label producer
MAU112E19-10) is discussed herein. Figure 7 shows the three force-displacement cycles of
the test. Moreover, the displacements-time and forces-time plots for the 3 cycles are presented
in Figure 8.

Figure 7: Displacement-force plot for the 3 cycles of the benchmark test.

Figure 8: Displacements-time and forces-time plots for the 3 cycles.

Then, the graphical verification of the cycle stability in terms of fluctuation of the test
force at each step with respect to the average force is presented in Figures 9-11 for the three
cycles. It can be noted a continuous stability of the response has been registered through the 3
cycles investigated.

3277

Marcello Cademartori, Andrea Miano, Antimo Fiorillo et al.

Figure 9: Stability verification for the cycle 1.

Figure 10: Stability verification for the cycle 2.

Figure 11: Stability verification for the cycle 3.

In accordance with Equation 3, the value of the dynamic frictional coefficient in the three
cycles has been calculated and reported in Table 3.
Herein a summary of the dynamic frictional coefficient in the three cycles is reported (Table 3).
Cycle 1
0.5%

Cycle 2
0.5%

Cycle 3
0.5%

Table 3: Summary of the dynamic frictional coefficient in the three cycles.
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The UNI EN 15129 [1] states that the average restoring force shall be obtained from the
best-fit straight line determined by the least square interpolation of the response ± 85% of the
test displacement peak. Fluctuations in horizontal force must be less than ± 5% of the average
restoring force, at any level of displacement of the sliding isolator up to 85% of the test displacement peak. Thus, the procedure to identify for which value of this average restoring
force the 5% interval should be calculated may lead to different interpretations (i.e. with respect to the interval in which the test outcome should be contained in order to satisfy the test).
It is clear that this mentioned value should depend on an average of the maximum forces
reached during the test in correspondence of the ± 85% of the test displacement peak, but a
more straightforward explanation could help the users.
5

CONCLUSIONS

The San Giorgio Bridge has been built in a very short time between April 2019 and August 2020 in order to reconnect the highway system of the western part of Italy after the tragedy of the collapse of the Morandi Bridge. The new viaduct has a steel concrete composite
closes section for the deck, a structural scheme of continuous beam with a total of 19 spans
supported by elliptical concrete box piers with a maximum height of 40 m. The bridge is
seismically isolated by means of a composition of friction pendulum devices and multidirectional bearings. One of the most important tasks related to the quality control for the San
Giorgio Bridge is related to the qualification and acceptance tests of the seismic devices and
bearings planed in the viaduct to isolate the steel-concrete deck from the piers. The testing
program for the curved surface sliders was planned also considering the construction and project plan aiming at match the main milestones in terms of deck launching and the time required to perform the test. To do so, the required functional tests have been organized in
compliance with the construction plan requirement with the important support and contribution of all the laboratories charged to execute the tests.
A detailed description of the whole testing program with a particular focus on the acceptance tests protocol, as well as a summary of the performance of the devices during the
specified static and dynamic tests, has been discussed herein. Despite the demanding testing
requirements in the new European norm, the results proved that the proposed design of the
isolators successfully fulfilled the performance required for the acceptance of the devices.
Differently from other general design projects, in this case the acceptance process corresponds
with the certification process, generating many uncommon issues. In fact, in this case, the devices are not commercially produced elements, but have been realized “ad hoc” for the bridge,
due to the requirements from the design specifications (e.g., the presence of the 100 meter
spans and the presence of only two bearing per each pier have conducted to big dimensions
and big forces for the devices). During the implementation of the tests program, many issues
came out and have been deeply described through the paper.
Different important suggestions arisen from the experience of the preparation of the seismic acceptance tests.
First of all, it is important that the designer considers, since the design stage, to define devices with testable parameters. The vertical loads are sometimes very high in particular for
modern bridges and the testing facilities may have not adequate capacity. The designers
should design the structures/infrastructures in way that all the components are testable (potentially in the same geographical region of the construction), based on the current instrumentations availability of the laboratories to avoid significant time and cost increase in the
certification/acceptance process. Specific standards may be introduced by technical norms and
guidelines in such cases in order to simplify the whole procedure, by keeping the same safety
level. A strong cooperation between the testing facilities, the designers, the manufacturers and

3279

Marcello Cademartori, Andrea Miano, Antimo Fiorillo et al.

the Construction Supervision team is required in order to define the adequate tests able to assess the performances of the devices and hence guarantee a high level of quality control while
at the same time respecting the construction and manufacturing schedule.
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Abstract
Base isolation represents one of the most efficient strategy for the reduction of the structural
vulnerability of buildings and bridges. Design procedures generally aim to provide the proper
period shift, in order to reduce spectral acceleration values and, consequently, the base shear
and internal forces. On the other hand, high displacement demands can be achieved, which
can be partially limited by providing dissipative capacity through hysteretic behaviors. Although design procedures allow to fairly estimate the design displacement of the adopted devices, extreme seismic event can occur, and displacement higher than the design value can be
experienced. Especially for Curved Surface Slider devices, if the displacement demand exceeds a certain geometrical limit, non-negligible damage can occur at the sliding pad, and
variations in the force response are consequently noticed.
In this work modeling strategies for the computation of the seismic response of base-isolated
buildings are presented, by considering extreme earthquake loading conditions. Analytical
models are reported for Curved Surface Slider devices, calibrated through the experimental
outcomes of tests performed at the Laboratory of EUCENTRE Foundation in Pavia (Italy). In
addition, simplified dynamic systems are defined, which allow fast assessments of the global
response of a base-isolated structure, even though extreme seismic events are applied. Results
have been compared to the response returned by an experimental hybrid simulation, in order
to evaluate the accuracy of the presented dynamic systems.
Keywords: Base isolation, Curved Surface Slider, extreme earthquake loading, dynamic system, experimental hybrid simulation.
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1

INTRODUCTION

Recent research works about seismic isolation have led to the definition of several modeling
strategies for isolators, models which can be adopted in time history analyses for the assessment to building and bridge structural systems, by reducing significantly the uncertainty of
the structural behavior prediction ([1], [7], [16]). The design of the proper period elongation,
internal forces in the superstructure elements can be significantly reduced; on the other hand a
large displacement demand may occur at the isolation level, even though lower values can be
achieved, by means of the hysteretic characteristics of the implemented devices. Curved Surface Slider devices, among the others, represent one of the most suitable solutions for baseisolation ([2], [3], [10], [12], [13], [14]). Such isolators can actually accommodate large displacement demands, with potentially high dissipative capacities, which are provided by the
frictional response of the induced sliding motion. In addition, residual displacements are effectively limited by the recentering behavior, due to the spherical shape of the sliding surfaces.
However, recent risk assessment studies have shown that the base isolation technique in some
cases can lead to higher seismic risk, with respect to their a correspondent fixed-base configuration. This is an unexpected outcome, since the isolation system is supposed to protect the
superstructure against the effects of earthquake excitations. The main reason behind such results is related to the definition of the collapse condition that has is commonly assumed for
isolation devices, which consists of the achievement of the design displacement. More specifically, a sliding base isolator is assumed to collapse once the internal reaches the edge of the
implemented sliding surfaces, which corresponds to the maximum stroke of the device. This
condition is generally considered as the maximum limit of the displacement capacity for sliding devices, because it is associated to the loss of functionality of the isolator. However, recent experimental research has led to evidence of extra-displacement capacity for such
devices, with a controlled and limited force response ([6][8]); furthermore, the outcomes have
been used for both model calibration and vulnerability assessments, in order to account for the
effective ultimate conditions of the implemented isolators.
In this work the extra-stroke behavior of Double Curved Surface Slider devices has been
modeled, in order to evaluate the response of a base isolated case study structure, subjected to
a severe seismic event. An easy to implement analytical model of the extra-design response
has been adopted, among the strategies available in the very recent literature, and results have
been compared to a hybrid simulation, which has been performed at the Laboratory of
EUCENTRE Foundation in Pavia (Italy). The outcomes of both the experimental hybrid and
numerical simulations have been analyzed, in terms of isolation displacement and hysteretic
responses, cumulative damage at the sliding pads equipped in the physical device and building base shear time series.

2

CASE STUDY STRUCTURE

The case study structure adopted in this research work consists of a reinforced concrete frame
structure, which has been modeled by means of linear-elastic frame elements, by considering
a reinforced concrete slab as an interface between the superstructure and the isolation layer,
implemented through a mesh of shell elements (Figure 1).
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Figure 1: Case study structure.

The frame structure has four spans along both x and y directions with equal span length (6m
each), and all floors have an interstorey height of 3m. Concerning the concrete slab, which
represents the interface between the implemented isolation devices and the building, a thickness of 500mm has been adopted, and plan dimensions have been designed, by increasing the
plan development of the superstructure of 1.5m along all directions (27m x 27m). For all the
frame elements the flexural stiffness has been reduced, in order to better fit the linear-elastic
branch of the bi-linear approximation of the capacity curve, as shown in Figure 1. The full
capacity curve, in terms of base-shear vs. top displacement of the fixed-base configuration of
the building has been obtained through a pushover analysis carried out through the software
SeismoStruct ([15]), which allows to model force-based frame elements, with distributed
plasticity and non-linear constitutive laws for materials (Mander’s model for Concrete and
Menegotto-Pinto’s model for reinforcement steel); in addition, for concrete columns the proper confinement effects within the concrete core has been accounted for, in order to obtain realistic evaluation of both ductility and strength for all the implemented sections. Isolation
devices are represented by Concave Surface Slider devices.
3

CHARACTERISTICS OF THE PHYSICAL DEVICE

The physical isolator consists of a Double Curved Surface Slider ([5]), which is actually
the most typical configuration of sliding devices designed in real practice applications (Figure
2). Two spherical sliding surfaces with the same curvature radius have been implemented,
both polished to mirror finish in order to achieve a roughness index Ra of 0,2 ([10]). Within
the equal sliding surfaces, a non-articulated slider is installed, which is made up of a unique
steel block (material S355JR): such an element houses two circular sliding pads, having same
diameter (360mm) and same material composition, aiming at considering the same contact
pressure and the same frictional properties at both the sliding interfaces. Both the radii of curvature of the spherical surfaces are 1600mm each, with internal slider height of 120mm: consequently, the equivalent radius of curvature of the device is approximately equal to 3080mm.
The device has been equipped with an innovative sliding material, which consists of a
graded PTFE material, filled with bronze fibers. In addition, the sliding surface of the pad has
been realized with dimpled recesses, with a light lubrication, in order to achieve the proper
design friction coefficient, equal to 3% ([4]); the corresponding value of applied vertical load
is equal to 1500kN.The maximum displacement, given the assumed plan geometric characteristics of sliding surfaces and internal slider, is equal to 172mm.
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Figure 2: Tested physical device: definition of maximum displacement.

In order to consider a significant extra-stroke displacement demand, the maximum displacement to be considered for the simulation, which will define the proper scaling of the input
signal, is defined according to the design value, increased by 50% of the sliding pad diameter,
so that 25% of the pad is uncovered by each sliding surface ([6]). Thus, a maximum displacement of 350mm has been considered.
4

NUMERICAL SUBSTRUCTURE AND DYNAMIC SYSTEM

The case study structure has been numerically modeled as an equivalent Multi Degree of
Freedom oscillator, thanks to a special static condensation procedure, which has been applied
to the full 3D FEM model of the structure ([9]). In Table 1 the resulting mass and stiffness
matrices are reported.
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0.0
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-329731 617351.8 -377915
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90295.5
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Table 1: Mass (left [tons]) and stiffness (right [kN/m]) condensed matrices for the case study structure.
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Such matrices allow to obtain dynamic properties almost overlapped of the ones related to the
full FEM model,: this result is a direct consequence of the adopted static condensation procedure, which allows to account for the actual flexural behavior in the out-of-plane direction for
beams, together with torsional behavior of each floor. It is important to highlight that the response of the isolation system is not modeled by the stiffness matrix, since that contribution
needs to be accounted for separately, especially for the hybrid simulation.
For both the hybrid test and the numerical simulation, the superstructure has been modeled
through the definition of the aforementioned equivalent multi degree of freedom (MDOF) oscillator, with statically condensed mass and stiffness matrices. By adopting such matrices the
actual dynamic properties of the overall structural systems are effectively reproduced, and approximately the same response of the full 3D FEM model can be obtained. Consequently, the
dynamic system can be expressed as follows:
 u0 
 u0 
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     M     xg
1
0
 
 
1
 0

(1)

Given:
 M the condensed mass matrix of the system;
 K the condensed stiffness matrix of the system;
 ui the translational degrees of freedom at the centre of mass location of the i-th floor;
 xg the considered ground acceleration time series;


Fis the isolation force response.

A very low additional viscous damping has been considered for both simulations, namely 2%,
modeled by means of the Rayleigh formulation, in order not to underestimate the overall response. The isolation system is considered separately in the dynamic system, and it is modeled as a single device, representative of the whole set of isolators. For the hybrid simulation,
the isolation force is computed as a function of the force feedback of the Bearing Tester System, which is then scaled by the ratio between the total structural weight of the system and the
applied vertical load to the device. On the other hand, in the numerical simulations, the following analytical expression can be adopted:
u

Fis  Wtot   0  k     f NF 
R

 eq


(2)

Being:
 Wtot the total structural weight of the system;
 Req the equivalent radius of curvature of the device;
 u0 the translational degree of freedom at the centre of mass location of the concrete
slab (isolation level);
  the design friction coefficient;
 f NF a normalized frictional hysteretic parameter;
 k    / o a variation scale factor of the friction coefficient.
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In order to model the frictional hysteretic response, a hysteretic parameter f NF has been
adopted, by assuming an elasto-plastic rule (Figure 3).

f FN

μ
μo

1

p+a
uo

p

dy

D
-1

Do

Figure 3: Analytical model of the frictional hysteretic (left) and extra-stroke (right) responses.

Since the overall system is supposed to be subjected to a sever seismic input, and consequently the design displacement of the isolation system is expected to be overcome, the extra-stroke
behavior needs to be numerically modeled. Recent research works ([6], [8]) have shown good
agreement between some experimental outcomes pseudo-dynamic tests in extra-stroke range
for DCSS devices and possible numerical modeling strategies, namely:
 Analytical expression of the friction coefficient increase, for easy and fast structural
assessments;
 An opensees link element for the extra-stroke response;
 An opensees link element, modeled for variable friction sliding isolators.
In this work the first strategy has been considered, by applying an analytical function, which
increases the friction coefficient value, as the design displacement is exceeded. The increment
of the friction coefficient in the extra-stroke range has been assumed equal to 50%.
5

SEISMIC INPUT

The input signal for both numerical and experimental hybrid simulations has been selected
within the REXEL database ([11]), by checking the peak displacement of an equivalent Single
Degree of Freedom (SDOF) system, with the non-linear hysteretic constitutive law of the implemented isolation system. The scale factor of the seismic event has been computed, aiming
at obtaining a maximum displacement less than 350mm, which corresponds to the maximum
displacement in the extra-stroke range considered in this study. A seismic event with a limited
scale factor has been adopted, so that a realistic balance between amplitude and frequency
content of the signal is ensured. Below the main characteristics of the selected earthquake are
listed:




Earthquake Name: Gazli
Station ID: KAR
Component: x
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Mw: 6.7
Fault Mechanism: reverse
Epicentral Distance [km]: 12.78
Original PGA [g]: 0.717
Scaled PGA [g]: 0.789
Scale Factor [#]: 1.1

In Figure 4 graphical properties of the seismic event used for all the simulations are provided,
in terms of time series of ground displacement and acceleration, together with the acceleration
response spectrum at 5% damping.

Figure 4: Characteristics of the adopted seismic event.

The resulting response spectrum show significantly high spectral coordinates at low periods,
whereas more limited values can be noticed for high period values, much more related to the
designed isolated system.
The hybrid simulation has been carried out by considering the superstructure as the aforementioned MDOF oscillator as a numerical substructure, whereas the full-scale device tested within the Bearing Tester System has been considered as the physical substructure, to carry out an
earthquake simulation. To do so, within the hybrid simulation algorithm a time scale factor
equal to 32 has been adopted.
6

RESULTS

Results of both numerical and experimental hybrid simulations are compared in this section,
by focusing the attention on the isolation response, in terms of displacement demand and hysteretic behavior, and damage evidence at the implemented sliding pads has been checked after
the test. In addition, the response of the superstructure has been analyzed, in order to assess if
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Isolation Displ. [m]

the building has been subjected to excitations within the linear-elastic range. In Figure 5 the
displacement time series of the isolation layer are compared, with respect to the design value.

Figure 5: Isolation displacement response.

In Figure 6 the hysteretic response of the isolation system is provided, in terms of isolation
force, normalized with respect to the total weight of the whole structural system.
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Figure 6: Isolation hysteretic behavior.

In Figure 7 the damage evidence at the sliding pad at the end of the experimental hybrid test
are shown.
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Figure 7: Damage evidence at the sliding pads.

In the hybrid simulation the full scale device has been subjected to displacement demands
higher than the design value three times, at three consecutive peak displacement, under an approximately harmonic motion. The numerical simulation shown approximately an overlapped
signal, exception made for the very last portion of the seismic event, where the design displacement is experimentally exceeded for the third time: at those time instants the numerical
simulation returns lower displacement values, within the ordinary response of the isolator.
The main reason of this final mismatching could be addressed to the degradation of the friction coefficient, which can be graphically noticed in the hysteretic response. Due to the subsequent extra-stroke displacement demands, significant damage occurs at the sliding
interfaces, and this results into an increased pressure (caused by detachments of sliding material) and to a continuously decreasing friction coefficient. The degradation of the frictional
properties finally leads to higher displacement demands, in comparison to the purely numerical model, which accounts for a constant friction coefficient. Nonetheless, for almost the
whole duration of the simulation, the numerical model provides approximately overlapped
signals, from both displacement and hysteretic responses, with a good estimate of the peak
parameters. The increase of the friction coefficient modeled in the numerical simulation
(+50%) due to the extra-stroke behavior fairly capture the experimental response of the full
device in the hybrid test. Thus, results for the isolation system seems to suggest that the frictional properties may be influenced by the extra-stroke behavior, depending on the number of
subsequent displacement demands exceeding the design value and, consequently, on the entity
of the cumulative damage at the sliding pad.
Finally, in Figure 8 the building response is shown.
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Figure 8: Building base shear response.

The building base shear response seems not to be significantly influenced by extra-stroke displacement demands at the isolation system, mainly because of the smooth increase of the friction coefficient which occurs, when the design displacement is overcome, according to the
technology of devices under investigation. In addition, for the whole duration of the simulations, the building response is within the linear-elastic range, and confirm that the modeling
assumptions of the MDOF system of the superstructure is fairly good for the considered system. The numerical simulation returns a slightly higher response in comparison to the experimental hybrid test, even though signals are very close one to each other.
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7

CONCLUSIONS

In this work the response of a base isolated case study structure has been assessed, through a
numerical simulation, by assuming an extreme seismic event. Specifically, the system has
been subjected to an ad hoc selected earthquake, in order to overcome the design displacement at the isolation layer. The obtained results have been compared to the outcomes of a corresponding experimental hybrid test, in which the superstructure model represents the
numerical substructure, whereas as a physical substructure a full-scale device has been tested
within the Bearing Tester System of the Laboratory of EUCENTRE Foundation in Pavia (Italy). In the numerical simulation the extra-stroke behavior has been modeled by means of a
specific function, which increases the friction coefficient, as the design displacement is overcome.
By analyzing both the experimental and numerical results, the following findings can be
found:
 The numerical model can fairly represent the effective experimental hysteretic behavior of the physical device, when subjected to extra-design displacement demands;
 The displacement time series at the isolation level returned by the numerical simulation is approximately overlapped, in comparison to the outcomes of the hybrid test,
exception made for the last phase of the event;
 Toward the end of the earthquake simulation, the numerical model underestimates the
displacement response, with displacements within the ordinary stroke of the device, in
comparison to the hybrid test, which show an additional extra-design displacement at
the same time instants;
 The main reason for possible mismatching at the end of the seismic event could be addressed to the cumulative damage which develops at the implemented sliding pads:
due to an increase of the contact pressure the friction coefficient value decreases, and
consequently larger displacement demands can be found, in comparison to the numerical simulation which accounts for a constant friction coefficient in the ordinary response;
 Thus, subsequent extra-design displacement demands could lead to excessive cumulative damage, which may imply degradations of the frictional properties;
 The extra-stroke behavior seems to have negligible effects on the building response, in
terms of base shear and top displacement signals.
Further experimental investigations are needed on the topic, in order to highlight eventual dependencies of the extra-stroke behavior on the common response parameters considered to
characterize sliding isolators, such as sliding velocity and vertical load.
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Abstract
Despite it is well known that the shear properties of High Damping Rubber Bearings (HDRBs)
are affected by the instantaneous compression load developed during the seismic ground motion, only permissible variations of their design properties with frequency, temperature and
ageing are prescribed in the standards while the influence of the compression level is usually
disregarded.
Within this framework, this research addresses this drawback through both experimental and
numerical investigations. In the first part of the study, small scale laminated isolators are tested
on a custom biaxial machine in order to assess the secant modulus, and damping factor of the
elastomeric compound under different compression levels. In the second part, the same phenomenon is investigated through cyclic shear tests on full scale HDRBs under three different
levels of axial load. In the last part, a 3D finite element model of the isolator is eventually
formulated in Abaqus FEM software. The mechanical response of the elastomer is simulated
by means of a hyperelastic strain energy function combined with a relaxation function.
The experimental results highlight the substantial influence of the axial load on the damping
capacity of the elastomer, while the shear modulus is less affected. The numerical analyses
demonstrate that the vertical – horizontal coupled response of HDRBs can be accurately predicted, within the proposed formulation, with constitutive parameters estimated from simple
uniaxial tests.
Keywords: High Damping Rubber Bearings, shear modulus, equivalent viscous damping, axial load, experiments, numerical model.
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1

INTRODUCTION

Base isolation is today a viable solution to mitigate the effects of earthquakes on constructions. The design of the base isolation hardware necessary to implement such strategy, such as
elastomeric isolators and sliding bearings, has been developed in the past decades by many
researchers and is today regulated by standards.
Rubber bearings have been used as seismic isolators since the mid of the ‘70s [1]. Today the
most popular types of rubber isolators are the High Damping Rubber Bearings (HDRBs) and
the Lead Rubber Bearings (LRBs). The mechanical characteristics of HDRBs affecting their
performance as seismic isolators, namely stiffness and damping, depend only on the mechanical
properties of the rubber compound. On the contrary, in LRBs the elastomer is required to provide the horizontal stiffness to the isolation system as well as a certain restoring capability,
while the damping capacity relies on the hysteretic deformation of the lead core. A large variety
of elastomeric compounds based on either natural or synthetic rubber is nowadays available for
HDRBs and LRBs, with different damping, shear modulus, and vulcanization profile, according
to proprietary techniques developed by the manufacturers.
An accurate characterization of the mechanical properties of the elastomer is fundamental
for the design of HDRBs and LRBs. Nevertheless, despite of the large diffusion of these devices,
some shaded areas still exist that need further investigation. One issue is the dependency of the
mechanical properties on the environment [2]. To date, a large part of the studies on the behaviour of rubber for bridge bearings focused on their ageing deterioration [3]. However, the mechanical properties of elastomers can change due to a number of factors other than ageing, such
as the strain amplitude, the frequency of loading, the number of cycles, and air temperature
variations, and the response of a structure seismically isolated with rubber bearings can be
strongly influenced by each of the above parameters [4].
According to the European Standard on anti-seismic devices [5], two sets of design properties must be determined for elastomeric isolators, the Upper Bound Design Properties (UBDP)
leading to the maximum forces in the superstructure, and the Lower Bound Design Properties
(LBDP) leading to the maximum displacements of the isolation system. Both UBDP and LBDP
should be derived from tests performed on full scale devices, but for HDRBs the Standard allows to determine the effects of temperature, frequency and ageing by testing rubber specimens
under pure shear, instead of full isolators, as it is acknowledged that the cyclic behaviour of
steel reinforced rubber bearings is primarily governed by the mechanical properties of rubber
[6]. An important factor that is generally ignored when testing rubber specimens is the influence
of the compression stress on the shear properties of the elastomer, which was instead demonstrated to have a fundamental importance and needs to be taken into account for a correct understanding of the behaviour of HDRBs under service conditions [7].
One of the first studies addressing this topic was published by Aiken [8], who tested HDRBs
with shape factors (ratio of load area to stress-free area of a single rubber layer) of 8.75 and 20
and design axial stresses of 3.2 and 5,1 MPa, respectively. The bearings were tested at several
levels of compression stress, from 0 to 10 MPa for the first geometry and from 0 to 15 MPa for
the second geometry, and the results showed an increase of both shear stiffness and damping
with the compression load. Kelly [9] evaluated the performance of a rubber isolator characterized by nominal shear modulus of 0.86 MPa, damping of 15% and shape factor of 30. The
compression stress was increased from 0 to 10.34 MPa, and the tests showed a negligible influence on the shear stiffness, while the damping increased from 13% to 17% (relative change of
30%).
Mori [10] tested five isolators differing for geometry and rubber mixture. When the axial
load was small in comparison with the design value (say 34%), then the shear hysteresis loop
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was a different shape from that one under the high applied axial load. Also, the area of the
hysteresis loops became larger (i.e. damping increased) as the axial load was increased. On the
contrary the influence of the axial load within the range between 0.68 and 1.25 times the design
value on the shear stiffness was negligible. Iizuka [11] tested laminated elastomeric bearings
with shape factor 20 under four different levels of compression (0; 4.90; 9.81; 19.60 MPa) up
to 500% shear strain. The study confirmed the influence of the axial load on the nonlinear largedeformation shear behaviour of rubber, resulting in strain-hardening in the shear direction under
small axial forces, but decrease in horizontal stiffness under large axial forces probably due to
buckling of the rubber layers. Ryan [12] studied the behaviour of HDRBs with design axial
stress of 3.2 MPa and shape factor of 8.27 and 20 respectively, subjected to the combined action
of compression and shear force, concluding that in the range 0 to 10 MPa the shear stiffness of
HDRBs decreases with increasing of the axial load.
From the review of the above literature it is clear that, though the influence of the axial load
on the shear properties of HDRBs is a fact, the sensitivity of the individual bearing can vary
significantly depending on the type and amount of fillers and by the amount of cross-linking of
the mixture [13].
The paper presents some approaches for investigating the influence of the axial load on the
shear properties of HDRBs from both an experimental and a numerical perspective. All the
studies are performed on the same natural rubber compound. In the first part of the study, small
scale prototypes of HDRBs are tested under varying axial load in the range of 0.5 to about 21
MPa, whereas in the second part the tests are performed on real scale isolators, and some experimental issues are put in evidence. Eventually, a numerical analysis is performed by using
as case study the elastomeric isolator tested at full scale.
2

SMALL SCALE PROTOTYPES

2.1 Test pieces
Small circular test pieces (Fig. 1), with diameter D = 80 mm, are used. Every piece includes
10 rubber layers, 4 mm in thickness each, alternated to 2 mm thick steel plates. The upper and
the lower rubber layers are vulcanized to two thick (10 mm) steel plates that fit recessing holes
in the plates of the testing machine. The test pieces are made of commercial rubber compound,
categorized as “Normal” (hardness between 55 and 65 International Rubber Hardness Degree
(IRHD)), with shear modulus G = 0.75 MPa and equivalent viscous damping factor ξ =
12%.The total thickness of rubber, which is the parameter that governs the maximum shear
displacement, is 40 mm, while the primary and the secondary shape factors are ࡿ = 5 and ࡿ
= 2, respectively. ࡿ is defined as the ratio of the compressed area of the rubber layer divided
by the area of lateral surface free to bulge, while ࡿ is the aspect ratio, i.e. the bearing diameter
divided by the total rubber thickness [14].

Figure 1: Small scale HDRB test piece: picture of a specimen (left), and cross-section (right).

3296

E. Bruschi, E. Gandelli, C. Pettorruso, and V. Quaglini

2.2 Test set-up
The biaxial testing system is illustrated in Fig. 2-left. The system consists of a stiff four
columns steel frame equipped with two servo-hydraulic jacks. The vertical jack, rated 500 kN,
applies the compressive load to the test piece, while the horizontal jack, rated 100 kN and with
a 100 mm stroke, drives a shear plate that moves horizontally. The system permits to test simultaneously a pair of test pieces, placed symmetrically with respect to the shear plate in a double
shear configuration (Fig. 2-right).

Figure 2: Schematic view of the biaxial test set-up (left), and test pieces in double shear configuration (right).

2.3 Test procedure
The sequence of tests performed on the pair of HDRB test pieces is outlined in Table 1. By
adjusting the vertical load, the compression stress  is varied from a minimum value of 0.1
MPa to a maximum value of 24 MPa, with 3 MPa increments up to 12 MPa, and 6 MPa increments above 12 MPa. At each stress level, five full cycles of horizontal displacement are imposed with sinusoidal waveform, frequency ࢌ = 0.5 Hz and amplitude 40 mm, resulting in a
shear strain amplitude ࢽࢇ = 100%. The sequence of tests is carried out in order of increasing
vertical loads, with a dwell time of 30 minutes between any pair of tests in order to allow the
viscoelastic recovery of the rubber. The tests are performed at a room temperature of 19±2°C.
( MPa)
0.1 – 3 – 6 – 9
– 12 – 18 – 24

ߛ (%)

݂ (Hz)

cycles

100

0.5

5

Table 1: Test protocol for small scale HDRB test pieces.

2.4 Results
Fig. 3 illustrates the hysteretic shear force–displacement curves obtained at different levels
of pressure ; in the diagrams, only the curve relevant at the third cycle is reported for each
stress level. It is evident the large difference in shape between the curve at 0.1 MPa (i.e. virtually
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without axial load), and the curves relevant to tests at  ≥ 3 MPa, with a substantial increase of
the dissipated energy (i.e., the area enclosed in the loop).
From the horizontal force  ܨand the horizontal deflection ݀ of the single specimen, the shear
stress ߬ and shear strain ߛ of rubber are calculated as follows:
߬ൌ

ி

(1)

ௗ

(2)

ߛൌ௧



where  is the area of the plan section of a rubber layer parallel to the direction of shear, and
 ܍ ܜis the total thickness of rubber subjected to shear. From the hysteretic shear stress–strain
diagram, the secant shear modulus ࡳ and the equivalent viscous damping factor ࣈ are then calculated at each cycle:
ܩൌ
ߦൌ

ఛమ ିఛభ
ଶήఊೌ
ா
ଶగήீఊೌమ

(3)
(4)

where ߬ଵ and ߬ଶ are the stresses at the maximum shear deflections in either direction,  ܥܦܧis
the energy dissipated per cycle and ߛ ൌ ͳ is the shear strain amplitude.

Figure 3: Shear force – displacement loops at different pressure levels.

Fig. 4 plots the change of  ܩand ߦ as a function of the compression stress . The secant modulus has a 10% decrease when  rises from 3 MPa to 6 MPa, and holds constant for higher
pressure levels. The equivalent viscous damping factor has a 38% increase when  is increased
from
0.1
MPa
to
3
MPa,
and
a
further
10%
increase
at
 = 6 MPa, and then it holds substantially stable up to  = 24 MPa.
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Figure 4: Influence of the compression stress on secant shear modulus (left) and equivalent viscous damping factor (right); values are determined at the third cycle.

3

FULL SCALE ISOLATORS

3.1 Test pieces
The tests pieces are two HDRBs designed for an axial load ࡺ࢙ࢊ = 1150 kN and a seismic
displacement ࢊ࢈ࢊ = 250 mm. The devices are circular in shape, with a diameter of 500 mm and
a total thickness of 218 mm. Each HDRB consists of 14 rubber layers, 9 mm thick each, alternated with 13 steel plates, 4 mm thick, and 2 end plates of 20 mm thickness. The primary and
the secondary shape factors are ࡿ = 18.9 and ࡿ = 2, respectively. A sketch of the cross section
of the isolator is shown in Fig. 5. The raw material is the same rubber compound used to manufacture the small scale test pieces.

Figure 5: Sketch of the HDRD specimen, and cross-section details.

3.2 Test set-up
The tests were performed at the Laboratory for Testing of Materials and Structures (SisLaB)
at the University of Basilicata, using a custom bearing tester system (Fig. 6). The facility has
load capacity of 8000 kN in the vertical direction and 1000 kN in the horizontal direction, and
a displacement capacity of 1000 mm. The system incorporates a plate supported by low-friction
bearings which moves in the horizontal direction, and allows to apply a shear force to the isolator. A single device can be tested each time.
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Figure 6: The bearing tester system at University of Basilicata.

3.3 Test procedure
The sequence of tests performed on the HDRB isolators is illustrated in Table 2. The devices
are tested at 0.45, 1.0 and 2.0 times the design axial load ܰ௦ௗ , which correspond to a compressive stress on rubber of 2.63, 5.85 and 11.70 MPa respectively. At each load level, three sinusoidal cycles are performed to a maximum displacement ݀ௗ = 250 mm, corresponding to a
shear strain amplitude ߛ = 198%, at a frequency ݂ = 0.5 Hz. The dwell time between two tests
is of about 20 minutes. All tests are performed at room temperature.
ܰ (kN)

݀ௗ (mm)

݂ (Hz)

1150
530
2300

250
250
250

0.5
0.5
0.5

cycles
3
3
3

Table 2: Test protocol for HDRB isolators (ܰ: axial load; ݀ௗ : displacement amplitude).

3.4 Results
Fig. 7 illustrates the variation of the effective stiffness ݇ , evaluated at the maximum shear
deflection, and the equivalent viscous damping factor ߦ with the axial load. The shear stiffness
at ࡺ࢙ࢊ is found to decrease by 9% when the axial load is halved, and to decrease by 14% when
the axial load is increased by a factor of 2. This behaviour, which is inconsistent with the findings of the small scale test, may be ascribed to the insufficient duration of the dwell time between the first and the second tests, at 1150 kN and 530 kN respectively, which could be too
short to permit complete cooling of the isolator. Since the modulus of rubber decreases with
increasing of temperature, this can explain the unexpected decay of stiffness at 0.45 ࡺ࢙ࢊ . The
equivalent viscous damping factor has a more regular behaviour, with a negligible change when
the design load is halved, and a 25% increase on average when the design load is increased by
a factor of 2.
The secant modulus of the rubber can be calculated from the effective stiffness of the isolator. For a compressive stress of 5.85 MPa, corresponding to ࡺ࢙ࢊ , the value of the secant

3300

E. Bruschi, E. Gandelli, C. Pettorruso, and V. Quaglini

modulus derived from the tests on isolators counts  = ܩ0.87 MPa, which is 25% higher than the
value ( = ܩ0.7 MPa) determined in the small scale tests; similarly, the equivalent viscous factor
of the isolator is about 50% less than the relevant figure assessed on the small scale pieces
(10.4% against 20%).

Figure 7: Influence of axial load on effective stiffness (left), and equivalent viscous damping factor (right) of full
scale HDRBs; values determined at the third cycle.

4

FINITE ELEMENT INVESTIGATION

4.1 Numerical formulation
A 3D finite element model of the HDRB isolator shown in Fig. 5 has been formulated in the
software program Abaqus. Taking advantage from the symmetry of the device, only half of the
isolator has been modelled (Fig. 8). The size of the mesh of finite elements for the rubber layers
is 10 × 4.5 mm. The mechanical behaviour of the elastomer has been described by using a
hyperelastic constitutive law [15] to represent the force-displacement relationship, and an exponential Prony series to represent the viscous behaviour. Model parameters have been calibrated based on experimental data obtained from uniaxial tensile tests and stress relaxation tests
on rubber specimens (Fig. 9), according to the procedure described by [16]. Numerical analyses
have been performed by simulating the application of an axial load on the isolator, and a concurrent displacement in the horizontal direction. The horizontal displacement is applied according to a sinusoidal waveform, with amplitude ݀ௗ = 250 mm and frequency ݂ = 0.5 Hz.
Simulations have been performed for three values of axial load, namely ܰ = 530 kN, ܰ = 1150
kN, and ܰ = 2300 kN, with 3 cycles per load level.

Figure 8: 3D finite element model of the HDRB isolator.
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Figure 9: Calibration of elastomer constitutive parameters implemented in the finite element model of HDRB:
hyperelastic Yeoh model (left), and Prony series (right).

4.2 Results
Fig. 10 compares the horizontal force – displacement curves predicted by the numerical code
to the experimental curves obtained in the tests on full scale HDRBs. By considering the third
cycle of loading, the agreement is fair for both the tests at ܰ = 1150 kN and ܰ = 530 kN, while
at ܰ = 2230 kN the numerical model is capable to correctly reproduce the loading branch of the
curve, but underestimates the actual damping and the dissipation capability of the isolator.
The effective stiffness and equivalent viscous damping factor calculated in the numerical
analyses are eventually compared to the experimental values in Table 3. The numerical model
calculates a decrease in stiffness when the axial load is increased from ܰ௦ௗ to 2 ܰ௦ௗ , but ݇
does not change substantially when the axial load is reduced to 0.5 ܰ௦ௗ . The accuracy of the
numerical prediction is good as concern the stiffness (8% deviation at 2 ܰ௦ௗ ), but the model
underestimates the actual damping capacity of the isolators and is not able to capture the increase in viscous damping when N passes from ܰ௦ௗ to 2 ܰ௦ௗ (30% deviation).

Figure 10: Comparison between experimental and numerical (FEM) force – displacement curves of the HDRB
isolator at different levels of axial load: (a) N = 1150 kN; (b) N = 530 kN; (c) N = 2300 kN.
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N (kN)
1150
530
2300

݇ ሺΤሻ
EXP
FEM
1.36
1.36
1.25
1.32
1.16
1.26

ߦሺΨሻ
EXP
10.40
9.95
12.95

FEM
9.17
8.33
9.03

Table 3: Experimental (EXP) and numerical (FEM) values of effective stiffness and equivalent viscous damping
factor at different levels of axial load.

5

DISCUSSION

The study presents three different approaches to investigate the influence of the axial load
on the properties in shear of HDRBs.
Experiments on small scale test pieces are rather cheap; indeed, the specimens are small
and easy to manufacture, and a wide range of combinations of axial load and horizontal displacement can be tested at an affordable cost. Owing to the small size of the specimens, heating
of the elastomer is expected to be small. Consistent results were obtained in the test campaign
illustrated in this paper. However scaling effect may limit the accuracy of the extrapolation of
the results to the real scale.
Tests on full scale isolators are expensive because require dedicated facilities and because
the specimens are large and bulky. Moreover, heating of the isolator and its effect on the shear
response may be not negligible in tests involving large energy inputs. Therefore in designing
the experimental protocol an appropriate dwell time after each test must be envisaged in order
to allow cooling of the specimens. However, since the tests are performed at the real scale, the
results can be directly transferred to the application.
Numerical analyses allow to investigate many loading scenarios at a very limited cost, but
the numerical model needs to be validated against experimental data to provide reliable results.
Whereas accurate hyperelastic models are available to capture the actual stress – strain relationship of standard rubber, the viscous behavior of elastomeric compounds has not yet been effectively implemented into numerical codes.
6

CONCLUSIONS

The characterization of the effects of the axial load on the properties in shear of HDRBs is
fundamental for developing accurate analyses and design of base isolation systems.
Examples of experimental and numerical approaches to investigate this subject have been presented in the paper. Whereas testing of small scale pieces is convenient at the stage of development and characterization of new rubber compounds, numerical analyses and testing of full
scale isolators are most indicated at the final stage of design and validation of isolators for the
real application.
Both small scale and large scale tests evidence that the axial load has a more substantial
influence on the equivalent viscous damping than on the shear modulus of the elastomer. The
numerical analyses demonstrate that the vertical – horizontal coupling of HDRBs can be deducted with a sufficient reliability from the characteristics of the elastomer measured in simple
uniaxial tests, though more consistent models for viscous damping need to be formulated.
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Abstract
In the immediate aftermath of an earthquake, it is essential that emergency plans and damage scenarios are available so that civil protection agencies and risk-management organizations can detect and contain critical situations. These tools rely on the knowledge of the specific
features of the potentially affected area, both in terms of intrinsic characteristics (e.g. morphology, near surface geology, etc.) and of elements at risk (e.g. building typologies, population
distribution, etc.). All these pieces of information are combined in seismic-risk or damage scenario assessment procedures. This paper presents a framework developed for estimating seismic damage scenarios for the Emilia Romagna region in Northern Italy. Models for estimating
ground-motion shake maps, based on regional attenuation relationships, spatial correlation
models and soil data are first presented. These maps, which are computed considering different
ground-motion intensity measures, are then combined with data on the spatial distribution of
buildings, and fragility models. In order to consider the different sources of uncertainty, i.e.
ground-motion intensity, definition of the fragility models, etc., a Monte Carlo simulation approach is used for estimating the distribution of buildings with different damage levels in each
municipality. Finally, the paper presents comparisons with damage data observed after the
2012 Emilia earthquake.

Keywords: Damage scenarios, Fragility assessment, Shake maps, Spatial correlation, Emilia earthquakes.
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1

INTRODUCTION

Seismic risk assessment has the objective of identifying and highlighting the most vulnerable
areas in a territory, and thus providing data to limit as much as possible earthquake-induced
losses (e.g. economical, human lives, building stock, etc.). To this aim, damage scenarios can
be estimated, both at national and regional scales. They are defined by studying past earthquake
data in order to estimate the probability of exceeding different damage states in buildings and
to quantify the expected losses. Up to date, there are many examples on how to derive damage
scenarios, either based on site-specific analyses [1–5] or on larger-scales assessments [6]. After
the 2012 earthquake studies have been focused on the Emilia-Romagna region [3,7]. Verderame
et al. derived damage scenarios for reinforced concrete buildings and fragility curves were derived combining the Response Surface Method with nonlinear static analyses. Meroni et al.
instead adopted the EMS-98 vulnerability classes definition to characterize the regional building stock and expressed its fragility in terms of macroseismic intensity.
The most commonly adopted procedures for the assessment of damage scenarios first require
the identification of building types and the characterization of the building stock at the considered scale (i.e. urban, regional, national). In Italy the only complete catalog of the built heritage
is the national Census, updated every ten years by the National Institute of Statistics (ISTAT).
This survey, however, has the objective of mapping demographics and thus is very poor in
terms of structural details of the investigated buildings. Nevertheless, some data are available
concerning structural materials, number of stories and age of construction. Afterwards, estimates of the ground-motion intensity are needed. These are often given in the form of shakemaps, i.e. maps providing the spatial distribution of the values of a ground-motion Intensity
Measure (IM). Finally, the effects of an earthquake on buildings are predicted combining data
from shake maps and fragility models. These latter define the probability of exceeding a certain
damage level as a function of the ground-motion intensity. Depending on the methodology employed for their derivation, fragility models can either be (i) empirical when obtained by fitting
statistical models to observational data; (ii) analytical when calibrated upon numerical analyses
on structural models; (iii) experts’ judgement-based when estimated though experts’ opinions.
Existing works [3,8] rely on already computed maps to derive vulnerability and exposure
models. This study, however, wants to present a comprehensive approach in the definition of
damage scenarios for the portion of the Emilia region affected by the 2012 Earthquakes. The
adopted computational procedure for the derivation of shake maps is derived by literature studies but relies on specific attenuation relationships calibrated on the available ground motion
recordings from the Emilia 2012 earthquakes. Fragility models, which are also specific for the
context under consideration, are combined with the ground motion intensity and building distributions through a Monte Carlo simulation approach. This methodology allows to evaluate
the damage distribution for each municipality in the area of interest. Outputs obtained with this
procedure are then compared with the actual damage distribution observed after the 2012 Emilia
earthquakes.
2

SHAKE MAPS FOR THE 2012 EMILIA EARTHQUAKES

Shake maps provide a graphical representation of the ground shaking intensity, described by
means of an IM, and describe its distribution in an area affected by a seismic event. In the
approach adopted here, the ground-motion intensity is first estimated for a regularly spaced grid
by means of an attenuation relationship. These values are then combined with data for groundmotion recording stations using a spatial correlation model. The main steps of the procedure,
as well as the models adopted, are described in the following.
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2.1 The 2012 Emilia earthquakes
In May 2012, the provinces of Modena, Bologna and Ferrara, in northern Italy, were affected
by a sequence of moderate seismic events which culminated in two main shocks on the 20th and
29th May, with moment magnitude equal to 6.1 and 6.0 [9], respectively. Ground-motion’s data
recorded during this seismic sequence was used to fit ground-motion attenuation models. Only
the events with MW ZHUHFRQVLGHUHG to this purpose. Furthermore, since, as discussed in the
following Section, the attenuation relationship’s form adopted requires the definition of the
geometry of the fault rupture plane, shocks for which this information was not available were
excluded. Based on these criteria the four events listed in Table 1 were selected.
Municipality

Latitude Longitude
[°]
[°]

Depth
[Km]

MW

GM
records

20th May 2012-05-20
main shock 02:03:50

Finale
Emilia

44.8955
11.26350
0

9.5

6.1

260

29th May 2012-05-29
main shock 07:00:02

Medolla

44.8417
11.06570
0

8.07

6

284

29th May 2012-05-29
aftershock
10:55:56

Cavezzo

44.8652
10.97950
0

4.35

5.5

182

29th May 2012-05-29
aftershock
11:00:22

San
Possidonio

44.8660
10.97630
0

7.2

5.5

149

Event

Date

Table 1: Main information about the select events from the 20th and 29th May Emilia 2012 sequence [9].

2.2 Ground-motion attenuation relationships
Attenuation relationships are empirical statistical models that define the dependency of the
values of an IM on seismological parameters as magnitude and source-to-site distance and other
parameters such as type of soil at the site, style of faulting, bedrock depth, etc. The functional
form employed in this study is
(1)
where ln(IM) is the natural logarithm of PGARotD50, defined according to Boore et al. [10] as
the 50th percentile of the PGA values obtained rotating the acceleration horizontal components
from 0 to 180°, M is the moment magnitude, R is the Joyne-Boore distance in km, sf is a term
describing site amplification effects, İw and İb are intra- and inter-event standard normal error
terms, respectively, c1, …, c5 are unknown regression coefficients, Vw and Vb are unknown
standard deviations associated to the intra- and inter-event variability, respectively. The term sf
is defined as:
(2)
where c6, …, c8 are unknown regression coefficients and SB, SC and SD are dummy variables
representing different soil classes. In particular, SB is 1 for soil class B and 0 otherwise, SC is 1
for soil class C and zero otherwise and SD is 1 for soil class D and 0 otherwise. The definition
of soil classes is based on the Italian Building Code [11]. The values of the unknown coefficients in Equations (1) and (2) are estimated by means of nonlinear mixed effects regression
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models, using recorded acceleration data from all the ground-motion recording stations at a
distance shorter than 200 km from the epicenters of the earthquakes listed in Table 1. This table
also reports the number of ground-motion records associated with each event. The model in Eq.
(1) incorporates fixed and random effects. The former are parameters assumed as constant over
the different groups of observations (each earthquake is a group), while random effects are
random variables that assume a different value for each earthquake. The obtained attenuation
relationship is plotted in Fig. 1 together with PGARotD50 data for the four events considered.
Random effects do not vary significatively for each separate event which means that the between-event standard deviation is quite limited.

Fig. 1 – Attenuation relationship in logarithmic scale referred to an ideal rigid soil (class A). Blue dots are
PGARot50 recordings for each event in terms of Joyner-Boore distance that have been referred to an equivalent
soil type A. Event a) and b) are the main shocks of the 20th and 29th May respectively, while c) and d) are the 29th
May aftershocks.

2.3 Spatial correlation models
Spatial correlation models must be defined for the computation of shake maps. In fact it has
been observed that ground motion IM values are spatially correlated [12–14]. Clearly this correlation is not accounted for in the IM prediction given by attenuation relationships, which is
for this reason called unconditioned. Shake maps instead combine the unconditioned distribution and recorded values, thus providing a conditioned distribution. Spatial correlation models
were defined based on empirical semivariograms for the residuals obtained from the regression
analysis carried out to fit the attenuation model. By visual comparison of different models, the
spherical model was selected to fit the sample semivariograms. This model is defined as:
J (h)

 3h 1 § h ·3
°  ¨ ¸ for 0 d h d a
® 2a 2 © a ¹
° 1
for h ! a
¯
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being a the range and h the separation distance, whereas Ȗ K is the semivariance. Spatial correlation is then obtained by subtracting the semivariance from unity.
2.4 Shake maps computation
As already mentioned in the previous sections, shake maps provide estimates of the spatial
distribution of a ground motion IM over a certain area. Since a large number of ground-motion
recordings is required in order to have reliable estimates, only the main events from the 20th
and 29th May are considered from now on. Furthermore, it is also assumed that these events are
those that contributed the most to building damage. Shake maps combine predictions from attenuation relationships, spatial correlation models and recorded IM values to derive estimates
on a regular grid. The computational procedure adopted is derived from Bradley [13] and
Worden et al. [15] and relies on the MVN theory. It is based on the hypothesis that the distribution of the natural logarithm of the IM produced by the earthquake e at site s, conditioned
upon a set of NSMS ground motion recordings, ln(IMes)| ln(IMeSMS), follows a multivariate normal distribution with mean value μln(IMes)|ln(IMeSMS) and standard deviation ıln(IMes)|ln(IMeSMS):
(4)
The mean value of this distribution can be estimated as:
(5)
where μln(IMes) is the unconditioned estimate of the mean value of the logarithm of the IM obtained by means of an attenuation relationship, įBe is the inter-event residual, įWes is a vector of
intra-event residuals with NSMS components, Ȉln(IMeSMS),ln(IMeSMS is a variance-covariance matrix
whose general term is defined as:
(6)
being ȡi,j the spatial correlation between the IM values at the i-th and j-th ground motion
recording stations and Ȉln(IMes),ln(IMeSMS is a variance-covariance matrix defined as:
(7)
Intra- and inter-event residuals are here determined by means of the attenuation relationship
and are assumed to be normally distributed with null mean. The variance in Eq. (4) is computed
as:
(8)
Maps are computed for one event at time. In Figure 2 and the spatial distribution of
PGARotD50 derived with the methodology just described is presented for the main shock of
the 29th of May 2012, while Figure 3 shows the spatial distribution of the variance associated.
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Fig. 2 - Shake map for the 29th of May 2012 event in terms of median PGARotD50 assuming uniform soil
type C. Black dots are ground motion recording stations. The red polygon indicates the surface projection of the
fault plane while the star symbol represents the position of the epicenter.

Fig. 3 - Spatial distribution of the variance associated with the log10(PGARotD50) estimate. Variance is null
in correspondence of ground motion recordings stations (black dots). The red polygon indicates the surface projection of the fault plane while the star symbol represents the position of the epicenter.
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3

FRAGILITY MODELS

Fragility is generally referred to as the probability of exceeding a specific damage state conditioned to a certain ground motion IM value. Damage probability matrices (DPMs) describe
fragility as a discrete quantity, relating the number of buildings with damage levels to some
defined intervals of values of the IM [16,17]. To express fragility as a continuous function,
parametric curves are often adopted. They represent the cumulative distribution function of the
exceeding probability for the considered damage states. For the Emilia 2012 earthquakes a few
specific models are available, both for masonry and reinforced concrete residential buildings.
To carry out a damage scenario simulation, fragility models have to be consistent not only in
terms of the building typology they refer to, but also in terms of adopted damage scale and
ground motion IM considered. The following Sections describe the fragility models adopted in
the present work; three different models for Reinforced Concrete (RC) and two models for
unreinforced masonry structures.
3.1 Fragility curves for unreinforced masonry structures
The characteristics of existing unreinforced masonry buildings are highly dependent on the
quality and type of materials that can be found in a specific geographical area. For this reason,
only models that have been derived from the Emilia-Romagna region residential masonry buildings were employed in this study. The first model used has been recently proposed by Ioannou
et al. [18], and it is based on the analysis of damage data from the 2012 Emilia earthquake
obtained from post-earthquake surveys. This dataset, however, is biased towards damaged
buildings and the census [19] was used to complete the building stock with the undamaged
buildings. Data was aggregated at the level of municipalities. It has often been highlighted
[18,20,21] that this practice, common for empirical fragility assessment, reduces the level of
detail in the building typology definition. The ground motion intensity was estimated using the
attenuation model proposed by Bindi et al. [22]. Ioannou et al. then define several statistical
models that relate 5 damage levels derived from EMS-98 to PGA, to the construction material
(masonry, RC and other), to ground failure, and to the construction age. In the present study the
model for masonry buildings was used.
The second set of curves was specifically derived by the authors in the present paper, based
on statistical analysis of observational damage data. In a similar manner to the approach adopted
in Ioannou et al., a complete database for masonry buildings, accounting for both the damaged
and undamaged population, was obtained by combining information from post-earthquake surveys and census. The two sources were joined using the nearest neighbor criterion, i.e. for each
post-earthquake survey form the nearest census building was deleted so that single entities are
not double counted. Ground motion PGA values were estimated using maps derived according
to the procedure described in Section 2. The fragility models obtained are based on logistic
ordinal models, to avoid overlapping of fragility curves. The proportional odds assumption was
introduced, thus considering that the slope of the curves is constant over the different damage
levels. Specifically, a link logit function was used, and the covariate of the models was assumed
to be constituted by the natural logarithm and squared natural logarithm of PGA, as shown in
Eq. (9).
(9)
being ȕ0,j the intercept for each damage level, while ȕ1 and ȕ2 represent the slopes, constant
among the different damage states. The two considered fragility models are shown in Fig. 4.
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(a)

(b)

Fig. 4 – (a) Ioannou et al. [18] fragility curves and curves from the present work (b). Fragility is expressed in
terms of PGA [g] for five different damage states.

3.2 Fragility curves for RC buildings
The first fragility model used in the present study was proposed by Verderame et al. [3].
These fragility curves were obtained by modeling infilled RC frames with 2 and 4 stories. Their
geometry was defined after a detailed analysis of the damage distribution and of the residential
building stock in some municipalities of the Emilia region while their structural detailing was
derived referring to the post-1945 Italian regulations for RC buildings [23]. The capacity of
these models was evaluated by means pushover analysis, while the IN2 method was used to
estimate the displacement demand [24]. To derive fragility curves, damage thresholds expressed in terms of displacement capacity were first defined, while the variability of material
characteristics or capacity parameters was accounted for by means of Response Surface metamodels. Lognormal fragility curves were obtained in terms of PGA for five different damage
states, defined according to a mechanical interpretation of the EMS-98 scale [25].
The second fragility model adopted was developed by Salamida and Buratti [26] by applying
nonlinear static analysis to study the structural response of 2- and 4-stories infilled RC frames,
found to be the most common reinforced concrete residential building type in the Emilia region.
Material properties and construction details were defined by means of simulated design, considering the Italian design adopted between 1950 and 1970. Damage states were defined from
the EMS-98 scale as in Verderame et al., and fragility curves were calibrated separately for the
different directions of application of the seismic action and for distributions of lateral loads
Overall fragility curves, were then computed as the mean probability of exceedance for the
separate curves.
The third model used was proposed by Secci [27] and was developed through statistical
analysis of data on the observed damage on RC buildings from the 2009 L’Aquila earthquake
in Italy. For RC buildings it can be assumed that material properties are not strictly related to
geography and local construction technologies. Furthermore, while analytical fragility models
are generally biased though a very specific building typology, empirical models are able to
account for the greater variability found in real buildings in terms of structural performance.
Secci employed Bayesian regression to estimate the exceedance probability for five different
damage states, based on the EMS-98, as a function of PGA. Damage levels were derived from
post-earthquake surveys using the procedure proposed by Rota el a. [28]. The three considered
fragility models are shown in Fig.5.
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(a)

(b)

(c)
Fig. 5 – Fragility curves for RC buildings used in the present paper a) Verderame et al. [3], b) Salamida and
Buratti [26], c) Secci [27]

4

SIMULATION OF DAMAGE SCENARIOS

Damage scenarios are here derived only for municipalities within the epicentral area of the
2012 Emilia earthquake. Information regarding the building stock for each municipality is derived from the 2011 census [19]. The data used concerns geographical coordinates, construction
material, age of construction and number of stories.
A Monte Carlo approach is then employed to evaluate a damage scenario in each municipality, for a given earthquake. First, the joint distribution of the ground motion intensity in terms
of PGA at the locations of all the Nb,k buildings in the k-th municipaly is estimated using the
procedure described in Section 2. In particular, this distribution can be written as
(10)
where IMk is a random vector containing the Nb,k ground motion intensities associated to the
buildings of the k-th municipality, Mk is a vector containing the mean values of ln(IMk), and
ቀࢳ୪୬(ூெ ),୪୬൫ூெೕ൯ ቁ is a variance-covariance matrix. The general element of this matrix is com

puted as per Eq. (6), though the spatial correlation and the standard deviation are referred to the
ground-motion intensities at the locations of the i-th and j-th building.
The general iteration of the Monte Carlo simulations is then carried out as follows:
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i.

A random sample of ground motion intensities is drawn from the distribution defined
by Eq. (10).
ii. A fragility model is randomly chosen among those defined in Section 3.1 and Section
3.2 for unreinforced masonry and RC buildings, respectively.
iii. The probability of achieving the different damage levels (as well as no damage) is computed for each building combining data from i. and ii. When either the Verderame et al
[3] or the Salamida and Buratti [21] fragility model is selected for RC buildings, the
probabilities are computed considering the number of stories of each building (census
data).
iv. For each building a damage state is define by comparing a random number drawn from
a uniform PDF in the interval [0, 1] to the probabilities computed at step iii.
A number of 10000 simulations is carried out for each municipality. In the following, results
are presented separately for masonry and RC residential buildings.
4.1 Analysis of results for unreinforced masonry structures
To represent the simulation outcomes in a compact notation, histograms are used to visualize
the mean number of buildings with the different damage levels, in contrast to damage data
observed after the 2012 Emilia earthquakes.
Fig. 6, compares the distribution of damage in masonry buildings with reference to municipalities located within 10 km from the epicenter. It can be noted that buildings with low damage
levels, such as D0 or D1 are overestimated by the simulation. To further investigate the simulated damage scenarios, municipalities outside the immediate epicentral area are considered,
located at a distance larger than 10 km but still not further than 30 km. These areas are expected
to be subjected to strong ground-motions, according to the computed shake map, but were not
highly damaged, according to post-earthquake surveys. As shown in Fig. 7, in these municipalities, simulations predict higher damage levels than those observed. Damage scenarios, in fact,
rely on fragility models that are calibrated on the whole observed damage database, thus, representing a mean trend in the damage observations among municipalities. This implies that this
type of approach is better employed when evaluating the expected damage on a regional scale,
while if used to derive damage scenarios at the municipality level, this could lead to underestimation or overestimation of the expected damage distribution.

Fig. 6 - Comparison between observed (right) and mean values of the simulated (left) damage distribution for
masonry buildings for municipalities in the immediate epicentral area (distance from epicenter < 10 km).
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Fig. 7 - Comparison between observed (right) and mean values of the simulated (left) damage distribution for
masonry buildings for municipalities in the slightly further epicentral area (10 km < distance from epicenter < 30
km).

Fig. 8 – Histograms representing the distribution of the different damage levels among the 10000 simulations
for the municipality of Mirandola. The a) column figures represent the contribution given by Ioannou et al. [18]
fragility model, the b) column is the one given by the fragility model presented in the current paper, while c) represents the totality of the simulations.
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Fig. 9 - Histograms representing the distribution of the different damage levels among the 10000 simulations
for the municipality of Sant’Agostino. The a) column figures represent the contribution given by Ioannou et al.
[18] fragility model, b) is the one given by the fragility model presented in the current paper, while c) represents
the totality of the damage levels distribution accounting for both models.

The variability of the simulation results is analyzed in Fig. 8 and Fig. 9 for the municipalities
of Mirandola (MO) and Sant’Agostino (FE). It is evident, from both figures that buildings
reaching D0 have a high variability compared to other damage states. From the figures above,
for levels D1 and D3 the two fragility models produce different results, while other damage
states are quite coherent with each other.
4.2 Analysis of the results for RC buildings
Results for reinforced concrete buildings, differently than those obtained for masonry structures, rely on both empirical and analytical fragility models. Analytical models are highly dependent on the assumptions introduced in the definition of structural models and can be very
accurate in describing the behavior of that specific typology, while failing to account for the
variability that characterizes the actual building stock. Comparison between observed and simulated damage distributions is presented in Fig. 10 for municipalities within 10 km from the
epicenter that sustained significant damage, according to post-earthquake surveys. To further
investigate the contribution given by each separate model, simulations are also run considering
each fragility model one at time and the so obtained damage distributions are presented for the
same municipalities in Fig. 11.
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Fig. 10 - Comparison between observed (right) and mean values of the simulated (left) damage distribution
for RC buildings for municipalities in the epicentral area (distance from epicenter < 10 km).

(a)

(b)

(c)
Fig. 11 – Mean value of the simulated damage distribution adopting either (a) Verderame et al. [3], (b)
Salamida and Buratti [21] or Secci [27] fragility models.

Substantial differences can be observed comparing the observed and the simulated damage,
both considering all fragility models together and separately. As already mentioned, Verderame
et al. [3] and Salamida and Buratti [26] models adopt different sets of fragility curves depending
on the height of buildings. To study the reliability of the adopted procedure, the number of
stories distribution is analyzed in the subset considered and in the overall building database.
First the census (Dat1) and the post-earthquake surveys (Dat2) databases are considered with
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reference to the provinces of Bologna, Modena and Ferrara. Then the combined database (Dat3)
is studied. Results are shown in Table 2.
Database
Dat1
Dat2
Dat3

1
3.45 %
29.10 %
5.67 %

2
40.06 %
18.14 %
38.06 %

N. of stories
3
4
26.04 %
14.95 %
17.87 %
14.69 %
25.22 %
14.89 %

5
6.70 %
7.96 %
6.89 %

>5
8.81 %
11.31 %
9.19 %

Table 2: Percentages with respect to the total of buildings separated for number of stories
and database. Dat1 is the census dataset, Dat2 is the post-earthquake surveys one and Dat3 is
the joint database
Dat1
N. of stories
1
2
3
4
5
Finale Emilia
0.00 % 8.97 % 16.67 % 50.00 % 21.79 %
Medolla
0.00 % 4.65 % 16.28 % 51.16 % 27.91 %
Mirandola
3.85 % 5.68 % 16.63 % 31.03 % 41.38 %
Novi di Modena
1.69 % 2.82 % 9.60 % 21.47 % 60.45 %
San Felice sul Panaro 0.00 % 2.86 % 1.43 % 14.29 % 71.43 %
Dat2
N. of stories
Municipality
1
2
3
4
5
Finale Emilia
40.63 % 21.25 % 16.88 % 11.88 % 5.63 %
Medolla
40.00 % 22.22 % 22.22 % 14.44 % 0.00 %
Mirandola
30.38 % 16.46 % 14.77 % 16.46 % 11.18 %
Novi di Modena
26.06 % 28.87 % 23.94 % 9.15 % 4.93 %
San Felice sul Panaro 22.22 % 20.37 % 39.81 % 11.11 % 5.56 %
Dat3
N. of stories
Municipality
1
2
3
4
5
Finale Emilia
40.12 % 20.99 % 17.90 % 11.73 % 5.56 %
Medolla
40.00 % 22.22 % 22.22 % 14.44 % 0.00 %
Mirandola
29.45 % 18.00 % 14.93 % 16.36 % 10.84 %
Novi di Modena
19.59 % 38.66 % 24.23 % 8.25 % 4.12 %
San Felice sul Panaro 22.22 % 20.37 % 39.81 % 11.11 % 5.56 %
Municipality

>5
Total #
2.56 %
78
0.00 %
43
1.42 %
493
3.95 %
177
10.00 %
70

>5
Total #
0.63 %
160
0.00 %
90
0.00 %
474
0.00 %
142
0.00 %
108

>5
Total #
1.85 %
162
0.00 %
90
9.00 %
489
4.64 %
194
0.93 %
108

Table 3: Total number of buildings and percentages with respect to the number of stories for each municipality and database.

Remembering that Dat2 consists mainly of damaged buildings, and thus percentages can be
intended as referring to the most fragile building typology, Dat1 and Dat3 coherently identify
2- and 3-stories structures as the most predominant typology. If the same analysis is conducted
with respect to the single municipalities shown in Fig. 10 and Fig. 11, some changes can be
observed. Table 3 highlights significant differences for the considered municipalities in the distribution of the number of stories. Specifically, Dat1 consists mainly of 4- and 5-stories structures and the total count is also lower than the corresponding quantity that has been surveyed
in the same municipality. Thus, when combining Dat1 and Dat2 in Dat3, this final database
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mostly consist of post-earthquake entries and the number of stories distribution reflects this, as
well. However, damage scenarios are carried out relying on census data alone, which means
that for some municipalities the dimension of the building stock may be underestimated. At the
same time, errors may be introduced in the simulation due to misclassification of the number
of stories, or of the type of construction material itself. Nonetheless, it has been shown in Table
2 that overall ratios are coherent among the different databases. It can be then said that damage
scenarios produce reliable results when considering a regional scale but can lead to large misinterpretations if applied to a single municipality or limited scale. If damage scenarios aim to
assess the expected fragility of single municipalities they have to be implemented starting from
highly reliable and detailed data, especially with respect to those parameters that influence the
chosen fragility models, such as the number of stories or construction age.
Finally, in an analogous way to what was done for masonry structures scenarios, the variability of the outcomes of the simulations is visualized in Fig. 12, disaggregated for the different
fragility models considered. Damage level D0 histograms are similar for all considered models,
while for other damage states results vary from model to model.

Fig. 12 – Histograms representing the distribution of the different damage levels among the 10000 simulations for the municipality of Mirandola. The a) column figures represent the contribution given by Verderame et
al. fragility model [3], b) is the contribution from Salamida and Buratti’s fragility model [26], while c) represent
the contribution given by the model proposed by Secci [27]. Finally, the totality of the damage levels distribution
accounting for all models is represented in column c) plots.

5

CONCLUSIONS

The present paper illustrates a framework for the simulation of seismic damage scenarios in
the Emilia Romagna region, in northern Italy. First attenuation relationships are defined as well
as spatial correlation models in order to estimate shake maps for the Emilia 2012 earthquakes.
These tools are then employed to carry out a Monte Carlo simulation to compute damage
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scenarios for masonry and reinforced concrete residential buildings. Building stock information
is obtained from the census, while fragility is estimated through models obtained from the available literature for both structural typologies. The simulated damage distribution is then compared to the observed one and results are discussed. It is derived that damage scenarios may be
a powerful tool to obtain damage estimates on regional scale but may lead to overestimation or
underestimation when applied to a reduced scale, such as at a single municipality level. These
results are highly influenced by the quality of the building stock database (i.e. census) that
introduces high uncertainties with respect to number of stories and construction material.
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Abstract
Large-scale seismic risk assessment is probably the most appropriate tool for investigating
the consequences of earthquakes in a region of interest. Most of the existing risk-oriented
studies focus on the seismic hazard evaluation and vulnerability assessment, while fewer efforts were performed in evaluating the influence of exposure modelling. The large-scale
building inventory is generally conducted by relying on readily available sources of information, such as databases based on census data. However, the information contained in census databases are often limited to poor level data, such as building construction material,
construction age and (not always available) the storey number. The use of inventory data for
large scale application requires suitable rules to assign buildings typologies to vulnerability
classes, that is an exposure model. Most of the existing exposure models are calibrated on
building typological data available from post-earthquake survey data and therefore are based
on data from specific geographic areas, namely the ones hit by damaging earthquakes. It is
known that the distribution of building typologies can vary greatly for different areas of a
country and the availability of construction material in the area. Furthermore, the evolution
of construction techniques and the codes in force at the time of construction may affect the
presence of a particular building’s typology rather that another one. This study aims to evaluate the influence of a better knowledge level of the building environment on seismic risk at
regional scale, investigating the variability of masonry building typologies distribution. The
application is presented for two different Italian regions, showing that an improved characterization of regional vulnerability may strongly influence the impacts in terms of risk estimations.
Keywords: exposure, vulnerability, inventory, local building typologies, Cartis
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1

INTRODUCTION

In large scale seismic risk assessment, the buildings are clustered in relevant vulnerability
classes based on the behavior that is expected during a seismic event, for which different vulnerability functions are defined. A common vulnerability classification is given by the European Macroseismic Scale EMS’98 [1], that categorizes buildings in 6 vulnerability classes
(from A to F), based on the type of vertical structures, i.e. the construction material and code
design level. Other vulnerability models identify vulnerability classes based on the construction material (masonry, reinforced concrete, steel, wood) taking into account as well other
structural and non-structural elements features (e.g. [2]-[4]).
The distribution of buildings within the vulnerability classes in each territorial unit of analysis is given by building inventory. Different sources of information on people and residential
buildings are available with global coverage at national and sub-national level (e.g. [5]-[7]);
however, in order to compile building inventory Census database is often the primary employed source, thanks to their availability and diffusion on whole national territory. In Italy,
census data on population and buildings, allowing to count building numerousness in terms of
construction material, number of storeys and construction age, are produced by ISTAT, the
national statistical institute. The data for each census tracts are available in aggregated form
for privacy reasons, but the disaggregated census data on buildings are also available at provincial or municipality level, as shown in [8]-[9] and [10].
In general, to compile a building inventory at territorial scale starting from census data, a
suitable exposure model is required to associate the building typology to vulnerability classes
defined according to a vulnerability model. In the methodology adopted within last National
Risk Assessment (NRA) for Italy [11], the exposure modelling defines the rules to assign
building typology identified by ISTAT to EMS’98 vulnerability classes. Moreover, the methodology allowed to evaluate the risk by combination of the results obtained adopting different
vulnerability/exposure models (VEM). Generally, exposure models may be calibrated based
on building typological data available from post-earthquake surveys in Italy (e.g. [13] and
[14]) or other available building-by-building survey databases (as in [15]) and eventually integrating them with expert judgment (e.g. [16]).
However, due to the high costs and time required, building-by-building survey campaign
are generally carried out for limited areas in a country, such as urban districts or small municipalities, and the ones conducted after a noteworthy seismic event usually completely inspect
only the municipalities with higher macroseismic intensity [17].
Thus, the exposure model used in national or sub-national risk assessment may be calibrated on data referred to a specific geographic area. However, the buildings’ characteristics may
be not the same for different areas of a country, likely due to variability in construction material diffusion and in construction techniques use for different regions.
Mostly for unreinforced masonry buildings, the type of vertical structure (e.g. regular, irregular, round stone, regular stone etc.), that has a clear influence on seismic vulnerability,
may vary significantly: the type of stones can be influenced by the geography of the territory
(e.g. the presence of quarries, waterways and volcanic areas) and in turn construction techniques are influenced by the type of stones, because some types of stones are better suited to
be cut into square blocks. In Italy, in inland areas near to Apennine limestone is widespread
while bricks are typical of the Adriatic coast and tuff of volcanic areas. This could explain the
reason of large presence of irregular layout structures in the internal areas of the country and
the presence of regular layout masonry structures in the areas characterized by the presence of
bricks, tuff or travertine, as shown in [18]-[20].
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A recent approach for the compiling of large-scale inventories is provided by Cartis [21],
an interview-based form developed within “Territorial Themes” ReLUIS project financed by
the Italian Civil Protection Department. The Cartis approach allows to rapidly survey ordinary
building typologies in urban area, collecting information on buildings features useful for the
building vulnerability classification. In this paper, we propose the use of Cartis database to
improve the exposure modelling at regional scale. Adopting the methodology proposed in [22]
and briefly recalled in the next paragraphs, the effects of the improved vulnerability characterization on risk assessment are evaluated for two Italian regions. Two exposure/vulnerability
model recently proposed in Italy for unreinforced masonry buildings are adopted and the
damage and risk assessment obtained from the original vulnerability/exposure models and
from the ones updated through the Cartis-based inventory area compared. It will be shown
that not negligible changes of the impacts may be observed, also depending on the analyzed
region.
2

THE ADOPTED VULNERABILITY/EXPOSURE MODELS

With the aim to investigate the effect of different typological distribution on the vulnerability assessment at the regional scale, two empirical vulnerability/exposure models that were
recently proposed for masonry type buildings are adopted. The model proposed by Del Gaudio et al. [3], referred to as DG2019, is based on the statistical treatment of typological and
damage data of masonry buildings damaged after the 2009 L’Aquila earthquake. The authors
propose empirical based lognormal fragility curves for 14 masonry buildings classes, defined
based on the combination of vertical structures (regular layout or good quality, irregular layout or poor quality structure with or without tie rods/beams) and horizontal structures (vaults
with or without tie rods, beams with flexible, semi-rigid or rigid slabs), as shown in Table 1.
Moreover, a set of fragility curves directly referred to construction age intervals, usable with a
building classification based on census data, are also proposed. These age-dependent fragility
curves are derived by a linear combination of the 14 sets of typological fragility curves, using
the percentage of occurrence of each class within the 8 times intervals defined by ISTAT (<
1919, 1919-1945, 1946-1961, 1962-1971, 1972-1981, 1982-1991, 1991-2001, > 2001) reported in Table 1 as linear combination coefficients. To find out the distribution of buildings belonging to different age ranges, the data derived from the sample of 22,618 residential
masonry buildings surveyed after L’Aquila earthquake are used. From this database analysis,
it can be noted that most of the buildings built before 1945 are characterized by irregular layout (class 4B and 5B in Table 1), whit high percentage of vaults in oldest buildings (class
23BC), while modern buildings are characterized by regular layout and rigid floors.
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Table 1 - Occurrence percentages of vulnerability classes into 8 time intervals, defined by [3].
Vaults with or w/o tie
rods
Irregular
layout or
poor
quality

Regular
layout or
good
quality

Beams with
Flexible slab

Irregular layout
or poor quality

Beams with
Semi-rigid slab

Regular layout
or
good quality

Irregular layout
or poor quality

Beams with
Rigid slab

Regular layout
or good quality

Irregular layout
or poor quality

Regular layout
or good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

23BC

23DE

4B

4C

4D

4E

5B

5C

5D

5E

6B

6C

6D

6E

2%

<19

22%

3%

25%

5%

2%

1%

21%

6%

4%

2%

3%

2%

1%

19-45

8%

2%

23%

3%

4%

1%

23%

6%

9%

4%

4%

3%

3%

7%

46-61

2%

1%

9%

1%

4%

1%

17%

6%

13%

8%

5%

7%

7%

20%

62-71

1%

0%

3%

1%

6%

1%

4%

3%

9%

9%

3%

5%

12%

43%

72-81

0%

0%

2%

0%

4%

1%

2%

1%

6%

8%

1%

2%

11%

62%

82-91
922001

0%

0%

2%

0%

6%

2%

2%

1%

5%

6%

2%

2%

11%

62%

2%

1%

4%

1%

7%

4%

3%

2%

5%

5%

2%

2%

10%

53%

>2001

3%

0%

3%

1%

5%

5%

4%

3%

3%

9%

3%

2%

6%

52%

The second model, proposed by Rosti et al. [23] referred to as RO2020, was derived considering the L’Aquila 2009 and Irpinia 1980 post earthquakes data. Eight building typologies
were identified, based on quality of the masonry fabric (i.e. irregular layout or poor-quality
masonry, regular layout and good-quality masonry), in-plane flexibility of diaphragms (i.e.
flexible, rigid), presence (or absence) of connecting devices. These typologies were fused into
three vulnerability classes (A: high vulnerability, B: medium vulnerability, C1: low vulnerability) based on classification rules proposed by Rota et al. [4], reported in Table 2. As one of
the purposes of this study was to implement the model using IRMA platform [12] for its possible application for national risk assessment in Italy [11], the authors proposed an exposure
model that defines the rules to assign the percentage of each census-based typologies for masonry buildings (defined based on construction age - < 1919, 1919-45, 1946-61, 1962-71,
1972-81, > 1981- and height level - L and MH) into the three vulnerability classes A, B and
C1.
Table 2 - Definition of vulnerability classes based on type of vertical and horizontal structures and presence of
connection devices, as reported in [4]
Horizontal structure

Flexible
Semi-rigid
Rigid
Vaults

Irregular texture or poor quality masonry
w/o connecting
device
A
A
A
A

with connecting
device
A
A
B
B

Regular texture and good quality masonry
w/o connecting
with connecting
device
device
B
C1
B
C1
C1
C1
C1
C1

This exposure model was calibrated through an optimization problem finalized to minimize the difference among a set of empirical fragility curves, derived by the sole dataset of
masonry buildings damaged after 2009 L’Aquila earthquake, and the fragility curves previously derived for A, B and C1 vulnerability classes. The resulting exposure matrix is reported
in Table 3.
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Table 3 - Composition of the masonry building stock in terms of percentages of macro-categories belonging to
the different vulnerability classes, according to [23]
Class of height
Vulnerability class

3

Low
A-L

Medium-High

B-L

C1-L

A-MH

B-MH

C1-MH
3%

<19

86%

0%

14%

97%

0%

19-45

45%

44%

11%

22%

78%

0%

46-61

9%

59%

32%

0%

75%

25%

62-71

5%

4%

91%

0%

18%

82%

72-81

0%

0%

100%

0%

0%

100%

82-91

0%

0%

100%

0%

0%

100%

EXPOSURE MODELLING: A CARTIS-BASED APPROACH

The proposed methodology relies on Cartis form’s information to re-calibrate the exposure
models in different Italian regions. The 1st level “Cartis” form is an interview-based form finalized to the survey of ordinary building typologies in sub-areas of the town denominated
Town Compartments TC, characterized by prevailing homogeneity of the built environment
in terms of initial period of construction and/or constructive structural characteristics. Using
Cartis approach is possible to detect buildings features having strong influence on seismic behavior, allowing a more refined classification for buildings. In addition to age of construction
and number of storeys, for masonry building the type of masonry (e.g. irregular layout masonry or regular layout with square stones or bricks), the horizontal slab type (e.g. flexible, rigid
or semi-rigid slabs), the type of vaults (if present) and the presence of tie rods or tie beams are
some of the vulnerability factors considered in the form. For each TC the form allows to detect up to four different typologies for masonry buildings (MUR1, MUR2, MUR3, MUR4)
and four for RC buildings (CAR1, CAR2, CAR3, CAR4).

Figure 1 - Town Compartments for a town in the south of Italy and an example of buildings distribution for TC1,
based on the related percentages reported in Cartis.

For each typology, the incidence percentages of the typology on the buildings in the TC are
given. Therefore, given the total numbers of buildings in each TC, it is possible to derive the
number of building belonging to different building typologies, and, consequently, considering
all TCs in a town, the inventory at municipal level can be obtained. An example of the proce-
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dure to derive the number of building for a masonry typology in a town compartment is reported in Figure 1.
Starting from the inventory compiled in towns where Cartis form is available, the occurrence percentage of building typologies at regional scale can be derived. Once the number of
buildings belonging to defined structural types is obtained, it is possible to group them into
vulnerability classes, according to the adopted vulnerability model.
In [22], based on the availability of Cartis-based inventory, a methodology for exposure
modelling was proposed, that can be reassumed in the following steps:
a) Compiling of Cartis-based inventory at urban scale, for all the towns where Cartis
information is available.
b) Deriving statistical distribution of building typologies at regional scale considering
all the towns in the region for which Cartis-based inventory was compiled.
c) Recalibration of exposure matrix with the percental distribution obtained by Cartisbased inventories, according to the vulnerability classes considered by the adopted
vulnerability model.
Note that the reliability of the procedure is affected by the percentage of investigated towns
as well as by their representativeness in terms of building and population number in a region.
As explained in [22], two slightly different approaches for the recalibration of the DG2019
and RO2020 models are applied. In DG2019 the age-dependent fragility curves to use with
available ISTAT data was obtained by a linear combination of the fragility curves relative to
the 14 building classes; therefore, after the recalibration of the exposure matrix a new set of
age-dependent fragility curve has to be derived to evaluate the risk starting by census data.
Differently, according to RO2020 model, only the exposure matrix was recalibrated, without
modification of the fragility curves used for risk calculation. It is worth noting that the exposure matrices in DG2019 and RO2020 were obtained by statistical analysis of typological data
relative to the sole buildings that were inspected after the 2009 L’Aquila earthquake. Thus,
these matrices represent the typological distribution of a specific region (i.e. Abruzzo region).
Therefore, a more accurate calibration procedure may improve the vulnerability characterization at regional level and consequently may affect the estimation of expected damage and impacts.
4

APPLICATION FOR TWO ITALIAN REGIONS

The proposed procedure is applied for two Italian regions: Toscana and Veneto. In Toscana
region 59 towns were surveyed through Cartis form, that represent about 22% of Toscana
municipalities and 10% of regional inhabitants. In Veneto 35 towns were surveyed, representing the 6% of the municipalities and covering approximately the 11% of regional population.
According to the procedure previously described, the Cartis-based inventory is compiled
for all the towns surveyed by Cartis form. Assuming the surveyed municipalities representative of the entire region, the percentage distribution of building typologies at regional level is
obtained. It is worth noting that the Cartis database partially cover the whole regional territory,
so this simplifying hypothesis could affect the reliability of estimations at regional scale.
However, the present study represents a preliminary application to investigate the variability
of vulnerability characterization at regional level and the results are expected to be updated
when Cartis form on other municipalities will be compiled.
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Figure 2 – Diffusion of the vertical (irregular or regular layout) types on masonry building stock at regional scale,
derived by Cartis - based inventory.

The analysis of the regional inventories shows very different distribution of masonry building typologies. In Toscana irregular layout vertical structures are widespread, representing
about 76% of masonry buildings, while in Veneto this typology characterizes just the 16% of
the total, see Figure 2. Regarding horizontal structures type, the major difference between regional inventories is about the diffusion of semi-rigid slab type in irregular layout structures,
about 36% in Toscana and almost absent in Veneto (2%), see Figure 3.
Once obtained the number of buildings with specific structural features (e.g. the number of
masonry buildings with regular layout and vaults without tie rods), it’s possible to group them
into vulnerability classes according to DG2019 and RO2020 models and recalibrate the relative exposure matrices.

(a)

(b)

Figure 3- Diffusion of horizontal structure types for irregular layout buildings according to Cartis-based inventory, for Tuscany (a) and Veneto region (b).

The comparison with the DG2019 exposure model shows a considerable increase of irregular layout masonry structures in Tuscany for first and second time intervals (<1919, 19191945) (see Table 4). In particular, poor quality masonry structures without tie rods or tie
beams and with flexible slabs (4B) and semi-rigid slabs (5B) are more widespread in Tuscany
than in Abruzzo, according to the DG2019 matrix. Moreover, this type of structures represents a not negligible percentage of more recent built buildings.
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Table 4 -DG2019 exposure matrix derived by Cartis-based inventory, for Tuscany region.
Vaults with or w/o tie
rods
Irregular
layout or
poor
quality

Regular
layout or
good
quality

Beams with
Flexible slab

Irregular layout
or poor quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Beams with
Semi-rigid slab

Regular layout
or
good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Irregular layout
or poor quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Beams with
Rigid slab

Regular layout
or good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Irregular layout
or poor quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Regular layout
or good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

23BC

23DE

4B

4C

4D

4E

5B

5C

5D

5E

6B

6C

6D

6E

<19

8%

1%

43%

11%

5%

0%

23%

6%

0%

0%

1%

0%

1%

0%

19-45

3%

1%

21%

5%

7%

1%

41%

9%

1%

0%

7%

2%

3%

0%

46-61

0%

1%

12%

5%

8%

3%

31%

13%

7%

3%

7%

3%

5%

2%

62-71

0%

0%

1%

1%

1%

1%

1%

2%

1%

2%

12%

16%

22%

40%

72-81

0%

0%

1%

1%

1%

2%

1%

1%

1%

3%

10%

18%

16%

46%

82-91
922001

0%

0%

0%

0%

1%

3%

0%

0%

1%

2%

12%

6%

14%

61%

0%

0%

0%

0%

68%

1%

0%

0%

1%

0%

23%

0%

7%

0%

>2001

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

9%

0%

77%

15%

Table 5 - DG2019 exposure matrix derived by Cartis-based inventory, for Veneto region.
Vaults with or w/o tie
rods
Irregular
layout or
poor
quality

Regular
layout or
good
quality

Beams with
Flexible slab

Irregular layout
or poor quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Beams with
Semi-rigid slab

Regular layout
or
good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Irregular layout
or poor quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Beams with
Rigid slab

Regular layout
or good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Irregular layout
or poor quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

Regular layout
or good quality

W/o tie
rods or
tie
beams

With
tie
rods or
tie
beams

23BC

23DE

4B

4C

4D

4E

5B

5C

5D

5E

6B

6C

6D

6E

<19

0%

2%

35%

12%

24%

16%

1%

0%

0%

0%

4%

1%

3%

2%

19-45

1%

1%

15%

7%

24%

17%

0%

0%

0%

0%

9%

5%

12%

8%

46-61

0%

0%

0%

0%

3%

5%

0%

0%

0%

0%

4%

11%

32%

45%

62-71

0%

0%

0%

1%

2%

1%

0%

1%

0%

0%

4%

12%

45%

33%

72-81

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

1%

27%

48%

23%

82-91
922001

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

2%

5%

58%

35%

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

2%

15%

65%

18%

>2001

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

0%

100%

0%

For Veneto region, irregular structures represent a significant percentage for older masonry
buildings (<1919), but after 1950 almost the whole masonry buildings structures are regular
layout structures with rigid floors (see Table 5). According to RO2020 model, it can be noted
that for Tuscany region the differences between the original matrix and the recalibrated ones
mostly concern masonry structures built between 1919 and 1945 and between 1946 and 1961,
with many low-rise buildings classified in more vulnerable classes (Table 6). For Veneto a
different distribution of older masonry buildings can be observed, with lower number of them
classified as A (Table 7).
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Table 6 - RO2020 Exposure matrix derived from Cartis-based inventory for Tuscany region.
Class of height

Low

Vulnerability class

A-L

Medium-High

B-L

C1-L

A-MH

B-MH

C1-MH
2%

<19

92%

6%

2%

90%

8%

19-45

85%

11%

4%

85%

9%

5%

46-61

68%

19%

14%

70%

15%

15%

62-71

19%

15%

66%

14%

20%

65%

72-81

17%

17%

66%

10%

22%

67%

82-91

8%

11%

81%

17%

3%

80%

Table 7 - RO2020 Exposure matrix derived from Cartis-based inventory for Veneto region.
Class of height

4.1

Low

Medium-High

Vulnerability class

A-L

B-L

C1-L

A-MH

B-MH

C1-MH

<19

51%

29%

21%

52%

24%

24%

19-45

24%

38%

38%

38%

24%

38%

46-61

0%

19%

81%

9%

8%

83%

62-71

4%

6%

90%

9%

19%

72%

72-81

0%

2%

98%

1%

46%

53%

82-91

2%

8%

91%

1%

3%

95%

Damage and Risk assessment

The effects of a different vulnerability characterization at regional scale is evaluated with
the aid of IRMA platform [12]. In the platform, different exposure/vulnerability models
(VEM) and different sets of fragility curves can be employed. Deriving the exposure data
from ISTAT 2011 database, the VEM is defined by an exposure matrix that identifies rules to
classify the building typologies, derived by census data, into vulnerability classes adopted by
the model. Using DG2019 approach the VEM is simply defined by building classes for age of
construction, that are combined with the age-dependent fragility curves. In RO2020 approach,
the VEM is defined by exposure matrix that provides the occurrence percentage of building
classes (for age of construction and class of height) in the vulnerability classes identified in
the model (A, B, C1), combined with the relative fragility curves. The improvement provided
by the proposed procedure is evaluated comparing the outcomes of damage and risk assessment obtained by the adoption of the original set of age-dependent fragility curves and the
exposure matrix, respectively for DG2019 and RO2020 model, with results obtained after the
recalibration procedure.
Unconditional damage and risk assessment for 50 years timeframe is performed, that is an
assessment obtained considering the probability of ground shaking severity in a selected time
observation window according to PSHA based methodology. As both adopted VEM are for
masonry buildings, the analyses are performed considering only this typology (masonry). Tables 8, 9, 10, 11 report the number of buildings for each damage state employing the original
model (columns DG or RO) and the updated exposure modelling (columns DG+CA or
RO+CA). The difference between the Cartis-based model and the original one is indicated as
Δ and the Regionalization factor RF, that can be considered as a parameter to represent variation in terms of expected damage due to a different exposure modelling, is calculated as the
ratio of Δ versus DG or RO, respectively for DG2019 and RO2020 model.
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Table 8 - Number of buildings for each damage state, adopting the original exposure matrix DG2019 (DG) and
the re-calibrated one based on CARTIS data (CARTIS) for Tuscany region.
DG

DG+CA

Δ

RF

DS0

138784

126798

-11986

-9%

DS1
DS2

133272
59770

123662
58576

-9610
-1194

-7%
-2%

DS3
DS4

81715
88598

86155
95497

4440
6899

5%
8%

DS5

46010

57462

11452

25%

Table 9 - Number of buildings for each damage state, adopting the original exposure matrix RO2020 (RO) and
the re-calibrated one based on CARTIS data (CARTIS) for Tuscany region.
RO

RO+CA

Δ

RF

DS0

374663

340104

-34560

-9%

DS1

101790

111078

9288

9%

DS2

30561

41503

10942

36%

DS3

20040

26479

6439

32%

DS4

15714

21567

5853

37%

DS5

5381

7419

2038

38%

Figure 4 – The variation of number of buildings in each damage state with respect to the original model (i.e. the
RF) obtained adopting the Cartis-based procedure (DG+CA for DG2019 and RO+CA for RO2020 model) for
Tuscany region.

For Tuscany region, an increased number of building having medium-high damage states
(DS3, DS4, DS5) can be observed according to Cartis-based model. Using DG2019 approach,
the number of buildings that reach the heaviest damage grade (DS5) increases by +25%,
while for the lower damage levels lower variations can be observed (see Figure 4). In reverse,
adopting RO2020 model, with Cartis-based approach the numbers of buildings significantly
increase for most of damage levels, with a value of RF grader than +30% from DS2 to DS5.
This significant difference from DG2019 and RO2020 model is probably due to the different
classification criteria. Indeed, according to RO2020 all the masonry buildings with irregular
texture are classified as class A, the most vulnerable class, while in DG2019 different classes
are identified for irregular layout buildings based on the horizontal structures type, to which
different vulnerability level as well as fragility functions are associated. Therefore, for example, if for the second model irregular layout structures with rigid slab are less vulnerable than
irregular layout structure without tie roads or tie beams with vaults, according to first one

3332

M. Polese, M. Di Ludovico, G. Tocchi and A. Prota

these building are clustered in an unique class, the most vulnerable class A, greatly influencing the damage distribution.
For Veneto, a decrement of damaged buildings can be observed. Assuming the RF value
for DS2 as reference, as it is representative of moderate damage, it can be observed a value of
-30% according to DG2019 and -26% for RO2020. Differently to Tuscany region, for Veneto
the presence of a small number of irregular layout structures, widespread only among oldest
masonry building, leads to similar value of RF for both models (see Figure 5).
Table 10 - Number of buildings for each damage state, adopting the original exposure matrix DG2019 (DG)
and the re-calibrated one based on CARTIS data (CARTIS) for Veneto region.
DG

DG+CA

Δ

RF

DS0

411779

504687

92907

23%

DS1

175772

145021

-30751

-17%

DS2

55532

39056

-16477

-30%

DS3

60906

39197

-21709

-36%

DS4

55843

34638

-21205

-38%

DS5

26863

24098

-2765

-10%

Table 11 - Number of buildings for each damage state, adopting the original exposure matrix RO2020 (RO) and
the re-calibrated one based on CARTIS data (CARTIS) for Veneto region.
RO

RO+CA

Δ

DS0

652750

673175

20425

RF
3%

DS1

85160

78056

-7104

-8%

DS2

19676

14530

-5146

-26%

DS3

13587

10010

-3576

-26%

DS4

11031

7792

-3239

-29%

DS5

4493

3132

-1361

-30%

Figure 5 - The variation of number of buildings in each damage state with respect to the original model (i.e. the
RF) obtained adopting the Cartis-based procedure (DG+CA for DG2019 and RO+CA for RO2020 model) for
Veneto region.

The seismic risk in terms of economic losses is calculated, as well. In IRMA, the impact
quantities are provided as a function of expected number of buildings affected by different
damage level, according to the consequences model adopted in the recent national risk assessment for Italy (Dolce et al. 2020). The mean value of losses/m2 among all the municipalities in each region is calculated and chosen as regional loss indicator. Likewise to what done
previously, the regionalization factor due to losses RF_L is evaluated.
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Table 12 - Values of economic losses for each region analyzed, according to the different models adopted
(DG2019 and the one recalibrated by Cartis-based approach).
Δ [€/mq]

RF_L

L_DG/mq
[€/mq]

L_CARTIS/mq
[€/mq]

TOSCANA

566.9

621.1

54.2

0.10

VENETO

267.8

186.0

-81.8

-0.31

Table 13 - Values of economic losses for each region analyzed, according to the different models adopted
(RO2020 and the one recalibrated by Cartis-based approach).

5

L_RO/mq
[€/mq]

L_CARTIS/mq
[€/mq]

TOSCANA

135.5

182.7

47.2

0.35

VENETO

65.1

50.3

-14.8

-0.23

Δ [€/mq]

RF_L

CONCLUSIONS

The methodology proposed in [22] is adopted in this study to evaluate the effects of adopting improved exposure modelling on risk analysis. Cartis database is used to re-calibrate
models relative to two existing empirical vulnerability models (DG2019 [3] and RO2020 [23])
for two Italian regions, Tuscany and Veneto. It is worth noting that this is a preliminary study
about regional vulnerability characterization as the proposed exposure models are calibrated
on the available Cartis’ data on a limited number of municipalities in each region. However,
the re-calibration procedure here proposed allows to detect the potential change in vulnerability region by region.
The main outcomes of the adopted approach can be summarized as follows:
x The use of Cartis-based approach leads to different distributions of building typologies at regional scale with respect to exposure models commonly calibrated on the
base of empirical data derived on areas recently struck by an earthquake.
x The use of different exposure models at regional level has a significant influence on
the damage assessment, also depending on the adopted vulnerability model. To assess such influence a parameter, the regionalization factor RF, may be defined to
account for differences in damage assessment due to the use of improved exposure
models with respect to original one. The RF referred to an intermediate damage
state DS3 for Tuscany region is quite low adopting DG2019 model (5%), while assumes a value of +32% using RO2020 model. The reason of this discrepancy is
probably due to the different vulnerability classification proposed by the models,
that influence the damage distribution mostly for the regions where irregular layout
structures are largely widespread.
x The influence of different exposure modelling at regional scale on economic losses
can be effectively represented by regionalization factor associated to economic
losses RF_L. RF_L may be used for a synthetic representation of the variation of
risk estimation that can be obtained with improved exposure characterization.
As this study represents a first application toward the regional exposure assessment, the results obtained provide just a trend about vulnerability and risk at regional level and they can
be improved when more data become available.
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Abstract
In the last decades, a number of methodologies for the performance based-loss assessment of
buildings have been proposed and developed. Among those, the PEER Performance-Based
Earthquake Engineering (PBEE) methodology represents the most comprehensive approach
providing probabilistic estimates of seismic losses. However, those procedures are suitable
for building-specific evaluations, appearing extremely time-consuming if applied at the urban
scale. Recently, many authors proposed simplified approaches relating the economic losses to
the structural response (i.e. Engineering Demand Parameters, EDP) derived from analysis
methods within the reach of the most practicing engineers. Many of these procedures have
been also implemented in current seismic codes. In this paper a seismic loss assessment of the
residential masonry building stock of the city center of Potenza is performed based on the
simplified approach currently adopted within the Italian Seismic Risk Classification. After a
preliminary typological characterization of the investigated structures, the mentioned methodology has been applied to derive the expected annual loss of masonry buildings, deriving
information on the seismic resilience of the examined built heritage at urban scale. Preliminary socio-economic considerations of seismic scenarios at urban scale are discussed. The
results presented herein are part of a comprehensive research activity performed within
PON-AIM 2014-2020 project aimed at the definition of the seismic resilience of the examined
area.
Keywords: Masonry buildings, Seismic Risk Assessment, Vulnerability, Built Heritage.
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1

INTRODUCTION

Observations from worldwide earthquakes illustrated the severe economic consequences in
highly developed regions of society. In general, these economic consequences can be primarily attributed to: (i) direct economic losses associated with repairing damage within a structure
[1], (ii) direct losses associated with injuries and casualties and (iii) indirect losses associated
with the loss of income due to business disruption [2].
More in details, the economic losses from physical damage strongly influence the community’s recovery capability, especially when a relevant portion of the building stock is represented by unreinforced masonry (URM) constructions. As a matter of fact, damage on
masonry buildings usually involves expensive and time-consuming repairing activities that
can be carried out only by expert builders, thus further enhancing the cost of the interventions.
Moreover, the larger is the period of time requested to restore the operativity of the structure,
the larger is the downtime, namely, the indirect losses associated with loss of productivity,
business interruption and cost of occupants reallocation. All that considered, an appropriate
loss estimation of buildings is crucial for the development of resilient communities in seismic
prone areas [3], [4], providing risk-based information, which may help Governments, stakeholders and owners to define the priority of interventions or policies for disaster prevention.
In the last decade, several loss estimation methodologies have been proposed, although accurate quantification of loss is still a difficult task subject due to several uncertainties [5]-[8].
In recent years the accurate Performance Based Earthquake Engineering (PBEE) approach
proposed by the US FEMA P-58 has been increasingly adopted for the seismic assessment of
structures [9]. The method consists of a number steps implemented to provide information
regarding the building’ performances in terms of probability of exceedance (PoE) of specific
Decision Variables (DV), such as monetary losses, causalities, downtime [10]. In the first step,
a given site location and local characteristics are related to the seismic hazard expected from
the surrounding region. In the second step, a probabilistic description of the seismic demand
to the building at increasing levels of ground motion intensity is obtained from the results of a
series of Nonlinear Response History Analyses (NRHAs). Subsequently, damage to individual structural and nonstructural components is estimated, through a suite of fragility curves, as
a function of selected Engineering Demand Parameters (EDPs) (e.g., peak inter-story drifts,
floor accelerations etc.) computed in the second step of analysis. Finally, expected losses are
estimated through a set of suitable consequence functions, based on the level of damage sustained by each component.
The main output parameter of the PBEE approach is represented by the expected annual
loss (EAL) [11], defined as the average economic loss expected to accrue every year in the
structure, considering both the direct repair costs related to damage and the social costs associated to downtime. The synthetic information expressed by these parameters represents a
powerful tool for the stakeholders. In particular, the EAL estimations in both the as-built and
retrofitted configurations can be assumed as input parameters for a cost–benefit analysis,
aimed at the rational choice of the optimal retrofit intervention among different options.
However the PBEE approach is still infrequently employed for the assessment of existing
URM constructions. Difficulties in the application of the methodology arise in the calculation
of the EAL involving the building’s performance assessment at increasing intensity earthquakes. This requires significant computational efforts and is generally unaffordable for applications in the common practice.
Recently, simplified approaches, relating the economic losses to the structural response
(engineering demand parameters, EDP) derived from analysis methods within the reach of the
most practicing engineers, have been proposed [12], [13]. In particular, the main simplifica-
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tion lies in relating a given performance level (PL) to an expected economic loss calculated
based on specific story-based loss function [14] or pre-defined based on the actual structural
typology [15]. The latter approach has been recently implemented within the Italian Seismic
Risk Classification [16] to evaluate the “seismic quality” of existing buildings, providing a
specific score system articulated in eight seismic risk classes. Generally speaking, the mentioned procedure appears useful when the amount information regarding the building geometry and structural details is limited and a reliable characterization of the seismic performances
is uncertain. The Italian Seismic Risk Classification defines eight seismic performance-based
risk classes in terms of EAL and structural collapse capacity. Those classes are employed to
give an overall rating on a letter-based scale from A+ to G, similar to the appliances energy
consumption scale used in Europe [17].
In this paper, the seismic loss assessment of the residential masonry building stock of the
city center of Potenza (southern Italy) is presented. First of all, a complete identification and
typological characterization of the residential masonry structures has been performed. Subsequently, different archetype buildings, one for each typology, have been implemented in the
3Muri environment [18] in order to derive their structural response through non-linear static
analyses. Finally, based on the main Engineering Demand Parameters obtained in the previous step, the estimation of the EAL is performed according with the Italian guidelines seismic
risk classification. The results in terms of monetary losses are then discussed to derive preliminary considerations on the economic and social impacts of probable seismic scenarios. A
complementary study regarding the Reinforced Concrete (RC) residential buildings located in
the examined area has been recently carried out [19].
2

OVERVIEW OF THE CONVENTIONAL APPROACH FOR THE ESTIMATION
OF EXPECTED ANNUAL LOSS

The guidelines approved by the High Council of Public Works [16] define the methods addressing the seismic risk classification of constructions and the effectiveness of strengthening
interventions. In particular, a conventional method is proposed based on the identification of
the seismic performances towards four predefined limit states, namely Operational (SLO),
Damage Limitation (SLD), Life Safety (SLV) and Collapse (SLC) [16]. The main novelty of
the conventional method is represented by the introduction of two further conventional limit
states: the Initial Damage (ID), resulting in a slight initial damage to the structural components and occurring for seismic events featuring a 10 years return period (Tr) and the Reconstruction limit state (RLS), referring to seismic events causing a monetary loss corresponding
to the total value of the construction [20].
The seismic risk class of the building is defined as the minimum between two classes: the
IS-V class, associated to the Safety Index of the structure at the Life Safety Limit State, and
the EAL class. The Safety Index is calculated as the ratio between PGAC,SLV (PGA related to
the capacity of the building at the Life Safety Limit State) and PGAD,SLV (demand PGA prescribed by the code at Life Safety Limit State). The EAL-based score is related to the performances of the structure in terms of seismic losses (namely percentage of Expected Losses
towards the total cost of the building, %RC) at different return periods Tr (namely Mean Annual Frequency of Exceedance, MAFE). More in details, the MAFE (Ȝ) is calculated according to Equation (1):



1
1

TrC TrD  PGAD PGAC 1 0.41

where TrC and TrD are the return periods related to capacity and demand respectively.
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The guidelines [16] also provide conventional %RC, properly calibrated to include all the
repair actions associated to a specific damage level.
Figure 1 shows the entire procedure for the EAL index calculation. First of all, a pushover
analysis is required to assess the building performances at the four pre-defined limit states
(SLO, SLD, SLV and SLC, Figure 1b). At this point, the Multiple Degrees of Freedom
(MDOF) System is converted to an equivalent single degree-of-freedom (SDOF) system
(Figure 1c). Then, for each limit state, the PGA associated to the building capacity (PGAC)
can be calculated in the Acceleration Displacement Response Spectrum (ADRS) plane following the N2 method [21] (Figure 1d). In particular, the PGAC is evaluated by scaling the
response spectrum until the displacement demand matches the capacity at the reference limit
state. Subsequently, based on the seismic hazard model adopted within the reference building
code [22], the MAFE values corresponding to the mentioned limit states are determined (Figure 1e) and associated to the Expected Loss Ratios (%RC) prescribed in the guidelines [16].
For what concerns the ID limit state, an Expected Loss Ratio equal to 0% has been conventionally associated to a MAFE value equal to 0.1. Similarly, for the RLS an Expected Loss
Ratio equal to 100% has been conventionally associated to a MAFE value equal to that calculated for the SLC limit state. A loss curve (multi-linear function) in the MAFE vs Expected
Loss Ratio domain is thus obtained (Figure 1f). Finally, the EAL is computed by integrating
the mentioned loss curve. More details about the described procedure are reported in [20].
Table 1 shows the risk classes for safety and economic assessment according to the mentioned
guidelines [16].

Figure 1: Steps of the Italian seismic risk classification scheme described in [23].

Safety assessment
IS-V (%)
IS-V  100
,6-V < 100
,6-V < 80
,6-V < 60
,6-V < 45
,6-V < 30
IS-V < 15

Economic assessment
EAL (%)
EAL 0.5
EAL < 1.0
EAL < 1.5
EAL < 2.5
EAL < 3.5
EAL < 4.5
EAL < 7.0
EAL  7.5

Risk class
A+
A
B
C
D
E
F
G

Table 1: Definition of risk classes as a function of both EAL and IS-V according to [16].
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3

BUILDING TYPOLOGIES IDENTIFICATION FOR THE CITY CENTRE OF
POTENZA

This work is carried out on the city of Potenza, located in Basilicata on a hill in the axialactive seismic belt (30 to 50 km wide) of southern Apennines. The city was hit by several
strong earthquakes (intensity higher than or equal to VIII MCS). In particular, the 1826 and
1857 events caused severe damage in the entire town imposing a massive demolition and reconstruction activity in the historical city center [24]. In the aftermath of the Irpinia and Basilicata earthquake (November 1980), a massive reconstruction plan, funded by the Italian
Government (law 219/81), involved several existing buildings in the Potenza municipality.
In this paper, the seismic assessment is referred to two main areas, namely the “old town
center” and the “residential public housing neighborhood”, that can be considered as homogeneous zones (compartments) featuring specific historical, urbanistic and constructive peculiarities. Moreover, such compartments include most of the historical built heritage of the city,
developed in two main periods: 1850-1950 and 1945-1990, respectively.
The specific building typologies inventory have been defined by combining the official national census database provided by the Italian Institute of Statistics (ISTAT) as the primary
source for the classification of the building stock [25], integrated through secondary sources
of information represented by extensive documental and virtual analysis and specific building
surveys [26], [27]. More in details, a comprehensive documental analysis has been carried out
based on the large database provided by the local organization of Social Housing (Azienda
Territoriale per l’Edilizia Residenziale, ATER), directly involved in the residential compartment construction and in the post-seismic reconstruction after the Irpinia Earthquake (1980).
Moreover, a number of building-by-building surveys, providing detailed data for both dimensional and structural peculiarities for a single building in an investigated area, have been performed. Finally, further information has been gathered interviewing local technicians with
deep knowledge of the construction characteristics.
All that considered, the following main variables emerged as significant classification parameters: (i) masonry texture configuration (regular or irregular), (ii) horizontal structure typology (deformable, semi-rigid or rigid slab), (iii) presence of mixed structures (i.e. mixed
masonry-RC structures), (iv) roof types, (v) presence of vaults, (vi) presence of seismic structural intervention. Based on the mentioned parameters, a preliminary macro-typologies inventory for the examined compartments has been defined, retrieving six macro-classes of
masonry constructions (MUR).
The MUR1 and MUR2 typologies concern the first urban village built outside the historical center of the city in the 1920s. The MUR1 buildings feature squared local stone or solid
brick masonries. Floors are mainly realized with hollow bricks and steel beams. The roof is
pitched with wood structure and planking. This typology is characterized by the absence of
vaults and mixed structures. Similar features have been retrieved for the MUR2 typology except for the vertical and horizontal structures, which are characterized by barely cut stone and
vault floor with bricks and steel beams. The roof is pitched with brick-concrete slab. Over the
years, some of the buildings included in the MUR2 typology have been subjected to strengthening interventions, consisting mainly of widespread connections (insertion of metal bars or
RC beams). The MUR3 and MUR4 typologies, built in 1940-1960, group masonry constructions featuring solid brick masonry and lime mortar with rigid slab (reinforced brick-concrete)
and connections between vertical walls and horizontal elements. In particular, the MUR4 typology is characterized by external masonry walls and internal RC beam-column systems.
Both typologies show reinforced concrete pitched roof slab. The MUR5 and MUR6 typologies, built before 1920, are made of disorganized irregular stone masonry with friable mortar.
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Such buildings have been retrofitted through different types of interventions (application of
diffused tie-roads, filling the voids and/or cracks inside the wall by injecting of new mortar,
substitution of damaged elements along cracking lines with new ones, etc.) performed after
the Irpinia-Basilicata earthquake. The deformable slabs have been generally replaced by a rigid floor with reinforced brick-concrete slabs.
This preliminary inventory has been further refined considering other significant attributes
emerged from the described documental and in situ investigations. Among those, irregularities in plan and the presence of connections between slabs and walls cannot be ignored for a
comprehensive evaluation of the building typologies. In particular, based on the gathered data,
masonry constructions in the investigated area can be grouped into three main classes: lowrise buildings “Lr” (1-2 stories), medium-rise buildings “Mr” (3-4 stories) and high-rise buildings “Hr” (5-6 stories). The mentioned number of stories ranges (1–2, 3–4, and 5–6) have
been defined according with the considerations drown in [28]. Indeed, all other variables being equal, masonry buildings featuring one to two stories exhibit a similar seismic behavior
[28]. A similar criterion can be adopted for medium- and high-rise buildings.
In this optic, seventy-two typologies have been finally identified from the classification
approach discussed above, as shown in Table 2.
MACROCLASS

Number of stories

Shape in plan

Lr
x
x
x
x

Reg.
x
x

Mr

Hr

x
x
x
x
x
x

MUR1

x
x
x
x
x
x
x
x

x
x
x
x

MUR3

x
x
x
x
x
x
x
x

x
x
x
x
x
x
x
x

x
x
x
x

x
x
x
x

MUR2

Irreg.

x
x
x
x
x
x
x
x
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Slab-wall
connections
C
Nc
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x
x

ID
MUR1, Lr, Reg, C
MUR1, Lr, Reg, Nc
MUR1, Lr, Irreg, C
MUR1, Lr, Irreg, Nc
MUR1, Mr, Reg, C
MUR1, Mr, Reg, Nc
MUR1, Mr, Irreg, C
MUR1, Mr, Irreg, Nc
MUR1, Hr, Reg, C
MUR1, Hr, Reg, Nc
MUR1, Hr, Irreg, C
MUR1, Hr, Irreg, Nc
MUR2, Lr, Reg, C
MUR2, Lr, Reg, Nc
MUR2, Lr, Irreg, C
MUR2, Lr, Irreg, Nc
MUR2, Mr, Reg, C
MUR2, Mr, Reg, Nc
MUR2, Mr, Irreg, C
MUR2, Mr, Irreg, Nc
MUR2, Hr, Reg, C
MUR2, Hr, Reg, Nc
MUR2, Hr, Irreg, C
MUR2, Hr, Irreg, Nc
MUR3, Lr, Reg, C
MUR3, Lr, Reg, Nc
MUR3, Lr, Irreg, C
MUR3, Lr, Irreg, Nc
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x
x
x
x

x
x

x
x
x
x

x
x

x
x
x
x

x
x

x
x
x
x
x
x
x
x

x
x
x
x

x
x
x
x

x
x
x
x

x
x
x
x

x
x
x
x

x
x
x
x

x
x
x
x
x
x

x
x

x
x

x
x
x
x

x
x

x
x

x
x
x
x

x
x

x
x

x
x
x
x

x
x

x
x

x
x
x
x

x
x

x
x

x
x

x
x
x
x

x
x

x
x

x
x
x
x

MUR6

x
x
x
x

x
x
x
x

MUR5

x
x
x

x
x
x
x

MUR4

x

x
x

x
x
x
x

x
x

x
x

MUR3, Mr, Reg, C
MUR3, Mr, Reg, Nc
MUR3, Mr, Irreg, C
MUR3, Mr, Irreg, Nc
MUR3, Hr, Reg, C
MUR3, Hr, Reg, Nc
MUR3, Hr, Irreg, C
MUR3, Hr, Irreg, Nc
MUR4, Lr, Reg, C
MUR4, Lr, Reg, Nc
MUR4, Lr, Irreg, C
MUR4, Lr, Irreg, Nc
MUR4, Mr, Reg, C
MUR4, Mr, Reg, Nc
MUR4, Mr, Irreg, C
MUR4, Mr, Irreg, Nc
MUR4, Hr, Reg, C
MUR4, Hr, Reg, Nc
MUR4, Hr, Irreg, C
MUR4, Hr, Irreg, Nc
MUR5, Lr, Reg, C
MUR5, Lr, Reg, Nc
MUR5, Lr, Irreg, C
MUR5, Lr, Irreg, Nc
MUR5, Mr, Reg, C
MUR5, Mr, Reg, Nc
MUR5, Mr, Irreg, C
MUR5, Mr, Irreg, Nc
MUR5, Hr, Reg, C
MUR5, Hr, Reg, Nc
MUR5, Hr, Irreg, C
MUR5, Hr, Irreg, Nc
MUR6, Lr, Reg, C
MUR6, Lr, Reg, Nc
MUR6, Lr, Irreg, C
MUR6, Lr, Irreg, Nc
MUR6, Mr, Reg, C
MUR6, Mr, Reg, Nc
MUR6, Mr, Irreg, C
MUR6, Mr, Irreg, Nc
MUR6, Hr, Reg, C
MUR6, Hr, Reg, Nc
MUR6, Hr, Irreg, C
MUR6, Hr, Irreg, Nc

Lr: low-rise buildings, Mr: medium-rise buildings, Hr: high-rise buildings, Reg: regular shape in plan, Irreg:
irregular shape in plan, C: presence of slab-wall connections, Nc: absence of slab-wall connections.
Table 2: Building typologies inventory.
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However, the number of masonry buildings actually included in some of the mentioned typologies classes is extremely limited. As a consequence, in order to reduce the computational
efforts and also considering the slight incidence of a limited number of cases on the entire
seismic assessment of the area, the typologies including a number of elements lower than
three have been neglected. Seven typologies have been finally considered in what follows
counting 213 buildings in total, distributed as reported in Table 3. For the sake of clarity, it is
worth noting that, in this work, only isolated residential buildings have been taken into account. As a matter of fact, considering their inherent peculiarities, specific studies are needed
for the seismic assessment of the historical-monumental and masonry aggregates located in
the examined area. For the same reason, the MUR5 typology, composed by masonry aggregates, has not been included in Table 3.
Building typology
MUR1,Hr,Reg,Nc
MUR3,Lr,Reg,C
MUR3,Mr,Reg,C
MUR3,Hr,Reg,C
MUR4,Mr,Reg,C
MUR4,Mr,Irreg,C
MUR6,Hr,Reg,C
Total

Number of buildings
28
20
59
31
35
16
24
213

Table 3: Prevalent building typologies distribution.

4
4.1

CASE STUDIES
Archetype buildings

A series of archetype buildings, one for each typology, has been defined. The archetype referred to the first building typology (MUR1,Hr,Reg,Nc) is a five-story masonry building featuring a floor area equal to 317 m2 (20.7 x 15.3 m) and a total height equal to 18 m (Figure 2).
The vertical structure is composed by solid bricks, except for the first floor featuring an irregular stone masonry. The horizontal structure configuration consists in steel beams and hollow
clay bricks. Three archetypes have been defined for the MUR3 building typology (Figures 3
to 5). The same dimensions in plan (23.4 x 12.4 m) have been adopted for all the mentioned
archetypes, while different total height values have been considered: 7.1 m, 13.7 m and 20.3
m for “Lr”, “Mr”, and “Hr” building typologies, respectively. The vertical structure of the
MUR 3 archetypes is composed by a solid brick masonry and lime mortar. On the other hand,
RC floors with tie beams (connecting floors and masonry walls) have been adopted as horizontal structure. The building archetypes shown in Figure 6 and 7 are referred to MUR4. In
both cases such archetypes feature a four-story mixed masonry-RC vertical structure. More in
details, external masonry walls mixed with an internal RC beam-column system have been
adopted. The MUR4 archetype buildings feature the same horizontal structure (reinforced
brick-concrete floors) while differ in terms of plan configuration.
The last building prototype (Figure 8) refers to buildings located in the historical city center and involved in the reconstruction plan pursued in the aftermath of the Irpinia-Basilicata
earthquake. The performances of the “ancient” masonry, characterized by disordered rubble
stone with friable mortar and irregular sub-horizontal courses, were improved through widespread retrofit interventions (e.g., application of diffused tie-roads, injection grouting, damaged elements substitution, etc.). For what concerns the horizontal structure, the deformable
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timber floors without steel chains and RC tie-beams were replaced by rigid floors with reinforced brick-concrete slab. The latter configuration has been implemented in the numerical
model describing the MUR6 archetype (see Section 4.2).

Figure 2: MUR1,Hr,Reg,Nc building typology: plan geometry of the first story (left) and a picture (right).

Figure 3: MUR3,Lr,Reg,C building typology: plan geometry of the first story (left) and a picture (right).

Figure 4: MUR3,Mr,Reg,C building typology: plan geometry of the first story (left) and a picture (right).
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Figure 5: MUR3,Hr,Reg,C building typology: plan geometry of the first story (left) and a picture (right).

Figure 6: MUR4,Mr,Reg,C building typology: plan geometry of the first story (left) and a picture (right).

Figure 7: MUR4,Mr,Irreg,C building typology: plan geometry of the first story (left) and a picture (right).
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Figure 8: MUR6,Hr,Reg,C building typology: plan geometry of the first story (left) and a picture (right).

Generally speaking, the number of experimental campaigns aimed at the characterization
of the mechanical properties of masonry is very limited if compared to the amount of data referred to concrete and reinforcements. As a matter of fact, the execution of exhaustive tests is
frequently difficult due to both built heritage conservation issues and economic aspects [29].
Given the poor amount of data regarding the mechanical properties of the materials constituting the existing masonry buildings located in the examined area, reference to the typical values provided by the current Italian seismic code (Table C8.5.I [30]) have been taken into
account. These values refer to historic masonry in poor conditions and have to be modified by
corrective coefficients in the evidence of qualified characteristics, such as good mortar, presence of stringcourses etc.. Table 4 summarizes the values of the elastic and mechanical characteristics derived from the mentioned seismic code and adopted in the numerical models for
irregular stone, barely cut stone and solid brick masonry panels.
Mechanical properties
Comp. strength fm,av (MPa)
Shear strength Ĳ0,av (MPa)
Young modulus E,av (MPa)
Shear modulus G,av (MPa)

Irregular stones
1.5
0.025
870
290

Barely cut stone
2
0.043
1230
410

Brick and lime mortar
3.45
0.09
1500
500

Table 4: Mechanical parameters adopted in the numerical models.

Finally, it is worth noting that all the archetype buildings are assumed to be located on a
medium soil classified as soil type B, according with the current Italian seismic code [22]. For
each archetype, the site hazard curve, defined based on the data provided by the INGV (Italian
Institute of Geophysics and Volcanology), is expressed in terms of Mean Annual Frequency
of Exceedance (MAFEi) as a function of the considered IM, namely, the Peak Ground Acceleration (PGA).
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Figure 9: Hazard curve of the examined site, Potenza Soil Type B.

4.2

Numerical modeling

In order to assess the global behavior of the selected archetype buildings, 3d non-linear
numerical models have been implemented in the 3Muri environment [18]. The mentioned
software has been specifically developed for the evaluation of both local and global seismic
response of URM buildings. 3Muri is based on the “Equivalent Frame Model” (EFM) approach. Generally speaking, a generic masonry wall with openings is idealized by identifying
two main structural components, namely the piers and the spandrels, in which the non-linear
response is concentrated, connected by a rigid area (nodes). The piers are the main vertically
resisting elements while the spandrels couple the response of two adjacent piers. The identification of the geometrical properties of piers and spandrels is automatically performed by the
software according to conventional criteria. The non-linear macro-element model implemented in 3Muri allows the two main failure modes, governing the response of masonry walls to
be reproduced with a limited number of degrees of freedom. In terms of flexural behavior,
rocking and crushing mechanisms are considered, whereas diagonal cracking and shear sliding are taken into account for shear failure. In order to define the ultimate shear and bending
strength, simplified criteria are implemented in the software. The elastic behavior is defined
considering the mechanical and geometrical properties of the masonry and a stiffness reduction factor is introduced to account for cracked conditions. It is worth noting that, in the numerical models of the archetypes included in the MUR4 building typology, the RC structural
members have been modeled using non-linear lumped plasticity elements [18].
It is worth noting that the main assumption adopted in the numerical modeling is that the
global behavior of the mentioned archetypes is fundamentally governed by the in-plane behavior of walls. In other words, the local mechanisms (mainly out-of-plane mechanisms) are
not taken into account. This assumption is considered acceptable for most of the examined
archetypes (namely all the archetypes except MUR1), since the systematic presence of RC
ring beams is expected to reduce the vulnerability to local mechanisms [31]-[33]. The numerical models of the selected building prototypes are represented in Figure 10. As can be observed, the presence of staircase has been neglected at this step of the study.
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a)

b)

c)

d)

e)

f)

g)
Figure 10: 3D view of the building typologies: a) MUR1,Hr,Reg,Nc; b) MUR3,Lr,Reg,C; c) MUR3,Mr,Reg,C; d)
MUR3,Hr,Reg,C; e) MUR4,Mr,Reg,C; f) MUR4,Mr,Irreg,C; g) MUR6,Hr,Reg,C.

4.3

Analysis Results

Modal analyses have been performed in order to derive the dynamic characteristics of the
selected buildings. Table 5 resumes the fundamental periods (T) and participation masses (M)
of the examined numerical models. Each building prototype features similar fundamental periods along the principal directions. The lower period obtained with the MUR4 typology is
probably associated to the contribution provided by the internal RC beam-column systems.
Building typology
MUR1,Hr,Reg,Nc
MUR3,Lr,Reg,C
MUR3,Mr,Reg,C
MUR3,Hr,Reg,C
MUR4,Mr,Reg,C
MUR4,Mr,Irreg,C
MUR6,Hr,Reg,C

Tx (s)
0.50
0.17
0.30
0.49
0.31
0.45
0.53

Mx (%)
66
77
80
78
63
30
69
Table 5: Modal parameters.
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Ty (s)
0.49
0.18
0.35
0.56
0.48
0.44
0.63

My (%)
81
72
78
78
80
58
78
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Non-linear seismic analyses have been performed along the main (X- and Y-) directions of
the archetype buildings considering two different force distributions: (i) uniform (“Unif”) distribution, proportional to the mass, and (ii) linear (“Triang”) distribution, proportional to the
shape of the fundamental mode of vibration.
Figure 11 to Figure 14 show the pushover curves in the two principal directions of each archetype. It is worth noting that the capacity curves in terms of base shear vs. top displacement
have been cut off at a peak strength reduction of about 20% on the negative slope.
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Figure 11: Pushover curves of the selected MUR1 building typology: a) X direction; b) Y direction.
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Figure 12: Pushover curves of the selected MUR3 building typologies: a) X direction; b) Y direction.
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Figure 13: Pushover curves of the selected MUR4 building typologies: a) X direction; b) Y direction.
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Figure 14: Pushover curves of the selected MUR6 building typologies: a) X direction; b) Y direction.

A different structural response has been obtained by using the two mentioned distributions.
Obviously, the top displacement being equal, the maximum strength registered using the uniform distribution is larger than that obtained using the triangular distribution (the resultant of
horizontal forces applied at each step of the analysis in the “Unif” distribution is double with
respect to that associated to the “Triang” distribution). Moreover, while the uniform pattern
produces a force concentration at first floor, a redistribution of loads is obtained with the triangular pattern, thus leading to a larger ductility capacity (of about 50%) of the examined
structures. For the archetype buildings associated to MUR1 and MUR3, the lower value of the
peak strength is registered in the X-direction (Figures 11 and 12). This is probably due to a
lower number of resistant elements coupled with large openings along such direction. For
what concerns the MUR4 archetypes, the more uniform distribution of openings and the presence of interior resistant elements (RC frames) counterbalance the structural response (in
terms of peak strength) along the two main directions (Figure 13). For the MUR6 archetype,
the larger value of the peak strength observed in the X-direction seems to be associated to the
presence of a continuous internal masonry wall (with limited openings) along this direction
(Figure 14). Finally, it is worth noting that the weakest structural response in terms of strength
capacity has been observed for MUR1 and MUR4 archetype buildings. In the first case, such
result seems to be related to the poor mechanical properties of the structural materials, compared to those of the remaining archetypes. On the other hand, for what concerns the MUR4
typology, the limited number of vertical resisting elements (in particular along the Y-direction)
significantly affects the peak strength values.
Figure 15 to Figure 21 plot the damage patterns of the examined archetypes associated to
the final step of the analysis. Different colors have been adopted to represent the failure
modes of the involved structural elements.

a)

b)

c)

d)

e)

Figure 15: Damage pattern on the MUR1,Hr,Reg,Nc building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.
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a)

b)

c)

d)

e)

Figure 16: Damage pattern on the MUR3,Lr,Reg,C building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.

a)

b)

c)

d)

e)

Figure 17: Damage pattern on the MUR3,Mr,Reg,C building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.

a)

b)

c)

d)

e)

Figure 18: Damage pattern on the MUR3,Hr,Reg,C building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.

a)

b)

c)

d)

e)

Figure 19: Damage pattern on the MUR4,Mr,Reg,C building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.

a)

b)

c)

d)

e)

Figure 20: Damage pattern on the MUR4,Mr,Irreg,C building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.
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a)

b)

c)

d)

e)

Figure 21: Damage pattern on the MUR6,Hr,Reg,C building: a) and b) front facade wall, respectively, for uniform and triangular load pattern; c) and d) side wall, respectively, for uniform and triangular load pattern; e) legend of the damage states associated to each masonry element.

The damage of the MUR1,Hr,Reg,Nc archetype building (Figure 15) is characterized by
the flexural failure of spandrels triggering a strong piers-weak spandrel mechanism and, as a
consequence, a rocking failure mode of piers [34]. In particular, the poor mechanical properties of the ground floor masonry produce a concentration of the flexural damage at the first
story. Conversely, for what concerns the MUR3 and MUR4 archetypes, the RC floors with tie
beams located at each level of the structure directly affect behavior of spandrels leading to a
shear failure mode of such elements (Figures 16 to 20). Moreover, the rigid translation of the
RC floors activates story mechanisms associated with shear collapse of the piers. Once again,
the first story elements appear as the most vulnerable elements. A similar behavior has been
observed for the MUR6 archetype building. However, the enhanced mechanical properties of
such building typology lead to a reduced damage in the structural elements with respect to
those observed for MUR3 and MUR4 archetypes. Finally, as mentioned above, the redistribution of loads associated to the triangular distribution corresponds to a redistribution of damage
along the height of the examined buildings.
5

EXPECTED ANNUAL LOSS ESTIMATION

The conventional approach proposed within the Italian Seismic Risk Classification [16]
and described in Section 2, has been applied to evaluate the “seismic quality” of the examined
archetypes. For each archetype, the procedure has been performed four times (one for each
non–linear analysis, i.e. two different load patterns coupled with two different main directions). The main outputs of the mentioned procedure are summarized in Table 6 and Table 7.
It is worth noting that only the results corresponding to the non–linear analysis leading to the
maximum value of EAL are reported. In particular, the return periods (Tr) and MAFE () values for each target limit state are shown. The EAL values in the as-built configuration are
provided in the third column of Table 7 and are expressed as a percentage of the Replacement
Cost (RepC) of the building. The latter parameter has been estimated as the average cost of
demolition and construction per square meter of similar new buildings, assumed equal to 954
€/m2 according with [1].
Building typology Tr, SLO
(years)
MUR1,Hr,Reg,Nc 65
MUR3,Lr,Reg,C
30
MUR3,Mr,Reg,C 75
MUR3,Hr,Reg,C 30
MUR4,Mr,Reg,C 36
MUR4,Mr,Irreg,C 46
MUR6,Hr,Reg,C 65

ȜSLO
(%)
1.54
3.33
1.33
3.33
2.78
2.17
1.54

Tr, SLD
(years)
30
30
30
30
30
30
30

ȜSLD
(%)
3.33
3.33
3.33
3.33
3.33
3.33
3.33

Tr, SLV
(years)
211
297
139
170
87
119
211

ȜSLV
(%)
0.47
0.34
0.72
0.59
1.15
0.84
0.47

Tr, SLC
(years)
393
419
233
338
147
207
393

Table 6: Return periods (Tr) and MAFE () values for each target limit state.
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ȜSLC
(%)
0.25
0.24
0.43
0.30
0.68
0.48
0.25
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Building typology

RepC

MUR1,Hr,Reg,Nc
MUR3,Lr,Reg,C
MUR3,Mr,Reg,C
MUR3,Hr,Reg,C
MUR4,Mr,Reg,C
MUR4,Mr,Irreg,C
MUR6,Hr,Reg,C

1,812,848
553,625
1,107,251
1,660,876
908,399
2,207,556
3,045,912

EALAs-built
(%RepC)
1.60
1.41
1.45
1.47
1.89
1.67
1.32

EALRetrofitted
(%RepC)
1.0
0.5
0.5
0.5
1.0
1.0
0.5

Table 7: EALAs-built and EALRetrofitted values.

The results in terms of EALAs-built are in line with the considerations regarding the structural response of the examined buildings made in Section 4.3. As a matter of fact, the weak
structural response observed for MUR1 and MUR4 archetypes produced larger values of EAL.
On the contrary, lower values of EAL have been observed for the remaining archetypes, in
particular for the MUR6 typology.
A general understanding of the potential socio-economic effects of the seismic scenarios at
territorial scale has been obtained by monetizing the EALAs-built values, obtained for the each
typology, with respect to the effective corresponding Replacement Cost (RepC). The monetary expected annual loss of the two compartments has been calculated by multiplying, for
each building typology, the monetized EALAs-built value for the total number of elements of
this category. As reported in Table 8, the total expected annual loss of the entire compartments (i.e., area’s expected annual loss, AEAL) is equal to approximately 483 million Euros.
To give some reference for the mentioned value, the latter can be compared to the area’s total
income (ATI) obtained multiplying the per capita income (PCI) measured in the examined
area in the last year (equal to €16,522 [25]), by the total number of occupants (equal to 5730).
In this optic, the ratio between AEAL and ATI is equal to approximately 5 (483 million divided by 94.7 million Euros).
Recently, the Italian 2019 Financial Law [35], introduced the so-called “Sisma Bonus”
providing incentives, in terms of tax deductions, for seismic strengthening interventions on
private buildings. These tax deductions range from 50% to 85% of the retrofit intervention’s
total cost. The incentives system is directly related to the risk classes of the Italian seismic
risk classification guidelines and is associated to specific ranges of EAL (see Table 1 in Section 2). In particular, a 50% tax deduction can be obtained by implementing retrofit interventions without class improvement with respect to the as-built configuration. It can be raised up
to 75% and 85% in case of improvement of one or two seismic risk classes, respectively. In
any case, the maximum retrofitting expenditure amounts to €96,000 per property unit (single
family house, apartment, etc.). Moreover, following the recent COVID19 pandemic, a special
“Super Bonus” [36] up to 110% has been issued, with maximum retrofitting expenditure per
property unit raised up to €136,000 also allowing the assignment of credit solution. In other
words, the accrued credit can be transferred to third parties (financial institutions, banks,
lenders), limiting or avoiding the economic burden for the stakeholders.
In this optic, for each building typology, the monetary EAL values obtained considering
potential retrofit interventions, aimed at the improvement of two seismic classes with respect
to the as-built condition, has been calculated (see the third column of Table 8). The reduction
of EAL for each building typoloJ\ ǻ($/ ($/As-built - EALRetrofit) is also reported (last column of Table 8 7KHWRWDOYDULDWLRQRIWKH($/ ǻ$($/ LVthus equal to €264,440,931.
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Assuming that all the buildings’ owners exploit the maximum retrofit expenditure amount
(i.e., 136,000 per property unit), the total cost of the potential interventions is equal to €
311,712,000. Therefore, less than two years would be sufficient to pay back the entire amount
of the financial resources involved in the seismic protection improvement of the examined
area’s built heritage.
Building typology
MUR1,Hr,Reg,Nc
MUR3,Lr,Reg,C
MUR3,Mr,Reg,C
MUR3,Hr,Reg,C
MUR4,Mr,Reg,C
MUR4,Mr,Irreg,C
MUR6,Hr,Reg,C
AEAL

EALAs-built
(€)
81,215,592
15,612,233
94,725,285
75,686,112
60,090,581
58,985,896
96,494,496
482,810,195

EALRetrofitted
(€)
50,759,745
5,536,253
32,663,892
25,743,576
31,793,958
35,320,896
36,550,945
218,369,264

ǻEAL
(€)
30,455,847
10,075,980
62,061,394
49,942,537
28,296,623
23,665,000
59,943,551
264,440,931

Table 8: Monetized EAL values estimated for the examined building typologies.

6

CONCLUSIONS

The seismic loss assessment of masonry building stock located in the historical city center
of Potenza has been performed based on the conventional approach currently used within the
Italian Seismic Risk Classification [16]. First of all, the masonry buildings detected on the
examined territory have been grouped in 7 typologies. Subsequently, 7 archetype buildings,
each one featuring the structural, material and geometrical peculiarities of the corresponding
building typology, have been modeled in the 3Muri environment. At this point, the mentioned
simplified approach has been performed to derive the EAL of each archetype (i.e. building
typology). The socio-economic effects of the seismic scenarios at territorial scale have been
assessed, in first approximation, by comparing the EAL of the entire examined area with the
current Area’s Total Income (ATI) of the actual population. The ratio between EAL and ATI
is equal to approximately 5.
Finally, considering the recent economic strategy adopted by the Italian Government to
gradually reduce the seismic vulnerability of the existing building stock, a potential global
retrofit intervention, aimed at the improvement of two seismic risk classes for all the masonry
buildings located in the examined area, has been considered. The potential global intervention
could significantly reduce the direct EAL of about 50%, from 483 to 218 million Euros.
Moreover, considering that the maximum total amount of the intervention is equal to approximately 310 million of Euros, the pay-back period (namely the time needed to recover the cost
of the investment) is about 1.2 years. Obviously, further studies, implementing specific retrofit interventions for each archetype, should be performed in order to precisely evaluate the
actual economic effects and the structural performances in the retrofitted configuration.
Moreover, further building typologies (historical-monumental and masonry aggregates)
should be included to obtain a general understanding and a complete definition of the socioeconomic impact at the territorial scale.

3356

C. Iacovino, A. Flora, D. Cardone and M. Vona

AKNOWLEGMENTS
This research has been developed within the PON-AIM 2014-2020 project, “Attraction and
International Mobility”, Line 1, supported by the Italian Ministry of University and Public
Instruction.

REFERENCES
[1] D. Cardone, A. Flora, B. Manganelli, Cost-benefit analysis of different retrofit strategies
following a displacement based loss assessment approach: a case study. Tenth U.S. National Conference on Earthquake Engineering Frontiers of Earthquake Engineering,
Anchorage, Alaska, USA, July 21-25, 2014. DOI: 10.4231/D3CF9J706.
[2] D. Cardone, A. Flora, M. De Luca Picione, A. Martoccia, Estimating direct and indirect
losses due to earthquake damage in residential RC buildings. Soil Dyn. and Earth. Eng.,
126, 2019. DOI: 10.1016/j.soildyn.2019.105801.
[3] M. Vona, A. Flora, E. Carlucci, E. Foscolo, Seismic Retrofitting Resilience-Based for
Strategic RC Buildings. Buildings, 11, 111, 2021. DOI: 10.3390/buildings11030111.
[4] M. Vona, Proactive Actions Based on a Resilient Approach to Urban Seismic Risk Mitigation. Open Constr. Build. Technol. J., 14, 321–335, 2020. DOI:
10.2174/1874836802014010321.
[5] D. Ottonelli, S. Cattari, S. Lagomarsino, Displacement-Based Simplified Seismic Loss
Assessment of Masonry Buildings. Journal of Earthquake Engineering, 24:sup1, 23-59,
2020. DOI: 10.1080/13632469.2020.1755747.
[6] J. Snoj, M. Dolšek, Pushover-based seismic risk assessment and loss estimation of masonry buildings. Earthquake Engng Struct Dyn., 49, 567–588, 2020. DOI:
10.1002/eqe.3254.
[7] B. Borzi, H. Crowley, R. Pinho, Simplified pushover-based earthquake loss assessment
(SP-BELA) Method for masonry buildings. Int J Architect Heritage: Conserv, Anal
Restor., 2(2–4), 353-376, 2008. DOI: 10.1080/15583050701828178.
[8] J.K. Bothara, J.B. Mander, R.P. Dhakal, R.K. Khare, M.M. Maniyar, Seismic performance and financial risk of masonry houses. ISET J Earthq Technol., 44(3–4), 421-444,
2007.
[9] K.A. Porter, An Overview of PEER’s Performance-Based Earthquake Engineering
Methodology. 9th International Conference on Applications of Statistics and Probability in Civil Engineering, 273(1995), 973–980, San Francisco, California, 2003.
[10] S. Günay, K. M. Mosalam, PEER Performance-Based Earthquake Engineering Methodology, Revisited. Journal of Earthquake Engineering, 17(6), 829–858, 2013.
[11] K. A. Porter, J.L. Beck, Shaikhutdinov, R.V. Simplified estimation of economic seismic
risk for buildings. Earthquake Spectra, 20(4), 1239–63, 2004. DOI: 10.1193/1.1809129.
[12] D. Cardone, G. Perrone, A. Flora, Displacement-Based Simplified Seismic Loss Assessment of Pre-70S RC Buildings. Jour. of Earth. Eng., 24:sup1, 82-113, 2020. DOI:
10.1080/13632469.2020.1716890

3357

C. Iacovino, A. Flora, D. Cardone and M. Vona

[13] G.Perrone, D. Cardone, G.J. O’Reilly, T.J. Sullivan, Developing a direct approach for
estimating expected annual losses of Italian buildings. Jour. of Earth. Eng., 1–32, 2019.
DOI: 10.1080/13632469.2019.1657988.
[14] C.M. Ramirez, E. Miranda, Building specific loss estimation methods & tools for simplified performance based earthquake engineering. Technical Report No. 171, John A.
Blume Earthquake. Engineering Center, 2011, Stanford University.
[15] T.J. Sullivan, G.M. Calvi, Considerations for the seismic assessment of buildings using
the direct displacement-based assessment approach. Proc. of the ANIDIS Conference,
2011, Bari, Italy.
[16] Ministry Decree n.58 28/02/2017 Allegato A: linee guida per la classificazione del rischio sismico delle costruzioni (in Italian). Italian Ministry of Infrastructures and Trasport, Italy. http://www.mit.gov.it/normativa/decreto-ministeriale-numero-58-del-28022
017.
[17] EU Council. Council Directive 92/75/EEC of 22 September 1992 on the indication by
labelling and standard product information of the consumption of energy and other resources by household appliances. Brussels, Belgium; 1992.
[18] S. Lagomarsino, A. Penna, A. Galasco, S. Cattari, TREMURI program: an equivalent
frame model for the nonlinear seismic analysis of masonry buildings. Engineering
Structures, 56, 1787–99, 2013. DOI: 10.1016/j.engstruct.2013.08.002.
[19] A. Flora, D. Cardone, M. Vona, G. Perrone, A Simplified Approach for the Seismic
Loss Assessment of RC Buildings at Urban Scale: The Case Study of Potenza (Italy).
Buildings, 11, 142, 2021. DOI: 10.3390/buildings11040142.
[20] E. Cosenza, C. Del Vecchio, M. Di Ludovico, M. Dolce, C. Moroni, A. Prota, E. Renzi,
The Italian guidelines for seismic risk classification of constructions: technical principles and validation. Bulletin of Earthquake Engineering, 16, 5905–5935, 2018. DOI:
10.1007/s10518-018-0431-8.
[21] P Fajfar, A nonlinear analysis method for performance based seismic design. Earthq
Spectra, 16, 573–592, 2000.
[22] D.M. 17 Gennaio 2018 (D.M. 2018). Technical code for constructions (in Italian). G.U.
n. 42 del 20/2/2018. Rome, Italy.
[23] G.J. O’Reilly, D. Perrone, M. Fox, R. Monteiro, A. Filiatrault, Seismic assessment and
loss estimation of existing school buildings in Italy. Engineering Structures, 168, 142–
162, 2018. DOI: 10.1016/j.engstruct.2018.04.056.
[24] F.T. Gizzi, N. Masini, Historical earthquakes and damage patterns in Potenza (Basilicata, Southern Italy). Annals of geophysics, 50(5), 2007.
[25] Italian National Statistics Institute (ISTAT). 15th National Census on Buildings and
Population. 2014, Rome, Italy (in Italian).
[26] C. Iacovino, A. Flora, D. Cardone, M. Vona, Defining a masonry building inventory for
the city of Potenza. 20th International Conference on Computational Science and Applications (ICCSA 2020), LNCS 12250, 914–927, 2020. DOI: 10.1007/978-3-03058802-1_65.
[27] A. Flora, C. Iacovino, D. Cardone, M. Vona, Typological inventory of residential Reinforced Concrete buildings for the city of Potenza. 20th International Conference on

3358

C. Iacovino, A. Flora, D. Cardone and M. Vona

Computational Science and Applications (ICCSA 2020), LNCS 12250, 899–913, 2020.
DOI: 10.1007/978-3-030-58802-1_64.
[28] M. Polese, M. Di Ludovico, A. Prota, G. Tocchi, M. Gaetani d’Aragona, Utilizzo della
scheda Cartis per aggiornamento dell’inventario ed effetto sulle stime di vulnerabilità a
scala territoriale, XVIII Convegno Anidis, Ascoli Piceno, 15-19 settembre 2019. (In Italian).
[29] G. Milani, M. Valente, Failure analysis of seven masonry churches severely damaged
during the 2012 Emilia-Romagna (Italy) earthquake: non-linear dynamic analyses vs
conventional static approaches. Eng Fail Anal, 54, 13–56, 2015. DOI: 10.1016/j.engfa
ilana l.2015.03.016.
[30] MIT 2019, Circolare n. 7 del 21 gennaio 2019. Istruzioni per l’applicazione
dell’Aggiornamento delle “Norme tecniche per le costruzioni” di cui al decreto ministeriale 17 gennaio 2018.
[31] J. Milosevic, S. Cattari, R. Bento, Definition of fragility curves through nonlinear static
analyses: procedure and application to a mixed masonry-RC building stock. Bulletin of
Earthquake Engineering, 18, 513–545, 2020. DOI: 10.1007/s10518-019-00694-1.
[32] G. Magenes, A. Penna, I. Senaldi, M. Rota, A. Galasco, Shaking table test of a strengthened fullscale stone masonry building with flexible diaphragms. J Archit Herit Conserv
Anal Restor, 8(3), 349–375, 2014. DOI: 10.1080/15583 058.2013.82629 9
[33] D. D’Ayala, E. Speranza, An integrated procedure for the assessment of seismic vulnerability of historic buildings. In: Proceedings of the 12th European conference on earthquake engineering, London, 2002.
[34] P. Foraboschi, Coupling effect between masonry spandrels and piers. Materials and
Structures, 42, 279–300, 2009. DOI: 10.1617/s11527-008-9405-7.
[35] Law 145/2018. In Bilancio di Previsione dello Stato per l’Anno Finanziario 2019 e Bilancio Pluriennale per il Triennio 2019-2021 (Legge di Bilancio 2019); n.302 del
31/12/2018; Gazzetta Ufficiale della Repubblica Italiana: Roma, Italy, 2018. (In Italian).
[36] Law 77/2020. In Conversione in Legge, con Modificazioni, del Decreto-Legge 19 Maggio 2020, n. 34, Recante Misure Urgenti in Materia di Salute, Sostegno al Lavoro e
all’Economia, Nonche’ di Politiche Sociali Connesse all’Emergenza Epidemiologica da
COVID-19; n.180 del 18/07/2020; Gazzetta Ufficiale della Repubblica Italiana: Roma,
Italy, 2020. (In Italian).

3359

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

INVESTIGATING GROUND-MOTION DURATION EFFECTS
ON BUILDING PORTFOLIO LOSS ESTIMATES
Kenneth Otárola-Madrigal1, Roberto Gentile2, Luis Sousa3, and Carmine Galasso1,2
1

Scuola Universitaria Superiore (IUSS) Pavia, Pavia, Italy
e-mail: kenneth.otarola@iusspavia.it
2

3

University College London, London, United Kingdom
e-mail: {r.gentile, c.galasso}@ucl.ac.uk

AIR worldwide London Ltd., London, United Kingdom
e-mail: LSousa@air-worldwide.com

Abstract
Earthquake-induced ground-motion duration can be an important factor to consider when assessing ground-motion damage potential, as evidenced by recent earthquake events worldwide.
In current practice, duration is commonly relegated to implicit, qualitative considerations. This
study introduces a framework to explicitly quantify the influence of duration on building portfolio direct economic losses. To this end, a simulation-based probabilistic risk modelling framework is developed for different synthetic building portfolios impacted by a case-study seismic
source. Two building typologies, representative of distinct vulnerability classes in southern Europe, are considered. A simulation-based probabilistic seismic hazard analysis is performed,
explicitly simulating duration jointly with spectral-shape-related intensity measures. Sets of
long and one-to-one spectrally-equivalent short duration ground-motion records are selected
and then used jointly to perform nonlinear dynamic analysis and derive fragility models for
each considered building typology. Fragility relationships are derived by using average spectral acceleration as the primary intensity measure and: 1) maximum inter-storey drift ratio as
a demand parameter, indirectly accounting for ground-motion duration (through the adopted
nonlinear modelling strategy); 2) maximum inter-storey drift ratio as demand parameter, explicitly considering duration as an intensity measure together with spectral shape, in a vectorvalued format. For each case, vulnerability models are developed by combining the fragility
relationships with a building-level damage-to-loss model. The portfolio expected annual losses
estimated using the described vulnerability models are critically compared and discussed. Depending on the location/portfolio, the impact of ground-motion duration can be significant, and
the proposed approaches allow an analyst to account for it in a practical way.
Keywords: Ground-motion duration; nonlinear dynamic analysis; maximum inter-storey drift
ratio; building portfolio loss.
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1

INTRODUCTION

Earthquake events have been responsible for devastating human, environmental and economic losses in modern societies over the years. Portfolio risk assessment represents the first
step towards developing risk reduction and resilience-enhancing strategies for earthquakeprone regions. Earthquake risk assessment generally requires three main modelling components:
a probabilistic seismic hazard model (simulating representative earthquake scenarios in time
and space and assessing the resulting ground-shaking intensity across a geographical area at
risk); a comprehensive exposure dataset (containing details on the location and characteristics
of the assets at risk in the geographic area of concern); and a set of (physical) vulnerability
models for those exposed assets/asset types (e.g., [1]), quantifying the susceptibility to damage,
or other forms of loss (e.g., downtime and casualties), of structures and their contents because
of the hazard impact. This latter component plays a significant role in earthquake risk modelling/risk reduction since reducing physical vulnerability leads to a direct decrease in the associated seismic risk. Therefore, understanding and quantifying the various earthquake-induced
ground-motion characteristics driving seismic vulnerability becomes crucial.
Current seismic design and risk assessment procedures commonly characterise ground motions in terms of amplitude and frequency-related parameters (e.g., spectral ordinates) without
explicitly considering ground-motion duration. Large-magnitude events worldwide, often resulting in long-duration ground motions [2] (e.g., the 2010 Maule Chile earthquake, moment
magnitude, Mw 8.8; the 2011 Tohoku Japan, Mw 9.0) caused billions of dollars in losses, emphasising the need to account for ground-motion duration in practical earthquake risk assessment exercises. The importance (and influence) of amplitude and frequency-related parameters
on ground-motion-induced damage and losses have been comprehensively investigated and
quantified. However, a consensus has not been reached yet concerning the impact of groundmotion duration on structural response, building performance, and resulting damage/losses.
The main difficulty in quantifying the effect of duration on seismic response of structures is
related to the challenging task of decoupling this specific effect from the impact of other
ground-motion characteristics. Duration is considered an essential factor in assessing a groundmotion damage potential, but its significance remains unclear, partly because of the somehow
contradictory and inconclusive results of some past studies (e.g., [3]). Such conflicting findings
from prior studies mainly result from the adopted definition of strong-motion duration, the
structural demand parameters utilised to quantify damage, and the inadequacy of the numerical
models in capturing the stiffness and strength cyclic and in-cycle deterioration of different
structural systems.
Some studies (e.g., [4]) have demonstrated that while duration has no significant effect on
peak-based demand parameters (e.g., maximum inter-story drift ratio, MIDR), it can have a
significant effect on cumulative demand parameters (e.g., dissipated hysteretic energy, EH). On
the other hand, studies that utilised analytical models accounting for stiffness and strength cyclic and in-cycle deterioration (e.g., [5]) demonstrated that long-duration ground motions impact cumulative damage and collapse capacities. However, the degree of importance of duration
effects may vary depending on the structural system under consideration.
Significant advances on the topic have been recently made due to the increasing availability
of reliable long-duration ground-motion records and improved deteriorating nonlinear structural models incorporating the destabilising P-Δ effects (e.g., [2], [6]). These studies focused
primarily on the influence of ground-motion duration on structural collapse capacity and structural collapse risk, using novel ground-motion selection procedures to isolate the effects of duration from the response spectral shape by using “spectrally equivalent” long- and shortduration ground-motion records. This approach assumes a weak correlation between spectral
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shape (i.e., spectral acceleration ordinates) and duration (i.e., significant duration), which may
not be a realistic assumption in some cases.
Literature describing how duration affects structural fragility for different damage states and
their evaluation is not widely available. In [7], this modelling challenge was tackled using two
different approaches. In the first approach, the effect of duration was decoupled from the effects
of amplitude and spectral shape by assembling sets of spectrally equivalent long- and shortduration ground motions. Those sets of records were employed in comparative incremental dynamic analyses to derive fragility and vulnerability models using realistic SDoF deteriorating
nonlinear models. Formal hypothesis testing was also employed to assess the analyses results’
statistical significance quantitatively. The second approach employed the generalised conditional intensity measure (GCIM) method to select hazard-consistent ground motions. Those
ground motions were used as an input to multiple stripe analyses using realistic MDoF deteriorating nonlinear models. The impact of duration was investigated by variance analysis and in
terms of vector-valued fragility and vulnerability models.
Most of the existing studies, as noticed, focus on structural response/building performance
assessment, and very few on building-specific loss assessment (e.g., [8]). To the best of the
authors’ knowledge, no past studies investigated the effect of ground-motion duration on building-portfolio direct economic losses. Accurately quantifying the potential impact of groundmotion duration on portfolios of buildings located in seismically prone regions, as proposed in
this study, can be of interest to different stakeholders (e.g., property owners, (re)-insurers).
The study begins with an overview of the simulation-based risk assessment framework employed in the study. The proposed methodology relies on probabilistic seismic hazard analysis
(PSHA), incremental dynamic analysis-based [9] fragility derivation (scalar and vector-valued
models are considered [10]), and simulation-based loss estimation. The approach is applied to
two synthetic portfolios of the same size, located in the fault-parallel orientation with respect
to a case-study strike-slip fault. Different structural types are considered for each portfolio,
including gravity-designed and seismically-designed reinforced concrete (RC) frames. The results are discussed considering the effects of ground-motion duration on the median loss and
expected annual loss (EAL) of the considered location/portfolios at different distances from the
case-study fault.
2

SIMULATION-BASED SEISMIC LOSS ASSESSMENT

The implemented simulation-based risk assessment framework [11] is schematically illustrated in Figure 1. Sections 2.1 to 2.4 describe the relevant hazard, exposure and vulnerability
framework components and the associated direct loss estimations within this framework.

Figure 1: Simulation-based risk assessment framework.
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Event-based PSHA [12] is used to simulate 1) seismicity in the considered region as described by a source model; and 2) the resulting ground shaking at the considered set of locations
by using a ground-motion model (GMM). Specifically, a stochastic event set (i.e., a stochastic
catalogue) is generated for a given time span, chosen based on the minimum rate of exceedance
of interest. The number of earthquake occurrences within this period is simulated by sampling
the probability distribution for the considered source model’s rupture occurrence. The geometry
(constraining the earthquake rupture location) and the magnitude-frequency distribution (defining the average annual occurrence rate over a magnitude range) describe the considered source
models. For each event in the catalogue, the corresponding magnitude is first simulated from
the magnitude-frequency distribution. Next, following the Joyner-Boore source-to-site distance
definition, the distance to the rupture for each location of interest is assigned (shallow rupture
with a dip angle of 90° and strike of 0°). Then, ground-motion intensity measures (IMs) of
interest are sampled from the probability distributions defined by the GMM, accounting for
cross-IM correlation. The set of simulated ground-shaking IMs at the various locations forms a
ground-motion field; various ground-motion fields are generated to capture the aleatory variability (both inter- and intra-event) in the GMM.
Given a suite of site-independent ground-motion records with similar spectral shape but different durations, fragility, and vulnerability models (scalar and vector-valued) are derived for
each considered building type within the considered portfolios. For each location, building type
and simulated IMs, the loss ratio is calculated using the appropriate vulnerability model accounting indirectly or directly for ground-motion duration. The total portfolio loss is calculated
by summation over all the building locations in each simulation.
Loss exceedance curves (mean annual frequency, MAF, of exceedance vs loss ratio/loss
value) for specific buildings/locations and the entire portfolio can be estimated using the obtained ground-motion fields, leading to lists of events and corresponding loss ratios/loss values.
The lists are sorted from the highest loss ratio/loss value to the lowest. The rate of exceedance
of each loss ratio/loss value is computed by dividing the number of exceedances of that loss
ratio by the length of the event set (eventually multiplied by the number of stochastic event sets,
if more than one set are generated). By assuming a Poisson distribution of the occurrence model,
the probability of exceedance of each loss ratio/loss value can also be estimated. The portfolio
EAL can be calculated by averaging over all the simulations and events.
2.1 Hazard
A Poisson model is used to simulate the events’ earthquake occurrence on the considered
fault. The characteristic earthquake-recurrence model by [13] is adopted to simulate each event
associated Mw. It consists of a log-linear recurrence relationship (i.e., frequency of occurrence
vs Mw) for moderate (non-characteristic) events and a constant probability branch of occurrence
for large (characteristic) events. This model is based on observations that during repeated ruptures occurring on the same fault (or fault system), some characteristics, such as fault geometry,
source mechanism, and seismic moment, remain approximately constant over a significant time.
The magnitude-dependent length of the rupture is obtained from the equations proposed by [13].
The Joyner-Boore distance is used to define the source-to-site distances for the set of locations
of interest.
The amplitude- and duration-based ground-motion IMs (i.e., average spectral acceleration,
AvgSa and significant duration, Ds5-95) are simulated for each seismic event in the stochastic
catalogue using the approach presented in [14] for correlated random realisations from a multivariate lognormal distribution (including cross-IM correlation). The AvgSa and Ds5-95 realisations are obtained using appropriate GMMs (i.e., [15]; [16]) and empirical correlation models
(i.e., [17]; [18]) for spectral acceleration (Sa) ordinates (to estimate AvgSa) and Ds5-95. It is
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worth noting that different models should be considered and combined in a logic tree to consider
the epistemic uncertainties included in the framework. Nevertheless, one set of models is utilised since the study focuses on introducing the proposed simulation-based loss estimation
framework and relative loss results.
It is also worth mentioning that only the combined (intra- and inter-event) GMM uncertainty
is considered in this study for simplicity (and computational efficiency), with no consideration
of ground-motion spatial correlation (among the locations of the portfolio). Yet, a full correlation for the buildings pertaining to one single site is implicitly assumed since ground shaking
is herein simulated for each location (rather than for each building). Many studies (e.g., [19])
have shown that the spatial correlation in ground-motion IMs has important implications on
probabilistic seismic hazard and loss estimates of spatially distributed systems (e.g., building
portfolios). Inclusion of spatial correlation of IMs into the seismic risk analysis may often result
in the likelihood of observing more significant (and in some instances smaller) losses for a
portfolio distributed over a typical city-scale when compared against simulations in which this
correlation is neglected. Therefore, in practice, the spatial correlation must be included. This is
a future development of the current study.
2.2 Exposure
Various building portfolios located nearby a causative fault are considered. Each portfolio
consists of several equally spaced locations (i.e., sites). In each location, a group of buildings
of different typologies (or taxonomy) is collocated (i.e., the exposure is “lumped” at the considered sites). Each portfolio is also moved (utilising 3 km intervals) horizontally through the
entire region (perpendicularly to the fault) to assess the ground-motion duration influence on
the loss curves/EAL with respect to the distance from the fault.
2.3 Vulnerability
Fragility relationships are derived by using incremental dynamic analysis (IDA) with AvgSa
as the primary IM and: 1) MIDR as a demand parameter, indirectly accounting for duration,
through an advanced nonlinear structural model; 2) MIDR as demand parameter, explicitly
considering duration as an IM together with spectral shape, in a vector-valued format. For each
case, vulnerability models are developed by combining the fragility relationships with a building-level damage-to-loss model. It is worth noting that MIDR can account indirectly for the
duration since the hysteretic models utilised here ([20]; [21]) accounts for the cyclic and incycle strength and stiffness deterioration of the structural components based on the EH of the
components, following the deterioration rule developed by [22].
When using a scalar IM (i.e., AvgSa), the probability of reaching or exceeding a damage
state (DS) at a given IM level can be estimated as the fraction of records for which this DS
occurs at a level lower than the defined IM. This probability can be calculated as shown in
equation 1, assuming a lognormal distribution.
ܲሺ ܵܦ ݀ݏ ȁܯܫሻ ൌ Ȱ ቈ

݈݊ሺܯܫȀߤሻ

ߚ

(1)

The fragility relationship mean, ݈݊ሺߤሻ, and standard deviation, ߚ (i.e., dispersion), are computed with equations 2 and 3 (i.e., by using the method of moments estimator as described in
[23]). In these equations, ݊ is the number of considered ground-motions; ܯܫ is the intensity
measure value associated with the onset of a DS for the ith ground motion. Ȱ is the CDF of the
standard Gaussian distribution.
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ͳ
݈݊ሺߤሻ ൌ  ݈݊ሺܯܫ ሻ
݊

(2)

ୀଵ


ܯܫ ଶ
ͳ
ߚൌඩ
 ݈݊ ൬ ൰൨
ߤ
݊െͳ

(3)

ୀଵ

When using a vector-valued IM (i.e., [AvgSa, Ds5-95] in this study), although only a single
IM parameter is scaled during IDA, it is still possible to determine the effects of other IMs. In
such context, IM2 (i.e., Ds5-95) can explain part of the variation of the associated IM1 (i.e.,
AvgSa). Therefore, the probability of exceeding the IM1 associated with the target EDP (i.e.,
MIDR) level can be expressed in terms of a conditional distribution of IM1 given IM2. Linear
regression is used to find the conditional mean of ݈݊ܯܫଵ given ݈݊ܯܫଶ as shown in equation 4.
ߚ and ߚଵ are coefficients estimated from linear regression using the data points. The conditional standard deviation (ߪூெభ ȁூெమ ୀమ ) of ݈݊ܯܫଵ given ݈݊ܯܫଶ is estimated computing the
standard deviation of the regression residuals (root mean squared error).
(4)

ߤூெభ ȁூெమ ୀమ ൌ ߚ  ߚଵ ݈݊ܯܫଶ

If the conditional distribution of ݈݊ܯܫଵ given ݈݊ܯܫଶ is assumed to be Gaussian, the conditional mean and standard deviation calculated completely define the conditional distribution of
݈݊ܯܫଵ associated with reaching an EDP level. Thus, the CDF of this conditional distribution
can be estimated as in equation 5, where Ȱ is the CDF of the standard Gaussian distribution.
ܲሺܯܫଵ ൏ ݅݉ଵ ȁ ܵܦൌ ݀ݏ ǡ ܯܫଶ ൌ ݅݉ଶ ሻ ൌ Ȱ ቆ

݈݊݅݉ଵ െ ߤூெభ ȁூெమ ୀమ
ቇ
ߪூெభ ȁூெమ ୀమ

(5)

Damage loss ratios (DLRs) are usually estimated empirically through post-earthquake reconnaissance data or employing expert judgment. These ratios are site-specific and buildingtype-specific and must be carefully selected while developing vulnerability models (e.g., [24]).
For this study, the DLRs suggested by [25] are considered. The definition of the damage loss
ratios is shown in Table 1 (from no damage, DS0 to collapse, DS5).
DSs
DLRs

DS0
0.00

DS1
0.01

DS2
0.10

DS3
0.35

DS4
0.75

DS5
1.00

Table 1: Definition of damage-to-loss ratios.

Vulnerability models are expressed here in terms of loss ratio (LR), i.e., the repair-to-replacement cost ratio of the building conditional on the level of ground-shaking IM. Such functions are derived according to equation 6, using the law of total expectation. ܴܮܦ is the
damage-to-loss ratio for the ith damage level DS, whilst ܲሺ ܵܦൌ ݀ݏ ȁܯܫሻ is the probability that
the DS is equal to dsi (probability of being in each damage state). It is worth noting that IM here
could be a single IM composed only by AvgSa, or a vector-valued IM including AvgSa and
Ds5-95 as derived above, resulting in vector-valued vulnerability relationships.
ܴܮሺܯܫሻ ൌ  ܴܮܦ ܲሺ ܵܦൌ ݀ݏ ȁܯܫሻ
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2.4 Loss assessment
For each event and IM simulation (i.e., ground-motion field), the mean LR is computed using
the pertinent vulnerability models. This process is replicated for each location within the portfolio, and each considered building typology, ݐ. According to [11], for each computed LR, the
ground-up loss at each of the ݊ locations is calculated through equation 7, assuming ܰǡ௧
buildings of typology  ݐfor which the replacement cost is equal to ܴܥǡ௧ . Such cost (cost of
structural/non-structural component and contents inclusive) is often provided in the exposure
model. The loss ratio for every location for a given IM is calculated with equation 8.
ܮ ሺܯܫሻ ൌ  ܴܮǡ௧ ሺܯܫሻܰǡ௧ ܴܥǡ௧ 

(7)

௧

ܴܮ ሺܯܫሻ ൌ

ܮ ሺܯܫሻ σ௧ ܴܮǡ௧ ሺܯܫሻܰǡ௧ ܴܥǡ௧
ൌ

σ௧ ܰǡ௧ ܴܥǡ௧
ܴܥ

(8)

Assuming that ܴܥǡ௧ ൌ  ܴܥfor each ܾ, the equation 8 is simplified into equation 9, in which
݊ǡ௧ ൌ ܰǡ௧ Ȁ σ௧ ܰǡ௧ is the proportion of building typologies, ݐ. Considering that the distribution
of buildings ݊ is uniform through the portfolio, the portfolio LR is calculated as the mean of
loss ratios per location (equation 10). Given such assumptions, there is no need to assume any
 ܴܥnor the number of buildings at the given location for each building typology without jeopardising the result generality. The outcome is expressed in terms of loss exceedance curves and
EAL, representing the expected loss per year (statistical mean loss) and is used as an estimate
of the annual insurance premiums to cover the peril [26]. The EAL is calculated, averaging the
portfolio LR for each event and simulation in the stochastic catalogue.
ܴܮ ሺܯܫሻ ൌ

σ௧ ܴܮǡ௧ ሺܯܫሻܰǡ௧
ൌ  ܴܮǡ௧ ሺܯܫሻ݊ǡ௧ 
σ௧ ܰǡ௧

(9)

௧

ܮ ሺܯܫሻ ൌ
3

σ ܮ σ ܴܮ ܴܥ σ ܴܮ
ൌ
ൌ

σ ܴܥ
ܴܥ௧
݊

(10)

ILLUSTRATIVE APPLICATION

3.1 Considered ground-motion records
The ground-motion dataset employed in this study is a subset of the Pacific Earthquake Engineering Research Center NGA-West2 database [27]. Sets of long and one-to-one spectrallyequivalent short duration ground-motion records are used herein as described by [2]. Firstly, a
set of long duration records is selected considering all the records within the NGA-West2 database complying with the following criteria: a) 10 km ≤ Rrup ≤ 250 km; b) 30 s ≤ Ds5-95 ≤ 60 s;
c) a minimum Mw = 5; d) a minimum PGA = 0.1 g; and e) a minimum PGV = 10 cm/s. Rrup is
the minimum distance to the rupture surface; Mw is the moment magnitude of an earthquake;
and PGA and PGV are the peak ground acceleration and peak ground velocity of the ground
motions, respectively. Secondly, the companion set of short-duration records is assembled, selecting a corresponding record with Ds5-95 smaller than 25 s for each long record, and closely
matching the response spectrum of the long-duration record. The ones with the lowest sum of
squared errors (SSE vary from 0.19 up to 0.95) are chosen from all the candidate short duration
records. Finally, 200 ground-motion records are utilised (see Figure 2). The selected sets of
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short- and long-duration records are finally combined together to cover a wide range of relevant
IM values in performing nonlinear dynamic analysis of the considered archetype frames.

a) Ground-motion response spectra

b) Ground-motion significant durations

Figure 2: Selected ground-motion records.

3.2 Considered building typologies
The considered mid-rise reinforced concrete (RC) building models represent distinct vulnerability classes in southern Europe. The total building height is equal to 13.5 m, with a first
storey of 4.5 m, upper storeys of 3 m and a bay width of 4.5 m in both directions [28]. Two
moment-resisting frames are considered using the same geometry. The first case-study frame,
termed as special-code frame, is designed and detailed according to the seismic provisions of
the EC8 for high ductility class [29]. These provisions include capacity design, various requirements in terms of cross-sectional dimensions and seismic detailing to ensure a ductile global
performance and preventing the formation of localized brittle failure modes. The other frame,
termed as pre-code frame, is designed for gravity loads only as per the Royal Decree n. 2239
of 1939 [30] that regulated the structural design in Italy until 1974. Therefore, this frame does
not conform to modern seismic requirements. A non-ductile behaviour characterizes it due to
the lack of strength hierarchy rules, sufficient longitudinal reinforcement, poor confinement,
and susceptibility to develop brittle failure mechanisms (see [31] for more details). According
to this distinction, the two case-study frames include a pre-code bare (PB) frame and a specialcode bare (SB) frame. Figure 3a depicts the elevation layout of these frames.

a) Elevation geometric layout

b) Analytical-numerical model

Figure 3: Geometric elevation definition and modelling strategy of the buildings.

Regarding the materials used for each building, their mean mechanical properties, such as
the concrete compressive strength and the rebar steel yield strength, represent those typically
adopted in southern Europe. For the pre-code frame, mean concrete mechanical properties are

3367

Kenneth Otárola-Madrigal, Roberto Gentile, Luis Sousa and Carmine Galasso

obtained from [32] and [33], while for the special-code frame are obtained from [34] and based
on the current practice. The described material properties are summarised in Table 2.
Parameter
Compressive strength of concrete
Modulus of elasticity of concrete
Yield strength of rebar steel
Modulus of elasticity of rebar steel

Symbol
fcm
Ec
fym
Es

Units
MPa
MPa
MPa
MPa

Pre-code
19
26670
360
200000

Special-code
37
32600
490
200000

Table 2: Properties of the reinforced concrete.

The case-study structure response is simulated by two-dimensional numerical models adopting the finite element software OpenSees [35], as shown in Figure 3b. For all the case studies,
gravity loads are uniformly distributed on the beams and masses concentrated at master joints
on different floors. Besides, elastic damping is modelled through the Rayleigh model [36], using a 5% viscous damping ratio on the first two vibration modes. Moreover, geometric nonlinearities are included to account for P-∆ effects.
A lumped plasticity approach is utilised to model both beams’ and columns’ nonlinear behaviour using zero-length rotational springs. Beam-column end-offsets and floor diaphragms
are modelled as rigid. The moment-rotation constitutive relationship for beam and columns is
consistent with the models developed by [37]. The peak-oriented hysteretic model (as defined
by [20] and further refined by [21]) describes the strength and stiffness deterioration (cyclic and
in-cycle). For pre-code frames only, nonlinear shear springs are added in series to the rotational
ones to account for brittle mechanisms consistent with the model developed by [38].
Structure-specific MIDR thresholds for five DSs are calibrated via pushover analyses by
reviewing multiple measurable criteria according to [31], which are based on [39] and [29]. The
pushover load patterns are defined according to the first mode shape, as indicated in [29]. The
selected DSs thresholds are shown in Table 3. Some relevant information on the case-study
buildings’ dynamic behaviour, such as the first- and second-mode vibration periods and the
corresponding mass participation ratios, is summarised in Table 4.
Case-study
frames
PB
SB

DS1
0.15%
0.17%

DS2
0.25%
0.40%

Damage states
DS3
1.40%
2.70%

DS4
2.00%
3.85%

DS5
3.50%
8.00%

Table 3: Definition of damage state thresholds for MIDR.

Parameter
Fundamental structural period
Mass participation ratio

PB frame
T1=0.83 s; T2=0.25 s
94.50%

SB frame
T1=0.50 s; T2=0.15 s
91.96%

Table 4: Fundamental structural periods and mass participation ratios.

3.3 Considered building portfolios
Two synthetic building portfolios are considered in this study. As shown in Figure 4, a faultparallel “zone” is first defined as located next to a case-study strike-slip fault. The zone is defined so that the closest sites are located at 5 km minimum from the fault; each portfolio is
moved perpendicularly from the fault to assess the effects of distance on ground-motion duration (and, consequently, losses). Within the considered zone, the centroid of each location in
the portfolio is distributed on a uniform lattice approximately 3 km-spaced. Thus, a 9 km2 area
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pertains to each location. Such choice allows attaining a balance between computational burden
and accuracy in the outcomes [11].
A 36 km x 36 km base portfolio is used as a standard size and is considered representative
of a small region. Two different exposure configurations are also considered, considering that
each location has the same building composition. These configurations involve a single building
typology (i.e., PB or SB) only.

Figure 4: Geometric definition of building portfolios.

3.4 Considerations for the stochastic catalogue
The considered case-study strike-slip fault is defined by the characteristic earthquake-recurrence model shown in [40]. The necessary parameters for this model are assumed as follows:
mc=6.4 (characteristic earthquake magnitude); b=1 (ܾ-value of the Gutenberg–Richter law);
Mmin=5; Mmax=6.9; and Δm1=1 (interval below the magnitude level mc, required in the considered probabilistic model). A rock soil type is assumed for each portfolio’s location with shear
wave velocity in the first 30 m of soil Vs30=800 m/s.
A 10000-year stochastic catalogue is considered; for each event, 500 realisations of the IMs
are generated. This maximum time and the number of simulations is selected based on the current catastrophe risk modelling practice and correspond to a good balance in terms of statistical
validity of the loss estimates and computational burden. As discussed, AvgSa is selected as the
primary IM, and it is calculated in the period range [T2:2T1] for both case-study frames (consistently with [41]).
4

RESULTS

4.1 Effects of ground-motion duration on hazard
Ground-motion duration increases with the distance from the source due to the scattering
and dispersion of seismic waves and the difference in the arrival times of waves propagating at
different velocities and traversing different paths (e.g., [42]; [43]; [44]). However, duration also
depends on local site conditions, with longer duration ground-motions typically observed at
sites with softer soils due to repeated seismic wave reflections within the soft-soil layer and the
respective dynamic amplification [45].
Figure 5a and Figure 5c show the obtained AvgSa and Ds5-95 hazard curves (individual simulations and median); while Figure 5b and Figure 5d show the AvgSa and Ds5-95 ground-motion
fields (median), considering 2500-year mean return period (MRP) for one of the two index
buildings (i.e., PB). As expected, the AvgSa values decrease, and the Ds5-95 values increase
with distance. It is worth noting that the AvgSa ground-motion field varies for each of the index
buildings (not shown here for brevity) since AvgSa is structure-dependent. At the same time,

3369

Kenneth Otárola-Madrigal, Roberto Gentile, Luis Sousa and Carmine Galasso

the Ds5-95 ground-motion field is the same for every index building. In the PB case, AvgSa
ranges from around 0.05 g to 1.10 g; the Ds5-95 ranges from approximately 20 s to 70 s.

a) AvgSa hazard curve for a site

b) AvgSa ground-motion field

c) Ds5-95 hazard curve for a site

d) Ds5-95 ground-motion field

Figure 5: Simulation-based PSHA results for the region.

4.2 Effects of ground-motion duration on vulnerability
Figure 6a-b show the fragility and vulnerability models obtained using AvgSa as an IM after
performing the IDA for the PB frame. These relationships implicitly account for the significant
duration since the structure hysteretic models can well capture the cyclic and in-cycle strength
and stiffness deterioration (using the EH dissipated in each component) and the ratcheting of
MIDR accentuated by the P-∆ effects. Similar behaviour is presented in different empirical
damage models such as the Park and Ang damage index [46].
Figure 6c-d show the fragility and vulnerability models obtained using AvgSa and Ds5-95 in
a vector-valued format after performing the IDA. The fragility and vulnerability surfaces explicitly account for the ground-motion duration since Ds5-95 can describe part of the variability
of AvgSa, even if the latter is scaled during the nonlinear procedure. It could be noticed from
the results that ground-motion duration mainly affects the higher DSs (i.e., DS3, DS4 and DS5),
whilst the lower damage states (i.e., DS1 and DS2) remain approximately unaffected. This explained why the vulnerability surface exhibits a slight but steady increase in the loss ratio due
to duration. On the other hand, the fragility relationship surface for DS5 exhibits a more significant (i.e., steeper) increase from short to long durations (i.e., from 1 s up to 60 s as depicted in
the figure). In every case, the duration effects are consistently more apparent at lower durations
and increase as AvgSa increases.
It is worth mentioning that the previous results are consistent among all the index buildings
considered in this study. The fragility and vulnerability models are structure-dependent; therefore, these models vary accordingly per each case study (not shown here for brevity).
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a) Fragility relationship

b) Vulnerability relationship

c) Fragility surface for DS5

d) Vulnerability surface

Figure 6: Fragility and vulnerability models for PB frame.

4.3 Effects of ground-motion duration on losses
Figure 7a-b presents the median normalised loss ratio (NLR) corresponding to 2500 years
MRP at each location within the region (i.e., normalised loss maps), computed as shown in
equation 11. As expected, the NLR increases with distance when the IM explicitly accounts for
duration (i.e., utilising the previously described vector-valued IM). The latter result is more
apparent for the SB frame case, where the NLR can reach values around 60%. It is important
to note that losses decrease dramatically with distance, and low LR values are obtained for sites
located far away from the source (e.g., at 100 km from the source). Therefore, small fluctuations
in LR estimates at these locations can result in obtaining high NLR values. Thus, these high
NLRs may not necessarily represent significant differences in the loss estimates from a practical
point of view.

a) Normalised loss ratio (median) for PB frames

b) Normalised loss ratio (median) for SB frames

Figure 7: Normalised loss ratio (median) for PB and SB frames (MRP = 2500 years) [%].
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It is worth noting that the results obtained for the SB frame are not consistent with the ones
obtained when using the PB frame since, for locations relatively near the source (from 5 km to
25 km from the source), the NLR is higher when AvgSa is used as a scalar IM. This indicates
that using duration in the vector-valued IM can increase or decrease the NLR value with respect
to the scalar IM, given the region seismic hazard, exposure, and vulnerability models under
consideration.
ሾሺܯܫ௩௧ ሻெோୀଶହ௬௦ െ ሺܯܫ௦ ሻெோୀଶହ௬௦ ሿ
ሺܯܫ௩௧ ሻெோୀଶହ௬௦

(11)

a) Aggregated loss curves (median) for PB portfolio

b) Aggregated normalised loss curves for PB portf.

c) Aggregated loss curves (median) for SB portfolio

d) Aggregated normalised loss curves for SB portf.

Figure 8: Aggregated loss curves (median) pairs and aggregated normalised loss curves (median) variating with
distance for PB and SB portfolios. The colour bar represents the distance from the source [km].

Figure 8a-d offers a better picture of how losses (i.e., LR or NLR as appropriate) and their
mean annual frequency of exceedance (for different MRP) vary with distance. The left panels
in these figures show the aggregated loss curves (median) for portfolios located at different
distances from the source and using AvgSa or [AvgSa,Ds5-95] respectively (the distance increase
from right to left as indicated). The right panel in these figures show the corresponding aggregated normalise loss curves (median) for selected portfolios (the aggregated normalise loss
curves are estimated using equation 11 for every MRP associated with each mean annual frequency of exceedance, MAFE). The results are shown for two portfolios composed of PB (see
Figure 8a-b) and SB (see Figure 8c-d) frames for the considered base portfolio size.
Regarding the portfolio made exclusively of PB buildings, when using AvgSa as an IM, the
obtained LRs are higher in the vicinity of the source than those computed when using
[AvgSa,Ds5-95] as an IM. Thereby, accounting explicitly (i.e., using the vector-valued IM) for
duration near the source provides lower LR estimates. The previous behaviour varies with
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distance up to 25 km from the source approximately; in this case, the losses computed using
[AvgSa,Ds5-95] as an IM are higher than those estimated using AvgSa as IM. The previous
results are valid for MAFEs below roughly 1/100 years, as noticed in the figures. For relatively
large MAFE value (above 1/100 years), the NLR are higher than 10%, indicating that the vector-valued IM can better capture duration effects for moderate seismic events.
Interestingly for the portfolio made of SB buildings, when using AvgSa as an IM, the resulting LR results are lower than those obtained when [AvgSa,Ds5-95] is used as an IM. This may
be due to the fact that a special-code frame (i.e., SB frame) with higher levels of strength and
ductility can dissipate higher EH levels. Since significant duration is better correlated to structures behaving in such a way, its effect could be more apparent when duration is considering
explicitly for intensity levels that are not causing structural collapse. In contrast, a pre-code
building (i.e., PB frame) may collapse given the same intensity level without dissipating significant amounts of EH (as it occurs next to the source). These results reinforced the idea that the
vector-valued-based vulnerability model can better capture duration effects given the considered seismic hazard, exposure, and vulnerability models.
The EAL is a suitable parameter to represent portfolio losses; therefore, the EAL is computed
for all the possible distances within the region for the same portfolios analysed above. The
outcome depends strongly on the portfolio composition when using both vulnerability models
(i.e., scalar- and vector-valued-based vulnerability models). For the portfolio including only PB
buildings, differences between the EAL values are at most 6% (next to the source). In contrast,
for the portfolio composed of SB buildings, EAL differences can reach up to 9% (far from the
source). The noticeable trend among all distances is that, when EAL is used as a loss metric,
there is a non-significant difference between using a scalar IM and a vector-valued IM accounting implicitly and explicitly for ground-motion duration, respectively.
5

CONCLUSIONS

This study investigated the influence of earthquake-induced ground-motion duration on estimating seismic losses for building portfolios using a simulation-based risk assessment framework. The aim was to examine how this ground-motion feature influences different loss
estimates, investigating whether duration matters (depending on the location/portfolio) and
should be included in the seismic risk assessment practice. The main conclusions of this work
are summarised as follows:
 As expected, given the utilised GMMs, AvgSa intensity decrease and Ds5-95 increase with
distance from the source;
 Duration can be implicitly or explicitly considered when fragility and vulnerability models
are constructed. In general, the outcomes (i.e., loss estimates) do not match;
 Vector-valued fragility and vulnerability models may perform better in capturing the impact
of ground-motion duration;
 The loss curves and EAL decrease rapidly with distance from the source; after 25 km-30
km, the differences when using a scalar and a vector-valued IM may be neglected;
 Building portfolio loss assessment is influenced by ground-motion duration, and its effect
depends on the portfolio location and composition;
This study provided a first look at how to account for earthquake-induced ground-motion
duration in building-portfolio loss estimation, and its results may not be generalised. Essential
aspects such as the size of the portfolio, a realistic composition of the portfolio (e.g., mixed
building typologies in the considered exposure), the use of more building typologies, complex
source models, among others, were not considered in the paper but will be investigated in future
developments of the study.
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Abstract
Natural disasters are unavoidable and can cause serious damage to bridges, which may lead
to catastrophic losses both human and economic. In the US more than 45% of bridge collapses are caused by flood events in which more than one-third are caused by scouring effects. In
2015, part of the Tadcaster bridge, a masonry arch bridge in North Yorkshire UK, collapsed
during a flooding event. This tragedy was followed by another one in 2019 when a masonry
bridge collapsed in the same county. Therefore, the assessment of bridges susceptible to these
events is of paramount importance as to identify possible mitigation needs. The objective of
the present paper is to present a consistent framework to obtain the reliability index of a masonry arch bridge (MAB), under flood hazard that is subject to local scour, using surrogate
models to reduce the computational effort of the probabilistic analysis. The proposed framework is tested on a MAB located in Portugal. A two-dimensional numerical model is constructed where the random variables that affect the structural capacity and the scour
geometry were considered. The results show the failure mechanism of the MAB when subjected to scour-induced settlements, therefore allowing to identify the vulnerable zones along the
arch’s length. The presented methodology can be used to assess the bridge performance under a flood event, thus providing useful information for bridge management and monitoring.
Moreover, it can be further developed to include fragility analysis and vulnerability assessment.
Keywords: • Masonry bridges, Local Scour, Reliability, Surrogate Models.
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1

INTRODUCTION

Bridges have a higher design life than most common structures. During this period, bridge
management is fundamental to maintain a satisfactory performance of the structure. To
achieve this goal, information regarding the state of the bridges is essential when making decisions that involve the maintenance of the structure [1]. Masonry arch bridges (MAB) represent a large part of the European network (railway and roadway), hence by identifying the
safety level of the bridge, suitable maintenance strategies can be applied [2].
Bridges are structures that face harsh environmental condition; therefore, should be able
to withstand potential hazards such as flooding, earthquakes, among others [3]. Natural disasters are often unavoidable and can cause serious damage to bridges, which may cause catastrophic losses both human and economic. Floods account for a large percentage of all bridge
failures [4]. Nowadays, the effects of climate change may produce larger and more frequent
peak river discharges, which could induce the mobilization of sediment from riverbeds, and
around piers and abutments (i.e., increased risk of scouring). Bridge collapses have been experienced worldwide. In 2015, part of the Tadcaster bridge, a masonry arch bridge in North
Yorkshire, collapsed during a flood event [5]. Therefore, the assessment of bridges susceptible to these phenomena (namely flood, scour, trapped debris, among others) is of utmost importance as to identify possible mitigation needs.
When assessing bridges under loading conditions resulting from environmental conditions,
the lack of available information causes high uncertainties when representing the environmental actions and the parameters of the materials [2]. Explicitly considering the uncertainties can
mitigate this lack of information. Moreover, limit analysis-based structural assessment in
combination with probabilistic-based approaches has been used to predict ultimate loading
carrying capacity and safety verification of Portuguese MAB [6]. Thus, a full probabilistic
analysis for the reliability-based assessment of MAB under floods for ultimate limit states
should be implemented.
Due to the complexity of the probabilistic analysis, the objective of the present work is to
propose a consistent framework to reduce the computational costs to obtain the reliability index associated with a failure mode of masonry arch bridges (MAB) under flood hazard. This
will allow to assess the performance of bridges that may affect the efficiency of important
sections of the roadway network if damaged by a flood event. The proposed framework is
tested on a MAB “Ponte da Vala do Carregado” located in Portugal. A numerical model is
constructed in LimitState:GEO software (http://www.limitstate.com) [7]. The model implemented the random variables that affect the structure capacity [2] and the scour geometry,
such as shape and depth derived from flood conditions [8].
2

METHODOLOGY

The methodology considered in this work is shown in Figure 1. First, a numerical model
is developed using a software based on limit state analysis. Then, a surrogate model is defined
to perform a sensitivity analysis which allows to identify the most influent variables on the
ultimate capacity of the bridge [2]. Later, a new surrogate model based on the most relevant
variables is introduced which uses a low number of evaluations, thus reducing the computational costs of the full probabilistic analysis [6], [9]. Finally, the reliability index is computed
based on the subset simulation technique [10].
For this study, the procedure was implemented for different scour profiles. This approach
allows assessing the bridge reliability under local scouring from a case study.
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Figure 1: Framework for reliability assessment of MAB under local scouring.

3

NUMERICAL MODEL

The case study “Vala do Carregado” is a railway masonry arch bridge located in Vila
Franca de Xira, Portugal (see Figure 2). The three-span bridge has a total span of around 30m,
and it is supported by direct foundations. Earliest reports of the bridge date from 1881 when
the bridge was built. After that, there is information regarding reinforcement of the arch barrel,
until subsequent studies were conducted, and it was concluded that the bridge should be replaced [11].
According to the performed studies, it was found that the bridge foundations presented
poor soil conditions, which were incompatible with the foundation system, and hydraulic capacity was below the requirements of the design flood (corresponding to a 100-year return
period) [11]. For these reasons, the Vala do Carregado bridge before being replaced is considered as representative of the typical Portuguese railway masonry arch bridges which require
particular attention.

Figure 2: Case study (dimensions in meters).

A two-dimensional limit state model was developed using LimitState:GEO which is designed to rapidly analyze the ultimate limit state for a wide variety of 2D geotechnical problems by using the computational limit analysis technique named Discontinuity Layout
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Optimization (DLO) [12]. The software was selected due to the reliability of its results when
assessing the collapse mechanisms of MABs, while allowing to model the soil parts of the
bridge and its interaction with other materials (e.g., concrete, masonry) [13]. Moreover, the
software allows fast and computational efficiency which is key when performing probabilistic
analysis.
Only the parameters defining the yield surface are required for the material models used
by LimitState:GEO. The following models were used to define the different components of
the case study: (i) a Mohr-Coulomb model was employed to represent the soil parts of the
bridge, namely riverbed and backfill; (ii) fully rigid blocks, where no slip-line can pass
through it at any load, were utilized for modelling masonry blocks and foundations; and (iii)
cutoff materials were used to model joints, which allows modelling tension cracks or crushing
by limiting the tensile or compressive stress, respectively [12].
Load models are used to represent the real loading that a bridge is subjected to. Some
studies have been made regarding the reliability of Portuguese MABs, which are based on the
documentation provided by the Portuguese railway authorities (Infraestruturas de Portugal)
[2]. The load model is composed of four-point loads spaced by 1.6 m. Two distributed loads
are also defined within the load mode, but studies have shown that even by not considering
them the most unfavorable case scenario is still achieved [14].
By assuming that there is no failure (nor excessive deformation) in the spandrel walls,
then the bridge capacity will depend mainly on the arch barrel and the backfill. Therefore, 2D
limit state analyses are best suited for in-plane assessment of bridge reliability. Nevertheless,
it is worth mentioning that bridges with increased backfill height are more vulnerable to outof-plane failure of the spandrel (i.e., less load carrying capacity) [15].
The water table was assumed to be acting on top of the structure due to the inadequacy of
the masonry arch bridge to withstand the design flood (100-year return period) as concluded
by the hydraulic modelling [11]. Moreover, studies have been made showing the effects of the
water level in MAB, in which for a fully submerged bridge (with backfill fully saturated) a
reduction in its load-bearing capacity near 40% was found [7]. Thus, to have the most unfavorable scenario, all soil materials are considered fully saturated and a water table near the
surface level is assumed.

Figure 3: Scour profiles (No scour, minor, moderate, and extensive).

The scour cavity is affected by several factors including soil type, flow velocity and turbulence, and foundation geometry [16]. Studies have been made in which several shapes for
local scouring were defined and studied [8].
There are three main forms of scour around foundations, upstream, downstream and at the
sides. When analyzing in-plane behavior, only the effects of the local scour due to the separa-
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tion of the flow (i.e., at the sides) will be considered. The profile geometry was defined by
considering not only different damage states but scour depths and shape of the foundation.
Figure 3 depicts the proposed scour cavities which represent different damage levels (minor,
moderate, extensive) which are related to the ratio between scour depth and foundation height
(ds/D equal to 0.50, 1.00, 1.36) [8], [16], [17].
By analyzing the ultimate capacity of the bridge in terms of an adequacy factor (see Figure 4), which is based on how many loads increments the structure can withstand before collapsing, it is possible to evaluate the safety level of the bridge. In the following chapter, a
stochastic approach is conducted to evaluate the reliability of the structure under the effects of
local scouring.

(a)

(b)

Figure 4: 2D Limit-state model without local scouring (a) geometry (b) failure for an adequacy factor of 4.235

4

PROBABILISTIC ANALYSIS

In structural design, there are many uncertainties related to loading and load-carrying capacities. Fundamentally, structures do not have a zero probability of failure due to the random
variables involved in the design, construction, and operation processes [18].
To compute the reliability index of the case study, first some random variables that are
involved in the load-carrying capacities of the structure must be defined and assessed. Resistance parameters and density of each material comprising the structure are considered. In
Table 1, each variable with its distribution type and parameters are presented.
ID

Description

FAS
SDS
DC
SDB
CB
FAB
DM

Friction angle
Saturated density
Density
Saturated density
Cohesion
Friction angle
Density

Element
Soil
Soil
Concrete
Backfill
Backfill
Backfill
Masonry

Nominal Values

Units

34,61
20,50
25,00
20,00
30,00
30,00
16,00

tan(φ)
kN/m3
kN/m3
kN/m3
kPa
°
kN/m3

Type
CV (%)
Lognormal
10,0
Lognormal
5,0
Gaussian
10,0
Gaussian
12,5
Gaussian
15,0
Gaussian
10,0
Gaussian
10,0

Reference
[19]
[19]
[20]
[21]
[6]
[6]
[22]

Table 1: Random variables used in the probabilistic analysis.

4.1

Surrogate model

The use of reliability methods is limited due to the vast computational cost they often require. Therefore, metamodeling techniques (e.g., polynomial chaos, kriging, among others)
have been widely used. Comparisons between different surrogate models have been conducted, and Kriging based metamodels using subset simulations (AK-SS [10]) have been proven
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to be efficient to describe non-linear limit state functions, allowing a great representation of
the behavior of the function using 19 evaluations [9]. To optimize the probabilistic assessment
of the structure by reducing the number of evaluations (i.e., numerical models), a surrogate
model was built using UQLab, a general-purpose Uncertainty Quantification framework [23].
The assessment of the load-carrying capacity of a masonry arch bridge can be approximately represented by a non-linear limit state function, as shown traditionally by the Military
Engineering Experimental Establishment (MEXE) method. This method has its roots in idealized elastic structural modelling, which mainly depends on geometrical parameters and densities of materials (e.g., masonry and backfill) [24].
Therefore, an experimental design of 20 runs generated by using the Latin Hypercube
Sampling Method (LHS) was used [9]. Then, a Kriging metamodel using UQlab was created
and validated based on the random variables previously defined. The surrogate model uses a
universal trend type, an anisotropic ellipsoidal Matérn 5/2 correlation function, used to define
the Gaussian process and cross-validation estimation method. For the validation of the metamodel, two different sources of error estimation were implemented. First, the leave one out
method, and second a validation experimental design of 10 runs using LHS; the errors found
were 4.11e-03 and 8.28e-03, respectively.
4.2

Sensitivity analysis

To reduce the number of relevant variables in the response of the structure, a sensitivity
analysis was performed using UQlab. Analysis of covariance (ANCOVA) was used to produce helpful sensitivity indices for both correlated and uncorrelated input variables using a
covariance decomposition method [25].

Figure 5: ANCOVA indices

As it can be observed from Figure 5, the parameters with the most influence over the loadcarrying capacity are the ones used to describe the backfill soil. This was expected given that
most of the capacity of the bridge for in-plane behavior (and excluding the spandrel) comes
from the backfill [15]. Furthermore, the soil underneath the foundation has an impact on the
capacity, which is expected as a portion of the soil is being mobilized by the foundation. As
the correlated ANCOVA indices are small in magnitude, the correlation among input variables has only a weak effect on the response sensitivity.
Then, the same process used to define the surrogate model is used, but instead of the seven
variables, only the main four are used. This gives a more efficient metamodel without compromising its reliability.
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4.3

Reliability analysis

By using the surrogate model based on the relevant variables, an experimental design of
10000 simulations using Monte-Carlo (MC) sampling method was generated (Figure 6). Then,
a Gumbel distribution was fitted based on the generated histogram of adequacy factors (i.e.,
collapsing loads), which allowed to define the resistance curve R. Additionally, model uncertainties for limit state models (defined by a Gaussian distribution of mean 1 and COV 1%),
was also considered [6]. The loading curve S was defined using existing data fitted to a
Gumbel distribution, which is described by a mean equal to 184.41 kN and a COV of 9.06%
[2].

Figure 6: MC experimental design.

To obtain the reliability index of the structure for a given profile of local scour, traditional
methods like MC may require numerous simulations to converge with a satisfactory level of
accuracy. Therefore, subset simulation techniques are employed herein to overcome this limitation by solving simpler reliability problems with intermediate thresholds (Figure 7) [26].

Figure 7: Subset simulation samples discretization.

Once the reliability analysis is completed, the failure probability and reliability index are
obtained. In the following chapter, the different results obtained for each scour profile will be
presented and discussed.
5

INFLUENCE OF SCOUR DEPTH IN THE RELIABILITY OF THE STRUCTURE

Each scour profile produces a different impact on the reliability of the structure, and it is
important to understand how changes in the scour depth (ds) in relation to the foundation
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height (D) may affect the load-bearing capacities of the bridge. Next, the results for the different scour scenarios are presented.
First, the sensitivity analysis shows some differences among the scour profiles (see Figure
8). It can be seen that the variables related to the backfill are the ones with the most influence
on the load-bearing capacity of the bridge (in-plane analysis) [15]. Moreover, due to the remotion of soil at the base of the foundation (i.e., changes ds/D), the parameters related to the
soil beneath the river have less influence when the scour hole increases, as can be observed in
Figure 9 by the differences between the failure modes for each scour profile.

Figure 8: Results of the sensitivity analysis for each scour profile (no scour, minor, moderate, and extensive).

Figure 9: Failure modes of each scour profile (no scour, minor, moderate, and extensive.

Among the different scour scenarios, the failure mode remains largely the same, i.e., in
each case, failure of the backfill is achieved by incrementing the railroad load applied at surface level. Moreover, failure at the riverbed is reached due to the mobilization of the foundation. Meanwhile, both arch failures show the characteristic shape of the hinging mechanism
[27].
Then, the respective surrogate models are defined, and the capacity curve of the structure
for each of the scour profiles are built (see Figure 10). It can be observed that the capacity of
the bridge decreases with each increment of the scour depth. As expected, the loss of bearing
capacity for scour depth values lower than the foundation height is slight, i.e., the capacity
curve largely maintains its properties which indicates a slight decrease in the bridge reliability
index [8].
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Figure 10: Resistance curve R of each scour profile.

However, when analyzing the extensive scour profile, the capacity curve changes drastically which may be occasioned by failure of the soil under the foundation. Finally, the values of reliability and failure probability are plotted against the scour depth (ds/D) in Figure 11.

Figure 11: Reliability index and probability failure against scour depth

From Figure 11 it can be seen that the reliability index decreases greatly when the local scour
starts to extend below the foundation. This situation may cause problems with extensive settlements of the bridge which may induce instability on the arch barrel and consequently
bridge collapse [8]. For none of the scour profiles the structure fulfills the target reliability for
safety, i.e. βtarget=4.3 for structures with consequences involving high human and economic
losses, according to the NP 1990 [28].
6

CONCLUSIONS

The present work established an efficient framework for reliability assessment of MAB subject to flood-induced scour. The methodology was validated through a case study bridge located in Portugal. Based on the obtained results, the following conclusions can be made:
x By using surrogate model techniques, it is possible to perform several numbers of experiments, that otherwise would be time-consuming and would demand high computational
cost, with a satisfactory level of reliability. Thus, optimizing and improving probabilisticanalyses. Regarding the study of the reliability of MAB, it was possible to examine different scenarios of local scouring by analyzing different random variables at an efficient
computational cost.
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x By performing a sensitivity analysis, the most relevant variables when assessing the
bridge capacity were obtained and validated by literature. As discussed before, the soil
parameters used to describe the behavior of the backfill are the ones that have the most
impact when computing the load-bearing capacity of the in-plane performance of a
MAB [15].
x To understand the behavior of the bridge under local scouring, the ultimate limit state
function was defined by considering the randomness of the bridge loading capacity and
different scour profiles, which allowed assessing the bridge performance under floods. In
each of the proposed scenarios, failure of the backfill was achieved by incrementing the
railroad load applied at the surface level. Moreover, the arches under the mobilized portion of the backfill presented shapes that resemble failure by hinging mechanism [27].
x As expected, the loss of bearing capacity becomes considerable when the scour depth
surpasses the foundation depth. Failure of the soil under the foundation may explain the
differences of the capacity curve, as found for the extensive scour scenario. It should be
noted that the variation of the lateral erosion (i.e., dimension below the foundation) for
the same scour depth, even though was not considered, influences the bridge capacity [8].
x The case study presented an initial reliability of 3.82 which indicates a probability of
failure of 6.68e-05. When increasing the scour depth up to 1.36 times the foundation
height (extensive level), the reliability index decreased up to 2.87 with a failure probability of 2.07e-03. Consequently, none of the scour scenarios fulfill the target reliability in
the codes [28], which indicates that the bridge presents a poor performance under flooding events.
This study represents the first approach to assess the reliability of MAB subject to the effects of scour and floods. It is recommended to expand upon this work by analyzing out of
plane behavior and investigate the effects of the bridge geometry and other flood-related effects that may influence the bridge performance. Finally, vulnerability analysis considering
direct and indirect consequences may provide useful information for bridge management
and decision making.
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Abstract
The prediction of the seismic vulnerability of bridges is a challenging task for road managers
which need to include structural risk prioritisation in their Bridge Management Systems. The
large number of bridges designed without anti-seismic requirements and the uncertainties
resulting from the lack of knowledge data (e.g. design documents and blueprints), strongly
affect the feasibility of this process. A simplified approach for performing fragility analysis
considering the epistemic uncertainty associated with an incomplete knowledge level is
described. Uncertainties are considered through the statistical generation of a population of
index-bridges, which are analysed utilizing a simplified modelling approach and the capacity
method spectrum method applied with real ground-motion spectra. The proposed approach is
applied on a case-study simply supported-girder RC bridge of the Basilicata provincial road
network. The modelling and the influence of the epistemic uncertainty on the fragility are
discussed for two knowledge levels corresponding to different data collection strategies.
Finally, a validation of the proposed approach is carried out through a comparison with a
refined modelling approach and non-linear dynamic analyses.
Keywords: fragility analysis, RC bridges, capacity spectrum method, nonlinear static
procedures, seismic risk, cloud analysis.
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1

INTRODUCTION

Improving the safety of road networks is a challenging task for transportation infrastructure
managers in natural-hazard-prone countries. In the aftermath of strong earthquakes, an
inadequate seismic response of bridges may provoke direct and indirect losses, e.g. structural
damages, economic losses or issues in managing post-event emergency. In most of the
developed countries, the majority of the roadway/railway bridges were designed according to
old regulatory codes lacking adequate anti-seismic design recommendations. For instance, in
Italy, a high amount of bridges was built during the ‘60s and ‘70s decades [1] when most of the
Italian territory was not considered an earthquake-prone zone. Therefore, road managers have
to deal with risk prioritization of large bridges portfolios, to identify structures that could exhibit
poor performance in the aftermath of a seismic event. Low cost- and time-demanding analytical
approaches for calculating fragility relationships and quantifying the risk of bridges are required.
In this context, many literature studies investigated the adoption of typological fragility
assessment approaches for bridges (e.g. [2–5]). The HAZUS model [6] is a well-known
reference on this topic. These simplified methodologies, based on a typological classification
[7,8] assume that the performance of bridges belonging to the same class is similar. One or
more archetype structures, representative of each typological class, are identified and analysed
to achieve class fragility curves, possibly considering the variability of geometrical/constructive
characteristics within the class. The accuracy of these approaches is strictly linked to the
classification scheme adopted, usually defined on a judgemental-empirical basis, that could not
be directly related to the expected seismic performance [9]. Furthermore, typological
approaches neglect structure-specific components and geometrical features that could be crucial
in the vulnerability of bridges belonging to the same class (e.g. specific geometry, deck-pier
connection type) [10].
On the other hand, recent studies focus on structure-specific approaches. Among them,
simplified displacement-based assessment (DBA) algorithms are proposed and tested. Sadan et
al. [11] proposed a simplified DBA approach for multi-span continuous girder RC bridges,
which is recently refined by Gentile et al. [12,13] and Perdomo et al. [14]. Cardone [15]
proposed displacement-based damage state thresholds for bridge components to be used within
the DBA algorithm. These DBA approaches were also extended for simplified fragility function
calculations by Cademartori et al. [16]. Stefanidou and Kappos [17] presented a hybrid
methodology for bridge-specific fragility analysis suitable for bridge portfolio applications,
using simplified elastic analysis. A different approach is adopted by Borzi et al. [18], that, by
using a comprehensive database to store bridge data, developed an automated tool to build
refined finite element models and to perform nonlinear time history analysis (NLTHA)-based
fragility analysis for probabilistic seismic assessment within bridge portfolio applications.
Generally, within both a typological or structure-specific probabilistic seismic assessment
framework, aleatory and epistemic uncertainties should be considered. These are respectively
associated with the random nature of the seismic action or to the knowledge limit about
mechanical properties (geometry, material etc.), modelling assumptions or capacity models.
Epistemic uncertainties are modelled as random variables and appropriate statistical
distribution. These are generally considered by statistical sampling techniques for generating a
population of structures representative of the main one. This process burdens considerably the
whole assessment procedure since multiplies the number of required analyses. A preliminary
adequate knowledge level of the structure(s) being analysed could beneficially limit the number
of uncertainties. However, a refined data collection phase may be unaffordable: on-site
diagnostic inspections are time- and cost-consuming and bridge databases are lacking design
data and blueprints which mostly were lost by management authority operators or stored into
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inaccessible archives. In the case of wide epistemic uncertainty, refined numerical models and
analysis techniques are not a feasible solution and simplified fragility analysis methodologies
should be applied.
In this study, a bridge-specific fragility analysis approach accounting appropriately for
aleatory and epistemic uncertainties is proposed. The method adopts simplified mechanical
models and capacity spectrum method (CSM) algorithms to perform cloud-based fragility
analysis. The methodology aims to consider the uncertainty connected to the initial knowledge
that particularly affects the seismic assessment of RC bridges when the input data are limited.
Other types of epistemic uncertainties are neglected.
A refined description of the procedure, which currently is developed for multi-span isostatic
(simply-supported) reinforced concrete (RC) bridges, is reported in Section 2. In Section 3, the
procedure is applied to a case-study RC bridge for illustrative purpose. Preliminary validation
of the simplified seismic performance assessment algorithm for fragility analysis is also
provided using NLTHA as a benchmark.
2

DESCRIPTION OF THE METHODOLOGY

The simplified methodology to perform fragility analysis of bridges considering aleatory and
incomplete-knowledge-based (hereinafter simply knowledge-based) uncertainties is described
in this section. It resorts to simplified mechanical models, which are commonly used for the
seismic analysis of isostatic multi-span bridges. A population of index-models is generated to
consider the knowledge-based uncertainties, while the aleatory ones are represented by an
appropriate suite of ground motions. The fragility analysis is performed by using a cloud
approach for each index-model. A population of fragility curves representing the fragility of
the main bridge can be thus generated and be used for simplified indicators of seismic risk. A
synthetic flowchart is reported in Figure 1.

Figure 1: Flowchart of the proposed methodology

2.1 Uncertainty modelling
The first step of the methodology involves a data-collection process (Figure 1, step 1) that
can be performed through fast in-situ inspections supported by innovative remote-sensing
technologies such as drones equipped with optical sensors and photogrammetry algorithms. An
example of how these new tools can be applied to effectively and quickly retrieve geometric
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and constructive data on bridges is reported in [19]. The completeness of the data collection
can be affected by environmental constraints around the investigated bridge or by the proper
constructive characteristics (e.g. inaccessible areas for natural obstacles or inability to collect
images underneath the deck).
After this process, the knowledge-based uncertainties to be considered in the probabilistic
seismic assessment can be identified (Figure 1, step 2). Geometry parameters, mechanical
properties of the materials or the structural members, structural details, which are not assumed
“deterministic”, can be modelled as uncertainties and represented by random variables with
appropriate statistical distributions. The latter can be identified based on literature studies.
Zelaschi et al. [20] and Nielson et al. [21] proposed sets of statistical distributions to model
appropriately the geometric parameters and the material properties of subclasses of highway
bridges in Italy or the US, respectively. If literature references are not available, lacking data
should be assumed based on engineering judgement. Furthermore, if more than one bridge is
analysed within the same road network, lacking data on one bridge can be assumed for
similarity with respect to the other bridges of the same typology within the same road network.
Note that only engineering-relevant epistemic uncertainties should be modelled to avoid
undesired burdening of the process. As anticipated, other types of epistemic uncertainty (e.g.
the capacity models or for the definition of damage state thresholds), which are not considered
in this study, can be similarly represented.
Epistemic uncertainties are usually modelled by introducing the random generation of a
population of models (herein named index-bridges) “deterministically” characterised by
variables selected from the corresponding statistical distributions by using statistical sampling
techniques (Figure 1, step 3). To this aim, the standard or Latin Hypercube Sampling (LHS)
Monte Carlo methodologies are generally used. The LHS [22] is widely used in literature for
the probabilistic seismic analysis of both single or portfolios of bridges (e.g. [23,24]) and is
usually preferred over the standard Monte Carlo technique since it requires less computational
effort. In the LHS framework, the cumulative distributions of the random variables ܺ are
divided into N equal probability intervals (stratification of the input), where N is the target
number of realizations, and a single value is randomly extracted from each interval. The output
samples are N vectors of size j, in turn, composed by values randomly paired under the
assumption that these belong to different intervals. At the end of the sampling process,
convergence in statistics should be checked to reach a number of models being representative
of the real distribution and convenient in terms of computational effort. At the end of the
simulation process, a set composed of N bridge realizations is obtained. Each realisation is
“deterministically” characterised and can be directly analysed.
In addition to the knowledge-based uncertainty, the (aleatory) uncertainty linked to the
random nature of the seismic action (i.e. record-to-record variability) should be modelled
(Figure 1, step 4). In the proposed procedure, a cloud-based approach [25] is adopted to perform
fragility analysis. To this aim, a wide suite of earthquake-induced ground motions
representative of the seismic hazard condition of the site is needed. The selection of ground
motions should be addressed reflecting the soil classification of the site and mean values of
magnitude and distance of likely seismic events provided by an appropriate hazard deaggregation for the site of interest. Additional recommendations for the record selection are
reported by Jalayer et al. [25].
2.2 Simplified approach for seismic performance assessment
In the following sub-section, the process for calculating the performance of the index-bridges
under specific earthquake-induced ground motions, is described. Based on the fundamentals of
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nonlinear static procedures, equivalent single-degree-of-freedom (SDoF) capacity curves are
attained analytically (in both longitudinal and transverse direction) and subjected to a capacity
spectrum-based approach performed with real (un-smoothed) response spectra. Some
assumptions of the proposed methodology are reported hereafter. Only the nonlinear response
of the substructure members and the deck-substructure connection systems is considered, while
the deck is supposed to respond elastically during the earthquake excitation. At this stage of the
development, the foundations are modelled as fully-fixed constraints at the pier base according
to [18,26]. However, the proposed procedure can be extended to account for soil-structure
interactions following the methodology by Ni et al. [27]. The bi-directional effects of the
seismic shaking are also neglected and each index-bridge is analysed separately in the
transverse and longitudinal directions.
To reduce the necessary computational effort in analysing the index-bridges, a simplified
seismic performance assessment strategy should be used within the procedure. The strategy
proposed in this study is based on a simplified mechanical modelling approach suitable for
multi-span isostatic bridges: the Individual Pier Model (IPM). However, it is worth mentioning
that the general scheme of the proposed methodology (Figure 1) can be applied to other bridge
typologies if suitable simplified modelling approaches are available (e.g. [28] for continuousdeck bridges). The IPM is a simplified strategy to analyse the seismic response of isostatic
bridges with adjacent independent simply supported deck analysed in the transverse direction
[1,15,16]. This approach is valid if relative rotations between the deck and the piers along the
vertical axis are allowed. The seismic behaviour of each deck-pier/abutment subassembly can
be analysed separately and can be represented by an equivalent SDoF multi-linear forcedisplacement law. This latter is obtained by combining the force-displacement relationships of
the connection system (e.g. bearing devices, shear keys) and of the piers, assuming that these
components act as a series system.
The force-displacement behaviour of single-column piers can be calculated according to
[29,30]. To this aim, bilinear moment-curvature analyses are used, calculated by means of
simplified surrogate meta-models [31,32] or programming routines [33]. The forcedisplacement law of framed piers can be achieved via simplified analytical methods based on
mechanism analysis [34] or by simply aggregating the force-displacement laws of the columns
acting in parallel in double-bending condition. If the flexibility of the bearings is negligible (i.e.
fixed bearings) these can be assumed rigid and only the nonlinear behaviour of the pier is
considered in the IPM. However, in most of the existing simply-supported bridges, the
behaviour of the bearing devices should be considered. As an example, old fixed bearings (e.g.
steel hinges or pin bearings) could experience brittle shear failures, followed by a pure friction
(concrete-concrete) behaviour until deck-unseating phenomenon. Moreover, neoprene bearings
were widely used in Italy between 1960 and 1990 [35] and can considerably affect the
displacement profile of the IPM given their high deformability. Their shear strength is governed
only by friction between rubber and concrete surfaces. The slipping of this type of bearings
implies a nonlinear behaviour of the subassembly with large relative displacements between
the deck and the pier. If present, the contribution of shear keys should be considered. Multilinear
force-displacement laws for the mechanical characterisation of bearing devices and shear keys
are reported in Cardone [15]. The cumulative force-displacement law of the deck-pier
connection system can be attained by the sum of contribution of the bearing devices acting in
parallel (i.e. the total base shear is the sum of the shear absorbed by the different devices
subjected to the same top displacement).
The capacity curve of the equivalent SDoF representative of each subassembly can be
calculated in a simplified way, assuming that its effective mass (݉௦௨ ) is entirely lumped in the
centre of mass of the deck. Under the assumption of a series system, for a given value of the
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base shear (ܸ ), the effective displacement of the equivalent SDoF system (ȟ௦௨ ) is given by
the sum of the displacements of the pier (ȟ ) and bearing system (ȟ ), obtained by
interpolating the respective constitutive laws at ܸ .
To identify the performance of each subassembly under a specific ground-motion record the
CSM [36] is applied. Particularly, the algorithm proposed by the authors [37] to apply the CSM
with real spectra for fragility analysis is adopted. To this aim, the equivalent SDoF forcedisplacement law is converted in a capacity spectrum. The equivalent viscous damping of the
subassembly (ߦ௦௨ ) associated with each value of ȟ௦௨ can be computed by Equation (1)
aggregating the equivalent viscous damping of the pier (ߦ ሻ and the deck-pier connection
system (ߦ ). For each ߦ௦௨ , the spectral reduction factor ߟ௦௨ can be calculated to compute
overdamped spectra and to identify the performance point (PP). To calculate ߦ and ߦ
the ductility-based formulations by Priestley et al. [29] can be applied. At the end of this process,
the seismic performance of each subassembly under a given seismic action can be calculated.
ߦ௦௨ ൌ

ο ߦ  ο ߦ
ο௦௨

(1)

The IPM can be used to analyse the response of the bridge in the longitudinal direction if the
width of the expansion joints between adjacent decks allows for relative displacement between
the subassemblies. This approach is usually suitable for bridges where the expansion joints
between the independent decks are seismically designed: each subassembly responds
independently until the closure of the joints is reached. In this case, the tributary seismic mass
of each subassembly is strictly influenced by the type of bearing devices (fixed or free) and
their capacity to transfer shear forces.
Conversely, if a premature closure of the joints is expected (e.g. non-seismically designed
joints, designed for thermal dilatations only) or in presence of shock-transmitters, the bridge
subassemblies act as a parallel system. In this case, the subassemblies resist a portion of the
global seismic action depending on the proper (secant-to-top-displacement) stiffness. If the
closure of the deck-abutment joint is expected, the abutment-backfill interaction should be
appropriately considered in the simplified model [5]. The force-displacement relationships
related to an equivalent SDoF of the entire bridge is calculated: the force-displacement laws of
each deck-pier subassembly are aggregated, assuming that all the subassemblies are subjected
to the same deck displacement (only one degree of freedom) which is axially rigid. Given a predetermined target displacement of the deck, the shear force in each subassembly can be
achieved by interpolating the corresponding force-displacement laws. These are summed up to
calculate the total base shear. Repeating this process for incremental control node displacement,
the equivalent SDoF capacity curve is obtained. For each step, the equivalent viscous damping
(ߦ ) is calculated via Equation (2) where N is the total number of i subassemblies. The
capacity curve is thus subjected to the CSM [37] to calculate the PP.
ߦ ൌ

σே
ୀଵ ߦ௦௨ǡ ܸ௦௨ǡ
σே
ୀଵ ܸ௦௨ǡ

(2)

2.3 Methodology for fragility analysis
After the calculation of the performance demand for each index-bridge subjected to each of
the selected ground-motion records, the fragility analysis is performed. Fragility curves express
the probability to reach or exceed a damage state (DS) conditioned to a given value of seismic
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intensity. Note that fragility analysis of complex systems, like bridges, composed of multiple
components, is not a straightforward task, since, the DS of the bridge is related to the DS of the
different members (e.g. piers, bearings, abutments). The proposed procedure requires the
analyst to define DS thresholds for each bridge member depending on the number of limit states
of interest. Recommendations for defining DS thresholds for RC components, bearing devices,
shear keys, etc are reported by Cardone [15]. Deterministic DS thresholds are defined in this
procedure. However, the uncertainty on the DS thresholds should be easily accounted for
according to e.g. [3,23].
The system fragility is defined based on the DS of the different components. In this study,
the bridge is simply considered a series system and the weakest member determines the DS of
the bridge [25]. The performance of each i-th bridge component (e.g. pier, bearing system,
abutment) under the j-th ground motion with respect to a given DS, is expressed by a Demand
Capacity Ratio ( )ܴܥܦcalculated with Equation (3). The global bridge ܴܥܦ related to the j-th
ground-motion record is the maximum of the ܴܥܦǡ of the different i-th components. As an
example, if only the piers, the bearings and the abutments are considered as critical components,
the global ܴܥܦ is given by Equation (4) where the p, b and ab subscripts indicate piers,
bearings and abutments, respectively.
ௌ
ܴܥܦ
ൌ

ܴܥܦௌ

ο

οௌ

ௌ
ௌ
ௌ
ௌ
ௌ
ௌ
ൌ ൫ܴܥܦଵǡ
ǡ ǥ ǡ ܴܥܦேǡ
ǡ ܴܥܦଵ
ǡ ǥ ǡ ܴܥܦே
ǡ ܴܥܦଵ
ǡ ܴܥܦଶ
൯

(3)
(4)

Various literature studies focus on the definition of optimal intensity measures (IM) for
probabilistic seismic analysis of bridges. The appropriate type of IM should be chosen
depending on the scope of the application with reference to its efficiency, sufficiency,
practicality and hazard computability. An in-depth study about this is reported in e.g. [21,38].
In this study, fragility functions represent the probability that (the “weakest” member of) the
index-bridge reaches a unitary DCR given a determined value of IM and are calculated via a
cloud analysis approach [28]. Firstly, the results of the previous analyses are organized in
couples of ܯܫ െ ܴܥܦ (i.e. the Ācloud dataā). It is assumed that a power-law model ( ܴܥܦൌ
ܽܯܫ ) best expresses the relationship between the structural demands and IM [39]. The
parameter ሾܽǡ ܾሿ are estimated fitting a linear model to the cloud data transformed in the natural
logarithmic scale using the least square method. This is expressed by Equation (5) where
ߙோȁூெ represents the median DCR (50% to be exceeded) conditioned to the IM value for a
given DS. The dispersion of the demand around the median estimated with the regression model
is assumed constant varying the IM and is given Equation (6) where M is the number of ground
motion records. Once, ߙோȁூெ and ߚோȁூெ are calculated (simply ߙ and ߚ hereinafter), the
fragility function, ܲሺ ܴܥܦ ͳȁܯܫሻ, and can be expressed by Equation (7) where Ԅሺήሻ is the
standard cumulative distribution functions (CDF).
ሺܴܥܦሻ ൌ  ߙோȁூெ ൌ ሺܽሻ  ܾ ሺܯܫሻ

(5)


σெ
ୀଵሺ ܴܥܦ െ  ܽሺܯܫ ሻ ሻ
ߚோȁூெ ൌ ඨ
ܯെʹ

(6)
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 ߙோȁூெ
 ܽሺܯܫሻ
ܲሺ ܴܥܦ ͳȁܯܫሻ ൌ Ԅ ቆ
ቇ ൌ Ԅቆ
ቇ
ߚோȁூெ
ߚோȁூெ

(7)

Following this approach, the obtained fragility function is calculated for each index-bridge
accounting for demand uncertainty only (i.e. record-to-record variability). The influence of the
knowledge-based uncertainty is represented by the variability within the entire dataset of
fragility curves related to the index-bridges. This population of fragility curves can be
synthesized using specific percentiles of the dataset of the medians and the dispersions [40].
A synthetic fragility curve comprehensive of both aleatory and epistemic uncertainty can be
defined by calculating the median ߙௗ for a given DS as the median of the population of ߙ
related to the k-th index-bridges with Equation (7). The overall dispersion (ߚௗ ) should
account for both the dispersion of the fragility curves of the single index-models (ߚ ) and the
dispersion around the medians. These contributions are combined with the SRSS rule.
For risk-based prioritisation purposes, the seismic risk and its variability linked to epistemic
uncertainty can be calculated. As an example, the simplified strategies by [41] can be used to
calculate the mean annual frequency of exceeding a determined DS (ߣௌ ሻ.
ே

 ߙௗ ൌ ൬

ߚௗ

 ߙ ൰ൗܰ

(8)

ୀଵ

ଶ
ଶ
ே
ே
ͳ
ͳ
ඨ
ൌ ൬  ߚ ൰  ൬   ߙ െ  ߙௗ ൰
ܰ
ܰ
ୀଵ
ୀଵ

(9)

3 APPLICATION OF THE PROPOSED METHODOLOGY TO A CASE-STUDY
BRIDGE
The proposed framework is applied on a case-study bridge, part of the Basilicata provincial
road-network. Two time- and cost-saving approaches are used to perform the data collection,
leading to two different levels of knowledge about the geometrical and constructive features of
the bridge. The following sections describe the data collection approach, the modelling of
uncertainties and the results of the fragility analysis. This section aims to practically describe
how to apply the proposed algorithm dealing with real bridges and provide a preliminary
validation of the adopted simplified mechanical modelling strategy in fragility analysis.
3.1 Description of the bridge, data collection approaches and uncertainties
The main features of the case-study bridge are reported in Figure 2. The bridge exhibits an
isostatic structural scheme with five 30 m-long spans. The superstructure is composed of simply
supported independent adjacent decks consisting of precast RC girders having a I-shaped cross
section. The height of the single-column piers, having circular cross section (diameter equal to
2.60 m) ranges between 6.6 and 13.6 m. Although the exact year of design is unknown, it is
assumed that the bridge was built between the 1980-1984 and designed according to the D.M.
3 marzo 1975 and D.M. 2 agosto 1980 [42,43] for seismic and bridge traffic loads, respectively.
Note that this information can be easily retrieved from road managers’ databases or, if necessary,
modelled as knowledge-based uncertainty as follows.
The data collection is performed according to two data collection methodologies. The first
exploits open-source Google Earth Street View data and a dataset of images collected on-site
and is indicated hereinafter as low-knowledge level (KL1). The geometry was characterized by
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means of image processing and measurements by GE data and images. The second data
collection approach uses imagery collected by a drone-based survey and photogrammetric
elaborations and is identified as high-knowledge level. Further information about this dronebased data collection methodology is reported in [19]. A (Excel-based) data-form is used to
store the information in a suitable format to be directly used by a sequence of programming
routines developed in MATLAB [44]. These routines perform the statistical sampling for
modelling uncertainty and the simulated design of columns (sub-section 2.1) and the fragility
analysis according to the simplified mechanics-based approach (sub-sections 2.2 and 2.3).

Figure 2: Geometric and constructive characterization of the case-study bridge [19].

Table 1 lists the uncertainties defined via some statistical distributions derived from
literature studies [3,20,23,24,45] and engineering judgement. For parameters whose statistical
distributions are not available, the maximum uncertainty is assumed using a uniform
distribution (continuous or discrete) [40]. Although statistical distributions from different
contexts (e.g. United States) are used, it is expected that more data about Italian highway
bridges will be available in future, improving the reliability of such an approach. Table 1
differentiates the uncertainties associated with low- and high- knowledge levels (KL1 and KL2).
With reference to KL1, no information on the typology of the bearing devices placed between
the superstructure and the pier caps is detected. Therefore, in addition to the parameters listed
in the table, the variability of two configurations of bearing typology are assumed: fixed/free
bearings and neoprene bearings. In the first configuration, the bearings are assumed to be fixed
in the transverse direction, while a fixed and a movable bearing line is placed on the top of each
pier in longitudinal direction. Also, a variability between three and four devices per bearing line
(two lines in total) is assumed. The width of the expansion gaps is low and not measurable at
this knowledge level. It is assumed varying according to [3,23] and confirmed by [16] for not
seismically designed Italian bridges. Conversely, the KL2 allows for identifying that the deck
cross-section is composed of four precast girders (thus four devices per bearing line) and
neoprene bearings of 4 cm-thickness; the gap size between the deck and abutments is fixed at
2.5 cm.
The variability in the design class of the materials (݂ and ݂௬ ) is modelled. Mean and
dispersion of the mean strength values of concrete and steel (݂ and ݂௬ ) are calculated
depending on the characteristic values assuming a coefficient of variation of 0.09 and 0.18 [24].
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The LHS is performed to generate the population of models. For each model, the longitudinal
reinforcement layout is calculated by means of a simulated design procedure. An appropriate
MATLAB routine was developed to perform this task according to Italian old regulatory codes
for bridges. The procedure automatically neglects the couples of design concrete and steel
classes which lead to an incompatible design with respect to the old reference code. Since in
the ’70-’90 decades, the design of transverse reinforcements of bridge columns was dictated by
constructive needs rather than mechanical because of the low seismic design actions the
volumetric ratio of the transverse reinforcement (ߩ௧ ) is modelled with a uniform distribution
(Table 1).
The uncertainty about the seismic action is considered via an appropriate ground-motion
suite. A dataset of 100 natural ground-motion records is selected from the SIMBAD database
[46] consistently with the characteristic of soil type [47], magnitude and distance of expected
earthquakes in the site. The magnitude and distance de-aggregation is achieved using the
software Rexel [48]. The ground motions compatible with these requirements are firstly
collected (176 ground motions). Then, the 100 records with the highest PGA (geometric mean
of the two directions) were selected to perform the fragility analysis. The PGA of the selected
record varies between 1.77 and 0.16 g.
Parameter
Characteristic compressive
concrete strength (݂ )
Characteristic tensile steel
strength (݂௬ )
Mean concrete compressive
strength (݂ )
Mean steel Tensile Strength (݂௬ )
Transverse reinforcement
volumetric ratio (ߩ௧ )
Abutment gap size
Shear modulus of neoprene
bearings (G)
Thickness of neoprene bearings
(ݐ ሻ
Abutment passive stiffness
Mass variability (G1+G2)

Knowledge Level
KL1-KL2

Distribution
Uniform (Discrete)

Distr. Param.
25-30-35

MPa

KL1-KL2

Uniform (Discrete)

375-440

MPa

KL1-KL2

Normal

μ = 1, σ = 0.18

Factor

KL1-KL2
KL1-KL2

Normal
Uniform

μ = 1, σ = 0.09
0.05-0.1*

Factor
%

KL1
KL1-KL2

Normal
Uniform

μ = 24.5, σ = 5
l = 0.8, u = 1.2

mm
MPa

KL1

Uniform

l = 40, u = 70

mm

KL1-KL2
KL1

Uniform
Uniform

l = 0.5, u = 1.5
l = 0.9, u = 1.1

Factor
Factor

Table 1: Variability in geometrical/constructive bridge characteristics depending on the knowledge level (KL)

3.2 Modelling assumptions and damage states
Once the models are completely characterised, the seismic assessment is performed
according to the CSM-based procedure (sub-section 2.2). To this aim, the moment-curvature
relationships of the piers are calculated using CUMBIA [33]. This analysis shows that the
flexure governs the seismic behaviour and damage state of the piers. An elastic perfectly-plastic
behaviour is assigned to the neoprene bearings, assuming that the maximum strength is reached
for slipping between the neoprene and the concrete surfaces, as suggested by Cardone [15] for
low-thickness neoprene bearings. The stiffness of each neoprene bearing device is equal to
݇ ൌ ܣܩȀݐ (G is the shear modulus, A is the area of the pad) and the slipping strength is
calculated assuming a friction coefficient (ߤ) equal to 0.4. The flexibility of the fixed bearings
is neglected together with their shear failure (i.e. it is implicitly assumed that the maximum
shear of the subassembly is reached before the shear failure of the fixed bearings). Finally, the
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longitudinal response of the abutment-backfill systems for seat type abutments is calculated as
proposed in [49,50], while its transverse deformability is neglected.
To provide validation for the simplified performance assessment approach, the bridge is also
analysed by means of NLTHA performed in Opensees [51]. A refined numerical modelling
strategy is adopted in this case. The RC-piers are modelled via BeamWithHinges elements
composed of an internal elastic part and a nonlinear hinge at the base. The Hysteretic material
is used to model the nonlinear cyclic behaviour of the plastic hinges, expressed by means of a
sectional moment-curvature law. The deck and the pier caps are represented by elastic beam
elements. TwoNodesLink elements are utilised to capture the nonlinearity of the bearing devices
(elastic-perfectly-plastic material) and the abutment-backfill interactions (impact material). A
tangent stiffness proportional damping is defined for NLTHA [29]. Moreover, a 5% Rayleigh
damping model is assigned.
An overview of the local damage state thresholds used to compute the DCR for each
component is reported in Table 2. The most damaged component determines the global damage
state. The thresholds correspond to slight damage (DS1), severe damage (DS2) and collapse
prevention (DS3).
Element

DS1

DS2

DS3

Piers (flexural)

ο௬

ο௬  ʹȀ͵ሺο௨ െ ο௬ ሻ

ο௨

Neoprene
bearings
(slipping)

ο

οௗ

ο௨௦

Sliding bearings

െ

െ

ο௨௦

Abutmentbackfill system

ο

ο௪

ͳǤͳο௪

Note
ο௬ and ο௨ are the yielding and ultimate
displacement of the pier.
ο ൌ ሺߤܲȀ݇ ሻ is the displacement corresponding
to the friction strength attainment, ܲ is the
compressive load of the bearing device. οௗ is the
dimension of the bearing device in the considered
direction. ο௨௦ corresponds to deck unseating
ο௦ is the displacement capacity of the bearing
device
ο௪ is the displacement at the reaching of passive
backfill pressure calculated starting from ݇௪ ൌ
݇ ݓሺ݄ȀͳǤሻ and ܲ௪ ൌ ݄௪ ݓ ሺ݄ȀͳǤሻ, where ݄
and  ݓare the height and width of the abutment
backwall, ݇ is equal to 11.5 (kN/mm)m and  is
239 kPa.

Table 2: Damage state thresholds for each considered components

3.3 Convergence in the statistics
Reaching convergence in random sampling is essential for the accuracy of the final fragility
estimations. This section aims at identifying the number of index-bridges in the population
necessary to achieve robustness in the results, to ensure that the addition of other samples does
not involve strong modifications of the final results. This is necessary to identify a sample size
which reflects a compromise between computational effort (more index-models, more
calculations) and representativeness of the generated population (more index-models, higher
accuracy). For this task, the KL1 is considered, where an higher influence of uncertainties is
expected with respect to the KL2 case.
First, a first sampling is performed, producing a population of 500 index-bridges. This
dataset is analysed, calculating the corresponding set of 500 fragility curves. For this task, PGA
is used as IM and DS3 is only considered. A dataset of medians of the fragility curves are
collected and their 50th percentile (ߙ௧ ) is extracted and assumed as an optimal estimation of
the median IM associated with the fragility of the whole population. The 10th and 90th
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percentiles are calculated also, providing optimal estimates of the variability in the median IM
of the population leading DS3.
This process is repeated several times reducing the sampling size ( ܰ௦ ൌ
ሾʹͲͲǡͳͲͲǡͷͲǡʹͷǡͳͷሿ). The stability of the counterparts (ߙே௦ ) with respect to the optimal values
is evaluated calculating the relative errors. Figure 3 reports that errors within a range of 10%
are achieved when a sample size of 50 realisations is selected. Clearly, this result is strongly
related to the adopted uncertainties for this selected bridge, and further studies should
investigate the sample size varying the expected influence of the uncertainty.

Figure 3: Relative errors on 50th, 10th and 90th of the median IM with respect to the sample size

3.4 Discussion on results
In this subsection, the results of the fragility analysis are discussed to evaluate the influence
of the incomplete knowledge level and the reduction of this effect due to a reduction of the
general uncertainty. Also, the errors induced by the simplified analysis approach with respect
to refined NLTHA are evaluated. The results are numerically listed in Table 3 and graphically
shown in Figure 4. Particularly, Table 3 reports the values of the median IM (i.e. PGA)
associated with the 50th percentile of the fragility population (Eq. (8)) and the per cent relative
ଵȀଽ௧
ଵȀଽ௧
ହ௧
ହ௧
difference (݁ݎݎௌ
ൌ ሺߙௌ
െ ߙௌ
ሻȀߙௌଵ
 )ͲͲͳ כof the 10th and 90th percentile with respect
to the 50th one to numerically evaluate the influence of uncertainties. These per cent differences
are represented by the amplitude of the “bundle” in Figure 4 representing synthetically the
fragility curve population. As expected, the influence of a low-knowledge level, quantified by
the 10th and 90th percentiles, is strongly reduced with a more accurate data collection. This effect
is noticeable for the transverse direction, while it is slighter for the longitudinal where the
damage is governed by the abutment-backfill interaction that is less affected by the uncertainties.
In the transverse direction, the 10th and 90th percentiles of the median IM of the population
change in a range which reaches [-50; +50]% of the 50th percentiles regardless of the DS.
Figure 5 better explains this outcome, showing the population of fragility curves for the KL1
case at DS2 (chosen for illustrative purposes). Red curves correspond to index-bridges having
fixed/free bearings, while blue ones indicated index-bridges where neoprene bearings are
present. Moreover, the pattern of the curve is related to the critical member which reaches DS,
i.e. pier (flexure), bearing device or abutment-backfill system. Figure 5a shows that in the
transverse direction, the variability in critical member induces wide variability in fragility curve
parameters. The group of index-bridges with neoprene bearings (red) are generally associated
with lower fragility (lower probability of reaching DS) than the index-bridges where fixed
bearings are present and piers are damaged for flexure. The neoprene bearings produce a
beneficial effect in the vulnerability in the transverse direction, since their slipping prevents
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further increase of shear force in the piers, enhancing the ductility of the bearing-pier
ହ௧
subassemblies. This outcome is consistent with [18]. This explains the general increase in ߙௌ
for KL2, where only neoprene bearings are modelled, with respect to KL1 (Table 3). In this
case, the maximum variability of ߙௌ is registered at DS3 and corresponds to the range [-30.48;
+13.81]%.
ହ௧
ߙௌଵ

Case

ଵ௧
݁ݎݎௌଵ

ଽ௧
݁ݎݎௌଵ

ହ௧
ߙௌଶ

ଵ௧
݁ݎݎௌଶ

ଽ௧
݁ݎݎௌଶ

ହ௧
ߙௌଷ

ଵ௧
݁ݎݎௌଷ

ଽ௧
݁ݎݎௌଷ

Transverse direction
KL1-CSM
KL2-CSM
KL2-NLTHA

0.64
0.82
0.80

-41.62
-24.09
-19.07

49.77
1.34
-40.59
12.77
1.66
-28.70
11.67
1.58
-24.11
Longitudinal direction

49.01
12.91
11.64

2.05
2.33
2.38

-39.98
-30.48
-28.46

49.15
13.81
19.99

KL1-CSM
KL2-CSM
KL2-NLTHA

0.26
0.24
0.25

-34.95
-7.57
-5.86

31.05
5.24
3.66

28.47
34.59
36.23

0.78
0.68
0.71

-23.65
-14.29
-13.61

35.99
36.81
37.91

0.71
0.64
0.67

-20.44
-13.74
-12.90

Table 3: Median PGA (50th) and per cent shift associated with 10th and 90th percentiles

Figure 4: Fragility curves and associated variability for the case-study bridge considering the KL1 (analysed via
CSM) and KL2 (analysed via CSM and NLTHA).

A shown in Figure 5b, in the longitudinal direction, it is very common among the analysed
index-bridges that the abutment-backfill system induces the DS2. This is confirmed by [5] for
non-seismically designed bridges. The presence of neoprene bearings is unfavourable for the
fragility of the case-study bridge in this case. Indeed, the index-bridges where fixed bearings
are present exhibit a lower probability to be damaged since the piers collaborate with the
abutment-backfill system in resisting the total amount of seismic action. Conversely, neoprene
bearings decrease the stiffness of the deck-pier subassemblies inducing a higher amount of
seismic action directly transferred to the abutment and anticipating the reaching of DS2. It is
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observed that in the longitudinal direction, the ߙௌ ranges in a narrower interval with respect to
the transverse direction.
Figure 4 evidences the general accuracy provided by the simplified CSM for fragility
analysis with respect to NLTHA. In this case, the relative error between the two approaches on
the median IM of the fragility curves (50th percentile) is lower than 5% regardless of the DS
and the analysis direction. This evidences that, for this case study, the assumptions of the
simplified IPM, that neglects the interactions between the subassemblies, and the equivalent
viscous damping strategy is appropriate. However, this should be considered as a first outcome
and other tests are needed for other case-study bridges or using more efficient IM in the
calculation of fragility curves,

Figure 5: Population of fragility curves for the KL1 case at DS2. Different colours aim to distinguish the bearing
type of the index-bridge, different patterns indicate different critical members. The grey area indicated the area
between the 10th and the 90th percentiles.

4

CONCLUSIONS

In this study, a simplified methodology to perform fragility analysis of bridges directly
accounting for uncertainties linked to an incomplete knowledge level is described. These
knowledge-based uncertainties are considered by means of the statistical generation of a
population of index bridges. The analysis of index-bridges is based on a simplified modelling
approach, suitable for isostatic typical Italian bridges, and the capacity spectrum method used
to evaluate the performance of index-bridges under a specific earthquake record. The
performance of the single index-bridge is synthesized by a set of Demand-Capacity Ratios
which is used to fit regression-based probabilistic seismic demand models and compute fragility
curves. The fragility of the main bridge is represented by a population of fragility curves and
the influence of knowledge-based uncertainties can be quantified by extracting significant
percentile values of the population.
The proposed approach is applied on a case-study bridge of the Basilicata (Italy) provincial
road network. The case-study section is aimed at illustrating the different steps of the procedure.
Two data collection approaches are performed using different data sources involving two
knowledge levels characterised by different degree of completeness. The case-study section
tests the appropriate sample size to generate a representative population of index-bridges and
provide a validation of the simplified analysis approach by means of the comparison with nonlinear time history analysis on a refined numerical model. The fragility analysis shows that the
response of the abutment-backfill system in the longitudinal direction is decisive for the
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fragility of this case study whose deck-abutment gap size is not seismically designed. In the
transverse direction, the fragility of the bridge is affected by the bearing typology and the lack
of this information strongly increases the influence of the uncertainties. It can be stated that an
adequate preliminary data collection should address the width of the abutment-deck gap and
the typology of the deck abutment connections. The employment of typological approaches that
neglect thes components could involve severe inaccuracies in fragility estimations of bridge
portfolios.
Finally, it is worth mentioning that further validations are needed to investigate the accuracy
of the simplified fragility analysis methodology for different bridge types as continuous deck
bridges.
5
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Abstract
This paper, focused on the effect of local scour actions on masonry bridges, represents a followup of a previous study conducted by the authors aimed at analysing the effect of a localised
scour-induced settlement of the pier on the modal properties of the bridge (i.e., frequencies and
mode shapes). Results from the previous study showed as the scour phenomenon, even at its
early stages could induced a non-negligible variability of the transverse modal shape of a masonry arch bridge selected as case study. In this paper, the work is continued by analysing how
the bridge geometry can affect the aforesaid results. To this aim, bridges with three different
geometry (130 m length, 100 m length, 50 m length) are analysed by simulating the scour evolution under the piers and by monitoring the modal response at different stages of the excavation. Accurate finite element models are developed in Abaqus, accounting for both mechanical
and geometrical nonlinearities.
Keywords: masonry, bridges, scour, Abaqus FEM, arch bridges, modal shapes, OMA.
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1

INTRODUCTION

Scour is a natural phenomenon caused by the erosion or removal of streambed or bank material from bridge foundations due to flowing water [1-3].
This action is among the most common causes of bridge failure worldwide [2-4], leading to
notable direct and indirect losses, as witnessed by the numerous cases of scour-induced collapses occurred worldwide [5-8].
Masonry arch bridges are particularly vulnerable to this phenomenon, due to their high stiffness and the usually shallow footings. The relevance of the problem is also witnessed by the
increasing number of works dealing with this issue, e.g., numerical studies employing soilfoundation-structure interaction models with different level of complexity [4, 9], works proposing advanced models for describing the cracking mechanism evolution in the masonry components [10-13], and studies oriented towards dynamic identification and scour monitoring [1417]. Moreover, besides the studies fully dedicated to the seismic response [18, 19], the literature
offers an always growing number of papers focused on vulnerability and resilience assessment
of masonry bridges under multiple hazard (mainly earthquakes and floods) [20, 21].
In the recent years, studies have been also carried out to investigate the possibility of detecting scour by tracking the changes of the dynamic properties of the bridge-foundation-soil system (see e.g., the studies of [22, 23] in the context of masonry arch bridges, or the ones of [24,
25] for steel and reinforced concrete bridges).
In particular, the study conducted in 2020 by [5] has shown as the scour phenomenon, even at
its early stages could induced a non-negligible variability of the transverse modal shape of a
masonry arch bridge selected as case study, thus opening the way to mode-shape based scour
monitoring techniques. Very recently (in 2021) the work of [26] presented an approach to detect
stiffness loss arising due to scour based on relative changes of vertical-pier mode shape amplitudes, by testing the method through a scaled experimental model of a bridge traversed by a
vehicle.
Within this framework and as follow-up of [5], the present paper focuses on the effects of a
localized scour-induced settlement of the pier on the modal properties (i.e., frequencies and
mode shapes) of multi-span masonry arch bridges. In particular, the investigation initiated in
[5] is herein extended to bridges with three different geometries: 7-spans 130 m length, 5-spans
100 m length, 3-spans 50 m length. For each of the three bridges an accurate 3D finite element
model is first developed in Abaqus [27], accounting for both mechanical and geometrical nonlinearities; then numerical simulations are performed to assess the modal response sensitivity
at different stages of the scour process evolution (a single pier is assumed to experience scour).
2

CASE STUDIES

A masonry arch bridge typology very common in the existing Italian infrastructural stock
(but also diffused in Europe and worldwide) is considered in this study, and three different
geometric schemes are analysed: a 7-spans bridge (131.20 m long), a 5-spans bridge (98.80 m
long) and a 3-spans bridge (54.40 m long).
All the bridges have the following features [5, 28] in common: the spans are 16.00 m long;
the piers are all identical with a plan size of 9.5 m x 3.2 m, excluding the extreme circular parts
with a radius of 2.0 m along the transverse direction (Y direction); the arches have thickness of
0.95 m and a radius of 11.58 m; spandrel walls have thickness of 0.65 m; the pier foundations
have a rectangular plan shape of 11.00 m x 3.90 m and their height is 4.15 m. More details
about the bridge geometry are given in Figure 1,The longitudinal views of the bridges are provided in Figure 1; two sections (one transversal and one longitudinal) are shown in Figure 2.
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Figure 1. Longitudinal view and geometries of the three case studies.

Figure 2. Sections and details common for all the masonry arch bridges.
The materials mechanical properties are taken from [5] and are based on both in-situ and
laboratory characterization tests. Table 1 provides a summary of the main mechanical properties
of the bridge materials, in terms of density UYoung’s modulus E, yield stress in compression
fy,c (or cohesion c for what concerns the backfill) and peak tensile stress fy,t.
Table 1. Material properties.
Material
E
c - fy,c
fy,t
U
[-]
[t/m3] [kN/m2] [kN/m2] [kN/m2]
Masonry (Arches & Spandrels) 1.80 3100000
2000
150
Masonry (Piers)

1.75

2900000

2000

150

Backfill

1.70

250000

10

0

Abutment

1.90

300000

-

-
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Riverbed features are assumed according to the case study analysed in [5], where both geophysical and mechanical soil characterizations were achieved through a set of in-situ tests and
laboratory tests. The riverbed properties, made of with highly dense gravel and sands (alluvial
deposit extending 27 m below the surface), are collected in Table 2 (friction angle I, Young’s
modulus E, Poisson’s ratio Q, shear modulus G, soil density U, and average shear waves velocity
vs).
Table 2. Soil parameters.

3

I

>q@

E
[kN/m2]

Q

38

1065000 0.45

>@

G
vs
U
[kN/m2] [t/m3] [m/s]
370000

2.0

430

MODELLING STRATEGY

3.1 General details of the finite element model and material constitutive laws
A 3D model of each case study (Figure 3) is developed in ABAQUS 2017 [27] by following
the strategy adopted in [5] and briefly recalled below.
The bridge model is built by using continuum solid linear hexahedral 8-nodes elements of
type C3D8R, with 6 degrees of freedom per node.
A coarser mesh is attributed to master parts in defining contact pairs interaction, in order to
avoid penetration at the interface. Moreover, the mesh discretisation is set in order to attain of
a good trade-off between results’ accuracy and computational effort, with element dimensions
varying between 0.35 m and 0.75 m.
The model accounts for both geometrical and mechanical nonlinearities.
The behaviour of the masonry components in the linear elastic field is described by assigning
the properties summarised in Table 1. The non-linear behaviour is described through the Concrete Damage Plasticity (CDP) model with the parameters reported in [5].
For the fill material, a linear elastic model is employed, together with a Mohr-Coulomb failure criterion, characterized by a friction angle of 55° and a cohesion of 10 kN/m2.
As schematically shown in Figure 4, the interaction between the different bridge components
is simulated by means of the following nonlinear frictional/cohesive interfaces [4, 5, 10] (see
[5] for a detailed discussion of the topic): a frictional interface is used to describe the interaction
between the fill and the other bridge components along the tangential direction (the tangential
behaviour is characterised by a friction coefficient of 0.60); a “hard-contact” behaviour is assumed along the normal direction, allowing separation but preventing penetration between the
parts in contact; cohesive interactions are used for the other interfaces (i.e., spandrel-to-arch,
spandrel-to-pier and arch-to-pier), simulating the behaviour of mortar joints between the parts.
Moreover, a damage criterion is introduced, whose initiation is governed by the attainment of
the maximum nominal stress values along the normal and tangential directions, equal to fn,max =
150 kN/m2 (Table 1) and ft,max = 1.4∙fn,max = 220 kN/m2, respectively. The damage evolution is
described by the Benzeggagh-Kenane mixed mode fracture criterion, with a power-law exponent of 2.2, and the values of normal and shear fracture energies are assumed equal to Gf,n =
0.05 kN/m and Gf,s = 0.10 kN/m, respectively. To improve convergence, a damage stabilization
criterion is also used, by defining a viscous coefficient of 10-5 kNs/m.
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(a)

(b)

(c)
Figure 3. Finite element models: (a) 7-spans, (b) 5-spans and (c) 3-spans bridge.

Figure 4. FE model with highlighted materials interface types.
3.2 Scour numerical simulation
A Winkler modelling approach is employed to describe the soil-foundation interaction
(Figure 5). The relationship between the soil pressure and the corresponding settlement is de
scribed through the following set of equivalent soil stiffness constants (Table 3) ݇Ԣ௫ ൌ ೣ ǡ
݇Ԣ௬ ൌ




ೣ

ǡ ݇Ԣ௭ ൌ




, with ݇௫ ǡ ݇௬ ǡ ݇௭ (kN/m) provided by Gazetas [29] and ܣ௫ ǡ ܣ௬ ǡ ܣ௭ founda-

tion areas. However, different impedances formulations [30] might also be used.

Figure 5. Impedances along the x, y, z directions
Table 3. Soil stiffness constants.
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ᇱ ࢟
ᇱ ࢞
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3
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220000

420000

940000

The scour process evolution is numerically modelled according to the simplified procedure
proposed in [5], which can be synthetised as follows (Figure 6):
x The hole shape is described by a constant inverted pyramidal form [4].
x The vertex of the pyramid is assumed along a vertical line passing through the centre of
the upstream face of the pier, the upstream slope of the hole is taken equal to friction
angle at rest of the soil,I, whereas the downstream slope is approximately half that value,
consistently with [2].
x The scour hole slope along the direction perpendicular to the flow is equal to 5/6∙I.
x Being the shape of the scour hole fixed, the hole geometry is completely defined by the
maximum scour depth ys, identifying the scour hole vertex, and by the value of the friction angle of the soil.
x A time-history analysis is performed in Abaqus in which, at each time step, the level of
the maximum scour depth is increased and the depth of the centroid of each cohesive
element representing the foundation-soil interaction is compared with the depth of scour
at the same location: if the element centroid is within the scour hole, then the element is
deactivated.
x In this study, the simulation of the deepening of the scour hole is described by considering 8 discrete steps.

Figure 6. Scheme of scour progression modelling.
Step 0 corresponds to the starting condition, with gravity loads acting on the bridge (selfweight loads plus a uniform pressure of 6.6 kN/m2 simulating the road pavement loads) and no
scour. From Step 1 to Step 7, the scour development is simulated by considering increments of
ys equal to 1.0 m per step, for a total maximum scour depth of 7.0 m attained at Step 7, corresponding to an excavation of 3.0 m under the base of the pier’s foundation (whose height is
4.15 m).
At the end of step of analysis, a eigenvalues analysis is performed in order to evaluate the
modal shapes and he frequencies of the bridges at the current state (i.e., at the current level of
scour). Further details about the simulation and the solver setting are given in [5]. In this study,
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the scour is assumed to occur on one single pier only, corresponding to the most extreme one
(i.e., near the right abutment).
4

SCOUR INFLUENCE ON BRIDGES DYNAMIC PROPERTIES

In this section the influence of the scour progression on the modal properties of the three
bridges is assessed. In particular, for each bridge configuration, the modification of the transversal modal shapes is graphically displayed (Figure 7, Figure 8, Figure 9); it is worth noting
that the sequence of mode shapes shown in the figures should be read from the top (no scour
taking place) to the bottom (maximum scour excavation).
The variation of the corresponding natural frequencies is reported as well (Table 4 and Table
5): Table 4 illustrates the evolution of the frequency with the scour depth progression, while
Table 5 collects the percent variation with respect to the reference value at Step 0.
Despite the different values of the reference frequencies observed by three bridges, a common patter can be found in the results of this investigation. Indeed, the changes of the modal
frequency are very low for increasing scour depths between 0.0 m and 4.0 m, with a percentage
decrease of 1.5% - 2.44% at Step 4 (i.e., with ys = 4.0 m). From this point on, the effects of the
scour on the modal frequency become more and more significant, with percentage reductions
higher than 20% at Step 5 (i.e., 1.0 m of excavation under the pier), while very high reductions
(>46%) are observed for ys = 6.0 m (i.e., 2.0 m of excavation under the pier).
Table 4. Modal frequency evolution (Hz) at different scour levels.
Step 0 Step 1 Step 2 Step 3 Step 4 Step 5 Step 6
0.0 m 1.0 m 2.0 m 3.0 m 4.0 m 5.0 m 6.0 m
7-spans 6.455 6.453 6.445 6.428 6.357 5.077 3.431
5-spans 6.048 6.045 6.031 6.016 5.952 4.750 3.199
3-spans 6.110 6.101 6.067 6.041 5.961 4.750 3.200
Bridge

Table 5. Modal frequency percent variation (%) at different scour levels.
Step 0 Step 1 Step 2 Step 3 Step 4
0.0 m 1.0 m 2.0 m 3.0 m 4.0 m
7-spans 0.00
-0.03 -0.15 -0.42 -1.52
5-spans 0.00
-0.05 -0.28 -0.53 -1.59
3-spans 0.00
-0.15 -0.70 -1.13 -2.44
Bridge

Step 5
5.0 m
-21.35
-21.46
-22.26

Step 6
6.0 m
-46.85
-47.11
-47.63

If from one side the frequency changes remain negligible for a “long time” of scour process
evolution, the mode shapes (Figure 7, Figure 8, Figure 9) are found to be more sensitive to the
effect of scour. Indeed, a non-negligible variability of the transverse mode shapes is observed
on all the three bridges starting from the early stages of the scour phenomenon, i.e., for ys between 1.5 and 2.0 m, before the stages of excavation under the pier’s foundation. As the scour
proceeds, the mode shape becomes always more local and interesting the subsiding pier.
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Figure 7. Transverse mode shapes variation for different scour depths.
ys = 0.0 m
(Step 0)

ys = 1.0 m
(Step 1)
ys = 2.0 m
(Step 2)
ys = 3.0 m
(Step 3)
ys = 4.0 m
(Step 4)
ys = 5.0 m
(Step 5)
ys = 6.0 m
(Step 6)

Figure 8. Transverse mode shapes variation for different scour depths.
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ys = 0.0 m
(Step 0)
ys = 1.0 m
(Step 1)
ys = 2.0 m
(Step 2)

ys = 3.0 m
(Step 3)
ys = 4.0 m
(Step 4)
ys = 5.0 m
(Step 5)
ys = 6.0 m
(Step 6)

Figure 9. Transverse mode shapes variation for different scour depths.
5

CONCLUSIONS

The effects of a localized scour-induced settlement of the pier on the modal properties (i.e.,
frequencies and mode shapes) of masonry arch bridges are analysed. As extension of the study
of [5], bridges with three different geometries (130 m length, 100 m length, 50 m length) are
analysed by simulating the scour evolution under the piers and by monitoring the modal response at different stages of the excavation. Accurate finite element models are developed in
Abaqus, accounting for both mechanical and geometrical nonlinearities.
No significative differences are observed among the analysed case studies, characterised by
different geometries but equal static scheme, materials and boundary conditions. The results of
[5] and the relevant main conclusions thus still hold and can be summarised as follows:
x are negligible if the scour depth involves only the lateral sides of the foundation.
x The modal frequency changes become noticeable (higher than 20%) only when the soil
underneath the pier is eroded; for this reason, the suitability of a frequency-oriented identification system based on ambient vibrations might be compromised.
x Conversely, the transverse mode shapes exhibit a very high sensitivity to scour, even at the
early stages of the phenomenon; in light of this, a mode shape-oriented identification system
might be appropriate for monitoring the scour evolution over the time and thus intervene
timely in order to avoid failure or damage development on masonry bridges.
However, the study shall be extended to a wider set of case studies in order to verify the effectiveness of the proposed OMA-based identification technique as a scour monitoring and early
warning strategy in those cases in which scour affects a larger number of piers (scour on a single
pier is analysed in this work).
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Moreover, un undergoing study is aimed at developing a probabilistic hazard discharge model
accounting for the scour refill process due to live-bed flood conditions, based on the recent
work [31]. This hazard model will be exploited within a time-dependent risk assessment probabilistic framework for bridges, which may also integrate other source of hazards (e.g., earthquakes [32]).
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Abstract
Recent seismic events occurred in Central Italy drew the attention towards the resilience of
the Italian road network, which is characterized by a significant number of old reinforced
concrete bridges and viaducts. In this context, the fragility assessment of existing bridges is
crucial, since their collapse or loss in functionality after earthquakes may lead to significant
economic and social consequences.
This work focuses on the fragility assessment of reinforced concrete multi-span continuous
bridges, which is a widespread structural typology in Italy. The study aims to individuate fragilities relevant to both local and global mechanisms, considering bridge components such as
piers, bearings and deck members, in order to highlight the most vulnerable ones compromising the whole structural response under the seismic action. A probabilistic framework is developed considering both the site-dependent seismic hazard and the most important
Engineering Demand Parameters (EDPs) characterizing the structural response. The first
one accounts for the record-to-record variability as well as the parameters governing the
seismic scenario in which the structure is located, while the latter ones are individuated depending on the structural typology and the identified vulnerabilities. Multiple Stripe Analyses
are performed with the aim of providing insights about the seismic response of the bridge
class at hand and of furnishing the fragility curves for all the response parameters relevant
for the structural system. Starting from a real case study located in Centre Italy, a couple of
reinforced concrete bridge models is developed in order to consider the influence of different
heights for the piers and to provide a forecast for the structural behaviour of the selected
bridge class. The models are able to capture the failure mechanisms most likely to occur. Performance thresholds are chosen for each bridge component considering the relevant limit
state demands according to the current codes and literature. As a result, fragility curves provide useful insights about the main structural deficiencies of the system at hand.
Keywords: Italian bridge fragility, bridge heritage, earthquake damage, reinforced concrete
infrastructures.
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1

INTRODUCTION

Fragility assessment is fundamental for a proper probabilistic characterization of the consequences of natural hazards such as earthquakes or flood-related ones [1]-[2] on existing infrastructures. Concerning the seismic vulnerability of bridges, a common practice is that of
defining homogeneous fragility classes for cataloguing bridges based on their geometric and
mechanical characteristics, deck cross section, static scheme and typology of vertical supporting elements [3]-[5]. Among the several bridge classes, this paper focuses on the particular
but widespread typology of Reinforced Concrete (RC) Link Slab (LS) jointless bridges, which
are highly representative of the Italian existing infrastructural network and, at the same time,
can be commonly found in the infrastructural stock of many other countries [6]-[10]. The interest in such bridge class, and in general in bridges and viaducts, has grown due to earthquakes occurred in Italy in the recent years as well as due to the catastrophic events involving
strategical structures in the regional road network (e.g. the collapse of the Morandi’s bridge in
Genova in 2018).
To the authors’ knowledge, no detailed probabilistic studies have been performed yet to
investigate LS RC bridges properly. Thus, the wide use of this engineering solution deserves a
deeper investigation, considering that in most cases existing LS bridges were designed according to old standards, which lack attention and detailing with respect to seismic actions.
For this purpose, two RC simply supported multi-span LS bridges are considered as representative case studies for the bridge class at hand. The geometries are derived from an existing LS bridge in Central Italy [11] and differ for the height of the piers to compare the
response of tall and short piers on the overall behaviour of the structural system. A simulated
project is preliminary developed following typical design rules of Italian codes of the 70’s [12]
and nonlinear finite element models are developed to perform numerical nonlinear Time Histories (TH) analyses. A conditional probabilistic approach is adopted, based on Multiple
Stripe Analysis (MSA) [13] and on a stochastic ground motion model for the seismic scenario
characterization. Different demand parameters are monitored to properly assess the seismic
response of the system, and fragility curves are estimated for the damage mechanisms most
likely to occur in LS bridges.
2

LS BRIDGES: VULNERABILITIES

LS bridges are characterized by simply supported beams constituted by reinforced or prestressed concrete girders, linked at the slab level by means of steel bars to make the slab continuous. This technical solution, also used as a retrofit technique in existing bridges with separated spans, belongs to the wider category of jointless bridges, where the adoption of links
instead of expansion joints is an economical and efficient alternative to reduce the vulnerability of the entire structural system. In fact, water leaking through the joints is the major cause
for the deterioration of bearings and supporting structures, while debris accumulation in the
joints may causes damage to the deck for the prevented thermal expansion. Consequently, LSs
require a lower maintenance effort and costs; an example of link connection is illustrated in
Figure 1.
Kinematic links are usually designed considering longitudinal loads acting at the slab level.
The effectiveness of link slabs as retrofit intervention in presence of live and thermal loads
has been investigated in the literature [6]-[8] but no probabilistic approach useful to the fragility and risk evaluation of this structural component has been employed yet. It is also worth to
mention that no evaluation of the performance of links under transverse loads was required by
past codes, so that their behaviour is unknown in occurrence of a seismic event. It is well
known that structural problems can arise not only in vertical and supporting elements, but also
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on superstructure elements, mainly as a consequence of the transverse bending of girder constrained by fixed abutments and deformable piers [14]-[18]. In the following, the attention
will be paid on the transverse response of LS bridges and unidirectional seismic analyses will
be performed.

Figure 1: Detail of a link at the slab level

3

ADOPTED PROBABILISTIC FRAMEWORK

A conditional probabilistic approach is employed to assess the seismic vulnerability of the
case studies. MSA [13] are used to evaluate the fragility function associated to the performance of each examined structural component. To perform MSA, synthetic accelerograms are
used in this paper, generated according to a stochastic ground motion model. Similarly to the
procedure used in [19], Subset Simulation [20] is adopted for generating the IM hazard curve
from a stochastic seismic scenario, along with different sets of ground motion time
series conditional to various IM levels. As for the choice of the IM, the spectral acceleration at
the period T=1.0 s, Sa(1.0) is used in this study, being acknowledged its features of efficiency,
practicality and sufficiency [21], [22]. Concerning the seismic scenario, the soil condition is
described by a deterministic value of the shear-wave velocity parameter VS30 = 255 m/s, representative of soil C condition (soils of medium stiffness) according to [23]. The source-based
ground motion model proposed in [24] is used, which has already been employed in several
applications [19], [20], combined with the stochastic point source simulation method [25], to
generate ground motion time series. The ground motions record-to-record variability is accounted by means of a Gaussian white noise process and a lognormal scale factor [26] applied
to the target Fourier spectrum. The resulting IM hazard curve is discretised in 10 intervals
identifying the 11 IM stripes adopted to perform MSA, as shown in Figure 2. For each stripe,
a set of 20 acceleration TH is generated to account for the record-to-record ground motion
variability. Further details about the stochastic ground motion model can be found in [19].
denotes the probability of exceeding a given threshold
The fragility function
of the seismic intensity IM.
value of a demand parameter , given a value
As a result of the structural analysis performed according to MSA, at each IM level the
can be computed. A
fraction of ground motions satisfying the exceedance condition
parametric lognormal cumulative distribution function is generally used to model fragility
functions, which is a reasonable assumption for a large set of cases [26], [27]:
(1)
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with
denoting the standard normal cumulative distribution function, the median fragility value (i.e., the IM level with 50% probability of exceedance), the IM standard deviation.
) are obtained by maximizing the logaIn this paper, the fragility function parameters (
rithm of the likelihood function, since the maximum likelihood represents an appropriate fragility fitting strategy [28].

Figure 2: IM hazard curve for Sa(T) at T=1.0 s and discretization in 11 IM levels.

4
4.1

APPLICATIONS
Geometry and structural details of the case studies

Two multi-span simply supported pre-stressed concrete bridges are considered as case
studies. To better represent the existing Italian bridge stock, it is assumed that the bridges
were constructed in the 70’s, before the emanation of seismic design codes at national and
European level [23], [29].
The LS bridges are 131 m long, with 5 simply supported 25 m long spans. The case studies
present the same superstructure. The bridge deck is composed of a cast-on-site 12.50 m wide
slab on three V-shaped pre-stressed concrete girders. This geometry is a typical choice for
pre-stressed concrete girder cross-sections and derives from an existing LS bridge in Central
Italy. Figure 3 shows the cross-section shape (original design document).
Spans present connections at the slab level realized through the kinematic links, made by
DYWIDAG bar groups with diameter Ø40 mm. The bar arrangement is made according to the
static scheme in the longitudinal direction presented in Figure 4, where a fixed constraint is
located at the abutment on the right side, and according to the relevant distribution of axial
forces (due to seismic actions in the longitudinal direction of the bridge).
RC girders, at both piers and abutments, are supported by a set of 3 neoprene semi-rigid
bearings. The bearings mechanical behaviour is the same along the two horizontal directions.
Vertical supporting elements are single piers with a full reinforced concrete circular cross
section with a parallelepiped cap on top. The two case studies differ for the height of the piers,
that is calculated according to a nondimensional ratio H/D equal to 3 and 7 respectively,
where H is the height and D the cross-section diameter. The latter is the same for both the
case studies and constant along the bridge. The choice of a different height allows to investigate effects of the seismic action in case of short and tall piers.
A simulated design has been performed according to the Italian DM 03.03.1975 [12], considering both gravity and seismic loads. The first derives directly from the deck self-weight,
while the latter are modelled as equivalent seismic forces applied separately along the transverse and longitudinal direction of the bridge in order to design piers and link bars. Following
the code requirements, the minimum longitudinal reinforcement ratio of 1% is assumed for
the piers that have a diameter of 2.0 m. Concerning materials, a = 30 MPa concrete is as-
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sumed and effects of the confinement on piers are considered according to [30]. Link bars are
made of harmonic steel (DYWIDAG bars) while neoprene bearings are characterized by a
shear modulus = 1 MPa.

Figure 3: Pre-stressed concrete deck cross-section. Source: design project of the road links among SS76 road,
A14 highway, Falconara airport and SS16 road, ANAS, 18.02.1986.

Figure 4: Scheme of link bar arrangement at the slab level.

4.2

Numerical models

Three-dimensional nonlinear models are developed in OpenSees [31] to perform TH nonlinear dynamic analyses.
Since no plastic deformation is expected on the deck girders, the latter are modelled as
elastic beam-column elements and the hypothesis correctness is verified a-posteriori.
Link slabs are modelled as displacement-based beam-column elements (dispBeamColumn
element) with fibre section to catch the bar stress state under the transverse seismic load. Link
bars are modelled through fibre elements with Steel02 elastic-plastic law, while the concrete
slabs adopt a fibre cross section with Concrete01 uniaxial material.
Pier caps are assumed as rigid elements and are modelled by rigidLink beam elements connecting the deck beam ends to the bearings. Bearings are modelled through zero-length elements with Steel01 uniaxial material having elastic-plastic law to simulate the deformability
of the bearing and the sliding between concrete surface and neoprene once the static friction is
exceeded. The constitutive law of neoprene bearings and the value assumed for the friction
coefficient ( = 0.25) are derived from the available literature.
Columns are modelled using displacement-based fibre elements (dispBeamColumn element), which are able to take into account the evolution of the plastic hinge at the base of the
pier. The pier cross section, a circular reinforced concrete discretised fiber section, is built so
that effects of the confinement on the concrete, modelled as Concrete01, are considered according to [30]. For the sake of simplicity, piers and abutments are assumed to be fixed at
their base although the authors recognise the significance of soil-structure interaction effects
in the response of bridges, especially in the case of soft soils [32].
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4.3

Fragility analysis

In order to examine the most significant damaging mechanisms occurring with seismic action, three Engineering Demand Parameters (EDPs) are selected: 1) the pier top maximum
displacement, which controls ductile mechanisms of the piers; 2) the bearing maximum displacement; 3) the maximum strain on the link-slab steel bars. The performance of these components is assessed referring to two main limit states, corresponding to the occurrence of
plastic mechanisms (piers or bars yielding or the onset of sliding phenomena at the bearings)
and to the reaching of the ultimate condition at collapse (pier collapse or bars fracture or maximum displacement of the bearings). In the following, the first is indicated as dy while the
second as du. The performance thresholds associated to the considered limit states are shown
in Table 1. Concerning piers, a cross-sectional analysis is performed to evaluate yielding and
ultimate curvatures from which the relevant displacement thresholds are computed according
to the static scheme of the piers.

Limit State

Link bars
εbar [-]

H/D = 3

Piers
up [m]
H/D = 7

Bearings
ub [m]

Yielding/Damage (dy)

0.0046

0.027

0.152

0.045

Collapse (du)

0.0400

0.111

0.405

0.200

Table 1: Performance levels and related demand threshold values for the bridge components.

5

RESULTS

Results are shown in terms of fragility curves. For each investigated component, charts on
the left illustrate the structural response for the case with short piers, while charts on the right
pertain to the bridge with tall piers. Black curves refer to the damage limit state dy, while red
curves to the collapse du. Moreover, the label “Bridge Joint” is used in this case to indicate the
pier position (Figure 4). Figure 5 compares fragility curves for pier displacements. It is evident that the vulnerability of vertical elements changes between the two structural models and
diminishes with the pier height. Piers never reach the collapse limit state; however, short piers
present a sensibly higher vulnerability at damaging than tall ones. For H/D = 3, piers 1 and 3
present a similar vulnerability while in the central pier damage occurs at lower IMs, that is
related to the 1st natural vibration mode in the transverse direction, which significantly involves the middle pier. This phenomenon is less evident in the case of long piers. Differences
between pier n. 2 and 3 can be attributed to the different capacity of the kinematic links, offered by the link bars on the slab: indeed, the number of link bars on the superstructure
changes and influence the pier response. Overall, as the link bars increase in number, the pier
demand in terms of displacement decreases (i.e. a higher IM is needed to induce damage). In
both structural models, pier n. 4 never experiences damage: the phenomenon can be reasonably attributed to the presence of the fixed abutment on the right.
Concerning the link bars, it is possible to notice from Figure 6 that effects of the change of
the pier height are slight on the strain at limit state dy while much more evident at collapse du.
This is particularly evident for joints n. 1 and 2, where the number of bars is minimum, and
joint 4. In both configurations, joint n. 2 presents the highest vulnerability, due to the low
number of bars and the central position. Due to the fixed abutment on the right, the vulnerability of joint n. 4 is higher than that of joint n. 3. Above results can be explained since the
demand in the links due to longitudinal actions (for which they are designed) is sensibly different from the demand due to transverse excitation. For link bars, both damage and collapse
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limit states can be reached, denoting the fundamental role of the superstructure response on
the definition of an overall behaviour for the bridge. Moreover, it is evident that links are the
weakest components of the structural system at both damage and (excepting for bearing n. 1)
collapse limit states.

a) H/D = 3

b) H/D = 7

Figure 5: Fragility curves for pier displacements: (a) short piers and (b) tall piers.

Finally, Figure 7 shows fragility curves for bearing displacements. This EDP reveals as the
most influenced by the H/D ratio. For short piers, a higher vulnerability of bearings is obtained. It is worth noticing that, similarly to the behaviour of piers, bearings of joint n. 4 never
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collapse since the restrain provided by the fixed abutment influences prevent excessive displacements. The influence of the link disposition can be found on the different response of
bearings on joints n. 2 and 3; in detail, bearings at joint n. 2, where the number of bars is the
lowest, are more vulnerable than bearings at joint n. 3.

a) H/D = 3

b) H/D = 7

Figure 6: Fragility curves for link bar strain: (a) short piers and (b) tall piers.
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a) H/D = 3

b) H/D = 7

Figure 7: Fragility curves for bearing displacements: (a) short piers and (b) tall piers.

Overall, it should be remarked that a detailed comparison of results between the two different case studies is tough due to their intrinsic different dynamic response to the seismic excitation promoted by the different fundamental periods of the two structural systems.
However, results highlight that the seismic vulnerability of links and bearings of LS RC
bridges deserves attention. Further data analysis will be carried out to provide a more effec-
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tive insight into the effects of the piers’ height on the overall bridge typology response
through a wider range of the H/D ratio.
6

CONCLUSIONS

A first insight into the fragility assessment of LS RC bridges, which is a widespread typology on the Italian national territory, has been investigated in this paper, starting from two representative case studies of the bridge typology. A robust and versatile probabilistic framework
based on the use of the multiple stripe analysis tool is adopted to perform seismic analyses.
The typical vulnerabilities of the considered structural typology are investigated through three
fundamental engineering demand parameters, involving both the superstructure and the supporting structures, such as piers and bearings. Case studies, representative of the typology at
hand, are selected to investigate the significance of the damage mechanisms in case of both
short and long piers. Detailed numerical models are developed to capture the main vulnerability mechanisms potentially taking place at earthquake occurrence. Results are shown as fragility curves considering two main limit states associated to damage and collapse condition of
piers, kinematic links and bearings.
It is possible to conclude that the investigated existing bridge typology may suffer different
types of local failures and these affects in a complex way the global structural response and
the consequent damage scenario expected for a strong earthquake. Results highlight that the
vulnerability of links and bearings of LS RC bridges deserve attention in seismic analysis. In
particular, the distribution of damage in the links is quite difficult to predict since they are
usually design with only reference to longitudinal actions, which provides a demand distribution sensibly different of that induced by transverse excitations. Further studies on the fragility assessment of LS bridges will be necessary to provide an overall view on the vulnerability
of the bridge class at hand and to address the role of the geometric parameters, such as the
here investigated H/D ratio, on the overall behaviour of the bridge, as well as on the significance of each damage mechanism.
The approach adopted in this paper for the fragility estimation allows to separately analyse
the vulnerability of the different bridge components at the limit states of interest, as a classical
strategy in the scientific literature. However, current studies by the authors aim to develop a
more detailed procedure for the fragility assessment, concerning the quantification of the
damage extension and the evolution of the failure mechanisms within the bridge structure, as
fundamental information for a proper and detailed quantification of consequences and costs
associated to the seismic risk. The novel procedure can be applied to different bridges configurations or typologies, and also reveals sufficiently general for the analysis of various bridge
components and the associated possible failure mechanisms.
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Abstract
In this paper, the results of the performance-based earthquake engineering (PBEE) analysis,
carried out to assess the seismic behaviour of short-medium span steel-concrete composite Igirder bridges, are presented and discussed. The selected case study is part of a group of
bridges analysed within the SEQBRI project, funded in 2012 by the European Union, which
deals with a systematic development of the PBEE analysis for short-medium span steel-concrete
compo-site I-girder bridges. In this respect, fragility and damage analysis of the selected bridge
are performed using a proper component-based numerical model along with wide experimental
campaign. These outcomes are then integrated in the decision-making analysis, where the selected decision variable is the repair cost ratio of the bridge. The results show the good performances of short medium span steel-concrete composite bridges, both for minor and major
damage scenarios.
Keywords: Performance based earthquake engineering, steel-concrete composite bridges,
loss analysis, concrete cross beam.

3430

Daniele Corritore, Fabrizio Paolacci

1

INTRODUCTION

Nowadays, short-medium span steel-concrete composite I-girder bridges (SCC) made of hot
rolled steel beams are very popular, owing to their short construction time and reduced costs.
Moreover, they are very adequate for seismic areas for their limited weight. These bridges can
be easily designed for static loading, according to Eurocode 4, [1]; however, the effects of seismic loading has not been yet adequately investigated, and thus, they may exhibit damages even
in low-seismicity zones.
In general, steel-concrete composite bridges with hot rolled sections for small and medium
spans, (range between 25-40 m), exhibit several advantages in terms of: small total depth of
composite section, no pre-stressing in concrete slab, low dead weight and limited foundations
and settlements of supports, simple erection methods. The SEQBRI project, funded in 2012 by
the European Union and conceived on these premises, deals with a systematic development of
the Performance-Based Earthquake Engineering, [2], for short-medium span steel-concrete
composite I-girder bridges that includes seismic input randomness, demand and damage analysis as well as economic cost-benefit estimations, [3]. In particular, a new type of connection
between steel girder and piers that use a transverse concrete cross beam (CCB) is taken into
account. The steelwork parts of the composite beams are prepared in factory and equipped with
steel elements for connections (plates, holes, welded studs…). The steel girders are placed on
the head of the piers without any propping; subsequently, the slab is concreted and the continuity of the composite beam is completed by concreting the beam joints and the transverse beams
over the pier. This kind of joint has been studied in the past but only for static load conditions,
[4-5]. In this paper, the results of the performance-based earthquake engineering (PBEE) analysis, carried out to assess the seismic performance of short-medium span steel-concrete composite I-girder bridges, are presented and dis-cussed. The selected case study is part of a group
of bridges analysed within the SEQBRI project, [3]. In this respect, fragility and damage analysis of the selected bridge are performed based on a proper component-based numerical model
and a wide experimental campaign, [6-7]. These outcomes are then integrated in the decision
making analysis, where the selected decision variable is the repair cost ratio of the bridge.
2

DESCRIPTION OF THE CASE STUDY

The analyzed case study is a straight 2-span deck consisting of 4 main girders HE600B of S460
steel grade with 2.65m in-between distance (Figure1). The bridge is 40.00 m long and consists
of 2 spans; the total width of the road cross-section is 10.60 m, with carriageway 6.50 m wide
and 2 sidewalks 2.05 m wide. The thickness of the concrete slab is equal to 25 cm. At the
abutments, the steel girders are fixed to an end reinforced concrete crossbeam 0.60 m wide. The
deck is simply supported on normal damping rubber bearings.
At the intermediate pier, the steel girders are fixed to an intermediate reinforced concrete crossbeam 0.90 m wide (Figure2). A wall type pier 0.60 m thick and 7.00 m wide is used. It is
assumed that the foundation soil is categorized as type B according to EN1998. In this example,
the SSI effect is neglected.
Different types of CCB configurations have been applied in several occasions, [8]. Many of
them are variants of the configurations included in the standard DIN-FB-104, [9]. These configurations are proposed in order to manage mainly vertical dead and live loads, which produce
negative moments at supports. For bridges subjected to seismic actions, significant tensile
forces might be exhibited also at the bottom flange of the steel girder, especially when monolithic connection between CCB and pier is formed. Because of the CCB configuration is the
most crucial detail, in order to identify the better solution for applicability in seismic prone
areas, within the SEQBRI project the DIN FB variant C of the CCB has been chosen to be
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analytically and experimentally investigated. Moreover, two new variants, based on the DIN
FB variant B, have been designed and investigated.

Figure 1. Longitudinal section and cross section at span for selected case study

Figure 2. (a) Pier-Deck joint with Concrete Cross Beam, (b) Static behavior of Pier-to-deck Joints

The idea is to transfer the forces from the composite girder to the CCB through contact and
dedicated groups of shear studs. For this reason, in the new configurations, the steel flanges are
not inserted into the CCB and the height of the head plate is limited (Figure 2). A broad
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description of these typologies and of the experimental texts can be found in Abbiati et al., [6]
and Paolacci et al., [7]. In what follows the vulnerability of the selected bridge with CCB3 (see
Figure 2b) is analyzed in the framework of PBEE. In this kind of CCB, the tensile force at the
top flange is transferred gradually to the longitudinal reinforcement (or reversely a potential
compression force to the concrete slab) through a group of vertical studs, which are placed on
the top flange of the girder before the CCB. The shear force is transferred to the CCB through
a group of horizontal studs, transversally placed at the sides of the girder’s web, which is inserted into the CCB. These studs are subjected only to pure shear, action that is compatible to
their actual function. The tensile stress at the bottom flange of the steel girder is transferred
through anchor bars inserted throughout holes present in the web. The bars are tensioned after
hardening of concrete and imposition of dead loads and are not bounded. The duct of each
anchor should be filled with grease, in order to offer the opportunity for inspection, re-tension
or even replacement in case of extreme seismic events.
3

NUMERICAL MODELING OF CONCRETE CROSS BEAM –STEEL GIRDER
CONNECTION

A component based mechanical model of the CCB3 connection was developed in the code
OpeSEES, [10]. This model (Figure 3) was used to analytically reproduce the experimental
texts executed on I-girder subassemblies of the bridge. In [7] the results of the test campaign
are presented and discussed. The aim was the definition of a refined model that faithfully approximates the real behavior of the sample and that allows the extension of the model to several
cases.
Nonlinearities have been explicitly considered in the steel girders, concrete slab, pier, shear
headed studs of the CCB, shear headed studs between girder and slab. Steel girder and concrete
slab have been modeled using nonlinear beam elements with fiber sections. The steel girder and
the slab have been connected by elastic beam elements with high stiffness; whereas, the shear
and axial behavior of the vertical connecting studs has been modeled using nonlinear links with
elasto-plastic behaviour.
Concrete Slab
(Fiber Element)

Shear Studs
(NL Link)

End Plate
(ElasticBeamColumn)
Steel Girders
(Fiber Element)

CCB
(see details)
Pier
(Fiber Element)

SLAB (fiber sec.)
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RIGID LINK
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GIRDER
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• [Gap] twoNodeLink
• [CCB Studs] twoNodeLink
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Prestressing Bars

shear
shear
axial
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Figure 3. Numerical model of the pier-deck joint with Concrete Cross Beam
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Fig. 4 – Experimental setup

Strength of the single shear stud Qu has been calculated according to CEN 1994, [1], while the
related stiffness has been evaluated by mean of the shear load-slip curves (Q-s) defined in [11]:
Q ට βs
=α 1-e α +γs
Qu

(1)

with ߙ ൌ ͲǤͻǡ ߚ ൌ ͳǤ͵ǡ ߛ ൌ ͲǤͲͲͶͷ݉݉ିଵ .
The vertical head plates welded on the steel girders and directly in contact with the transverse
concrete beam have been modeled by rigid links. The CCB have been modeled by elastic beam
elements with vertical axis. Nonlinearities in the CCB were considered by modeling shear studs
and prestressing bars separately. Moreover, in order to reproduce the constraint in compression
due to the presence of the concrete crossbeam, four compression gap elements have been used
both at left and right sides of the CCB joints at two different levels, as shown in Figure 3, [12].
A simplified evaluation of the stiffness of the gap has been performed, assuming that the compressive force coming from the girder would act uniformly on a surface equal to the area of the
vertical head-plate.
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Figure 5. Numerical and experimental hysteretic response
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Studs welded in the transverse direction on the web plate entering the CCB are simulated with
nonlinear links in the vertical and horizontal direction. Each links simulates the effect of I25
mm shear studs. Their strength and stiffness has been calculated as for the studs in the slab. The
two levels of pretension bars (Dywidag type) in the bottom area of the CCB, have been modeled
by two elastic truss elements.
The 2-D FE model for concrete cross beam is shown in the following figure. This model has
been validated through a wide experimental campaign. The setup of a test and a numerical/experimental comparison of the hysteretic force-displacement cycle are illustrated, respectively,
in Figure 4 and in Figure 5.
4

SESMIC INPUT SELECTION

A group of 14 accelerograms has been selected from the PEER ground motion database in
order to best approximate the Eurocode8 type 1 Response Spectrum, [13]. A set of records have
been picked out from the database according to the following hazard parameters: magnitude
range Mw = 5.8–7.0, distance from the fault rupture comprised in a range 15-40 km and local
soil type B. Successive-ly, 14 records have been selected among these so that their mean spectrum best approximate the target spectrum. A scaling factor has been applied to each input
signal in order to minimize the dispersion of the mean spectra compared to the Eurocode
spetrum. The scaling factor modifies the original record only in amplitude.
5

PROBABILISTIC SEISMIC DEMAND ANALYSIS OF CASE STUDIES

The author’s name should include first name, middle initial and surname. It should be written
centered, in 12pt boldface Roman, 12pt below the title.
In the perspective of a Cost-Effective Risk Analysis, as the final goal of the application of the
PBEE procedure, the elements (structural or finishing) whose damage and repairing item could
be significant must be identified. Accordingly, the damage mechanisms and the Engineering
Demand Parmeters (EDP) through which they can be quantifiyed by a numerical structural
analysis must be defined. The selected EDPs for the chosen representative case study are listed
hereafter, according to the classification of Mackie and Stojadinovic [14], and Tubaldi et al.
[15]:
1. Global EDPs:
x
Pier drift top displacement of the pier normalized with respect to the total height.
2.

Intermediate EDPs
x
Bending moment-curvature (Mmax, Fmax )of the pier at the bottom section.
x
Bending moment-rotation of the CCB connection.

3.

Local EDPs
x
Maximum force and relative displacement of shear studs in the CCB in the horizontal direction.

The bending moment and the curvature of the CCB connection have been obtained for both the
left and right sides of the joint. The bending moment of the composite section just before the
side of interest, has been defined as follows:
(2)

ܯ௫ ൌ ܯ௦  ܯௗ  ߂ܰ ݖ ڄ
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where ܯ௦ is the bending moment of the slab, ܯௗ  the bending moment of
the girder, 'N the axial force in the slab and z the level arm (distance between girder and slab).
The rotation of one side of the joint is given by the rotation of the vertical end plate with respect
to the undeformed configuration.
Incremental dynamic analyses have been performed, [16], and multi-record IDA curves of the
structural response quantities mentioned above have been built. Since the properties of the seismic response depend on the intensity of the ground shaking, a comprehensive assessment requires numerous nonlinear dynamic analyses at various levels of intensity in order to represent
different possible earthquake scenarios. The selected scan of PGA is in the range (0.1g - 2.0g).
The multi-record IDA response of the pier drift, obtained as mean value of the multi-record
IDA, is shown in Figure 7. The mean value of the drift ratio for a PGA of 2.0g is about 7%. The
typical collapse ratio of 4%, [17], is reached around 1.2g of PGA. For a PGA of 0.3g, which
corresponds to the PGA of response spectrum type 1 (soil B) chosen for the design of the bridge,
the drift ratio is about 1.0%. Analyzing the moment-curvature relationship, not shown here for
brevity, it can be noticed the nonlinear behaviour of the section at the base of the pier.
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Figure 7. IDA-Drift ratio of the pier

Figure 8. Bending moment-Rotation (mean values)
of CCB left side

Pier yields at its base for earthquakes characterized by PGA of 0.4g while plastic hinge develops
for stronger seismic actions. Ultimate value is obtained between 1.2 g and 1.4 g.
In Figure 8 the bending moment-rotation relationship (mean value) of CCB at left side, that
is the maximum absolute bending moment versus the corresponding rotation of left side of the
joint, is shown. It can be noticed that the onset of nonlinear behaviour takes place "after" the
yielding of the pier, or rather for higher values of PGA (0.8-0.9 g). Representative force-slip
curves of the CCB shear studs, not shown here for brevity, showed that, when the lower group
begins to yield, around 0.5g, the upper levels of connectors are subject to smaller levels of stress.
In particular, 1st group is still in the elastic range. The bigger deformations of the last line of
studs are in agreement with the fact that during the seismic action the neutral axis in the CCB
is closer to the first rows of connectors. In conclusion, for events with a PGA of 0.3g or under,
the critical part is the pier only with the formation of a plastic hinge at its base while the concrete
crossbeam does not seem to be affected by any relevant damage. First level of damage within
the intermediate CCB starts to arise from 0.5-0.6g, value of PGA for which the lower group of
studs within the CCB yield.
6

DAMAGE ANALYSIS AND FRAGILITY CURVES

In order to implement performance-based earthquake engineering method for the representative
case of small-medium span composite bridge and investigate its vulnerability, it has been necessary to accurately assess the probability of reaching particular levels of damage. For this purpose, a correlation process between the most representative engineering demand parameters
and damage measures has been made. Piers are often the most vulnerable elements in a bridge
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and column failure can have catastrophic consequences. Excessive deformations can result in
spalling of cover concrete, buckling of longitudinal reinforcement or bar fracture. Concrete
cover spalling represents the first flexural damage state, in which there are marginal safety implications, there may be a possible short-term loss of function, and the cost to repair concrete
spalling could be significant. Buckling and fracture of the longitudinal bars represent damage
states in which safety implications are significant, partial replacement may be required, and a
longer term loss of function may occur. In order to quantitatively implement PBEE for the
considered reinforced wall-type pier, in this work the three damage conditions above mentioned
have been considered as damage measures. The equations proposed by Berry and Eberhard,
[18], for damage estimation have been used to relate the pier EDP and DS. Assuming that the
DS occur in sequence (with DS1 preceding DS2 which, in turn, precedes DS3 and so on), the
corresponding EDP can be ordered (ܲܦܧଵ  ܲܦܧଶ  ܲܦܧଷ  )ڮ. Assuming, as an example,
three DS, the joint probability density function of the variables ܲܦܧଵ  ܲܦܧଶ  ܲܦܧଷ can be
assumed as follows:
1

pEDP

ሺEDP1 ,EDP2 ,EDP3ሻ= ቊ k
1 ,EDP2 ,EDP3
0

pL ሺEDP1 ,EDP2 ,EDP3 ሻ if EDP1 ,EDP2 ,EDP3
otherwise

(3)

where ாభǡாమ ǡாయ ሺǤ ሻ is a joint lognormal distribution function of three random variables.
The constant ݇ in the previous equation is a normalization constant. A more detailed explanation of the previous equation can be found in Alessandri et al., [19]. Figure 9 shows the four
probabilities of the DS conditioned to the EDP evaluated for the pier. The correlation between
the DS has been considered and the Damage States were assumed to occur in sequence (with
concrete spalling preceding bar buckling, which, in turn, precedes bar fracture). For the shear
headed studs of the beam-to-beam concrete connection, two levels of damage have been considered. In particular, first level of damage is the yielding of the studs, assumed as the last point
of their elastic behaviour in the elasto-plastic constitutive law chosen in the model. The second
level of damage corresponds to the complete rupture of the stud, taken from the research work
of Gattesco and Giuriani, [11]. The rupture of a shear headed stud, monotonically loaded, takes
place for a horizontal slip of 9.7 mm. By assuming that the EDP is log-normally distributed, the
probability of damage conditioned to the IM, P(DS|IM), known as fragility function, is evaluated by the convolution of the P(DS|EDP) and P(EDP|IM):
PrሺDS|imሻ= න

PrሺDS|EDPሻdGሺEDP|IMሻdEDP

(4)

EDP

The DS0 in the figure corresponds to a negligible damage for which no repair items is
considered. As shown in Figure 10, the probability of having cover spalling is over 15% for
0.3g of PGA. It grows then very fast, reaching 80% at 0.75g, than reduces because of bar buckling and bar fracture become more probable. The probability of having bar buckling is under
10% until 0.8g and reaches 30% at 2g. The risk of bar fracture seems to arise only for strongest
seismic inputs. The probability of fracture of the reinforcement is under 10% until 0.8g, it is
almost 30% for 1.6g and reaches 35% for 2.0g. Figure 10 show the fragility function evaluated
for the pier base.
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COST-EFFECTIVE RISK ANALYSIS

Cost-effective risk evaluation is the very last step of the global integrated probabilistic performance-based evaluation procedure used for SEQBRI project. The result of this phase is a decision model, which is based on Decision Variables (DV) pertaining to the use of a structure
given a level of sustained damage. Decision models are mathematical relations between damage
measures (DMs) and decision variables (DVs). Commonly used decision variables describe
losses in terms of repair cost, interruption in service (downtime or repair time), or loss of life:
thus, decision models are also called loss models. The decision model may have several parts
those that relate DMs to repair quantities (Q) and those that relate Q back to repair cost or repair
time. A completely different set of decision variables focuses on the remaining capacity of the
structure to function as intended. For example, the return of a highway bridge to differing degrees of functionality in a highway network is also an important loss criterion. Functionality
may be measured in terms of lateral load resistance in aftershocks, traffic volume, lane and
speed reductions, or access for emergency vehicles. The main DV here adopted is the repair/construction cost ratio (Direct cost). This choice comes from the goal to provide an immediate economic measure of earthquake performance of the assessed structure. Indirect costs like
downtimes are not explicitly considered in the analysis. Global earthquake demand is defined
in terms of peak ground acceleration (PGA), which represents the most commonly used intensity measure for structural seismic analysis and design issues. Local engineering demand parameters (EDP) consist in variables related to structural elements deformation or load, such as
pier drift or bending moments. Damage states are expressed in terms of EDP limit values and
associated damage or repair amounts expressed in terms of percentage of structural quantities
(concrete cracking surface and/or volume, percentage of broken or yielded reinforcement rebars, percentage of broken studs or rotation angle for example for what concerns CCB). At the
end, the ultimate goal is to evaluate the cumulative probability distribution function of the decision variables DV (cost and/or repair duration), as expressed by the PBEE framework Integral
defined by Equation (4):
λሺDV<dvሻ= න න න

G(DV|DM)dG(DM|EDP)dG(EDP|IM) |dλ(IM)|

(5)

IM DM EDP

where G(∙) represents the complementary cumulative distribution function of the considered
variables.
Most of those different successive analysis parameters and intermediate outcomes, result
from the previous tasks, including numerical non-linear analysis and experimental evaluations.
At each steps, results are addressed in terms of probabilistic quantities such as mean values,
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deviation or probability of exceedance (see previous paragraphs). Repair costs and duration
databases are collected from different former projects, US and French repair data, [3]. Additional (but rather sparse) data are also collected from road/bridges maintenance services concerning European recent « real field » seismic events such as Aquila earthquake. Analysis
preferentially focuses on direct costs related to structural damages, since indirect costs appears
to be very depending on the context (country, location, proximity of big cities, economical/industrial activities, toll-roads) and are not directly related to SEQBRI project bridge typology
and specificity (SCC bridges with CCB).
7.1 Direct losses evaluation
Direct cost evaluation is essentially based on repair quantities evaluated for different parts
or elements of the structure for a given intensity measure or damage scenario and on associated
unit repair costs. Repair cost estimation (and loss modeling in general) is almost always a structural system problem, not simply determined at the component level. Therefore, it is often necessary to combine (sum) numerous scalar values in order to obtain, for example, a total cost.
For this matter, the bridge system is disaggregated into individual components or ensembles,
such as the columns or CCB, denoted as performance groups (PGs) that are damaged, assessed,
and repaired together using a specific combination of different repair methods. Each of those
performance groups is also sub-divided into individual elements or sub-PGs.
7.2 Performance Groups
Different damage-states (DS) are defined for each performance group. The tested case-study
is thus broken down into performance groups (PGs) for each major bridge component. Each
performance group represents a collection of structural compo-nents that act as a global-level
indicator of structural performance and that contribute significantly to re-pair-level decisions.
Performance groups are not necessarily the same as load resisting structural components. For
example, non-structural compo-nents may also be a performance group, since they also suffer
damage and contribute to repair costs. The PGs generally correspond to things that are observable as a unit. Grouping bridge components into performance groups allows for more meaningful damage assessment than grouping by component. The definition of the PGs used for the
SCC bridges with CCB corresponds to the following structure disaggregation. Four performance groups have been defined for this study (foundations are excluded):
•
•
•
•

PG1: Pier (bottom)
PG2: Pier (top)
PG3: Concrete Cross beams
PG4: Deck: including concrete slab, steel girders and superstructures/equipment.

7.3 Damage States and associated repair methods and quantities
Each damage state corresponds to only one repair method. Selection of repair methods is a
crucial step in computing the repair-related decision variable, repair cost ratios and repair time.
A selection of repair methods specific for the damage states has been made based on Caltrans
database, [13], of typical repair techniques, since it has been defined to be generalizable and
usable for performance-based evaluation of other structures. Each performance group contains
a number of discrete damage states (DS) corresponding to repair quantities needed for restoring
the bridge. The damage states are numbered from DS0 to DS3 with higher numbers indicating
more severe damage. The DS0 damage state corresponds to the onset of damage when repair
costs begin to accumulate. For analysis, the repair cost of the bridge is treated as 0 € below the
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DS0 level of damage. Damage beyond DS0 are needed to be repaired and costs begin to accumulate. Slight damage less than DS0 is assumed to be insignificant and not needing repair.
Damage computation requires the definition of maximum possible repair quantities to define
an upper limit to the quantities and costs. The upper limit is called DS3, since it corresponds to
the most severe possible damage state for the elements in a performance group. DS3 usually
corresponds to complete failure and replacement of all elements in the entire performance group.
Details on repair methods here adopted can be found in [3].
7.4 Damage Scenario and loss analysis
To evaluate the expected repair cost of a structure as consequence of a seismic event in a given
reference time period, one or more damage scenario must be defined. Its definition, which considers repairing items more or less large, reflects a level of the intensity measure (IM) of the
ground motion at the site. Two damage scenarios have been defined; they are described in Table
1 and Table 2.
Table 1. Damage States (DS) for Minor scenario.
Performance Group DS
Description
Seal cracks and minor rePG1 (Pier at base) DS1
moval and patching of concrete
PG2 (Pier at top)
DS0
---Seal cracks and minor rePG3
DS1
moval and patching of concrete
Seal cracks, clean deck and
PG4
DS2
apply methacrylate

Table 2. Damage States (DS) for Minor scenario
Performance Group DS

Description

PG1 (Pier at base)

DS2

Seal cracks, major patching

PG2 (Pier at top)

DS1

PG3

DS2

PG4

DS2

Seal cracks and minor removal and patching of concrete
Replacement of CCB
Seal cracks, clean deck and
apply methacrylate

According to the methodology developed in ([3] and [13], once the scenario has been defined
its average cost can be calculated by summing the costs of the repairing items associated to
each PG. Figure 11 shows the repair-to-rebuild ratio for both minor and major scenarios. Figure
12 shows the cost disaggregated for PGs. From the results it clearly appears that PG1 (base of
piers) contributes most to minor damage scenario expected cost at high value of the PGA, while
peak contribution is from PG3 (cross beams) at lower values of PGA for the minor scenario and
over the whole range of PGA for the major damage scenario.
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Figure 11. Expected repair cost conditioned to IM for the selected scenarios.

(a)
(b)
Figure 12. Disaggregation of the expected (a) minor and (b) major scenario repair cost by PG

From these curves it appears that the contribution for the minor damage scenario is mainly from
epoxy inject cracks and repairing minor spalls, independently of earthquake intensity. For major
damage scenario temporary support of the deck begins to rise rapidly as a contributing cost for
higher intensities. It also can be noted that one repair quantity can dominate because several
performance groups require that item. Figure 13 shows the probability of occurrence of the
selected scenarios.

Figure 13. Probability of occurrence of the expected (a) minor and (b) major scenario
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From the application of the methodology to the case study the following observations can be
drawn:
Significant probability of occurrence of the minor damage scenario are due to 0.3g < PGA
< 0.6 g;
Significant probability of occurrence of the major damage scenario are due to PGA > 0.7
g;
An overall expected repair ratio between 5-8% is obtained for the minor damage scenario
and >20% for PGA > 0.2 g for major damage scenario;
PG1, PG2 (pier) and PG3 (CCB) mainly govern the decision-making analysis given that
their associated costs results particularly important. Therefore, any optimization action
should act on these elements.

x
x
x
x

8

CONCLUSIONS

The SEQBRI project dealt with the full application of the next-generation PerformanceBased Earth-quake Engineering methodology (PBEE) employed for the assessment of a new
type of steel concrete composite (SSC) bridges endowed with a special pier-to-deck connection
(Concrete Cross Beam).
The development of the PBEE framework for SCC bridges can be considered a novel contribution to the foundation of a new generation of earthquake engineering seismic codes for
bridges in Europe. The results are novel. In particular, they entail:
•
•
•
•

A better understanding of the seismic behaviour of SCC bridges with CCB;
A reliable definition of limit states for this new type of bridges
A proposal of a decision-making tool based on next-generation PBEE methodology
for SCC bridges with CCB in moderate/strong seismic prone areas.
A significant improvement of seismic design state-of-the-art of SCC bridges with CCB,
through the development of design guidelines for improving Eurocodes for the assessment of bridges in seismic prone areas.

It is evident that the application of this complex framework can be totally justified only when
important damage conditions are expected and for which the adoption of non-linear models and
probabilistic analyses appear justifiable. Given the fact that small-medium SCC bridges with
CCB exhibit in mean important damage conditions only for PGA > 0.25 g, it appears reasonable
to employ the PBEE methodology only for PGA values of 0.35g or great-er. These PGA values
characterize the most active prone-areas in Europe. For lower PGA values the design approaches to be adopted can rely on current design approaches prescribed by Eurocodes, where
partial safety factors cover aleatory uncertainties. In summary, no specific rules are provided
by Euro-codes to design CCBs, so, the design procedure pro-posed in the SEQBRI project can
be profitable used for this purpose.
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Abstract
The bridge was built in 14th century and had undergone very complex vicissitudes related
mainly to exceptional floods; it was partially rebuilt twice and other strengthening works
were carried out over the time. The bridge, which is almost completely built with travertine
blocks, has a total length of 146 m and follows a slightly curved path. Six arches, the main of
which is semi-circular with span of 25 m and the others are lancet arches with span of about
8 m, support the carriageway that is about 8 m wide. The piers and abutments are founded on
the bedrock and consequently some piers are deeply embedded in the sandy gravel deposit.
A 3D numerical Finite Element Model has been developed integrating data available from the
geometric survey and calibrating the mechanical parameters starting from experimental tests.
The global seismic vulnerability of the bridge has been evaluated comparing the capacity
curves of the bridge obtained by means a static nonlinear pushover analysis with the Italian
Standard seismic demand. In addition, local vulnerability verifications of spandrel walls have
been carried out by means a linear kinematic analysis.
Keywords: Stone Masonry Bridges, Finite Element Models, Vulnerability Analysis, Experimental In-Situ Tests.
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1

INTRODUCTION

The presence of unreinforced masonry arch bridges in the Italian roads networks is very
widespread and given that high seismic risk of some areas, it is very important for the public
network authorities to evaluate their capacity.
Evaluation of the capacity of a historical masonry structure is a difficult task because of
many uncertainties associated with the knowledge of the structure in its current conditions
(original structure and structural changes due to repair enlargement and retrofit works, different construction systems and different materials, structural and material degradation and damages, soil and foundation modifications) and also due to modelling techniques complexity as
well as to analysis methods. In this sense, after a deep historical analysis and a complete geometrical and structural survey, sophisticated measurement techniques are necessary to catch
the real behaviour of the structure, especially the mechanical properties of the structural materials and the global dynamic behaviour.
Regarding the material survey, both traditional techniques and innovative methods are
available but non destructive techniques are generally preferred when dealing with historic
and valuable structures. Numerous procedures for the evaluation of the mechanical properties
of structural materials have been proposed and the mapping of the building evolution or construction details that can be adopted even in cases where retrofitting interventions have been
carried out. The dynamic tests, the subsequent structural identification and the updating of a
numerical model of the structure to match the experimental results [1-3] is the most widely
diffused approach. The experimental modal parameters evaluated starting from the dynamic
tests, can then be used to update refined finite element models able to describe the real behaviour of structures, which can be required for structural verifications and for designing repair
and retrofit works [4-6].
Regarding the modelling techniques, in the last decades several procedure was developed
aimed to predict the behaviour to arch masonry bridges. The difficulty to describe the interaction between the filling material and the resistant masonry arch requires the use of a complex
and effective structural model [7]. Generally methodologies, based on Limit Analysis [8-11]
and non linear incremental techniques [12-15], are usually refer to bidimensional arches. Improved bidimensional models, which take into account the arch-fill interaction, were also developed [17-18]. In addition, three-dimensional FEM models [18-20] allow both a complete
description of the bridge geometry and detailed constitutive models. Regarding the seismic
assessment of masonry arch bridges, only a few studies are available today concern the procedure to evaluation of the safety of the bridge [21].
This paper presents the global seismic vulnerability of the SS. Filippo and Giacomo Bridge
over the Tronto river at Ascoli Piceno, in the centre of Italy. The bridge was built in the XIV
century and was then subjected to many changes for repair, strengthening, retrofit, and enlargement works. This results in a large complexity of the structural organism, due to interaction between parts of different age which are made of materials with different mechanical
properties. Due to these uncertainties and considering the importance of the bridge an accurate analysis of its current conditions was deemed essential to obtain a reliable predictive finite element model to be used for the design of seismic retrofit. First of all a historic study
and geometric survey of the bridge were developed. For the material properties in-situ tests,
both destructive and non-destructive, were carried out, to evaluate the quality of the travertine
block masonry. These information were used to develop a refined 3D finite element model
that was tuned based on the experimental modal parameters; in particular, the Young’s modulus of some materials initially defined according to standard values suggested by codes, was
calibrated to fit the dynamic behaviour obtained experimentally. Starting from the calibrated
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modal, the capacity curves of the bridge obtained by means a static nonlinear pushover analysis are evaluated considering the elastoplastic materials for the bridge and adopting the yield
criterion of Mohr–Coulomb. The capacity is compared with the Italian Standard seismic demand, following the well known “N2 method” included in the European codes [22]. In addition, local vulnerability verifications of spandrel walls have been carried out by means a linear
kinematic analysis.
2

“SS. FILIPPO AND GIACOMO” BRIDGE

“SS. Filippo and Giacomo” Bridge rises in the outskirts of Ascoli Piceno town crosses the
Tronto River, and is built between two rock escarpments one of which is characterized by an
important slope (Figure 1).
It has a total length of 146 m and maximum height over 20 m, and it is constituted by six
arches. The main arch crosses the river during its regular flow and has a semicircular shape
with span of about 25 m. The arch barrel has the minimum thickness of 0.90 m at the crown
and increases up to 1.40 m at the imposts. The other five arches are lancet shaped with span of
about 8 m. The depth of the fill at the crowns of arches is variable from about 6.0 to 7.5 m.
The aspect of the present “SS. Filippo and Giacomo” Bridge derives from a complex sequence of events occurred over almost six hundred years life (Figure 2).

Figure 1: Aerial photogrammetric bridge view.

The former bridge, dating back to the second half of XIV century, was probably constituted by four semicircular arches. It was seriously damaged by a flood occurred in 1453 that
produced the collapse of three arches at the right side, the bridge was rebuilding started
around 1464, rebuilding the collapsed section with lancet arches reducing spans with respect
to the original arches.
A second exceptional flood, occurred in 1528, produced the collapse of the main arch survived to the previous event. This was rebuilt starting from 1545 by means of two parallel barrel-vaults: the vault placed downstream, about 3 m wide, has remained almost unchanged; the
vault placed up-stream, with variable width, underwent an important vertical settlement (of
about 0.4 m) and was finally rebuilt in 1667 by placing wooden and iron ties aimed at tightening together the two parts. In 1721, a new flood produced the collapse of a not well specified
wall (probably a wing wall or a part of the abutment at the left riverbank).
A cutwater was realized to protect the main pier in 1794. The two arches sustained by the
main pier were restored between 1835 and 1836. At the end of these works, two barrel-vaults
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were built instead of reinstating the earth fill at the extrados of the main arch in order to facilitate the maintenance of the structure. The two vaults are sustained by the bridge spandrel
walls.
Works to reduce the slope of the upper road were carried out between 1849 and 1850: the
spandrel walls were raised placing an earth fill in between after having stabilized the system
by means of transverse ties placed at two meters from the old top level. At the same time, the
ending bend was modified placing side travertine corbels with variable span up to 1 m in order to widen the carriageway. Such corbels were then connected by brick arches having thickness of 0.30 m. A new order of internal lightening rooms was built over the main arch during
this phase; the rooms are spaced as the external pensile arches so that the stone corbels are
placed in the walls separating the rooms. Each room is vaulted orthogonally to the lower level
previously realized.

1373-1418

1453

1832-1839

1464-1477

1849-1850

1528

1932

Figure 2: Synopsys of historical vicissitudes.

2.1

Current geometrical configuration and crack pattern

The bridge rises between two rock escarpments pro-duced by erosion of Tronto River
(Figure 3). The left escarpment has a rather high slope (52°) whereas the right one is less sloping (31°). The gorge is charac-terized by a sandy gravel deposit on the right riverbank, with
variable thickness up to 10 m, whereas the sandstone bedrock is outcropping at the left
riverbank. Investigations carried out in corre-spondence of piers P1, P2 and P3 demonstrated
that foundations are placed at the sandstone bedrock which is horizontal; despite other specific analyses were not carried out for the other piers (P4 and P5) there is no evidence (vertical
settlements) that these are founded over the deposit; the sandy gravel deposit is thus placed
around the pier but not under the foundation layer.
The bridge exhibits a crack pattern characterized by cracks with vertical orientation located
at the mortar joints. Such cracks are located at the base section of piers P1, P2 and P3 (Figure 4) and may be attributed to stress states due to vertical loads associated to the settling of
masonry that is widely characterized by deteriorated mortar joints.
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Cover: silty sandy, sandy silty with boulders an stones of
various nature and size
Sands: alternation of sands and silty sands, slightly gravelly
sands and sands with dispersed gravel
Gravels: alternation of sandy gravels, sands with gravels
Pebbly gravels: polygenic gravels and decimetric
dimensions
Arenaceous-marly formation

Figure 3: Geological configuration and foundation level.

(a)

(b)

Figure 4. (a) crack pattern at the bottom of pier P1; (b) cracks of pier P3.

2.2

Geometrical and material survey

The range-based survey used to acquire geometrical/metric data was made by means of a
3D-TOF laser scanner technique. Both the external geometry and the geometry of the various
internal vaulted rooms over the main arch, at the pier top and at the abutments, were surveyed.
Wooden and steel ties, placed to avoid the spandrel wall overturning toward outside were also
surveyed in the accessible zones. The acquired data-set was then processed to obtain a refined
3D geometrical model that was later used to generate a structural model with very precise geometry and rigorous mass distributions. Such a kind of survey revealed to be extremely useful
in the case under consideration characterized by a very complex geometry.
3

TESTS ON MATERIALS

Materials were characterized by onsite tests namely two tests with single flat jacks and one
test with double flat jacks. Three compression tests on travertine speci-mens sampled by
means of masonry coring were al-so executed. Sampling and test locations are report-ed in
Figure 5.
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Masonry coring permitted to observe that the pier structure is characterized by an external
curtain, having variable thickness and realized with Ascoli Piceno travertine squared blocks,
and an important inter-nal, rather irregular, rubble stone infill characterized by the presence of
water in the lower parts.
Compressive tests carried out on the three specimens gave scattered results with minimum
strength 16.9 N/mm2. The double flat jack test carried out at the base of pier P2 provided a
linear behavior in the stress range investigated (up to about 4 N/mm2), characterized by
Young’s modulus of about 6600 N/mm2. Single flat jack tests carried out at the base of piers
P1 and P2 permitted the estimation of the stress state in the external masonry curtains. For
pier P1 the stress state obtained is higher than for pier P2, as expected; in particular the normal vertical stress in P1 is about 1.3 N/mm2 while for pier P2 it is about 0.5 N/mm2.
For what concerns the masonry of the interior vaulted rooms, tests were not carried out because from the inspection and the laser scanner survey it was evident that it is a good brick
masonry. Never-theless, it is worth noticing that such components are not expected to give a
significant contribution to the overall behavior of the structure excepting for the mass.
The two kinds of masonry constituting the bridge structure can be classified according to
catalogs re-ported in design guidelines and standards. Italian Standards [23-24] provide the
mechanical characteristic reported in Table 1.

Mountain side

Figure 5. Location of sampling and onsite tests

Masonry
Curtains of stone squared
blocks with poor core
Bricks with lime mortar

E
(N/mm2)
1680
2240
1200
1800

G
(N/mm2)
546
658
400
600

w
(kN/m3)
22
18

Table 1. Mechanical characteristics deriving from on-site tests

In addition the modal parameters of the bridge, i.e. natural frequencies, damping ratios and
mode shapes, are experimentally estimated by means of operational modal analysis starting
from the accelerations of the deck recorded during ambient vibration measurements which are
mainly due to traffic, wind and microtremors. Results obtained from this test was adopted to
calibrate the elastic value of the materials used in the model.

3450

G. Leoni, F. Gara and M. Morici

4

STRUCTURAL MODEL OF THE BRIDGE

The 3D Finite Element Model (FEM) intended for the structural analyses is developed in
Straus7 [25] starting from the data available from the laser scanner survey. In order to avoid
excessive refinement of the mesh due to details that do not actually affect the overall behavior
of the bridge, the geometry was simplified. Part of the soil portion in the riverbed at the base
of internal piers was included in the model, to takes into account the particular geological
formation and capture the soil-pier interaction phenomena. In addition, all internal rooms and
the earth fill was considered in the model to capture the real stiffness and mass distribution in
the structure (Figure 6a).
The finite element model is obtained with a mesh of 4-node tetrahedral elements with linear interpolation shape functions (Tetra4). The mesh is generated by importing a closed polysurface constructed by approximating the geometry obtained with the laser scanner survey.
Based on previous consideration, the geometry was simplified imposing the maximum length
of the element edge of 1.0 m for the bridge structure, whereas it was increased up to 4.5 m for
the elements belonging the soil deposit (Figure 6b). Fixity restraint are placed at the deposit
base and at the structure sections interacting with the sand stone formation. All the materials,
including earth fills and the soil deposit, are considered to be linear elastic and isotropic.

(a)

(b)

Figure 6. (a) Geometrical model; (b) Finite element model.

The mechanical parameters of the finite element model was assumed elastic-plastic, considering the yield criterion of Mohr–Coulomb. Regarding the initial condition, elastic parameters are calibrated by fitting the experimental modal parameters with numerical ones relevant
to the finite element model previously discussed. Regarding the soil parameters, are derived
from geotechnical in situ test, while the infill materials are hypothesized based on construction techniques.
Materials
Travertine masonry
Brick masonry
Earth infill material
Base soil deposit

E
(N/mm2)
7000
1282
666
666

G
(N/mm2)
2414
427
238
243

w
(kN/m3)
22
18
18
19

c
(N/mm2)
0.256
0.214
0.010
0.010

Table 4. Mechanical parameters considered in the analyses
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5

SEISMIC DEMAND

The area where the bridge is located falls within an area of medium seismic hazard. According to the seismic Italian Standard Code [23-24], in Figure 7a is reported the seismic hazard curve at the arch bridge site in terms of Peak Ground Acceleration (PGA) ag, varying the
return period TR. Considering the TR equal to 475 years, the PGA assume the value of
ag = 0.178g. For the site effect, a subsoil category B been assumed for the subsoil condition
and category T2 regarding the topographic condition. In Figure 7b is reported the corresponding elastic response spectrum considering for the site considered in the following analyses.
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Figure 7. (a) Seismic hazard curve at the arch bridge site; (b) Elastic response spectrum

6
6.1

EVALUATIO OF THE SEISMIC CAPACITY
Non linear static analysis

The assessment of the capacity of the masonry arch bridge is evaluated following the
methods included in the European codes, based on the N2 method [26], that combines the
non-linear static analysis of the multi-degree of freedom model with the response spectrum
analysis of an equivalent single degree of freedom system.
Capacity analyses is performed by applying two different distributions of the lateral loads:
a “modal” pattern (which will be hereafter referred to as “mode 1”) corresponding to a distribution of the acceleration proportional to the 1st modal shape; a “uniform” pattern, based on
lateral forces proportional to mass regardless of elevation (uniform response acceleration).
During the loading process, the transversal displacement of the control point located in the
position of maximum modal deformation is monitored, in order to trace the pushover curve in
terms of the equivalent lateral load. Afterwards, the pushover curve is transformed into a simplified bilinear force-displacement relationship for an equivalent inelastic SDOF system,
based on the equivalence of energy between two systems. Results relevant to SDOF system is
reported in the plane Acceleration-Displacement Response Spectra (ADRS) and evaluating
the inelastic spectrum for the return period TR* consistent with the capacity of the equivalent
SDOF (condition of equal displacement).
Figures 10a-b and Figures 11a-b reports the stresses of the component ZZ and XX respectively considering the distribution of lateral loads proportional to 1st modal shape at the end of
analysis in positive/negative Y direction.
Figures 12a-b and Figures 13a-b reports the stresses of the component ZZ and XX respectively considering the distribution of lateral loads proportional to mass regardless of elevation
at the end of analysis in positive/negative Y direction.
Figures 10c-Figures 13c shows the equivalent SDOF evaluated starting from the non-linear
pushover analyses, and Figures 10d-Figures 13d shows the verifications in verification in
ADRS plane.
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Finally, Table 5 summarise the Index Risk (IR) evaluated by the expression [27]:
IR =

TR
TR*

(1)
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Figure 8. Pushover analysis considering lateral load proportional to 1st modal shape (Y+ direction): (a) ZZ
stresses components at the maximum displacements; (b) XX stresses components at the maximum displacements;
(c) bilinear equivalent SDOF; (d) verification in ADRS plane.
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Figure 9. Pushover analysis considering lateral load proportional to 1 st modal shape (Y- direction): (a) ZZ stresses components at the maximum displacements; (b) XX stresses components at the maximum displacements; (c)
bilinear equivalent SDOF; (d) verification in ADRS plane.
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Figure 10. Pushover analysis considering lateral load proportional to masses distribution (Y+ direction): (a) ZZ
stresses components at the maximum displacements; (b) XX stresses components at the maximum displacements;
(c) bilinear equivalent SDOF; (d) verification in ADRS plane.
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Figure 11. Pushover analysis considering lateral load proportional to masses distribution (Y- direction): (a) ZZ
stresses components at the maximum displacements; (b) XX stresses components at the maximum displacements;
(c) bilinear equivalent SDOF; (d) verification in ADRS plane.
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Analysis

IR

MODE Y+
MODE YMASS Y+
MASS Y-

0.20
0.20
0.18
0.13

Table 3. Index Risk

6.2

Local analysis

The main local vulnerabilities consist in the overturning of the bridge tympanum characterized by the presence of earth filling, in the portion of the bridge above the secondary arches.
Assuming the inefficiency of a head connection of the bridge tympanum, the possibility of
overturning of the single wall or single hanging arch is expected; it is assumed that the tie
added on the occasion of the raising of the bridge are efficient and that therefore the overturning takes place at the tax rate of the arches.
The assessment of local vulnerability is conducted by means of a linear kinematic analysis
with reference to the bridge segment between the axes of two consecutive arches placed in
correspondence with the third arch (Figure 14a).

A
B
C

(a)

(b)

(c)

Figure 12. Comparison between experimental and theoretical vibration modes

Figure 14b reported the mechanism single hanging arch, while Figure 14c reported the
mechanism relevant to the formation of an active thrust wedge of the infilling material. Regarding the first mechanism the risk index assumed the value IR = 0.08, while for the second
mechanism IR = 0.09. In both evaluations, the seismic demand is evaluated considering the
seismic action corresponding the first period of vibration and behaviour factor equal 2.
7

CONCLUSIONS

The assessment of the seismic vulnerability of a historical masonry bridge, characterized
by an unusual geometry deriving by very complex historical vicissitudes, has been presented.
The capacity is compared with the with the Italian Standard seismic demand, following the
well-known “N2 method”; furthermore, local vulnerability verifications of spandrel walls
have been carried out by means a linear kinematic analysis.
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The bridge rises in a gorge and is founded on a sand-stone deposit that is outcropping at
the abutments. The bridge is constituted by six different arches whose piers are founded on
the sand-stone formation and are embedded for significant sections (up to 10 m) into the fluvial deposit constituted by sandy-gravel soil.
A laser scanner survey was crucial to obtain a model encompassing all main features of the
real structure such as the inner lightening rooms, with very irregular geometry, as well as the
pensile arches constructed to enlarge the carriageway.
The onsite tests permitted to evaluate the main mechanical characteristics of the materials
and to estimate the stress state in critical sections of the piers.
The operational modal analysis, used to detect the dynamic behavior of the bridge, was decisive for tuning a finite element model capable of predicting the overall behavior of the
bridge, and adopted to evaluate the seismic capacity of the arch bridge.
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Abstract. Maintenance and prevention of roadway bridges is an important societal and economic challenge where structural health monitoring systems can play a major role. The main
reason lies in the signiﬁcant number of ageing infrastructures requiring a strategy to evaluate
their structural integrity and durability as well as to enable structural prognosis. In the context
of unsupervised learning processes, damage detection can be accomplished by tracking deviations of dynamic parameters from their normal conditions using speciﬁc tools, named control
charts. However, the main drawback of dealing with changes in modal properties is represented
by their high sensitivity to environmental and operational factors. It follows that these effects
must be necessarily removed to obtain suitable damage sensitive features. In this regard, the selection of a particular statistical model for data cleansing inevitably inﬂuences the distribution
of the residuals, the control chart and therefore the damage detection. To overcome this issue, in
the present paper an original methodology is developed, based on Receiving Operating Characteristic (ROC) curves, which provides a new decision-support tool for the deﬁnition of the
best environmental effects’ removal technique. Residuals stemming from the application of different data cleansing methods, plotted in control charts are conceivably distinguished in False
Positives, True Positives, False Negatives and True Negatives. Consequently, ROC curves are
computed and compared, each one referred to a particular data cleansing procedure, among
which Principal Component Analysis, Multiple Linear Regression and more and to a speciﬁc
damage class. The proposed approach is applied in the illustrative case study of the Z24 Bridge,
located in the canton Bern near Solothurn, Switzerland. The results of the application of the
procedure demonstrated that ROC curves are a suitable tool for deﬁning the optimal damage
threshold and the most effective environmental effects’ removal technique, in order to minimize
the occurrence of false alarms.
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1

INTRODUCTION

Structural Health Monitoring (SHM) has become increasingly popular in the ﬁeld of Civil
Engineering. The main reason lies in the necessity to better manage the signiﬁcant number of
ageing structures and infrastructures. In particular, bridges represent critical elements in modern
transport networks, hence the importance to develop strategies ensuring their safety as well as
correct prevention [1]. Whithin this context, long-term vibration-based SHM systems represent
a suitable solution [2]. Such methods provide modal parameters’ estimate by exploiting OMA
analyis and allow to identify damage-induced anomalies through statistical pattern recognition
techniques.
However, a major challenge in application of SHM systems to civil structures and infrastructures is represented by the high sensitivity of dynamic properties to environmental and operational conditions [3]. For this reason, in order to minimize the signiﬁcant risk of masking
early stage damages, several techniques to remove environmental effects from monitoring data
are continuosly being developed in the SHM community. The basic idea is to create a proper
statistical model able to reproduce the part of variance in frequency estimates that is associated
with changes in environmental conditions. To this aim, common statistical tools such as Multiple Linear Regression (MLR) [3, 4] and Principal Component Analysis (PCA) [5] are broadly
investigated in the literature.
Once a proper statistical model is selected, it is possible to compute quantities, called residuals,
that are only minimally affected by environmental effects and therefore suitable to be used as
damage-sensitive features [6]. In this framework, Novelty Analysis through control charts [7]
represents a common statistical process control tool useful to identify the beginning of a damage mechanism. In particular, proper statistical distances between newly acquired data and a
baseline population allow to detect any outlier consistently overpassing a ﬁxed threshold. As
a consequence, it is clear that the deﬁnition of the threshold in the classiﬁcation (damage or
non-damaged) represents one of the major issues, inevitably producing erroneous predictions
as False Positives and False Negatives.
Therefore, with the aim to minimize the rate of damage detection errors in view of an effective
monitoring, a strategy to select, for the speciﬁc case study, the most appropriate technique to
remove environmental effects is highly required. Such purpose is accomplished in this paper by
proposing a new decision-support tool to optimally solve the statistical model selection problem, which heavily affects the distribution of the residuals and hence, damage detection. The
new methodology described in the present work is based on the use of ROC [8] curves as performance metrics, aiming at providing a quantiﬁcation of damage classiﬁcation errors. Despite
the popularity of ROC in several application ﬁelds [9], their use for optimal statistical pattern
recognition within the context of damage detection, is still lacking.
In order to bridge this research gap, the basic idea of this paper is to supply objective criteria
allowing to deﬁne (i) which data cleansing technique would ensure the best damage identiﬁcation and (ii) which cut-off value minimizes the number of false positives and false negatives.
Preliminarly, residuals are calculated and plotted in different control charts. Then, several ROC
curves, each one referred to a particular statistical model and to a speciﬁc damage scenario, are
computed and afterwards assessed by measuring the entire two-dimensional area underneath
the curve (AUC). Hence, this strategy can be formulated as an optimization problem, aiming at
selecting the curve with the higher AUC, which corresponds to the most suitable model for data
cleansing purposes.
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2

BACKGROUND

In order to discern damage-induced changes in the natural frequencies time-histories, several tools have been recently used to remove environmental and operational effects. This section
brieﬂy presents an overview on MLR, PCA and the Gaussian Mixture Model (GMM) and provides a description of the basic theory of Novelty Analysis, commonly utilized to detect the
occurrence of damage by means of proper statistical distances.
2.1

Statistical models handling environmental and operational effects

Multiple Linear Regression (MLR) exploits linear correlations between one or more dependent variables, called estimators and a group of independent variables, deﬁned as predictors. In
this case, dependent variables are natural frequencies, while independent variables are typically
environmental and operational factors. The linear statistical model should be able to study the
inﬂuence of each predictor on the dependent variables and then, to predict future values of the
natural frequencies when only the predictors are known [4].
Another well-established methodology, the Principal Component Analysis, has the primary purpose to reduce the dimensionality of a data set without producing signiﬁcant losses of data variance. It consists in transforming a set of observations of possibly correlated variables into a
group of uncorrelated variables, called principal components (PCs). Firstly, the original data
are projected into the vectorial space generated by the PCs. Then, according to this approach,
a subset of those PCs providing the largest contributions to the variance of the original data
can be retained and assumed representative of the environmental and operational factors. As a
result, it is possible to estimate natural frequencies by moving back the reduced subset of PCs
onto the original space [5, 6].
In order to handle non-linear environmental/operational effects, Gaussian Mixture Model (GMM)
represents an efﬁcient tool, which is based on grouping damage sensitive features (e.g. natural
frequencies) in the training period into different clusters. Considering that the data set in the
training period is non-normally distributed, this approach consists in introducing K clusters,
described by Gaussian distributions, and assuming a linear superposition of them equal to the
probability density function of the data set in the training period [10, 11]. Once the K clusters
have been deﬁned, new acquired data can be assigned to the cluster with minimal Mahalanobis
distance.
2.2

Novelty analysis

The selection of the proper statistical model, successful in reproducing environmental effects
on dynamic signatures, allows to compute the residual error matrix E as:
E = Y − Ŷ

(1)

which contains quantities that are minimally affected by environmental factors and therefore
assumed as damage sensitive features. It follows that any damage pattern can be inferred by
observing anomalies in the distribution of E.
To this aim, Novelty Analysis through the use of control charts represents a statistical tool able
to associate signiﬁcant deviations of natural frequencies from normal conditions, in terms of
statistical outliers, with the occurrence of damage. Firstly, it is necessary to deﬁne a reference
condition, containing data sets collected in a training period, in which the structure is assumed
to remain healthy. Consequently, any new data point is compared with such baseline population
by means of properly deﬁned statistical distances. In this framework, the T 2 -statistic is adopted,
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deﬁned as:


T −1 

· E−E
T =r · E − E ·
2

(2)

where r is an integer parameter referred to as subgroup size, E is the mean of the residuals

computed in the subgroup of the last r observations, while E and
are the mean value and the
covariance matrix of the residuals statistically estimated in the training period, respectively.
Once several values of the statistical distance steadily overcome the Upper Control Limit (UCL),
a change in the distribution of the residuals may have been occurred. Therefore, damageinduced anomalies not encountered in the training period are conceivably identiﬁed. In this
context, the limit threshold (UCL) is computed as a certain percentage of the standard deviation
of the control chart in the training period.
3
3.1

METHODOLOGY
ROC curves

A Receiver Operating Characteristic (ROC) curve represents a graphical tool which allows
to quantify the performance of a process, varying the threshold position, and to statistically
evaluate the erroneus predictions related to false detection.
Firstly, it is necessary to illustrate all the possible outcomes provided by the control chart (Fig.
1 a)):
• True Negative (TN): the data set point before damage lying under the UCL;
• False Positive (FP): the data set point before damage lying above the UCL;
• False Negative (FN): the data set point after damage lying under the UCL;
• True Positive (TP): the data set point after damage lying above the UCL;
The confusion matrix C can be constructed starting from the knowledge of TP, FP, TN and FN:


TP FP
C=
;
(3)
FN TN
In order to characterize a ROC curve, some statistical measures, evaluating the performance
of a binary classiﬁcation test, are introduced hereafter.
The true positive rate TPr deﬁnes how many correct positive results occur among all positive
samples. It is also known as sensitivity (SE) or probability of detection:
TPr =

True Positives
TP
=
TP + FN
All positive cases

(4)

The false positive rate FPr, or probability of false alarms, counts how many incorrect positive
results occur among all negative samples:
FPr =

FP
False Positives
= 1 − SP =
FP + TN
All negative cases

(5)

where SP, called as speciﬁcity or true nagative rate, describes how many correct negative
results occur among all negatives samples.

3461

V. Giglioni, E. Garcı́a-Macı́as, I. Venanzi, L. Ierimonti and F. Ubertini

A ROC curve plots the true positive rate (TPr) against false positive rate (FPr) at various classiﬁcation thresholds. The basic theory is that a very low threshold produces 100% of false and
true positives, classifying all the items as positive. On the contrary, a very high threshold could
never indicate damage, resulting in 0% of false and true positives. It is important to highlight
that the model’s accuracy increases when the curve comes closer to the upper-left-hand corner
of the ROC space and decreases, vice versa, when the curve comes closer to the 45° diagonal
(Fig. 1 b).
The performance of a ROC curve is commonly evaluated by computing the Area Under the
Curve (AUC), indicated in Fig. 1 c). Considering normalized units, AUC values go from 0 to 1.
It is worth pointing out that this parameter is equivalent to the probability that a classiﬁer will
rank a randomly chosen positive instance higher than a randomly chosen negative one [8]. It
can be deﬁned as follows:


1

ROC(f )df

AUC =

(6)

0

where f and ROC(f ) indicate, respectively, the false positive rate (FPr) and the corresponding
true positive rate (TPr).

Figure 1: a) control chart items’ classiﬁcation: True Positive (TP), False Positive (FP), True Negative (TN) and
False Negative (FN); b) different typologies of ROC curves; c) deﬁnition of AUC.
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3.2

Selection of the best data cleansing technique

The methodology for selecting the best data cleansing technique is provided in Fig. 2 a).
Preliminarly, m statistical models and d damage scenarios (real or simulated) are taken into
account, with the purpose to evaluate and compare models’ performance, varying the type of
damage.
It is interesting to point out that damage data are rarely available in the ﬁeld of civil engineering.
Therefore, the use of suitable virtual models to simulate different damage scenarios becomes
necessary. In these cases, damage-induced variations of modal properties predicted by the strucural model can be artiﬁcially introduced into the monitoring data through constant shifts in the
time series of identiﬁed modal frequencies.
By applying Eq. (1), residuals can be computed and then plotted in (m × d) control charts. As
a result, by counting the data set points belonging to each class, labelled as FP, TP, FN and TN,
(m × d) ROC curves are obtained, varying the classiﬁcation threshold. Each curve is referred to
a particular statistical model (or data cleansing technique), and to a speciﬁc damage scenario.
In order to conceivably evaluate the behavior of different curves in a quantitative point of view,
AUC is computed to provide a measure of performance across all possible classiﬁcation thresholds. The basic theory of the proposed approach is to select the curve with the higher AUC,
corresponding to the most performing model with an excellent capability in discerning between
the positive and negative classes. This translates into an optimization problem:
iopt = arg max (Ji )
i

Ji =

d


AUCij

(7)
(8)

j=1

where AUCij represents the area under the ROC curve for the ith statistical model and the j th
damage scenario, with i = 1, 2, ...m and j = 1, 2, ...d.
3.3

Optimal threshold selection

In order to minimize false alarms and missing alarms, the selection of the optimal classiﬁcation threshold has an extremely important role. To this aim, the proposed methodology,
schematically presented in Fig. 2 b), involves the use of Youden index (Y ), which is a useful parameter allowing to provide a summary measure about model’s performance. It is calculated in
ROC space and conceptually represents the vertical distance between a point on the ROC curve
and the 45° line. Typically, a high value of the Youden index corresponds to a well performing
ROC curve (close to the upper-left-hand corner) leading to a high percentage of true positive
rate over false positive rate. The index is calculated as follows:
Y = SE + SP − 1

(9)

Once the most performing model is deﬁned, the idea is to compute Youden index for each j th
damage scenario, varying classiﬁcation thresholds. The maximum values, Ymax (j), correspond
to a speciﬁc damage threshold, which is denoted as T( j).
However, it is important to underline that such procedure implies the inspection of several
thresholds, each one related to a speciﬁc damage scenario. As a solution, the strategy proposed
in this paper aims at ﬁxing the optimal threshold as the minimum among the T (j), so that the
SHM system is able to detect even the smallest damage:
Topt = min {T (j)}
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Figure 2: a) ﬂow chart of the proposed methodology to select the most performing statistical model; b) ﬂow chart
of the proposed procedure for the optimal threshold selection.

4

APPLICATION CASE STUDY: Z24 BRIDGE

This section presents a general overview about the geometry and the monitoring system of
the Z24 bridge and discuss, additionally, the results obtained by application of the proposed
methodology on the investigated case study. To this aim, the available monitoring data are collected, processed and analysed through a speciﬁc MATLAB code, called MOSS, implemented
by Garcı́a-Macı́as et al. [12].
4.1

General description

The Z24 Bridge (Fig. 3) was located in the canton Bern, Switzerland, overpassing the national highway between Bern and Zurich. It was a post-tensioned concrete box girder bridge
with a main span of 30 m and two side spans of 14 m. The two triplets of concrete columns at
both ends were connected via concrete hinges to the girder, while two concrete piers, representing the intermediate supports of the bridge, were clamped into the girders and situated at the
end points of the main span (Fig. 3 b)).

Figure 3: Z24 bridge: a) general view [13], b) longitudinal section [14].

The bridge was demolished at the end of 1998 to build a larger side span bridge. However,
before demolition, it was continuosly monitored from November 1997 till September 1998, with
the aim to provide both environmental and vibration data for dynamic behavior’s assessment.
In particular, progressive damage tests were carried out during the summer of 1998 (shortly
before the complete demolition of the bridge) in order to study the inﬂuence of different realistic
damage scenarios on the modal properties.
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Sensors to measure accelerations as well as environmental parameters were spread across the
bridge. More speciﬁcally, among 16 accelerometers, only 8 were properly working. Data from
all sensors were captured every hour with a sampling frequency of 100 Hz, resulting in 24
measurements per day.
4.1.1

Deﬁnition of the damage scenarios

With the aim to evaluate modal parameters’ variations in view of a prompt damage detection,
frequency tracking has been performed over time, as depicted in Fig. 4.

Figure 4: a) frequency tracking of the Z24 Bridge; b) relation between the ﬁrst natural frequency and the temperature.

Between August 10th and September 4th 1998, the bridge was subjected to progressive damage tests. In particular, four damage scenarios (d = 4) are taken into account in the present
work: d1 , d2 , d3 and d4 indicate, respectively, the whole damage period (10th August - 4th
September), the ﬁrst portion of damage period (10th August - 18th August), the second portion
(19th August - 26th August) and ﬁnally, the third one (27th August - 4th September).
4.1.2

Comparison between different statistical models

In order to get residuals, four data cleansing techniques (m = 4) are considered, namely Multiple Linear Regression (MLR), Principal Component Analysis (PCA), Local MLR and Local
PCA. The application of every statistical model, varying damage scenarios, leads to different
control charts, each one referred to the ith model and the j th damage condition. By counting
false positives, true positives, false negatives and true negatives, outgoing from every control
chart, ROC curves are computed empirically by varying the classiﬁcation threshold. Following
the proposed methodology, AUC values are calculated and afterwards collected in Table 1.
It can be noticed that ROC curves exhibit a good behavior if the whole damage period (d1 )
is considered (Fig. 5 a)), even though slightly more performing results are visible when dealing
with larger damage severity (e.g. d4 ), since the probability to discern true positive items highly
increases. Conversely, when damage to be identiﬁed is not so marked (e.g. d2 ), AUC values get
inevitably worse allowing, though, to clearly distinguish various performance levels associated
to the m models, as shown in Fig. 5 b).
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d
d1
d2
d3
d4

PCA
0.979
0.953
0.988
0.997

AUC
Local PCA MLR Local MLR
0.994
0.973
0.984
0.988
0.959
0.975
0.996
0.971
0.984
0.999
0.989
0.993

Table 1: AU C values for m statistical models and d damage scenarios.

Figure 5: Comparison between the different statistical models in terms of ROC curves. a, b) ROC curves computed
for the whole damage period (d1 ) and for the ﬁrst portion of damage period (d2 ), respectively.

Since the damage inferred to the bridge was signiﬁcant, it is necessary to point out that every
model managed to yield extremely performing ROC curves, regardless of the selected damage
scenario. However, in order to ﬁnd out which is the best technique to remove environmental
effects, the proposed optimization problem is applied. Following Eq. (7), the argument of
the maximum of the objective function, iopt , corresponds to the Local PCA model, the one
providing the best performance in terms of AUC.
Due to the fact that the damage inferred to the structure progressively increases during the
monitoring time, it could be interesting to identify which technique stands out in detecting
damage ﬁrst. To this aim, each control chart associated to the ith model is taken into account
and the portion corresponding to damage is afterwards divided into a certain number of steps.
By computing and plotting AUC values at every step, as shown in Fig. 6, it comes to the light
that Local PCA results to be the best model in a global view, while MLR turned out to be the
fastest technique to detect damage.
4.1.3

Selection of the optimal threshold

Once Local PCA is identiﬁed as the most performing model, it is crucial to minimize damage
errors such as false positives and false negatives. This translates into the selection of the optimal
threshold, leading to the higher TPr over the FPr within the ROC space. To this aim, Youden
index is computed for every j th damage scenario, varying the classiﬁcation threshold. Table 2
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Figure 6: Comparison between m models in terms of AUC, computed at every step throughout the damage period.

summarizes the maximum values Ymax (j) with the corresponding thresholds T (j).
d
d1
d2
d3
d4

Local PCA
Ymax
T
0.978
0.196
0.978
0.196
0.990
0.424
0.993
0.493

Table 2: Maximum values of Youden index (Ymax ) for every damage scenario and the corresponding thresholds
(T ).

With the growing of damage severity, it is possible to highlight (i) an increase of the optimal
threshold and (ii) an enlargement of the interval containing the maximum values of Youden
index, as clearly visible in Fig. 7 a).

Figure 7: a) Youden index for d damage scenarios, varying the classiﬁcation thresholds; b) control chart of the Z24
bridge obtained for a speciﬁc damage scenario (d1 ) by setting Local PCA as statistical model and Topt as UCL.
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However, as shown in Table 2, the methodology has provided several thresholds, each one
related to a speciﬁc damage scenario. To overcome this issue, the optimal value Topt , required
to set the UCL of the control chart, is selected as the minimum: Topt = min {T } = 0.196.
The control chart obtained by considering Local PCA as statistical model and d1 as damage
scenario is depicted in Fig. 7 b), where the UCL is set equal to the optimal threshold computed
using Eq. (10). It is easy to point out the excellent capability of this data cleansing technique
(i.e. Local PCA) in correctly classifying the outcomes throughout the possible thresholds, notably avoiding the false negatives detection.
4.2

Discussion of the results

The relation between the identiﬁed natural frequencies and temperature may signiﬁcantly
affect the selection of the best environmental effects removal technique. Regarding the Z24
bridge, such relation is non-linear, as shown in Fig. 4 b). This could be the key for the interpretation of the results, as local approaches are tipically useful to handle non-linear environmental/operational effects. In this particular case study, Local PCA (Principal Component Analysis
applied to single clusters), in comparison with linear regression analysis (MLR), turned out to
be the statistical model with the highest capability in minimizing erroneous predictions in view
of a reliable damage detection.
5

CONCLUSIONS

The present paper provides a new decision-support tool for the deﬁnition of the best technique to remove environmental effects, as well as for the selection of the optimal classiﬁcation
threshold, minimizing false alarms and missing alarms. The proposed methodology is based on
the use of ROC curves as performance metrics, which are computed and compared, in terms of
AUC, for a variety of statistical models and different damage scenarios. Therefore, the selection
of the best statistical model is carried out in the form of an optimization problem. Moreover,
keeping ﬁxed the most performing technique, the parameter Youden index is introduced to ﬁnd
out the optimal threshold for every damage scenario. Finally, in order to let the SHM system
detect even the smallest damage, the strategy is to select the lowest value as optimal UCL.
The developed procedure has been exempliﬁed by application in the Z24 bridge case study. The
results illustrate that all the models managed to clearly detect the huge damage progressively
inferred to the bridge. Local PCA, though, has showed a higher capability to correctly classify
the outcomes of the control chart, proving to be the optimal model to remove environmental
effects for an effective damage detection.
In conclusion, the provided methodology represents a valid tool to statistically evaluate the
performance of different data cleansing techniques, by supplying reliable performance metrics
within unsupervised damage detection under changing environment. The procedure is general
and can be implemented in manifold SHM applications, considering different statistical models
and different damage scenarios.
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Abstract
The seismic resilience is becoming an important indicator for the performance assessment of
structures and infrastructure systems. This paper proposes a probabilistic approach based on
seismic fragility analysis to assess the seismic resilience of steel-concrete composite bridges.
By considering the structural and seismic uncertainties in different analysis steps of this approach, the sample generation process for probabilistic demand models is simplified, which
largely reduced the computational burden. To deeper understand the seismic resilience and
better describe the uncertainties, the estimation interval of the expected resilience is given,
while the uncertainties are considered in fragility and propagated to the resilience. This approach is applied to a new typology of steel-concrete composite bridge endowed with concrete
cross beams, which has been analyzed within the European Research Project SEQBRI. The
results show that this probabilistic approach can largely speed up the process of seismic resilience assessment, while both the aleatory and epistemic uncertainties are considered. Meanwhile, the resilience of the bridge is assessed under both the near-fault and the far-field ground
motions which aim to study the influence of near-fault earthquakes on the seismic resilience.
Keywords: Seismic resilience; seismic fragility; steel-concrete composite bridges; near-fault
earthquakes.
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1

INTRODUCTION

The concept of seismic resilience has been fast developing in recent years, which plays an
important role in performance assessment especially for infrastructure systems. The structural
condition of bridges is one of the key aspects of the functionality of transportation networks,
which must correspond to an acceptable resilience level to guarantee the efficient flow of people
and services (Deco et al. 2013). However, the approach on seismic resilience assessment for
bridges has not been yet adequately investigated, being in general difficult to be performed
especially for near-fault earthquakes.
Deterministic approaches for seismic resilience evaluation have been developed in the past
by many researches. Bruneau et al. (2003) proposed the preliminary framework of seismic resilience assessment. Xu et al. (2007), Frangopol and Bocchini (2011) were interested in the
recovery scheduling optimization, while Cimellaro et al. (2010) developed the recovery functions based on empirical formulas. Further developments proposed a probabilistic treatment of
the seismic resilience. For example, Deco et al. (2013) suggested a probabilistic approach for
resilience prediction based on fragility analysis, while Karamlou and Bocchini (2015) assessed
the accuracy of traditional fragility methods for resilience prediction.
The performance-based earthquake engineering (PBEE) approach has been broadly proposed to assess the seismic performance of structures and supporting decision-makers in disaster management. The probabilistic approach adopted by PBEE allows considering the intrinsic
randomness related to earthquakes and structures. In this respect, a seminal work concerning
the probabilistic seismic demand analysis (PSDA) was performed by Shome (1999), in which
the uncertainty of the seismic demand was accounted for. Cornell et al. (2002) derived the demand fragility functions to combine the inherent uncertainties of seismic hazard and structural
response. Deco and Frangopol (2013) proposed a method for resilience calculation of bridges
in seismic prone-areas including structural uncertainties and variability in the restoration process and rehabilitation costs.
It is worth mentioning that the epistemic uncertainties, which derive mainly from the inadequacy of FE models, cannot be totally neglected (Ellingwood et al. 2009). However, in the
previous analyzed works, the epistemic uncertainty for resilience analysis has not been correctly
accounted for, which should instead be quantitatively calculated for improving the accuracy of
probability models. Therefore, an advancement towards this direction appears necessary.
According to the above-depicted framework, this paper presents a probabilistic approach to
estimate the seismic resilience for bridges. For this purpose, analytical seismic fragility functions are used, accounting for both aleatory and epistemic uncertainty associated with earthquake event, structural response and expected damage (Lu et al. 2014). The point and interval
estimation methods are firstly used for the expected recovery curves, which allow to easily
estimate the seismic resilience and help decision-makers in predicting the seismic performance
of bridges. The procedure is then applied to a short-span steel-concrete composite (SCC) bridge
which has been analyzed within the Project SEQBRI. In order to estimate the seismic performance of bridges under an extreme event, the effect of near-fault earthquakes is considered.
Finally, simplified seismic fragility analysis and seismic resilience estimation of the case study
are performed.
2

ASSESSMENT METHODOLOGY

In this section, a simplified method to assess the seismic resilience of bridges is presented,
which consists of four steps as illustrated in Fig. 1:

3500

Hazard Analysis

Annual
Ann
nual frequency
frequen
ncy of exceedence
exceeedence

1

Intensity measure (IM)

2

Demand Analysis

Probability
Probabiility of exce
exceedence
eedence in t years

Yang Liu , Da-Gang Lu, Fabrizio Paolacci

Intensity measure (IM)

Damage Analysis

3

Simulation results
Li
Linear
fit

ln(D)
ln(
(
(D)

P(DM_EDP)

Sample cumulative distribution
Fitting smooth curves

Exceedence probability, P(DM_IM)

Seismic Fragility
Curves

DM1

DM2

DM3

Damage measure (DM)

Intensity measure (IM)

Seismic Resilience Assessment
Expected functionality Q(t)

5

Expected functionality Q(t)

4

P(DM_IM)

Engineering demand parameter (EDP)

ln(IM)
ln(
(IM
M)

DM1
DM2

DM3

Time (t)

Point estimation of
recorvey function

Interval estimation of
recorvey function

Time (t)

Fig. 1 Analysis stages of assessment methodology

1.

2.

Seismic hazard analysis. The classical Probabilistic Seismic Hazard Analysis (PSHA) is
here in adopted, which provides the mean annual frequency (MAF) of exceedance of a
selected intensity measure (IM) for all possible sources generating an earthquake (Cornell
1968);
Seismic demand analysis. Among different nonlinear demand estimation methods for the
PSDA, the Cloud Analysis (CA) certainly is the commonly used. This method consists in
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3.

4.

5.

generating cloud of Engineering Demand Parameter (EDP) values for a set of earthquake
ground motion records characterized by a hazard-consistent IM. Basic and improved versions of CA have been proposed to account for the inherent randomness of the seismic
action in the form of record-to-record variability only or also the epistemic uncertainty,
related to the modelling (Bazzurro 1998; Cornell et al. 2002; Ellingwood et al. 2009). In
this work only the basic version has been implemented to evaluate the probability of exceedance (POE) of a given demand level.
Damage Analysis. The damage analysis aims at predicting the structural damage at component level as function of demand parameters. Any damage level, usually expressed in
terms of Damage Measures (DM), presents variability with EDP due to the uncertainty of
material properties and structural response history (Gardoni et al 2002).
Fragility Analysis. In this step, the POE of a given DM conditioned to a selected IM is
determined by adopting an analytical approach. By assuming a lognormal distribution, a
closed- form formulation of demand and capacity fragility curves is proposed, which accounts for epistemic uncertainty as well.
Resilience estimation. This is the last step that consists in the seismic resilience assessment for different structural damage level caused by the earthquake event, considering the
uncertainty associated with the restoration process.

This paper focuses on the previous steps and proposes a methodology based on numerical
simulation, which is described in the following sub-sections.
2.1 Probabilistic seismic demand models (PSDA)
The purpose of PSDA is to establish a probabilistic relationship between the selected EDP and IM
(Tondini and Stojadinovic 2012).
It is assumed that the seismic demand D follows a lognormal distribution (Cornell et al. 2002). The
probability of exceeding the demand level d conditioned on IM = x can be expressed as:
ܲሾ ܦ ݀ȁ ܯܫൌ ݔሿ ൌ ͳ െ

ሺௗሻିሺವ ሻ
ߔ ఉ
൨
ವȁಾ


൰
ವ

൬

ൌ ͳെߔ ఉ

ವȁಾ

൩

(1)

where, mD is the median of the demand parameter EDP, ED|IM is the dispersion of the demand about its
median value conditioned to IM, and )() is the standard normal cumulative distribution function. Additionally, mD can be assumed linear in the log-log space (Cornell et al. 2002). Consequently, the probabilistic seismic demand model (PSDM) can be expressed as
݈݊ሺ݉ ሻ ൌ ܽ  ܾ ݈݊ሺܯܫሻ

(2)

in which, a and b are regression parameters, which could be assessed by a linear regression analysis on
the logarithmic maximum response versus lnIM. Accordingly, the logarithmic standard deviation
could be estimated by the following formula:
ߚȁூெ ൌ ට

మ
σಿ
సభሾሺௗ ሻିሺವ ሻሿ

ேିଶ

(3)

Previous studies on bridges clearly demonstrated that the uncertainty from earthquakes events is
much bigger than that of structures (Wen et al. 2003; Padgett and Des-Roches 2007). For this reason,
in the following only the randomness due to the earthquake is considered by selecting suites of ground
motions and generating samples of EDPs. For this approach simplified, the computational burden is
reduced several times in time -history analysis.
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2.2 Seismic fragility functions
The seismic fragility represents the probability of occurrence or exceeding specified levels of damage in the considered range of IMs. This can also be expressed in terms of probability of the seismic
demand (D) exceeding the seismic capacity (C) at the component or system level, conditioned on
IM=x:
(4)
ܨோ ሺݔሻ ൌ ܲሺܯܦȁ ܯܫൌ ݔሻ ൌ ܲሺ ܦ ܥȁ ܯܫൌ ݔሻ
Assuming that the capacity (C) obeys lognormal distribution, using Equations (1) and (2), the fragility function can be further derived as:
ሺವȁಾ ሻିሺ ሻ

ሺூெ್ ሻିሺሻ

మ
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మ
ାఉమ
ටఉವȁಾసೣ

ܨோ ሺݔሻ ൌ ߔ 

 ൌ ߔ

(5)



where, PC and EC are, respectively, the median and the dispersion of the capacity. These parameters can
be evaluated performing the probabilistic damage analysis adopting either experimental or numerical
approaches (Melchers 1999). The fragility function can be further derived as:
ሺூெ ್ሻିሺ ሻ
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where, PR and ER are, are, respectively, the median and the dispersion of the fragility, obviously, the
parameters of the fragility can be re-formulated as(Lu et al. 2014):
݉ோ ൌ ሺ

 భ
ሻ್


(7)
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(8)

2.3 Probabilistic seismic resilience assessment
In the field of civil engineering, the seismic resilience is defined as the ability of structures to contain the effects of a seismic event adopting effective measures to recover functionality after disasters
and mitigate the effects of the future seismic risk (Bruneau et al. 2003). However, resilience is a multifaceted concept, which covers too broadly social and technical aspects to be defined with a single analytical function. In the present paper the following definition of resilience index R is adopted (Deco et
al. 2013):

ܴൌ

 శℎ
ொሺ௧ሻௗ௧
బ

 బ

௧ℎ

(9)

where Q(t) is the functionality of the structure, which depends on time t, t0 is the occurrence time of
the earthquake, and th is the investigated time horizon. Based on the total probability theorem, the estimation of structural functionality at any specific time t after an earthquake can be calculated. Assuming a limited range of earthquake intensity, the expected functionality ¯("Q" ) ("t" ) can be computed
as following (Karamlou et al. 2015),


ܳሜ ሺݐሻ ൌ σ ಾ ܲሺ ܯܫൌ ݅ሻ σ ವೄ ܲሺ ܵܦൌ ݆ȁ ܯܫൌ ݅ሻ ܳ ሺݐሻ

(10)

where, "P (IM = i)" is the probability of occurrence of the earthquake while the intensity IM=i,
computed by using PSHA for the bridge location site (FEMA445). The second item of the right hand
of the equation, "P(DS = j | IM = i) ," is the vulnerability expressed as the probability of being in the
damage state j conditioned on "IM = i" . Qj(t) is the time-variant functionality of the structure in the
case of initial damage state j. Being different from buildings, the functionality of highway facilities
(e.g., bridges) is usually defined as the carrying capacity of traffic under normal situations (ATC13).

2.4 Quantification of uncertainties, point estimation and interval estimation
In the field of civil engineering, the seismic resilience is defined as the ability of structures to con
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In order to develop reliable probabilistic models the various sources of uncertainties need to be quantified. Two broad types of uncertainties in probability models have to be dealt with: aleatory uncertainties
and epistemic uncertainties. The formers are involved in the modeling and evaluation of low-probability,
high-consequence events in nature, which are caused by the inherent variability and randomness in nature, and cannot be influenced by the observation. The epistemic uncertainties arise from our limited
knowledge, imperfect modeling and simplifications (Ellingwood and Kinali 2009).
As shown in Equation (6), the two probabilistic models of demand and capacity can be integrated into a unitary probabilistic model of the fragility. Alternatively, the fragility model can be separated into a probabilistic demand and a capacity model.
Following the first approach, the uncertainty of the demand and the capacity are considered
separately. Referring to the probabilistic seismic demand analysis (PSDA), the dispersion D|IM represents the aleatory uncertainty raised from the randomness of the earthquake records input. That can
be directly calculated in the PSDA. The epistemic uncertainty of the demand is instead not included in
this model. This approach has been justified by Karamlou and Bocchini (2015) that have evaluated the
epistemic uncertainty arising from the different assumptions used to build the probabilistic seismic demand models (PSDM). The effect of this uncertainty on the fragility is limited, whose influence range
is smaller than 10%. For this reason, in the following only the aleatory uncertainty D|IM will be accounted for.
In the probabilistic capacity analysis, the capacity dispersion C generally contains two components of uncertainty (Wen et al. 2003), which is defined as:
ଶ
ଶ
 ߚ
ߚ ൌ ටߚோ

(11)

where the dispersion CR is the aleatory uncertainty arising from the randomness of the structural capacity, which can be assessed based on some experimental studies. The dispersion CU presents the
epistemic uncertainty of capacity, which depends on the effects of the different sample sizes selection
in probabilistic capacity seismic analysis (Ellingwood 2001; Ellingwood and Kinali 2009). The substitution of Equation (11) into Equation (8) leads to the point estimation of the fragility function considering the epistemic uncertainty:
ܨோ ሺݔሻ ൌ ߶ ቂ
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where the epistemic uncertainty of the fragility is presented by the dispersion CU of the capacity.
In the second approach, the epistemic uncertainty in the fragility model is assumed unitary, which can
be directly considered as the epistemic uncertainty of the median mR of the fragility curve (Eq. (6)).
Therefore, the median of the fragility can be expressed as
(13)
ܯோ ൌ ߝ݉ோ
in which the ε is the random error of the median value.
It is assumed that the median of the fragility follows the lognormal distribution, whose median and
dispersion are mR and RU (Ellingwood and Kinali 2009; Lu et al. 2014). According to the definition
of the confidence level C, we have:
ߔቂ

൫ೃǡഀ ോೃ ൯
ఉೃೆ

(14)
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where, mR,α is the fractile of the median given the confidence level α , which can be further derived as:
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Then, the interval estimation of the fragility function becomes:
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(16)

where the dispersion of the fragility R just represents the aleatory uncertainty of the fragility, which
can be calculated by the first method mentioned above. The belief interval is assumed to have lower and
higher bounds equal respectively to 16% and 84%:
(17)
݉ோǡͳΨ ሺݔሻ ൌ ݉ோோ ݁ݔሺെߚ ሻ, ݉ோǡͺͶΨ ሺݔሻ ൌ ݉ோோ ݁ݔሺߚ ሻ
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Equation 10 shows clearly the process of the uncertainty propagation from the hazard, the fragility and
the recovery functionality to the expected recovery functionality. The uncertainty in Q consists of corresponding to the uncertainty in P(IM=i), P(DM=j|IM=i) and Qj. The functionality restoration of bridges
is affected by a large amount of uncertainties associated with the condition of the disaster area, the
decisions of disaster relief, the support from surrounding areas, etc. (Frangopol et al. 2011). Given that
the related research regarding to this uncertainty is limited in the literature, additional research is needed
to address this shortcoming. For the sake of brevity, the uncertainty associated to the Qj is here neglected
in this content. It is assumed that all the uncertainty for the expected recovery functionality is derived
from the occurrence of the earthquake and the damage. Then, the epistemic uncertainty in Q derived
from decision making could be considered in the fragility analysis.

3

DETERMINATION OF PULSE-LIKE GROUND MOTIONS

It is well known that the near-fault (NF) earthquakes can induce significant seismic damages
to the structures. The single or multiple pulses observed in their velocity time histories is the
key characteristic for this type of ground motions. With respect to this feature, those ground
motions can obviously induce higher seismic demands (Bertero et al. 1978; Hall et al. 1995;
Chopra and Chintanapakdee 2001; Alavi and Krawinkler 2001, 2004). Consequently, it is
strongly suggested to use this type of ground motions for the seismic assessment of bridges.
In the following, a method to quantify the strong velocity pulse that characterizes NF pulselike ground motions is introduced (Zhai et al. 2013). The least-square fitting (LSF) technique
is firstly used to find best matching with the main velocity pulse of the real ground motion of a
simplified numerical model of the time history. Then, the parameters of the velocity pulse (e.g.,
period of pulse, perk velocity) are identified by using the perk-point method (PPM). Finally,
the energy index (Ep) is defined and calculated to determine, for the selected natural earthquake
records, the pulse-like ground motions (Baker 2007; Zhai et al. 2013).
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Fig.2. Mathematical model of velocity
pulse for =0 (Dickinson & Gavin 2011)

Fig.3. Illustration of PPM for NGA1171

As shown in Fig.2, the pulse model is defined as (Dickinson & Gavin 2011):
ݒ ሺݐǢ ܸ ǡ ܶ ǡ ܰ ǡ ܶ ǡ ߮ሻ ൌ ܸ ݁ ݔቈെ
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(18)

in which νp is the velocity pulse, Vp and Tp are respectively the amplitude and the period of
the pulse, Nc and Tpk represent the number of cycles and the location in the pulse time-history,
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and φ is the phase of the pulse. The LSF algorithm is used to match the original velocity pulse
and the simplified mathematical model, which is used to remove the high-frequency content of
the real ground motions. Based on the PPM (Osaki 2008; Baker 2007), the perk velocity is
extracted from the original velocity time histories to locate the velocity valley, and then the
time interval of velocity valley is defined as the pulse period. Fig.3 illustrates the extracted
velocity pulse for the NGA1171 ground motion.
With the aim to identify, among the selected natural records, the pulse-like ground motion,
an energy-based method is used (Baker 2007). In this study, the determination indicator is defined as (Zhai et al. 2013):
௧
ܧ ൌ ௧  ݀ܧሺݐሻ ൌ ܧሺݐ ሻ െ ܧሺݐ௦ ሻ
ೞ

(19)
൞
 ௩ మ ሺఛሻௗఛ
ܧሺݐሻ ൌ బ∞ మ
బ ௩ ሺఛሻௗఛ

in which Ep is the energy index, E(t) is the cumulative energy of the ground motion at time t,
ts and te represent respectively the starting and ending time of the velocity pulse and ν(τ) is the
velocity time-history.
According to the recent studies (Zhai et al. 2013), the ground motions are determined as the
pulse-like ground motions when the value of Ep is greater than 0.3. While the peak ground
velocity is greater than 30cm/s, the failure probability of this method is about 1.5%. That means
some non-pulse-like ground motions may be determined as the pulse-like ground motions.
Since the number of the pulse-like ground motions is limited, this standard with value 0.3 is
used.
4

PROBABILISTIC RESILIENCE CALCULATION OF A SHORT-SPAN STEELCONCRETE COMPOSITE BRIDGE

4.1 Description of the bridge and its finite element model
The case study is a typical short span overpass with two lanes, currently under investigation
within the European Project SEQBRI (Paolacci et al. 2016). The bridge is 40.00m long and
consists of 2 spans of 20.00m each.
The bridge presents two spans of 20.0 m each for a total length of 40.0 m (Fig. 4). The
roadway width of bridge is 10.6 m, including 6.5 m wide carriageway and two sidewalks of
2.05m wide each. Four HE600B steel girders of S460 steel grade are used, with 2.65 m inbetween distance. The thickness of the concrete slab is 25cm. The steel girders are monolithically connected to the pier by a reinforced concrete crossbeam (CCB) 0.9 m wide, whereas they
are simply supported on normal (low) damping bearings at the abutment through an additional
CCB.
Details of the CCB configuration are shown in Fig. 5. The pier of wall type is 7.0 m height,
0.6 m thick and 7.0 m wide. The foundation soil is assumed to be categorized as type B according to EN1998 (BIBLIO) and the soil structure interaction effect is neglected.
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Fig. 4. Longitudinal section and cross section at span

Fig. 5. CCB configuration

The 3D finite element (FE) model illustrated in Fig. 6 has been developed by using the
OpenSees software (McKenna et al. 2007). In this model, the nonlinearities of materials are
explicitly considered. In particular, the nonlinear beam elements with fiber cross-sections are
used to model the single steel girder and the tributary concrete slab (Fig. 6 and 7). The Menegotto-Pinto model is adopted to simulate the mechanical behavior of steel girders and slab reinforcement, whereas the Kent and Park model is used to reproduce the mechanical behavior
of concrete.
Nonlinear links with elasto-plastic behavior are used to model the vertical shear studs connecting the steel girders to the slab as well as the shear studs within the CCB. The strength of
the shear studs has been evaluated in accordance with CEN (2006), while the stiffness has been
evaluated by means of the load-slip curves experimentally defined by Gattesco and Giuriani
(1996), even though different other recent proposal has been formulated (Shim et al. 2004; Lee
et al. 2005).
Horizontal elasto-plastic links are also used to simulate the shear studs along the deck
whereas the vertical direction and the rotation are constrained by rigid links between girders
and slab.
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The behavior of the CCB joint is difficult to reproduce. For this reason, a component-based
model has been recently proposed (Paolacci et al. 2014), which is currently under experimental
investigation.
Rigid links are used to model the vertical head plates welded on the steel girders and directly
in contact with the transverse concrete beam. Different non-linear links reproducing the behavior of the horizontal shear headed studs within the joint are connected to these rigid links according to the CCB configuration (Fig. 5). In order to reproduce the constraint in compression
due to the presence of the CCB, gap elements are adopted at both left and right sides of the
CCB joint at two different heights, as shown in Fig. 8. A simplified evaluation of the stiffness
of the gap elements is performed, assuming that the compressive force transmitted by the girder
would act uniformly on the contact area of the vertical head plate. The two groups of prestressing bars at the bottom area of the CCB, are modeled by two elastic truss elements. The 2-D FE
model for concrete cross beam is shown in detail in Fig. 9.
4.2 Selection of input ground motions
The case study is a typical short span overpass with two lanes, currently under investigation
within the European Project SEQBRI (Paolacci et al. 2016). The bridge is 40.00m long and
consists of 2 spans of 20.00m each.
Based on PEER strong ground motion database, a suite of ground motion records has been
selected, which includes 60 near-fault (NF) pulse-like ground motions and 60 far-field (FF)
ground motions. Two hazard conditions are adopted to select NF ground motions: moment
magnitudes (MW) greater than 6.0 and site-to-source distances (R) less than 20 km (Stewart et
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al. 2002; Bary and Rodriguez-Marek 2004). Additionally, the dimensionalized peak ground
velocity (PGV) and peak ground acceleration (PGA) were imposed to be greater than 0.2 (Kwon
and Elnashai 2006; Padgett 2008; Zhai et al. 2012). The FF ground motion records were selected to match the PGA and MW of the NF records, but with R > 20 km. The selected NF
ground motions were recorded during the following 5 strong earthquake events: Imperial Valley
Earthquake (America, 1979), Palm Springs Earthquake (America, 1986), Northridge Earthquake (America, 1994), ChiChi Earthquake (Taiwan, 1999) and Kocaeli Earthquake (Turkey,
1999); the 80 FF ground motions records belongs to the previous strong seismic events, with
the addition of Whittier Narrows Earthquake (America, 1987) and Kobe Earthquake (Japan,
1995). Table 1 reports the selected NF ground motions.
Based on the identification approach described in section 3, all the NF ground motions have
been identified as pulse-like ground motions. Due to the limited space, only their energy index
Ep is shown in Fig. 10.
20
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Fig. 10. Energy index Ep for NF ground motions selected

4.3 Fragility analysis
As stated before, the main damage is expected to be in the pier, which is the most vulnerable
element of the bridge with potential catastrophic consequences. Usually piers experience different degrees of damaging, from the cover spalling of concrete to the buckling of longitudinal
reinforcement or bar fracture. In what follows these three damage levels have been assumed as
Damage Measures. Berry and Eberhard (2003), developed empirical equations to estimate deformations at the above damage levels calibrated with a series of existing experimental tests
from the UW-PEER reinforced concrete column performance database, which include the performance of over 400 columns. Concrete cover spalling represents the initial damage state that
may cause a possible short-term loss of functionality along with a significant repair cost. Bar
buckling and fracture represent instead damage states in which safety implications are particularly important, which may imply partial replacement and a longer term loss of functionality.
Concrete cover spalling, bar buckling and bar fracture can be defined as a moderate, extensive
and complete damage condition. A closed-form of the median value of the drift (mC) was proposed by Berry and Eberhard for damage estimation, which read:
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where ke= 40, ρeff = 0.307 volumetric transverse reinforcement ratio, f’c concrete compressive
strength, db diameter of the longitudinal reinforcement, De column depth, P axial load at the
column base, Ag gross area of the cross-section and L distance from the column base to the
point of contra flexure. An alternative representation of the damage condition in the pier is the
plastic deformation at bottom section. The corresponding levels of damage, obtained in the pier,
are for concrete cover spalling 1.37%, for buckling 4.25% and for fracture 8.96 %.
According to the HAZUS99 (1999), the damage indices represented the damage of
bridge piers are defined as the ductility ratio. Using the case data, the damage indices are calculated and converted to the drift ratio. The results are 0.63% for slight damage, 1.31% for
moderate damage, 4.31% for extensive damage and 12.3% for complete damage. Compared to
the results of Berry and Eberhard method, the values of damage indices for moderate damage
and extensive damage are close. The usefulness of this method is manifested. For the experimental results which are generally considered being more reliable, the results of Berry and
Eberhard method for moderate, extensive and complete damage are defined as the main damage
indices while the slight damage index of the HAZUS results is the supplement. The comprehensive damage index of the pier is listed in Table 3.
Table 3. Damage index for pier drift ratio
Slight Moderate Extensive Complete
damage damage damage
damage
Damage index
0.63% 1.37%
4.25%
8.96%
(Drift ratio)
Concerning the aleatory uncertainties considered in fragility analysis, the dispersion of capacity fragility C is assumed equal to 0.3 based on the experimental data elaborated by Berry
and Eberhard (2003). In Fig. 11 the seismic fragility curves with intensity measures Sa are
shown; it is evident that the POE of any level of damage in the pier is larger for the NF pulselike ground motions. In fact, in the considered range of the IMs, the maximum probability of
exceeding bars buckling in the NF region is about 90%, while in FF region is about 60%; the
probability of bars fracture is about 30% under NF pulse-like ground motions and only 5% in
the FF region.
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(a)

(b)

(c)

(d)

Fig. 11. Comparison of fragility curves of piers with the given IMs on longitude: (a) slight damage, (b) moderate
damage, (c) extensive damage, and (d) complete damage

In contrast to aleatory uncertainties, which are essentially irreducible, the epistemic uncertainties generally can be reduced through additional knowledge provided at the expense of more
comprehensive (and costly) data acquisition and analysis. Existing studies indicated that the
dispersion of fragility in terms of epistemic uncertainties can be assumed as 0.2 (Ellingwood et
al. 2009; Haleem et al. 2010).
With the point estimation and interval estimation method mentioned in section 2.4, the fragility curves for near-fault earthquakes considering both aleatory and epistemic have been developed. They are illustrated in Fig. 12. The epistemic uncertainties are labelled as EU. The
bounds of the belief interval is assumed to 16% and 84%.
Considering the epistemic uncertainty discussed in Section 2.4, seismic fragility curves with
point estimation and interval estimation have been developed. Fig. 12 depicts fragility curves
for each limit state. For slight damage and moderate damage, the probability considering epistemic uncertainties is similar to the probability with only aleatory uncertainties, and the epistemic uncertainty can be neglected. But the probability with EU is always bigger than the
probability without EU in the considered range of IM. So it is meaningful to consider the
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epistemic uncertainty for fragility estimation when the bridges face to extreme events, which
can in-duce the extensive damage and complete damage.
It is easy to see that the interval of probability estimation is increasing with the damage. A
possible reason is that the epistemic uncertainties reduce the accuracy of probabilistic models
for the heavy damage states.
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Fig. 12. Point and interval estimate for near-fault earthquake fragility curves considering epistemic uncertainty: (a) slight damage, (b) moderate damage, (c) extensive damage, and (d) complete damage

4.4 Probabilistic Resilience estimation
System and component level fragility curves have been shown in the previous section. Based
on these data, the seismic resilience analysis of the selected case study has been performed
following the method presented in Section 2.3. The bridge is assumed to be located in Los
Angeles, California, USA, whose hazard curves, for a reference life of 100 years, has been
provided by the the United States Geological Survey (USGS).
Considering the scarcity of statistical data concerning loss and post-earthquake recovery for
bridges, in this work the loss estimation for highway bridges in California (ATC-13, 1985) has
been used. In particular, the functionality recovery functions proposed by expertise-based surveys have been adapted for seismic resilience estimation. The selected recovery function is
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specific for steel-concrete composite highway bridges, whose functionality is defined as the
traffic capacity and the category is 25c.
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Fig. 13. Functionality recovery profiles from ATC-13

The recovery profiles of the function are listed in tabular form and present the mean time
required to recover specific percentage (30%, 60%, 100%) of normal functionality. For the
present study, referring to the damage definition provided by ATC-13, the damage states 2
through 5 are assumed to be the corresponding damage states from slight to complete damage.
The selected recovery function is presented in Fig.13.
According to ATC-13, the time horizon investigated for the functionality recovery function
from is 303.6 days. Consequently, the time horizon of the expected functionality restoration is
limited to maximum of 303.6 days by using Equation (7).
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Fig. 14. Expected functionality recovery of bridge at different damage levels: (a) slight damage, (b)moderate
damage, (c)extensive damage, and (d)complete damage

Fig. 14 illustrates the expected functionality recovery processes of the bridge for each damage
state. Two recovery profiles are presented in the figures both for near-fault and far-field earthquakes. The expected functionality recovery of the whole bridge is instead shown in Fig. 15.
Assuming that the total recovery time is constant and the initial damage is null, the obtained
functionality paths appears rather different. It can be easily seen that the damage caused by
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near-fault earthquakes is more hard to be recovered. In other words, the seismic resilience demand of the bridge struck by near-fault earthquakes is larger than resilience demands coming
from far-field earthquakes.
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Fig. 14. Expected functionality recovery of bridge at different damage levels: (a) slight damage, (b)moderate
damage, (c)extensive damage, and (d)complete damage
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Fig. 15. Expected functionality recovery of whole bridge

Using the fragility curves with epistemic uncertainties (Fig. 16 and 17), the expected functionality recovery estimation can be developed also by using Equation (10). The interval estimation of recovery curves presents a variation tendency similar to fragility curves, which is
more uncertain for higher damage. As shown in Fig. 15, it is easy to find that the interval estimation width is broaden for increasing recovery time. This is caused by the increasing of epistemic uncertainty with damage states and the variation of recovery service.
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Fig. 16. Point estimation and interval estimation of expected functionality recovery at different damage levels:
(a)slight damage, (b)moderate damage, (c)extensive damage, and (d)complete damage

The resilience of the bridge can be determined using Equation (9). The resilience index is
shown in Table 4. It can be found that the resilience of the bridge struck by far-field earthquakes
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(0.98) is larger than that under near-fault earthquakes (0.89). The horizon of resilience interval
estimation for this type of bridges under the near-fault earthquakes ranges from 0.91 to 0.86.
Table 4. The expected resilience index of bridge
NearFar-field
fault
Expected resilience index
0.89
0.98
Upper of interval
0.91
estimation
Lower of interval
0.86
estimation

5

CONCLUSIONS

The probabilistic seismic resilience of steel concrete composite bridges with concrete cross
beams is estimated by a simulation approach and the resilience demand after the near-fault
earthquake events is quantified. The following conclusions are obtained:
1.
2.
3.

4.

The assessment process of seismic resilience is performed in a probabilistic way by using
the seismic fragility analysis and considering both aleatory and epistemic uncertainties
derived respectively from earthquakes and the structure.
It has been found that the uncertainties of the restoration path increase along the time and
when more severe damage occurs.
The near-fault pulse-like earthquakes have significant effects on the seismic performance
of the bridge. The result have shown that the estimation resilience of the bridge under NF
earthquakes is about 10% less than FF earthquakes; the function restoration indicates that
the bridge under NF earthquakes is more difficult to recover than that under FF earthquakes.
It has been demonstrated that the simplified approach proposed in this paper can be profitably used to approximately and easily estimate the seismic resilience of a steel concrete
composite bridge. This suggests further developments devoted to the extension of the
method for the calculation of the resilience of bridge network systems.

It has been found that the main barrier for the seismic resilience assessment is limited by the
scarce number of studies investigating the functionality recovery functions. In this respect, current on-going research activities concerning this aspect will lead to better restoration process
models, which it will increase the assessment accuracy..
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Abstract
Existing R.C. bridge structures are generally subject to intense environmental attacks. Over
time, environmental actions can trigger structural deterioration effects, the most common of
which is the rebars corrosion. As steel reinforcement corrosion could reduce the capacity of
R.C. members, the seismic safety of R.C. bridges could be compromised by these phenomena.
In accordance with international guidelines, the initial assessment of bridges is carried out by
identifying and grading defect-indices after a visual inspection of the structure. This study
arises from the need to find a quantitative correlation between the grading scale adopted in the
evaluation of defect-indices and the impact of corrosion effects on RC members capacity and
safety, also evaluating the evolution over time of degradation. A practical simplified, whilst
mechanical-based, analytical methodology for assessing the seismic safety starting from defectindex visual assessment of RC bridges subject to degradation corrosive attacks, is presented
and applied to a case study RC bridge representative of the main characteristics of the viaducts
of Italy. Different chloride damage scenarios related to defect-indices are considered for the
piers of the case study bridge and the seismic safety of the structure is analytically evaluated.
Two corrosion rate limit conditions are then considered to evaluate (upper and lower bound)
effects on seismic safety over time. Finally, an estimate of the epistemic uncertainty due to the
visual assessment of the damage is performed to obtain the structure collapse probability. The
analytical results underline that the seismic safety is strongly influenced both by the location
and the evolution of corrosion phenomena over time. By identifying the safety and collapse
probability of the structures, the proposed methodology can be used as a decision- making
support tool regarding the need for intervention with maintenance/restoration/retrofit solutions.
Keywords: Reinforced Concrete, Bridges, Seismic Safety, Seismic Assessment, Corrosion,
Collapse Probability.
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1

INTRODUCTION

The structural-seismic safety assessment of existing reinforced concrete bridges is a longstanding key topic in civil engineer [1]. The Italian territory, characterized by medium-high
seismicity, has a large stock of old RC bridge structures, typically prior to the introduction of
seismic-resistant and durability principles and code provisions [2-4]. Deterioration phenomena
may be triggered by aggressive environmental conditions for RC structures lacking adequate
construction details. In these cases, corrosion of reinforcing rebars represents the most frequent
and dangerous deterioration phenomenon. Once activated, corrosion can occur in a uniform or
localized manner; uniform corrosion is caused by humid and carbon dioxide-rich environmental
conditions; pitting corrosion instead activates due to the penetration of chloride ions in concrete,
a frequent case for bridges due to the application of de-icing salts.
Corrosion of the steel reinforcement affects the mechanical properties of the materials, leading
to reduction of the resistant section of the steel bars and of the reinforcement deformation capacity, cracking of cover concrete, and deterioration of the bond strength. In recent decades,
considerable efforts have been devoted to understanding the mechanical behavior of corroded
R.C. members. In Rodriguez et al. 1997 [5], Castel et al. 2000 [6], Meda et al. 2014 [7] experimental tests were carried out to evaluate flexural, shear and cyclic behavior. The effects on
material properties such as stress-strain and/or bond strength laws were identified in Alonso et
al. 1996 [8], Almusallam et al. 2001 [9], Apostolopoulos et al. 2008 [10], Imperatore et al. 2017
[11], FIB Model Code 2020 [12]. The reinforcing bars corrosion phenomenon is characterized
by two phases [13]: the initiation phase, when atmospheric agents penetrate the concrete until
the reinforcement depassivation, and the propagation phase when the impact on materials further evolve over time. Since the seismic performance of bridge structures is highly dependent
on the mechanical behavior of its elements, thus on the state of decay, the assessment of seismic
structural safety of existing structures and infrastructures should take into account the quantitative evaluation of capacity reduction and its impact on performance/safety due to rebars corrosion.
Given the key strategic role of bridge structures within a country's road network, and the potentially substantial socio-economic costs associated with demolition-reconstruction interventions, several national and international guidelines on the evaluation of existing reinforced
concrete bridges have been issued in recent years [14,15]. The common goal is to develop practical and reliable bridge-state assessment procedure and define appropriate maintenance-retrofit
solutions for degraded and unsafe structures. Some of these guidelines (e.g., [14]), provide for
a multilevel (tiers) approach based on the identification of defect indices following a

Figure 1: Example of Defect Indices Datasheet
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visual inspection of the structure: for each area of the bridge the defects are identified, and
through "qualitative scores" the severity and extent of the defects are graded. Figure 1 shows
an example on how these approaches work. The Relative Defect Coefficient (DS) is calculated
from the weighted sum of the individual defects (G) multiplied by the intensity (k1) and extension (k2) coefficients. Depending on the overall scoring (DS), the codes provide procedures
that may highlight the need for more in-depth investigations, aimed at verifying the effective
structural capacity, or the possibility of carrying out only maintenance interventions or proceeding with the downgrading of the bridge.
In the authors’ opinion, such approach, based on visual inspections, could and should be further
developed using mechanical-based methodologies in order to quantitatively evaluate the potential capacity-reduction of RC structural members and, therefore, of the structures static and
seismic safety.
The aim of this work is to develop and integrate a quantitative mechanical-based assessment of
RC members to the visual inspection and defect indices qualitative “scoring” approach in order
to suggest a methodology for structural and seismic safety assessment of deteriorated RC
bridges. To achieve this goal, a practical analytical methodology [16,17,18,19,20], whilst mechanical-based, referred to as SLaMA (Simple Lateral Mechanism Analysis) is further extended
to for the evaluation of the seismic performance/safety evaluation of existing bridges, specifically including considerations on the capacity assessment of corroded RC structural members.
In this work, the seismic safety of a case study reinforced concrete bridge, representing an archetype of widespread bridge typologies in Italy, affected by corrosion phenomena, is evaluated.
Three different degradation scenarios are considered: corrosion intensity in terms of percentage
mass loss is chosen consistently with three different defect indices, defined according to [14],
thus integrating a quantitative measure to the visual inspection approach. Corrosion effects on
members capacity reduction are analytically calculated as reported in [11,21,22]. The global
seismic capacity of the bridge is determined and therefore the safety index defined in [14] is
calculated. Considering different corrosion propagation models [23,24,25,26], upper and lower
bounds for corrosion rates are adopted, and the seismic safety reduction over time is assessed.
The uncertainty related to the location and extent of degradation is evaluated, and finally, using
a simplified probabilistic approach [27] the fragility curves associated to the bridge collapse
probability are calculated as a function of the peak ground acceleration for each degradation
scenario.
2

SLAMA-BRIDGE METHODOLOGY INCLUDING DETERIORATION EFFECTS

The proposed procedure, schematically shown in the flow-chart of Figure 2, consists of the
simplified seismic assessment of existing RC bridges based on the SLaMA approach for bridges
[16,17,18,19], integrated with the evaluation of element capacity reduction evaluation due to
corrosion of the reinforcement bars. As a first step, the seismic capacity of the pier is calculated
determining the force-displacement curve. In this phase, it is crucial to correctly identify the
‘critical section’ where the plastic hinge and potential associated energy dissipation is expected
to occur and develop. Generally, for bridges piers the plastic hinge region is expected to be
located as the base, given their cantilever scheme; however, in case of localized environmental
corrosive attack, the structural deterioration can modify the structural nonlinear behavior, and
consequently, the critical sections can be relocated [28].
Therefore, it is important to support such estimation on the specifically planned visual inspections of the degradation. As part of the members capacity evaluation, the interaction between
flexure and shear mechanisms is taken into account by comparing the force-displacement curve
and the degrading-shear capacity curve calculated according to [29].
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Figure 2: Methodology Flow Chart

In this paper, the evaluation of the plastic hinge length is calculated as the average value of the
results related to different formulations available in the literature [30,31,32]. In a section analysis (or fiber numerical model) approach, the corrosion effect is taken into account by reducing
the mechanical properties of the reinforcements as reported in [11] and by reducing the concrete
cover compressive strength to consider the cracking induced by oxides expansion [33,34]. The
overall seismic capacity of the bridge is evaluated separately for the longitudinal and transverse
directions. The relationship between the local and global capacity is closely related to the static
scheme of the bridge. The most common schemes for existing reinforced concrete bridges are
continuous beam and supported beam ones. As reported in [35], in case of supported beams,
and in the absence of seismic restraints, each pier behaves independently therefore, in a simplified way, the performance of the bridge is governed by the performance of the weakest (performance-wise) pier, both in longitudinal and transverse direction. On the other hand, in the case
of continuous beam scheme: in the longitudinal direction , same top displacement can be assumed for all piers and the overall capacity is obtained by adding in parallel the individual
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capacities of each pier; in the transverse direction, following a displacement approach presented
in [36], the global capacity curve is obtained by adding the singles piers capacity in proportion
to the piers effective displacement identified for the principal vibration mode of the structure.
The global displacement instead is determined by referring to an equivalent SDOF. The seismic
safety is measured through the safety index ]E (also referred to as IS-V and %NBS in the
ITA2017 and NZSEE2017 guidelines. respectively) [14, 16, 29], or Capacity/Demand ratio,
obtained by comparing the bridge capacity curve with the ADRS seismic demand spectrum
SLV limit state [29].
One of the objectives of this paper is the further extension of the analytical assessment methodology to account for the potential reduction of safety over time. To achieve this scope, an
extensive literature review on research on the corrosion rate models available in the literature
has been carried out, both for the carbonation and for the chlorides attack phenomenon. Since
pitting corrosion due to chloride attack is characterized by a higher rate (Figure 3), in this work
this typology is considered for the deterioration scenarios applied to the structure.

Figure 3: Corrosion rate models. a) Carbonation. b) Chlorides attack.

In the Defect Indices Approach through visual inspections, no explicit empirical or theoretical
relationships are associated to the determination of the so called “extension” and “intensity”
coefficients, and, at this stage, there are no quantitative correlation between the grading scale
and the actual mechanical material properties reduction, making a structural mechanical assessment that takes into account deterioration phenomena not applicable.
To overcome these issues, a probabilistic approach is adopted in this work: the probability of
the structure to overcome a certain damage level is determined as a function of the seismic
intensity. The fragility curves can be calculated through analytical or empirical methods. In [27]
most of the analytical methods adopted for buildings are presented. In [37] empirical methods
are proposed for the calculation of the fragility curves according to the considered structure.
For the sake of simplicity and in the absence of more detailed data, in the simplified collapse
probability assessment procedure herein proposed for a corroded reinforced concrete bridge
structure, variations in the main factors affecting the corroded member capacity are considered,
in particular: the location of the critical section, the amount of lost mass and the number of bars
involved. Extensive analyses have been carried out varying both parameters.
In this way both corrosion location and intensity uncertainty related to the assumed deterioration scenarios are accounted and then combined, as recommended in [28], through SRSS rule
with the epistemic (model and material characteristics) and aleatoric (seismic demand) uncertainties β value of 0.6 suggested in [37].
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3

CASE STUDY BRIDGE

3.1 Geometric and mechanical characteristics
The case study Bridge is an archetype representative of typical characteristics of a large number
of R.C. bridges in the Italian territory (Figure 4). The geometry, material properties and static
scheme of the bridge were selected through the analysis of a database of the Italian bridges in
central Italy [20]. The database shows a strong prevalence of supported beam scheme, therefore
herein selected for the case study. The bridge consists of four 30 m spans. Deck beams consist
of I-shape prestressed reinforced concrete with prestressed 7-wire strands with straight longitudinal profile. The Piers have hollow polygonal section. Table 1 reports the key geometric
characteristics of piers. The material mechanical properties (Table 2) have been selected as
average values of the concrete cubic compressive strength and of the reinforcement yield
strength values available in the database. In this regard, it is worth noting that material properties design values are obtained by reducing the mean values by partial safety factors and
knowledge factor according to the Italian Code Provisions NTC2018 and associated Commentary 2019 for existing Structures and Infrastructures [14,29].

Figure 4: Archetype example for Italian Territory bridges

Pier Section

Lenght Aconc Фlong ρlong Фt
s
[m] [m2] [mm] [%] [mm] [mm]

10

Table 1: Case study piers geometry
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fcd
[MPa]
26.80

Concrete
Ecm
[GPa]
29.57

εc0
[-]
0.2

Steel
Es
[GPa]
210.00

fyd
[MPa]
375.00

εcu
[-]
0.35

εsy
[-]
0.18

εsu
[-]
6.75

Table 2: Case study piers material properties

As regards the seismic demand, conditions of high seismicity were considered. Reference is
made to the L’Aquila site, representative of the seismology of central Apennine Italy. A nominal life VN= 100 years and an Importance Level IV (Important strategic functions structures)
[29] are considered in order to account for the strategic function of the bridge structure. In Table
3 the main parameter of the elastic acceleration response spectrum are presented for the limit
states of (Fully) Operational (SLO), Damage Control (SLD), Life Safety (SLV) and Collapse
Prevention (SLC).
PVR
[-]
81%
63%
10%
5%

TR
[years]
120
201
1898
2475

LIMIT STATE
[-]
SLO
SLD
SLV
SLC

ag
[g]
0.15
0.19
0.41
0.45

F0
[-]
2.3
2.31
2.44
2.46

T*C
[s]
0.30
0.32
0.38
0.38

Table 3: Response spectrum parameters

Three different degradation scenarios are applied to the case study bridge in order to evaluate
the potential losses in terms of seismic safety due to the corrosion effects. Each scenario, representative of a specific degradation level, is associated to the “Relative Defect Coefficient”
evaluated according to the qualitative defect sheets of the Italian guidelines for the evaluation
of existing bridges. In Figure 5 visual examples for assumed degradation scenarios are given.

Figure 5: Examples of degradation scenarios: a) Low degradation – Scenario 1. b) Medium degradation – Scenario 2. c) High degradation – Scenario 3.
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Defect
Umidity
Concrete Deterioration
Cracking
Rebars Corrosion

Scenario 1 - Low Degradation
Severity
Extention
4.00
0.50
2.00
0.50
2.00
1.00
5.00
0.20

Intensity
1.00
1.00
0.20
0.20

Relative Defect Coefficient

3.60

Scenario 2 - Medium Degradation
Defect
Severity
Extention
Umidity
4.00
0.50
Concrete Deterioration
2.00
0.50
Cracking
2.00
1.00
Cover Spalling
2.00
0.20
Stirrups Corrosion
3.00
0.50
Rebars Corrosion
5.00
0.20

Intensity
1.00
1.00
1.00
1.00
0.50
0.50

Relative Defect Coefficient

Defect
Umidity
Concrete Deterioration
Cracking
Cover Spalling
Stirrups Corrosion
Rebars Corrosion

Total Score
2.00
1.00
0.40
0.20

Total Score
2.00
1.00
2.00
0.40
0.75
1.25
7.40

Scenario 3 - High Degradation
Severity
Extention
4.00
0.50
2.00
0.50
2.00
1.00
2.00
0.20
3.00
0.50
5.00
0.20

Intensity
1.00
1.00
1.00
1.00
0.50
0.50

Relative Defect Coefficient

Total Score
2.00
2.00
2.00
2.00
1.50
1.25
10.75

Table 4: Degradation scenarios parameters considered for the case study

In Table 4 the degradation parameters assumed for each scenario are presented. For the Scenario
1, low degradation conditions are considered: it is assumed that corrosive agents have broken
the protective film of the bars but the corrosion of the latter has just begun (M loss = 5%), the
most obvious defect being the extensive deterioration of the concrete with capillary cracking.
In Scenario 1, the extent of the degradation is considered localized. The position of deterioration
is parametrically shifted to assess the influence of the location of the damage on the capacity of
the structure. For the Scenario 2, medium degradation conditions are considered with rebars
corrosion (Mloss = 15%) and partial detachment of the concrete cover. Also for Scenario 2 the
extent of the deterioration is assumed localized. For the Scenario 3, severe and limit conditions
are considered: rebars corrosion is high (Mloss = 25%) and the stirrups are no longer considered
resistant, the concrete cover has spalled and the extent of the damage affects a large part of the
pier. In Table 5 the corrosion consequences on material properties are presented for each scenario, the reinforcement mass loss values (Mloss) were chosen consistently with values found in
the literature for chlorides corrosion [11, 35].
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Steel

Scenario 1
Scenario 2
Scenario 3

Mloss
[-]
5%
15%
25%

εsy
[-]
0.20%
0.12%
0.09%

Concrete

εsu
[-]
5.13%
2.97%
1.72%

fym
[Mpa]
337.57
260.27
186.11

fum
[Mpa]
489.67
389.00
288.33

w
[mm]
0.12
0.82
4.09

fc,rid
[Mpa]
26.37
24.21
21.12

Table 5: Corrosion consequences on material properties

Given the high uncertainty of the corrosion rate, an upper and a lower bound were identified
through the study of predictive models available in the literature and adopted to evaluate the
reinforcement mass losses, Mloss for the case study bridge over a period of 15 years. The limit
values of the corrosion rates together with the consequent Mloss values assumed over time are
shown in Figure 6.

Figure 6: Corrosion intensity evolution for each scenario: a) Lower bound corrosion rate. b) Upper bound corrosion rate

3.2 Safety reduction and risk assessment results
The models described above for the strength and ductility losses for structural members subject
to corrosion were applied to the structure for thte three deterioration scenarios. Figure 7 shows
the moment-curvature curve for the weakest bridge pier for the non-corroded case and each
corrosion scenario considered. It can be noted that as the degradation increases, a marked loss
of element ductility is observed. This effect is mainly due to the reduction in terms of steel
ultimate deformation capacity.
Then the bridge seismic capacity for each scenario was calculated. In Figure 8 the global capacity curves and expected performance within a ADRS (Acceleration Displacement Response
Spectrum) domain are presented for the longitudinal direction. Worth noting that, as the seismic
safety in the transverse direction did not present significant problems for any scenario, albeit
with a reduction in vulnerability, the results have been herein omitted. As it can be observed,
in the longitudinal direction the seismic safety check is no longer satisfied for all scenarios. The
safety index reduces from ]e=1.15 for the non-corroded case to a ]e=0.98, 0.71 and 0.61, for
scenario 1, 2 and 3.
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Figure 7: Moment-curvature relationship for the base section of bridge piers

Figure 8: Capacity curves and safety index evaluation for the case study bridge. a) scenario 1. b) scenario 2. c)
scenario 3.

3529

M. Gentile, F. Molaioni and S. Pampanin

Considering the upper and lower bound corrosion rate values previously described, the decay
of the Safety Risk index over time is evaluated and shown in Figure 9. For the case study, a
maximum percentage loss of seismic safety in 15 years of about 47% for scenario 3 is assessed.
Reduction due to the upper bound corrosion rate in 15 years is about 15%, while for the lower
bound is about 2.5% highlighting the extreme importance of this parameter characterized by
high uncertainty.
In order to calculate the collapse probability of piers, variations in the intensity (3-30% M loss),
in the number of corroded bars, in the critical damaged section location (base section, 0.25L,
0.5L) are considered. Altogether a sample of 186 performance data of the structure referred to
the achievement of the ultimate displacement of the pile is obtained. The reference parameter
is the PGA, peak ground acceleration, associated with a given damage state. The damage states
considered are the displacement limits reported in the study in [39]. For the Collapse Prevention
limit state the displacement limit considered is the ultimate one. The values obtained for the
corrosion localization and damage uncertainties and the combination of the two with the epistemic and aleatoric uncertainties are reported in Table 6.

Figure 9: Safety factor decay over time due to corrosion development

Sound
Scenario 1
Scenario 2
Scenario 3

PGA
[g]
0.43
0.4
0.35
0.31

βmodel+materials+demand
[-]
0.6
0.6
0.6
0.6

βlocalization
[-]
0.17
0.17
0.17

βdamage
[-]
0.16
0.16
0.16

βlocalization+damage
[-]
0.24
0.24
0.24

βtotal
[-]
0.6
0.65
0.65
0.65

Table 6: Main parameters for fragility curves calculation

The collapse probability curves were then calculated for the non-corroded bridge and each scenario considered. The results are reported in Figure 10. As the severity of the deterioration
increases, the fragility curve shifts to the left. This indicates that, as expected, as the damage
from deterioration increases, there is a greater probability of collapse for a given PGA (seismic
intensity).
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Figure 10: Collapse probability - Pier

4

CONCLUSIONS

In this work, a practical methodology for the seismic safety assessment of reinforced concrete
bridges subject to corrosion phenomena was presented. Furthermore, considering different corrosion propagation models, seismic safety losses were also evaluated over time. The methodology was applied to a case study bridge (archetype), representative of the most typical
technology and structural scheme adopted in the Central Italy territory. Finally, considering the
epistemic and aleatoric uncertainties related to the materials, to the model, to the seismic demand, and to the corrosion intensity and localization starting from a defect index, the methodology allows to calculate the collapse probability curves, considering the ultimate displacement
of the piers as Engineer Demand Parameter and the PGA taken as Intensity Measure.
The assessment results of the case study show that for bridges with supported beam static
scheme the sensitivity to corrosion phenomena may significantly undermine the structure seismic safety. For the most severe deterioration scenario, results in terms of safety factor and fragility curve show the need for retrofit intervention to recover the initial safety level. Results
obtained for the mild and medium intensity scenarios, on the other hand, do not seem to cause
immediate and significant reductions in safety. Yet the study of the evolution of corrosive phenomena over time shows that, in the case of high corrosion rates, safety may be compromised
within a few years. For these cases it should also be considered that time can cause the deterioration to evolve not only in intensity but also in extension, thus potentially moving in a short
time into a more severe deterioration scenario. In these cases, therefore, although structural
restoration interventions might not be urgent, continuous monitoring and appropriate maintenance plans including preventive “light” restoration interventions might be critical to preserve
the integrity and safety of the bridge in the long-term.
The analyses carried out show a significant loss of capacity in the case of localization of a weak
section along the height of the pier rather than at the base.
The methodology presented, both for its simplicity and its effectiveness can represent a useful
support tool integrating the visual inspection approach for assessing the corrosion effects on the
R.C. bridge piers and therefore evaluating the overall structure seismic capacity. It can, therefore, represents a valuable decision support tool in terms of retrofit/restoration/maintenance
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priorities related to the seismic performance of the structure. Further improvement and refinement of the methodology are needed and are under developments, to include further sources of
material deterioration as well as local and global failure mechanisms.
Yet, in the authors’ opinion, the high uncertainty associated with the corrosion phenomena,
both in terms of mechanical consequences and in evolution over time, remains the main issue
in the evaluation of seismic capacity. In this regard, the fragility curves evaluated through the
proposed methodology can somehow account for this lack of current knowledge in the form of
aleatoric and epistemic uncertainties. In any case, an adequate integration of the various approaches, e.g. visual inspection, theoretical quantitative evaluation and mechanical on-site testing, within a unified framework and assessment procedure can lead to a robust hybrid procedure
for a more reliable estimation and control of the static (and seismic) performance and safety of
bridge structures.
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7RU9HUJDWD8QLYHUVLW\
9LD3ROLWHFQLFR5RPH,WDO\
HPDLOFKLDUDRUPDQGR#XQLURPDLWLDQQLUXEHUWR#XQLURPDLW


(1($ 1DWLRQDO$JHQF\IRU1HZ7HFKQRORJLHV(QHUJ\DQG6XVWDLQDEOH(FRQRPLF'HYHORSPHQW 
/XQJRWHYHUH7KDRQGL5HYHO5RPH,WDO\
HPDLO VRQLDJLRYLQD]]LSDRORFOHPHQWHPDXUL]LRSROOLQRYLWWRULRURVDWR #HQHDLW

$EVWUDFW
CIPCast DSS, is a complex yet user-friendly and interoperable Decision Support System
platform supporting the risk assessment and the real-time 24/7 operational monitoring of
interdependent distributed critical infrastructures. CIPCast DSS is the reference platform for
EISAC.it, the Italian node of the European Infrastructure Simulation and Analysis Centre.
This paper presents the customization of CIPCast DSS to support the management of road
networks in the aftermaths of an earthquake event, providing information on the damage and
residual functionality of viaducts and bridges and the estimations of the earthquake-induced
impacts in the surrounding natural and built environments. CIPCast DSS allows to support
the identification of the areas and sections of the road networks that have been exposed to the
ground shaking, and to estimate, in a simplified way, earthquake-induced damages for the
road network components. Towards that fragility curves, numerical model analysis and data
from Structural Health Monitoring (SHM) systems and sensors are used. The paper proposes
physical damage indicators for bridges to be included in CIPCast DSS and the possible
layout of SHM sensors to support their detection.
.H\ZRUGV+LJKZD\V%ULGJHV'HFLVLRQ6XSSRUW6\VWHP(PHUJHQF\PDQDJHPHQW
(DUWKTXDNHLQGXFHGGDPDJHDQGLPSDFW6WUXFWXUDO +HDOWK0RQLWRULQJ6\VWHP
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 ,1752'8&7,21
,Q,WDO\WKHURDGQHWZRUNLVVWLOOWKHPDLQWUDQVSRUWDWLRQPHDQVIRUERWKSHRSOHDQGJRRGV
HYHU\ \HDU DERXW  PLOOLRQV YHKLFOH DQG QHDUO\  ELOOLRQ WRQV RI JRRGV  RI WKH WRWDO
,WDOLDQWUDGHGJRRGV WUDYHODORQJWKH,WDOLDQKLJKZD\QHWZRUN>@6RPHVHFWLRQVRIWKH,WDOLDQ
KLJKZD\QHWZRUN VXFKDV$DQG$ DUHFUXFLDOIRUHPHUJHQF\RSHUDWLRQLQWKHHYHQWRI
FULVHVDQGGLVDVWHUV7KHEXVLQHVVDVXVXDOPDLQWHQDQFHDQGSRVWHYHQWHIIHFWLYHPDQDJHPHQW
RI KLJKZD\ QHWZRUNV DUH WKHUHIRUH IXQGDPHQWDO WR JXDUDQWHH WKH ZHOOEHLQJ RI WKH VHUYHG
FRPPXQLWLHV WR VXSSRUW WKH ORJLVWLF DQG WKH IXQFWLRQDOLW\ RI WKH HFRQRPLF V\VWHPV DQG WR
JXDUDQWHHDUDSLGDQGHIIHFWLYHUHFRQVWUXFWLRQDQGUHFRYHU\DIWHUFULWLFDOHYHQWV
,WDO\ KDV PRUH WKDQ  WKRXVDQG NLORPHWUHV RI URDG DQG FRXQWV PRUH WKDQ  WKRXVDQG
NLORPHWUHVRIDUWZRUNVPRUHWKDQKDOIEXLOWEHIRUH>@ZKHQVHLVPLFSUHVFULSWLRQVZHUH
DOPRVW LQH[LVWHQW $ PHWLFXORXV DVVHVVPHQW RI WKH VWUXFWXUDO LQWHJULW\ RI WKHVH VWUXFWXUHV LV
WKHUHIRUHLPSHUDWLYHWRJHWKHUZLWKDQHYDOXDWLRQRIWKHUHVLOLHQFHRIWKHURDGQHWZRUN
3DUWLFXODUDWWHQWLRQVKRXOGEHSDLGWRWKHYXOQHUDELOLW\DVVHVVPHQWRIEULGJHVDQGYLDGXFWV
FRQVLGHULQJWKHWUDIILFORDGGHPDQGZKLFKWKH\DUHVXEMHFWHGWR WKDWPLJKWEHKLJKHUWKDQWKH
RQH WKH\ ZHUH GHVLJQHG IRU  DQG WKH SRVVLEOH SUHVHQFH RI SUHH[LVWLQJ GDPDJH LQGXFHG E\
HQYLURQPHQWDOGHJUDGDWLRQDQGRUE\FULWLFDOHYHQWVXFKDVHDUWKTXDNHVDQGIORRGV
7RZDUGV WKDW WKH ³Linee Guida ponti´ >@ LH “Guidelines for Risk Classification, Risk
Management, Safety Evaluation and Monitoring of Existing Bridges”UHOHDVHGE\0,7,WDOLDQ
0LQLVWU\ IRU ,QIUDVWUXFWXUH DQG 7UDQVSRUWV KDYH GHILQHG D GHWDLOHG RSHUDWLYH IUDPHZRUN IRU
WKHFODVVLILFDWLRQDQGWKHVWUXFWXUDOVDIHW\DVVHVVPHQWRIWKH,WDOLDQEULGJHV
7KH LGHD SUHVHQWHG LQ WKLV SDSHU LV WR HPEHG WKH DIRUHPHQWLRQHG LQVWLWXWLRQDO IUDPHZRUN
IRUWKHULVNDVVHVVPHQWRIEULGJHVLQCIPCast (Critical Infrastructure Protection risk analysis
and foreCAST) Decision Support Systems DSS  UHIHUUHG KHUHDIWHU DV CIPCast DSS ZKHUH
VFHQDULRDQDO\VLVFDQEHSHUIRUPHGFRQVLGHULQJDOVRLQWHUGHSHQGHQFLHVDQGFDVFDGLQJHIIHFWV
WR VXSSRUW ULVN DVVHVVPHQW DQG UHVLOLHQFH HQKDQFHPHQW RI WKH ZKROH URDG QHWZRUN $IWHU D
EULHI RYHUYLHZ RQ ZRUOGZLGH LQLWLDWLYHV WR SURPRWH WKH UHVLOLHQFH RI KLJKZD\V DQG URDG
QHWZRUNVDQGDQRQH[KDXVWLYHOLWHUDWXUHUHYLHZRQUHODWHG'66WKH,WDOLDQSODWIRUPCIPCast
DSS LV LQWURGXFHG DQG GHVFULEHG DV D SRWHQWLDO WRRO IRU WKH ULVN DQDO\VLV WKH UHDOWLPH
PRQLWRULQJ WKH EXVLQHVV DV XVXDO DV ZHOO DV HPHUJHQF\ PDQDJHPHQW RI ,WDOLDQ KLJKZD\
QHWZRUNV ,Q SDUWLFXODU WKH SRVVLEOH XVH RI CIPCast DSS WR VXSSRUW WKH SRVWHDUWKTXDNH
PDQDJHPHQWRIKLJKZD\QHWZRUNVLVVKRZFDVHGLQWKLVSDSHUWRSURYLGHWRWKHFRQWUROURRPV
DQG WR WKH KLJKZD\ PDQDJHUV LQIRUPDWLRQ RQ WKH HDUWKTXDNHLQGXFHG GDPDJH DQG UHVLGXDO
IXQFWLRQDOLW\RIEULGJHVRIWKHKLJKZD\QHWZRUNDVDZKROHDQGRQWKHSRVVLEOHLPSDFWVRQ
WKH VXUURXQGLQJ QDWXUDO DQG EXLOW HQYLURQPHQWV ,Q SDUWLFXODU WKH DFWXDO VWDWH DQG UHVLGXDO
IXQFWLRQDOLW\ RI EULGJHV LV HVWLPDWHG LQ CIPCast DSS WKURXJK .H\ 3HUIRUPDQFH ,QGLFDWRUV
.3,V E\ FRPELQLQJ WKH UHVXOWV REWDLQHG IURP HPSLULFDO PHWKRGV QXPHULFDO PRGHOV DQG
ZKHQDYDLODEOHSHUIRUPDQFHLQGLFDWRUVDVVHVVHGIURPWKHGDWDFROOHFWHGE\6+0V\VWHPV>
@
 29(59,(:21,1,7,$7,9(6$1'722/67268332577+(5(6,/,(1&(
2)+,*+:$<1(7:25.6
7KH UHVLOLHQFH DQG ULVN PDQDJHPHQW RI &ULWLFDO ,QIUDVWUXFWXUHV &,V  LQFOXGLQJ KLJKZD\
QHWZRUNVKDVEHHQWKHVXEMHFWRIVHYHUDOYHQWXUHVDWQDWLRQDOJRYHUQPHQWOHYHOZRUOGZLGHLQ
WKHODVWGHFDGHV
,QWKH86'HSDUWPHQWRI+RPHODQG6HFXULW\SXEOLVKHGWKH1DWLRQDO,QIUDVWUXFWXUH
3URWHFWLRQ 3ODQ 1,33  VXEVHTXHQWO\ UHYLVHG LQ  DQG LQ  WR RXWOLQH KRZ SULYDWH
VHFWRU SDUWLHV DQG JRYHUQPHQW GHSDUWPHQWV VKRXOG RSHUDWH DQG LQWHUDFW WR HYDOXDWH WKH
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VHFXULW\ WR HQVXUH WKH UHVLOLHQFH DQG WR PDQDJH WKH ULVN RI &,V 7KH PDLQ SXUSRVHV RI WKH
1,33DUHWKHLGHQWLILFDWLRQRIWKUHDWVDQGKD]DUGVWKDWPLJKWDIIHFW&,VWKHUHGXFWLRQRI&,V
YXOQHUDELOLWLHV DQG WKH GHYHORSPHQW RI VWUDWHJLHV IRU PLWLJDWLQJ WKH SRWHQWLDO FRQVHTXHQFHV
LQGXFHG E\ FULWLFDO HYHQWV ,QGXVWULDO &RQWURO 6\VWHPV ,&6  QHZ 2SHUDWLRQDO 7HFKQRORJ\
27  DV ZHOO DV ,QWHOOLJHQW 7UDQVSRUW 6\VWHPV ,76  DQG 5RDG 1HWZRUN 2SHUDWLRQV 512 
KDYHEHHQLQWURGXFHGLQRUGHUWRUHDFKWKHVHJRDOV
,Q  IROORZLQJ )XNXVKLPD QDWXUDO DQG QXFOHDU GLVDVWHU 0DUFK WK   -DSDQ
GHYHORSHG D SURJUDP WR SURPRWH WKH UHVLOLHQFH RI &,V LQFOXGLQJ HQHUJ\ ZDWHU DQG
WUDQVSRUWDWLRQLQIUDVWUXFWXUHV WRFULWLFDOHYHQWVLQYHVWLQJRQWKHSURJUDPDSSUR[LPDWHO\
ELOOLRQ GROODUV >@ ,Q  -DSDQ DSSURYHG WKH )undamental Plan for National Resilience
GHILQLQJWKHSULQFLSOHVWKDWJRYHUQVWKHUHVLOLHQFHRI&,DLPLQJWRSUHYHQWORVVRIKXPDQOLIH
WR DYRLG WKH G\VIXQFWLRQDOLW\ RI DGPLQLVWUDWLYH DQG HFRQRPLF V\VWHPV WR UHGXFH SK\VLFDO
GDPDJHVRQVWUXFWXUHVLQIUDVWUXFWXUHVDQGJRRGVDQGWRHQVXUHDUDSLGDQGHIIHFWLYHUHFRYHU\
DIWHUFULWLFDOHYHQWV
,QWKH$XVWUDOLDQJRYHUQPHQWUHOHDVHGWKHCritical Infrastructure Resilience Strategy
WRHQVXUHWKHFRQWLQXHGRSHUDWLRQRI&,LQWKHIDFHRIGLIIHUHQWSRVVLEOHKD]DUGVWKHDLPEHLQJ
WRVXSSRUW&,RZQHUVDQGRSHUDWRUVWREHHIILFLHQWLQWKHPDQDJHPHQWRIERWKIRUHVHHDEOHDQG
XQIRUHVHHDEOHULVNV
,Q (XURSH LQ  WKH ZKLWH SDSHU ³Resilience Management Guidelines for Critical
Infrastructures”1ZDV RXWOLQHG E\ FRPELQLQJ WKH RXWFRPHV RI  +RUL]RQ  SURMHFWVWKH
ZKLWHSDSHUSURPRWHVWKHLPSOHPHQWDWLRQRIDQEuropean Resilience Management Guideline
for Infrastructures
$VIDUDV'66WRROVDUHFRQFHUQHGDPRQJVHYHUDOH[LVWLQJYDOLGSURWRW\SHVDQGRSHUDWLRQDO
WRROVWZRKDYHEHHQVHOHFWHGIRUDEULHISUHVHQWDWLRQLQWKLVVHFWLRQDVWKH\KDYHDJRGILWIRU
SXUSRVH DV IDU DV WKH DIRUHPHQWLRQHG &, UHVLOLHQFH LQLWLDWLYHV DQG SROLF\ IUDPHZRUNV DUH
FRQFHUQHGQDPHO\5('$5670DQG&,3&DVW'66
5('$5670  5LVNV IURP (DUWKTXDNH 'DPDJH WR 5RDGZD\ 6\VWHPV >@ LV D SXEOLF
GRPDLQ VRIWZDUH SURPRWHG DQG ILQDQFLDOO\VXSSRUWHGLQWKH86$E\WKH)HGHUDO+LJKZD\
$GPLQLVWUDWLRQ )+:$ WKDWVLQFHKDVEHHQVSRQVRULQJD6HLVPLF5HVHDUFK3URJUDP
5('$5670  FDQ VXSSRUW WKH DVVHVVPHQW RI VHLVPLFLQGXFHG KD]DUGV LQFOXGLQJ JURXQG
PRWLRQ OLTXHIDFWLRQ DQG VXUIDFH IDXOW UXSWXUH DQG E\ FRQVLGHULQJ WKH YXOQHUDELOLW\ RI WKH
KLJKZD\ DVVHWV FDQ VXSSRUW WKH HVWLPDWLRQ RI HDUWKTXDNHLQGXFHG GDPDJHV IRU GLIIHUHQW
FRPSRQHQWVRIWKHKLJKZD\QHWZRUNIRUERWKVLPXODWHGDQGUHDOHYHQWV
$IWHU WKH DVVHVVPHQW RI HDUWKTXDNHLQGXFHG SK\VLFDO GDPDJH RQ WKH URDG QHWZRUN
5('$5670  FDQ EH XVHG IRU DVVHVVLQJ WKH SRVWGLVDVWHUWUDIILF VWDWHVDQG WR HYDOXDWH WKHLU
LQIOXHQFH RQ WUDIILF IORZV DLPLQJ WR HVWLPDWH WKH LQFUHDVHG WUDYHOWLPH DORQJ NH\ OLIHOLQH
URXWHVDQGWKHUHVXOWLQJHFRQRPLFORVVHVDQGLPSDFWVRQWKHVHUYHGFRPPXQLW\
6LPXODWHG HYHQWV FDQ EH UXQ LQ 5('$5670  IRU SODQQLQJ SXUSRVHV WR HVWLPDWH WKH
HIIHFWLYHQHVV RI YDULRXV VHLVPLF UHWURILWWLQJ RSWLRQV DQG VWUDWHJLHV WRZDUGV WKH PLWLJDWLRQ RI
WKHVHLVPLFULVNIRUWKHKLJKZD\QHWZRUN
,QFDVHRIUHDOHYHQW5('$5670FDQVXSSRUWQHWZRUNPDQDJHUVWRFRQGXFWDQLQIRUPHG
DQGDZDUHGHFLVLRQPDNLQJSURFHVVWRZDUGVDQHIIHFWLYHHPHUJHQF\PDQDJHPHQW>@DQGWR
LGHQWLI\WKHQHHGHGUHPHGLDODFWLRQVWKHLUFRVWDQGEHQHILWV


KWWSVVPU
SURMHFWHXILOHDGPLQXVHUBXSORDG'RFXPHQWV5HVRXUFHV:3B'56BB:+,7(B3$3(5BILQDOB$SULOSGI

+'563URMHFWVLH'$5:,1 KWWSVKGDUZLQHX ,03529(5
KWWSLPSURYHUSURMHFWHX 5(6,/,(16 KWWSUHVLOLHQVHX 5(62/87( KWWSUHVROXWHHXRUJ DQG605
KWWSVPUSURMHFWHXKRPH 
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&,3&DVW '66 LV D :(%*,6EDVHG VRIWZDUH GHYHORSHG DV SDUW RI WKH (8IXQGHG )3
SURMHFW&ULWLFDO,QIUDVWUXFWXUHV3UHSDUHGQHVVDQG5HVLOLHQFH5HVHDUFK1HWZRUN&,351HW>@
IRU WKH UHDOWLPH DQG RSHUDWLRQDO   PRQLWRULQJ DQG ULVN DQDO\VLV RI EXLOW DQG QDWXUDO
HQYLURQPHQWVZLWKVSHFLDOIRFXVRQWKHDQDO\VLVRILQWHUGHSHQGHQWFULWLFDOLQIUDVWUXFWXUHVVXFK
DVHOHFWULFSRZHUZDWHUWHOHFRPPXQLFDWLRQURDGQHWZRUNVDQGVWUDWHJLFEXLOGLQJV
&,3&DVW'66LVWKHPDLQWRROXVHGE\(,6$&WKH(XURSHDQ,QIUDVWUXFWXUH6LPXODWLRQDQG
$QDO\VLV &HQWUH D (XURSHDQZLGH QHWZRUN RI QDWLRQDO FHQWUHV DLPLQJ WR VXSSRUW WKH
SURWHFWLRQ DQG UHVLOLHQFH HQKDQFHPHQW RI &ULWLFDO ,QIUDVWUXFWXUHV WKH ,WDOLDQ (,6$& FHQWHU
QDPHO\ (,6$&LW DOUHDG\ DFWLYHO\ FROODERUDWLQJ ZLWK SURYLGHUV RI HVVHQWLDO VHUYLFHV DVVHW
PDQDJHUV DQG RSHUDWRUV RI &LV DLPV WR FROODERUDWH ZLWK WKH ,WDOLDQ 'HSDUWPHQW RI &LYLO
3URWHFWLRQ '3&  WR VXSSRUW VFHQDULR DQG ULVN DQDO\VLV IRU WKH SURWHFWLRQ DQG UHVLOLHQFH
HQKDQFHPHQWRI&,V
,QWKHIROORZLQJSDUDJUDSKVWKHIXQFWLRQDOLWLHVRI&,3&DVW'66DUHEULHIO\SUHVHQWHGDQG
GLVFXVVHGLQUHODWLRQWRLWVSRVVLEOHXVHIRUVXSSRUWLQJWKHHPHUJHQF\PDQDJHPHQWRIKLJKZD\
QHWZRUNVLQWKHDIWHUPDWKVRIHDUWKTXDNHHYHQWVDQGIRUULVNPLWLJDWLRQSXUSRVHV
 &,3&$67'66)257+(())(&7,9(3267($57+48$.(0$1$*(0(17
2)52$'1(7:25.6
&,3&DVW'66FRXOGEHDSSOLHGLQWKHPDQDJHPHQWRIKLJKZD\QHWZRUNVSDUWLFXODUO\LQWKH
GHFLVLRQPDNLQJSURFHVVDIWHUDQHDUWKTXDNHHYHQW>@7KHLGHDLVWRSURYLGHWRRSHUDWRUVDQG
PDQDJHUV RI WKH KLJKZD\ QHWZRUNV D WRRO FRQQHFWHG DQG LQWHUIDFHG ZLWK RWKHU WRROV DQG
GHSOR\HGVHQVRUV )LJXUH WREHXVHGERWKIRUWKHHIIHFWLYHPDQDJHPHQWRIURDGQHWZRUNVLQ
WKHDIWHUPDWKRIHPHUJHQFLHVLQGXFHGE\QDWXUDOHYHQWVLQFOXGLQJHDUWKTXDNHV7KHIRFXVRI
WKLV SDSHU LV RQ WKH SDUDPHWHUV XVHG E\ &,3&DVW '66 WR SURYLGH LQIRUPDWLRQ WR WKH DVVHW
PDQDJHUVRQWKHVDIHW\DQGUHVLGXDOIXQFWLRQDOLW\RIYLDGXFWVDQGEULGJHVLQWKHDIWHUPDWKRI
DQ HDUWKTXDNH HYHQW $ EULHI RYHUYLHZ RI KRZ &,3FDVW '66 ZRUNV DQG ZKLFK UHOHYDQW
GDWDEDVHVDUHLQFOXGHGLQ&,3&DVWJHRGDWDEDVHVLVSURYLGHGKHUHDPRUHH[KDXVWLYHRYHUYLHZ
RQWKHIXQFWLRQVLQFOXGHGLQWKHSODWIRUPFDQEHIRXQGLQ>@>@

)LJXUH&,3&DVW'66DQGSRVVLEOHFRQQHFWHGWRROVDQGDSSOLFDWLRQV



(,6$&LW KWWSZZZHLVDFLW ZDVHVWDEOLVKHGLQWKDQNVWRDFROODERUDWLRQDJUHHPHQWEHWZHHQ(1($
WKH,WDOLDQ$JHQF\IRU1HZ7HFKQRORJLHV(QHUJ\DQG6XVWDLQDEOH(FRQRPLF'HYHORSPHQW
KWWSVZZZHQHDLWHQ DQG,1*9WKH1DWLRQDO,QVWLWXWHRI*HRSK\VLFVDQG9ROFDQRORJ\
KWWSZZZLQJYLWHQ 
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&,3&DVW *HR'DWDEDVHV UHIHUUHG KHUHDIWHU DV &,3&DVW '%V DOORZ WKH VWRULQJ DQG
PDQDJHPHQW RI ODUJH TXDQWLWLHV RI JHRVSDWLDOGDWDREWDLQHGWKURXJK*,6SURFHVVLQJRUIURP
H[WHUQDO VRXUFHV LQFOXGLQJ DPRQJ RWKHUV 2SHQ 'DWD ILHOG VHQVRU GDWD WKLUG SDUW\ RU
GLVWULEXWHG UHSRVLWRULHV 7KH GDWD FDQ EH VWRUHG ORFDOO\ RU LQ GLIIHUHQW UHPRWH VHUYHUV
DFFHVVLEOH WKURXJK VHUYLFHV FRPSOLDQW ZLWK WKH 2SHQ *HRVSDWLDO &RQVRUWLXP 2*& 
VWDQGDUGV $V IDU DV WKH VHLVPLF DVVHVVPHQW DQG PDQDJHPHQW RI WKH URDG QHWZRUNV LV
FRQFHUQHG &,3&DVW '%V LQFOXGH GDWD IRU WKH DVVHVVPHQW RI ERWK WKH VHLVPLF JURXQG PRWLRQ
DQGVHLVPLFLQGXFHGKD]DUGDQGIRUWKHFKDUDFWHULVDWLRQRIWKHVHLVPLFYXOQHUDELOLW\RIFULWLFDO
FRPSRQHQWVVXFKDVEULGJHVYLDGXFWVWXQQHOVDQGHPEDQNPHQWV&,3&DVW'%VIRUWKHVHLVPLF
KD]DUGFKDUDFWHULVDWLRQLQFOXGHDPRQJRWKHUVPLFUR]RQDWLRQIDXOWVORFDWLRQVXUIDFHIDXOWLQJ
OLTXHIDFWLRQ SRWHQWLDO HDUWKTXDNHV KLVWRULFDO SDUDPHWULF FDWDORJXH ODQGVOLGH DQG URFNIDOO
KD]DUGPDSVIURPSDVWHYHQWDQGIURPVDWHOOLWHGDWD6$5 6\QWKHWLF$SHUWXUH5DGDU FDQEH
XVHG )LJXUH 

)LJXUH([DPSOHRIJHRGDWDLQFOXGHGLQ&,3&DVW'%V D NQRZQIDXOWVORFDWLRQIURP,1*9DQG E ODQGVOLGH
ULVNPDSVIURP3$, 3LDQR$VVHWWR,GUHRJHRORJLFR 

$V IDU DV WKH FKDUDFWHULVDWLRQ RI YLDGXFWV RU RWKHU DUWHIDFWV DUH FRQFHUQHG &,3&DVW FDQ
LQWHUIDFHZLWKH[WHUQDOGDWDEDVHVYLDZHEVHUYLFHVWRFROOHFWDQGFROODWHDQ\DOUHDG\H[LVWLQJ
LQIRUPDWLRQ WKXV DYRLGLQJ GXSOLFDWLRQ RI GDWD DQG ZDVWH RI WLPH 7KH LGHD LV DFWXDOO\ WR
SURPRWHWKHFUHDWLRQRIDVWDQGDUGLVHGLQWHURSHUDEOHSODWIRUPFRQQHFWHGWR&,3&DVWWKDWZLOO
FROODWHDQ\UHOHYDQWGDWDEDVHVIRUYLDGXFWVRURWKHUURDGDUWHIDFWVDQGWKDWZLOODOORZWRUHFRUG
QHZ GDWD >@ $V D PDWWHU RI IDFW VLQFH VHYHUDO \HDUV (1($ DV SDUW RI WKH 3(// 3XEOLF
(QHUJ\ /LYLQJ /DE  SURMHFW VXSSRUWHG E\ WKH ,WDOLDQ 0LQLVWU\ RI (FRQRPLF 'HYHORSPHQW
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0,6(KDVEHHQSURPRWHGDQGERRVWHGWKHGLJLWL]DWLRQRIGDWDDQGLQIRUPDWLRQUHODWHGWRWKH
SXEOLF DGPLQLVWUDWLRQ ZLWK VSHFLDO IRFXV RQ HQHUJ\LQWHQVLYH DQG VWUDWHJLF LQIUDVWUXFWXUHV
7KH 3(// VWDQGDUGLVHG SODWIRUP LV DOUHDG\ RSHUDWLYH LQ VHYHUDO ,WDOLDQ PXQLFLSDOLWLHV IRU
3XEOLF/LJKWLQJ 3(//,3LH³,OOXPLQD]LRQH3XEEOLFD´LQLWDOLDQ DQGLVXQGHUGHYHORSPHQW
DVIDUDVVFKRROV>@DQGKRVSLWDOV 3(//(GLILFLLH3(//EXLOGLQJV DUHFRQFHUQHG
)RU D SRVVLEOH 3(//YLDGRWWL >@ LH 3HOOYLDGXFWV  WKH LGHD ZRXOG EH WR FROODWH DPRQJ
RWKHUV GDWD DOUHDG\ LQFOXGHG LQ  QDWLRQDO FDWDORJXHV VXFK DV WKH ³1DWLRQDO ,QIRUPDWLF
&DWDORJXH RI 3XEOLF 6WUXFWXUH´ $,123 ODXQFKHG DQG PDQDJHG E\ WKH ,WDOLDQ 0LQLVWU\ RI
,QIUDVWUXFWXUHVDQG7UDQVSRUWDWLRQ0,7WRGLJLWDOLVHGDWDWKDWPLJKWKDYHEHHQFROOHFWHGLQ
SDSHUIRUPE\WKH3G&0 VFKHGHOLYHOORSRQWL WRVWRUHLQDGLJLWDOIRUPDWWKHGDWDWKDW
QHHGWREHQHZO\FROOHFWHGDFFRUGLQJWRWKHIRUPVH[SUHVVO\VHWE\/LQHH*XLGDRIWKH,WDOLDQ
0,7>@
&,3&DVW'66IRUURDGQHZRUNV )LJXUH DOORZVURDGQHWZRUNRSHUDWRUVDQGHPHUJHQF\
PDQDJHUVWRJDLQYLDDXVHUIULHQGO\:HE*,6LQWHUIDFHUHDOWLPHLQIRUPDWLRQRQWKHSRVLWLRQ
DQG H[WHQW RI WKH JURXQG PRWLRQ DQG LQGXFHG VHLVPLF KD]DUG LQ WKH DIWHUPDWK RI DQ
HDUWKTXDNHHYHQWDVZHOODVDQHVWLPDWHRIWKHSRVVLEOHGDPDJHDQGLPSDFWVVXIIHUHGE\WKHLU
QHWZRUN WKDW LV FRQWLQXRXVO\ XSGDWHG DQG PDGH PRUH UHOLDEOH WKDQNV WR WKH IORZ RI NH\
SHUIRUPDQFH LQGLFDWRUV .3,V FDOFXODWHG IURP GDWD FROODWHG WKURXJK VHQVRUV GHSOR\HG RQ
VRPHPRQLWRUHGFRPSRQHQWVRIWKHQHWZRUN
,QWKHILUVWLQVWDQFH&,3&DVW'66DOORZWRYLVXDOLVHWKHSRVLWLRQ FRRUGLQDWHVRIHSLFHQWUH
DQG K\SRFHQWUH GHSWK  DQG   ZDYH PDJQLWXGH 0: RI DQ\ RFFXUULQJ VHLVPLF HYHQW
RYHUFRPLQJWKH0: WKUHVKROG LQUHDOWLPHDVVRRQDVWKHLQIRUPDWLRQDUHPDGHDYDLODEOH
E\,1*9 JHQHUDOO\IHZPLQXWHVDIWHUWKHHYHQW 
%DVHG RQ WKDW JURXQG VKDNLQJ PDSV DUH LPPHGLDWHO\ FRPSXWHG E\ DXWRPDWLFDOO\
LPSOHPHQWLQJ *URXQG 0RWLRQ 3UHGLFWLRQ (TXDWLRQV *03(V  WKDW FDQ DFFRXQW DOVR IRU
SRVVLEOH VLWH DPSOLILFDWLRQ $W WKH WLPH WKH *03( SURYLGHG E\ %LQGL HW DO >@ LV
LPSOHPHQWHGEXWDQ\RWKHU*03(FDQEHFRQVLGHUHG7KHDYDLODELOLW\RIWKLVILUVWHVWLPDWHRI
WKH H[WHQW DQG VHYHULW\ RI WKH VHLVPLF JURXQG VKDNLQJ DORQJ WKH URDG QHWZRUN DOORZV
LGHQWLI\LQJ WKH VHJPHQWV DQG FULWLFDO FRPSRQHQWV VXFK DV YLDGXFWV DQG HPEDQNPHQW WKDW
KDYH SUHVXPDEO\ VXVWDLQHG KLJKHU DFFHOHUDWLRQV DQG GLVSODFHPHQWV DQG WKDW PLJKW EH ZRUWK
LQVSHFWLQJDVVRRQDVSRVVLEOH3RVVLEOHZDUQLQJDERXWDQ\UHDFKHGWKUHVKROGIRUWKHSRVVLEOH
RFFXUUHQFH RI HDUWKTXDNHLQGXFHG KD]DUGV HJ URFNIDOO ODQGVOLGHV SHUPDQHQW ODQG
GHIRUPDWLRQ OLTXHIDFWLRQ ILUHV IROORZLQJ HDUWKTXDNH HWF  RU RI DQ\ FRQFXUUHQW KD]DUGRXV
VLWXDWLRQ HJ VHYHUHH[WUHPH ZHDWKHU IRUHVW ILUHV IORRGLQJ HWF  DUH RQ WKH VDPH WLPH
UHOHDVHGE\&,3&DVW7KHRIILFLDO,1*9VKDNHPDSVDUHVXEVWLWXWHGWRWKHVLPXODWHGRQHVDV
VRRQDVWKH\DUHPDGHDYDLODEOH JHQHUDOO\ZLWKLQDQKRXUDIWHUWKHHYHQW 
%DVHGRQWKHVLPXODWHGVKDNHPDSVILUVWDQGRQRIILFLDOVKDNHPDSVWKHQDILUVWHVWLPDWH
RI WKH SRVVLEOH HDUWKTXDNHLQGXFHG SK\VLFDO GDPDJH WR WKH PDLQ YLDGXFWV LV SHUIRUPHG E\
&,3&DVW LPSOHPHQWLQJ VLPSOLILHG DSSURDFKHV 7LHU  DQG  DSSURDFKHV DV H[SODLQHG LQ
6HFWLRQ EDVHGRQWKHVKDNLQJVXVWDLQHGDQGDFFRXQWLQJIRUDQ\IXUWKHUSRVVLEOHFRQFXUUHQW
KD]DUGVLIQHFHVVDU\6LPXOWDQHRXVO\LIDPRQLWRULQJV\VWHPLVLQVWDOOHGRQYLDGXFWV&,3&DVW
FDQ WXQH FRPSOHPHQW WKH HVWLPDWLRQ ZLWK WKH .3,V UHVXOWLQJ IURP WKH GDWD FROOHFWHG E\ WKH
VHQVRUV 7LHU  DSSURDFK  WKXV DOORZLQJ WR REWDLQ D PRUH UHOLDEOH DVVHVVPHQW RI WKH DFWXDO
FRQGLWLRQRIWKHVWUXFWXUH



$FFRUGLQJWRWKHVWDQGDUGVVHWE\$J,'$JHQF\IRU'LJLWDO,WDO\ KWWSVZZZDJLGJRYLWHQ 
KWWSVDLQRSPLWJRYLWSRUWDOH

KWWSVKDNHPDSUPLQJYLWVKDNH
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7KDQNVWRDOOWKHDIRUHPHQWLRQHGUHDOWLPHDVVHVVPHQWWKHPRVWDIIHFWHGVHJPHQWVRIWKH
URDG DUH LGHQWLILHG )LJXUH   DQG XVHIXO LQIRUPDWLRQ RQ WKH UHVLGXDO IXQFWLRQDOLW\ RI WKH
KLJKZD\ QHWZRUNV DQG RQ SRVVLEOH VDIH SDWKV WR HYDFXDWH WKH WUDIILF FDQ EH HYDOXDWHG
7KURXJK DOO WKH LQIRUPDWLRQ GLVSOD\DEOH RQ WKH :HE*,6 LQWHUIDFH RI &,3&DVW WKH DVVHW
PDQDJHUVFDQSHUIRUPDPRUHDZDUHDQGSDUWLFLSDWHGGHFLVLRQPDNLQJSURFHVVWRZDUGVDVDIHU
DQGPRUHHIIHFWLYHHPHUJHQF\PDQDJHPHQW

)LJXUH*URXQGVKDNLQJPDSRIWKH$SULO/¶$TXLOD(DUWKTXDNHRYHUODLGZLWKWKHKLJKZD\URXWHWKH
PRUHVHYHUHGDPDJHWRYLDGXFWVZHUHDFWXDOO\LGHQWLILHGLQWKHYLDGXFWVORFDWHGLQWKHDUHDVWKDWH[SHULHQFHG
KLJKHUJURXQGVKDNLQJ

 5,6.,1',&$725$1'6+0,17+($&7,9(0$1$*(0(172)6(,60,&
(9(17
'XULQJVHLVPLFHPHUJHQF\DVVDLGEHIRUH&,3&DVWFDQHYDOXDWHWKHGDPDJHDQGWKHVDIHW\
RIYLDGXFWVWKURXJKGLIIHUHQWPHWKRGVEDVHGRQWKHDYDLODEOHLQIRUPDWLRQ
,Q &,3&DVW WKUHH GLIIHUHQW WLHU RI GDPDJH HVWLPDWLRQ ZRXOG EH LPSOHPHQWHG (DFK WLHU
FRUUHVSRQGVWRDGLIIHUHQWUHOLDELOLW\ZKLFKGHSHQGVRQWKHQXPEHURILQIRUPDWLRQUHTXLUHGE\
WKHPHWKRGRIGDPDJHDVVHVVPHQW,Q7DEOHWKHWKUHHDGRSWHGWLHUVLQRUGHURIUHOLDELOLW\
DQGWKHLUIHDWXUHVDUHVXPPDUL]HG
)RU HDFK WLHU D .H\ 3HUIRUPDQFH ,QGLFDWRU IRU WKH IXQFWLRQDOLW\ OHYHO .3,6/2 DQG WKH
GDPDJH OHYHO .3,6/9 FDQ EH GHILQHG WR TXLFNO\ HYDOXDWHWKH VWDWH RI DEULGJH 7DEOH   DQG
DFWXDWHWKHPRVWDSSURSULDWHHPHUJHQF\SODQ


7LHUDSSURDFKHPSLULFDOIUDJLOLW\FXUYHV

7KHILUVWWLHUDVVHVVHVWKHGDPDJHXVLQJIUDJLOLW\FXUYHVZKLFKUHSUHVHQWWKHSUREDELOLW\RI
H[FHHGLQJ D SUHGHILQHG GDPDJH VWDWH '6  DV IXQFWLRQ RI HQJLQHHULQJ GHPDQG VXFK DV SHDN
JURXQGDFFHOHUDWLRQ 3*$ VSHFWUDODFFHOHUDWLRQ 6D RUVSHFWUDOGLVSODFHPHQW 6G 
$IUDJLOLW\FXUYHFDQEHGHILQHGWKURXJKDQDO\WLFRUHPSLULFDOPHWKRGV$QDO\WLFPHWKRGV
UHTXLUHGDQXPEHURILQIRUPDWLRQWRRKLJKWREHXVHGDVDILUVWOHYHORIGDPDJHDVVHVVPHQW
6R &,3&DVW '66 LPSOHPHQWV WKH HPSLULFDO PHWKRG GHILQHG LQ WKH IUDPHZRUN RI 5,6.8(
SURMHFWEDVHGRQHPSLULFDOGDWDFROOHFWHGDIWHUGLIIHUHQWVHLVPLFHYHQW
7KH PHWKRG GLYLGHV YLDGXFWV LQWR  FDWHJRULHV EDVHG RQ WKH SDUDPHWHUV VXPPDUL]HG LQ
7DEOHDQG7DEOHDQGGHILQHVGLIIHUHQW'DPDJH6WDWH
 '0LQRUGDPDJH
 '0RGHUDWHGDPDJH
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 '([WHQVLYH'DPDJH
 '&RPSOHWH'DPDJH
5HTXLUHGLQIRUPDWLRQ
0DWHULDO&ROXPQ%HQW7\SH
6SDQ&RQWLQXLW\'HVLJQ
7LHU
FRQYHQWLRQDORUVHLVPLF DQG
6NHZDQJOH
*HRPHWU\0DWHULDO
&RQVWUXFWLRQGHWDLOVDQGDOOWKH
7LHU
LQIRUPDWLRQWRFUHDWHD
QXPHULFDOPRGHORIWKHEULGJH
7LHU

*HRPHWU\PDWHULDO
FRQVWUXFWLRQGHWDLO

'HPDQG
3DUDPHWHU

$SSURDFK

5LVNRU
GDPDJH
.3,

6SHFWUDO
DFFHOHUDWLRQ
6D V 

)UDJLOLW\FXUYHV

.3,

1XPHULFDO0RGHO

.3,

6+0

.3,

7LPHKLVWRU\
DFFHOHUDWLRQRI
WKHVHLVPLFHYHQW
DWWKHEDVHRIWKH
VWUXFWXUH
4XDQWLW\
UHJLVWHUHGE\
6+0V\VWHP

7DEOH7LHUHG$SSURDFK

)XQFWLRQDOLW\OHYHO
2SHUDWLYHEULGJH
%ULGJHWRYHULI\
,QRSHUDWLYHEULGJH

.3,6/2


!

'DPDJHOHYHO
/RZ
0HGLXP
+LJK

.3,6/9


!

7DEOH9DOXHRI.3,WRHYDOXDWHWKHVWDWHRIDEULGJH

0DWHULDO

&ROXPQ%HQW7\SH

6SDQ&RQWLQXLW\

$OO

6LQJOH6SDQ


6LPSOH6XSSRUW

6LQJOH
&RQWLQXRXV
&RQFUHWH
6LPSOH6XSSRUW
0XOWLSOH
&RQWLQXRXV

6WHHO

0XOWLSOH

6LPSOH6XSSRUW

$OO

&RQWLQXRXV

2WKHU


7DEOH5LVN8(FODVVLILFDWLRQRIEULGJHV
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'HVLJQ
&RQYHQWLRQDO
6HLVPLF
&RQYHQWLRQDO
6HLVPLF
&RQYHQWLRQDO
6HLVPLF
&RQYHQWLRQDO
6HLVPLF
&RQYHQWLRQDO
6HLVPLF
&RQYHQWLRQDO
6HLVPLF
&RQYHQWLRQDO
6HLVPLF


&DWHJRU\
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)RU HDFK FDWHJRU\ WKH PHWKRG DOORZV WR GHILQH WKH SUREDELOLW\ RI H[FHHGDQFH RI WKH
SUHGHILQHGGDPDJHVWDWHVNQRZLQJ
 7KHVNHZDQJOHLHWKHDQJOHEHWZHHQWKHSULQFLSDOD[LVRIPLQLPXPLQHUWLDRIWKHSLHU
DQGDOLQHQRUPDOWRURDGZD\FHQWUHOLQH
 7KHVSHFWUDODFFHOHUDWLRQDW7 V 6D V REWDLQHGIURPWKHUHVSRQVHVSHFWUXPRIWKH
FRQVLGHUHGHDUWKTXDNH
 7KHQXPEHURIVSDQV
)L[LQJWKHSUREDELOLW\RIWKH'DPDJH6WDWHIRUZKLFKWKHYLDGXFWLVFRQVLGHUHGLQRSHUDEOH
6/2 DQGH[WUHPHO\GDPDJH 6/9 WKHYDOXHRIWKH6D V LQGXFLQJVXFKVWDWHVLVGHILQHG
UHVSHFWLYHO\DV6DB6/2DQG6DB6/9)RUH[DPSOH'DQG'OHYHOVRIGDPDJHFDQEHFRQVLGHUHG
UHVSHFWLYHO\WRDVVHVVWKHVSHFWUDODFFHOHUDWLRQRIWKHIXQFWLRQDOLW\OHYHODQGWKHGDPDJHOHYHO
7KHVH YDOXHV FDQ EH FRPSDUHG WR WKH 6D V  RI WKH UHVSRQVH VSHFWUXP RI WKH FRQVLGHUHG
HDUWKTXDNH7KHUHIRUHWZR.3,VFDQEHGHILQHGE\HTXDWLRQV  DQG  UHVSHFWLYHO\IRUWKH
IXQFWLRQDOLW\OHYHODQGWKHGDPDJHOHYHO
KPI SLO
KPI SLV



Sa
S a SLO
Sa
Sa




SLV

7LHUDSSURDFKQXPHULFDOPRGHOV

7KHVHFRQGWLHUDVVHVVWKHGDPDJHWKURXJKDQXPHULFDOPRGHORIWKHEULGJH7KHUHTXLUHG
LQIRUPDWLRQ RQ WKH YLDGXFW LQFUHDVHV ZLWK UHVSHFW WR WLHU  ,Q RUGHU WR FUHDWH WKH QXPHULFDO
PRGHODWOHDVWWKHIROORZLQJLQIRUPDWLRQDUHUHTXLUHG
 6WUXFWXUDOW\SH
 0DWHULDOVDQGWKHLUSURSHUWLHV
 'HWDLOHGJHRPHWU\
 &RQVWUXFWLRQGHWDLOV
,IPRUHLQIRUPDWLRQVXFKDVSUHVHQFHRIGHJUDGDWLRQSKHQRPHQDDUHNQRZQWKHUHOLDELOLW\RI
WKHPHWKRGLQFUHDVHV
$IWHUWKHVHLVPLFHYHQWEDVHGRQWKHDYDLODEOHLQIRUPDWLRQRQERWKWKHHDUWKTXDNHDQGWKH
VWUXFWXUH D OLQHDU RU QRQOLQHDU DQDO\VLV RI WKH YLDGXFW FDQ EH SHUIRUPHG DQG WKH G\QDPLF
UHVSRQVHRIWKHVWUXFWXUHFDQEHDVVHVVHG6RPHUHOHYDQWSDUDPHWHUVFDQEHREWDLQHGWRGHILQH
WKHVWDWHRIWKHYLDGXFW)RUH[DPSOHIRUEULGJHZLWKVLPSOHVXSSRUWHGEHDPVFRQVLGHULQJDQ
HODVWLFQXPHULFDOPRGHOWKHIROORZLQJSDUDPHWHUVVKRXOGEHGHWHUPLQHG
 7KH KRUL]RQWDO GLVSODFHPHQWV ǻW DQG ǻE DW WKH WRS DQG DW WKH EDVH RI WKH SLHUV
UHVSHFWLYHO\LQRUGHUWRFDOFXODWHWKHGULIWRIWKHSLHUįS
 7KHURWDWLRQVșWDURXQGWKHKRUL]RQWDOD[LVDWWKHWRSRIWKHSLHUV
 7KH KRUL]RQWDO UHODWLYHGLVSODFHPHQWįWEHWZHHQWKHGHFNDQGWKHWRSRIWKHSLHUVLI
DQ\
 7KHURWDWLRQșKRIEHDPVHFWLRQDWWKHEHDULQJV
 7KHYHUWLFDOGLVSODFHPHQWįRIWKHEHDPDWWKHKDOIVSDQ
,IDQRQOLQHDUDQDO\VLVLVFDUULHGRXWDOVRWKHURWDWLRQVșE DURXQGWKHKRUL]RQWDOD[LVDW
WKH EDVH RI WKH SLHUV VKRXOG EH HYDOXDWHG 7KHVH SDUDPHWHUV DUH VLPSO\ UHSUHVHQWHG LQ
)LJXUH
,Q&,3&DVW'66WKHYDOXHRIWKHVHSDUDPHWHUVLVFRPSDUHGWRGLIIHUHQWWKUHVKROGYDOXH
GHWHUPLQHGLQRUGHUWRGHWHFWWKHWKHIXQFWLRQDOLW\OHYHODQGWKHGDPDJHOHYHO1DPLQJ;L
WKH LWK SDUDPHWHU DVVHVVHG IURP WKH PRGHO DQG ;L 6/2   DQG ;L 6/9  WKH WKUHVKROG YDOXH
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UHVSHFWLYHO\ IRU WKH IXQFWLRQDOLW\ DQG WKH GDPDJH OHYHO WKHNH\ SHUIRUPDQFH SDUDPHWHUV
DUHGHILQHGE\HTXDWLRQV  DQG  UHVSHFWLYHO\

KPI  SLO

§ Xi
PLQ ¨
¨ X i SLO
©

·
¸¸
¹



KPI  SLV

§ Xi
PLQ ¨
¨ X i SLV
©

·
¸¸
¹

  

)LJXUH5HOHYDQWSDUDPHWHUWRDVVHVVVWUXFWXUDOGDPDJH WLHU 



7LHUDSSURDFK6+0GDWDSURFHVVLQJDQGLQWHJUDWLRQLQWKHDVVHVVPHQW

7KH WKLUG WLHU FRQVLGHUV WKH XVH RI D 6WUXFWXUDO +HDOWK 0RQLWRULQJ 6+0 V\VWHP ,Q WKH
IROORZLQJWKHSURFHGXUHWRGHVLJQD6+0V\VWHPLVUHSRUWHG
 $FKLHYHPHQWRIDQDFFXUDWHNQRZOHGJHRIWKHVWUXFWXUH
 'HILQLWLRQRIWKHSXUSRVHRIWKHPRQLWRULQJV\VWHP
 'HVLJQRIWKHPRQLWRULQJV\VWHP
 'HILQLWLRQRIWKHPRGDOLW\RIGDWDDFTXLVLWLRQ
 'HILQLWLRQRIWKHDOJRULWKPWRHODERUDWHWKHGDWD
 &KRRVHRIWKHLQWHUSUHWDWLYHPRGHO
 'HILQLWLRQRIWKHPDQDJHPHQWSURFHVV
.QRZLQJWKHVWUXFWXUHDQGWKHSXUSRVHRIWKHPRQLWRULQJWKH6+0V\VWHPPXVWEHGHVLJQ
FRQVLGHULQJ D JUHDW QXPEHU RI LVVXHV >@ 7KH PRQLWRULQJ WLPH ZLQGRZ WHPSRUDU\ RU
SHUPDQHQW V\VWHP  WKH NLQG RI VHQVRUV LQFOLQRPHWHUV VWUDLQ JDXJHV GLVSODFHPHQW VHQVRUV
DFFHOHURPHWHU« WKHWHFKQRORJLHV 0(06VHQVRUVRSWLFDOILEHUVHQVRUV« DQGLQVWUXPHQWV
OD\RXWDUHFKRVHQEDVHGRQWKHVFRSHRIWKHPRQLWRULQJ>@
,QRUGHUWRDVVHVVWKHDFWXDOKHDOWKFRQGLWLRQRIDEULGJHGXULQJDQHDUWKTXDNHDSHUPDQHQW
6+0V\VWHPLVUHTXLUHG7KHVHQVRUVZRUNEXWWRUHGXFHWKHPHPRU\GLPHQVLRQRIWKH
GDWDVWRUDJHWKHGDWDUHFRUGLQJVWDUWVRQO\DIWHUDIL[HGQXPEHURIVHQVRUVH[FHHGDWKUHVKROG
YDOXH 6R &,3&DVW '66 UHFHLYHV DOPRVW LPPHGLDWHO\ RQO\ WKH UHFRUGLQJV RI PHDQLQJIXO
VHLVPLFHYHQWV)RUWKLVSXUSRVHGLIIHUHQWNLQGRILQVWUXPHQWOD\RXWFDQEHFRQVLGHUHG
7R LPPHGLDWHO\ REWDLQ WLPHKLVWRULHV RI WKH VDPH TXDQWLWLHV HYDOXDWHG E\ D QXPHULFDO
PRGHODQGFRPSDUHWKHPWRWKHWKUHVKROGIL[HGYDOXHWRHYHQWXDOO\DFWLYDWHDVWDWHRIDOHUWRU
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HPHUJHQF\ ZLWK UHIHUHQFH WR D YLDGXFW ZLWK VLPSOH VXSSRUWHG EHDPV WKH IROORZLQJ
LQVWUXPHQWVOD\RXWFDQEHXVHG
 GLVSODFHPHQW VHQVRUV /9'7  DW WKH WRS DQG EDVH RI WKH SLHUV WR PHDVXUH WKHLU
KRUL]RQWDOGLVSODFHPHQWV
 LQFOLQRPHWHUV DW WKH WRS DQG EDVH RI WKH SLHUV WR PHDVXUH WKHLU URWDWLRQ DURXQG WKH
KRUL]RQWDOD[LV
 UHODWLYH GLVSODFHPHQW VHQVRUV IRU H[DPSOH UDGDU VHQVRU EHWZHHQ WKH KHDGHU DQG WKH
GHFNEHDPVWRPRQLWRUWKHLUUHODWLYHKRUL]RQWDOGLVSODFHPHQWLIDQ\
 LQFOLQRPHWHUVRQWKHGHFNEHDPVWRPHDVXUHWKHLUURWDWLRQDURXQGWKHWUDQVYHUVDOD[LV
 YHUWLFDOGLVSODFHPHQWVHQVRUVRIWKHEHDPDWWKHKDOIVSDQ
7KLVOD\RXWUHSUHVHQWVWKHPLQLPXPQXPEHURIVHQVRUVUHTXLUHGWRDVVHVVWKHGLVSODFHPHQWRI
WKH VWUXFWXUH RQO\ WKURXJK D 6+0 V\VWHP $FWXDOO\ IRU YHU\ GLIIHUHQW UHDVRQV D VPDOOHU
QXPEHURIVHQVRUVFRXOGEHXVHG,QWKLVZD\WKHUHDUHQRHQRXJKUHFRUGLQJGDWDWRDVVHVVWKH
VWDWH RI WKH VWUXFWXUH DQG WKH LQIRUPDWLRQ PXVW EH XSGDWHG ZLWK VRPH SDUDPHWHUV REWDLQHG
SHUIRUPLQJ D WLPHKLVWRU\ DQDO\VLV RQ WKH QXPHULFDO PRGHO 7KH WLPH KLVWRU\ DQDO\VLV LV
DOZD\VSRVVLEOHLIDWWKHEDVHRIWKHVWUXFWXUHDFFHOHURPHWHUVDUHLQVWDOOHGLQWKUHHGLIIHUHQW
SHUSHQGLFXODUGLUHFWLRQV
$QRWKHU LQVWUXPHQWV OD\RXW LQYROYLQJ DFFHOHURPHWHUV FDQ EH LPSOHPHQWHG ,Q WKLV FDVH
WKHIROORZLQJOD\RXWFDQEHXVHG
 DW WKH JURXQG  DFFHOHURPHWHUV WR PHDVXUH LWV DFFHOHUDWLRQ DORQJ WKH ORQJLWXGLQDO
WUDQVYHUVDODQGYHUWLFDOGLUHFWLRQV
 DWWKHSLOHFDSVDOPRVWRQHDFFHOHURPHWHUDORQJORQJLWXGLQDOWUDQVYHUVDODQGYHUWLFDO
GLUHFWLRQV ,I D PRUH DFFXUDWH HYDOXDWLRQ LV UHTXLUHG DOPRVW WKUHH XQDOLJQHG VHQVRUV
IRUHDFKGLUHFWLRQPXVWEHVHWWOHG
 RQWRSRIWKHSLHUVDOPRVWWZRDFFHOHURPHWHUVDORQJWKHORQJLWXGLQDOGLUHFWLRQDQGRQH
DORQJWKHWUDQVYHUVDOGLUHFWLRQ
 RQWKHEHDPPRUHVHQVRUVDUHUHTXLUHGWRSURSHUO\DVVHVVLWVEHKDYLRXU7KHHVVHQWLDO
VHQVRUV DUH WKUHH XQDOLJQHG YHUWLFDO DFFHOHURPHWHUV RQH WZR  VHQVRU DW RQHWKLUG RI
WKHVSDQDQGWZR RQH VHQVRUVDWWKUHHWKLUGRIWKHVSDQ,QDGGLWLRQWZRXQDOLJQHG
DFFHOHURPHWHUV DORQJ WUDQVYHUVDO GLUHFWLRQ FDQ EH VHWWOHG RQH DW RQHWKLUG DQG WKH
RWKHU DW WZRWKLUG RI WKH VSDQ )XUWKHUPRUH RQH RU WZR VHQVRUV LQ ORQJLWXGLQDO
GLUHFWLRQFDQEHGLVSRVHG
7KH YDOXHV RI WKH UHFRUGHG DFFHOHUDWLRQ SURYLGH VRPH LQGLFDWLRQ DERXW WKH VWUHVV RI WKH
VWUXFWXUH DQG LQWHJUDWLQJ WKH VLJQDO LQIRUPDWLRQ RQ YHORFLW\ DQG GLVSODFHPHQW FDQ EH
REWDLQHG
+RZHYHU WKLV NLQG RI SDWWHUQ LV FRPPRQO\ XVHG WR DVVHVV WKH G\QDPLF SURSHUWLHV RI WKH
EULGJH GXULQJ DQ HDUWKTXDNH 7KURXJK D IUHTXHQF\ GRPDLQ DQDO\VLV WKH ILUVWV PRGDO VKDSHV
DQGWKHLUIUHTXHQFLHVFDQEHREWDLQHG7KHVHYDOXHVHYDOXDWHGIRUGLIIHUHQWHDUWKTXDNHVFDQ
EH FRPSDUHG DV VKRZQ LQ )LJXUH  IRU WKH FDVH RI &HVL YLDGXFW 7KH IUHTXHQFLHV YDU\
EHWZHHQ WKH GLIIHUHQW VHLVPLF HYHQWV DQG WKH\ GHFUHDVH ZKHQ WKH $ULDV ,QWHQVLW\ RI WKH
(DUWKTXDNHFDOFXODWHGDWWKHEDVHRIWKHEULGJHLQFUHDVHV7KHVWURQJHVWVHLVPLFHYHQWRFFXUV
RQ 2FWREHU   $IWHU WKLV HYHQW WKH IUHTXHQFLHV UHWXUQHG WR WKHLU LQLWLDO YDOXHV 7KH
VWUXFWXUHVKRZHGDQHODVWLFEHKDYLRXUDQGSUREDEO\WKHGHFUHDVHRIWKHIUHTXHQFLHVLVFDXVHG
RQO\E\DQRQOLQHDUEHKDYLRXU>@
7R DFKLHYH D IXOO UHSUHVHQWDWLRQ RI WKH KHDOWK FRQGLWLRQ RI WKH EULGJH ERWK WKH ILUVW DQG
VHFRQG SURSRVHG OD\RXW FDQ EH LPSOHPHQWHG )LJXUH  VKRZV DQ H[DPSOH RI OD\RXW
LPSOHPHQWHG LQ WKH PRQLWRULQJ RI WKH MHWW\ RI 0DQIUHGRQLD )LJXUH  D  VKRZV WKH
DFFHOHURPHWHUOD\RXWZKLFKLVUHSHDWHGHYHU\VL[VSDQV)LJXUH E VKRZVWKHGLVSODFHPHQW
VHQVRUOD\RXWRIDVSDQ
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)LJXUH)LUVWQDWXUDOIUHTXHQF\RI&HVLYLDGXFWGXULQJVRPHFRQVHTXHQWHDUWKTXDNHV

D

E
)LJXUH/D\RXWRIWKH D DFFHOHURPHWHUDQG E GLVSODFHPHQWVHQVRUVIRUWKHMHWW\RI0DQIUHGRQLD

7KLV NLQG RI PRQLWRULQJ V\VWHP LV XVHIXO DOVR WR DVVHVV WKH EHKDYLRU RI WKH VWUXFWXUH LQ
VHUYLFHDEOHFRQGLWLRQFRQVLGHULQJDPELHQWDQGWUDIILFLQGXFHGYLEUDWLRQV>@'HFUHDVLQJWKH
WKUHVKROGYDOXHVZKLFKDFWLYDWHWKHGDWDUHFRUGLQJ&,3&DVW'66FDQUHFHLYHGDWDRISRWHQWLDO
GDQJHURXV VLWXDWLRQ FDXVHG E\ WUDYHOOLQJ ORDGV 7KH 6+0 HIILFLHQF\ LQFUHDVHV LI :HLJKW ,Q
0RWLRQ :,0 V\VWHPVDUHLQFOXGHG7KHVHV\VWHPVDOORZWRREWDLQWKHZHLJKWDQGWKHVSHHG
RIWKHYHKLFOHFURVVLQJWKHEULGJH.QRZLQJWKLVLQIRUPDWLRQLIIRUHTXDOZHLJKWDQGVSHHGRI
YHKLFOHVWKHGHIRUPDWLRQVLQFUHDVHWKHVWUXFWXUHFDQEHGDPDJHG'HWHFWHGWKHGDPDJHWKH
PDLQWHQDQFHZRUNVFDQEHVFKHGXOHG
,QRUGHUWRREWDLQFRPSOHWHLQIRUPDWLRQRQWKHEULGJHVWDWXVDOVRWHPSHUDWXUHVHQVRUVDQG
ZHDWKHU FRQWURO XQLWV ZKLFK PHDVXUH KXPLGLW\ DLU SUHVVXUH LQWHQVLW\ RI UDLQ DQG LQWHQVLW\
DQGGLUHFWLRQRIZLQGPXVWEHLQVWDOOHG
7KH DQDO\VLV RIDOO WKHVH VHQVRU GDWD DOORZ WR DFFXUDWHO\ GHILQH WKH DFWLRQV RQWKHEULGJH
ERWKLQVHLVPLFDQGVHUYLFHDEOHFRQGLWLRQDQGVRWREHWWHUXQGHUVWDQGWKHVWUXFWXUDOUHVSRQVH
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RIWKHYLDGXFWDQGSURPSWO\GHWHFWGDQJHURXVVLWXDWLRQV$QH[DPSOHRIVXFKLQWHJUDWHGDQG
FRPSOHWH6+0V\VWHPVLVUHSUHVHQWHGE\WKHQHZ6DQ*LRUJLREULGJH>@
'HSHQGVRQWKHIHDWXUHVRIWKH6+0V\VWHPLPSOHPHQWHGRQDEULGJHWKH.3,VFRXOGEH
GHILQHGGLIIHUHQWO\7KHSXUSRVHRIWKHDXWKRUVLVWRGHILQHVXLWDEOH.3,IRUWKHPRVWFRPPRQ
VLWXDWLRQV
 &21&/86,216

$IWHUDEULHIO\RYHUYLHZRQWKHZRUOGZLGHLQLWLDWLYHVWRSURPRWHWKHUHVLOLHQFHRI&ULWLFDO
,QIUDVWUXFWXUHV DQG RQ GHYHORS 'HFLVLRQ 6XSSRUW 6\VWHP IRU WKH PDQDJHPHQW RI WKH URDG
QHWZRUNV WKH IHDWXUHV DQG SRWHQWLDOLWLHV RI WKH &,3&DVW '66 LQ XVH DW (,6$&LW KDYH EHHQ
GHVFULEHG
&,3&DVW '66 LV D FRPSOH[ \HW XVHUIULHQGO\ WHFKQRORJLFDO SODWIRUP LQFOXGLQJ GLIIHUHQW
LQWHURSHUDEOHWRROVWKDWHQDEOHWKHPRQLWRULQJWKHDQDO\VLVDQGWKHULVNDVVHVVPHQWRI&ULWLFDO
,QIUDVWUXFWXUH &,3&DVW '66 JDWKHUV DQG FRQQHFWV GLIIHUHQW YHUWLFDO WRROV DQG WKURXJK D
SRZHUIXO:HE*,6LQWHUIDFHDOORZVHQGXVHUVWRTXHU\GDWDEDVHV'%VDQGWRUXQVLPXODWLRQ
IRU VXSSRUWLQJ ZKDWLI DQDO\VLV DQG GHFLVLRQPDNLQJ SURFHVVHV ,Q WKH DIWHUPDWKV RI DQ
HDUWKTXDNH&,3&DVW'66FDQHIIHFWLYHO\VXSSRUWWKHDVVHVVPHQWRIWKHUHVLGXDOIXQFWLRQDOLW\
RIWKHKLJKZD\QHWZRUN7KHSDSHUKDVRXWOLQHGWKHDSSURDFKHGLPSOHPHQWHGZLWKLQ&,3FDVW
DQGKDVRULJLQDOO\LQWURGXFHG.H\3HUIRUPDQFH,QGLFDWRUVDVVHVVHGIURP6+0V\VWHPGDWD
WKDW&,3&DVWFDQXVHWRWXQHDQGPDNHDUHOLDEOHHVWLPDWLRQRISRVVLEOHGDPDJH7KHUHIRUH
&,3&DVW FDQ DVVHVV WKH LPSDFW RQ WKH KLJKZD\ QHWZRUN IXQFWLRQDOLW\ WKURXJK VLPSOLILHG
DSSURDFKHV DOORZLQJ DQ LQIRUPHG DQG DZDUH GHFLVLRQPDNLQJ SURFHVV LQ WKH DIWHUPDWK RI
VHLVPLF HPHUJHQFLHV 7KH LQWHJUDWLRQ EHWZHHQ &,3&DVW DQG 6+0 V\VWHPV LQVWDOOHG RQ
YLDGXFWVFDQHIIHFWLYHO\FRQWULEXWHWRFUHDWH³6PDUW+LJKZD\´ZKHUHGLIIHUHQWWRROVDQDO\VLV
PHWKRGDQGWHFKQRORJLHVZRUNWRJHWKHUWRHQVXUHWKHUHVLOLHQFHRIWKHKLJKZD\V\VWHP

$&.12:/('*0(176

7KH DFWLYLWLHV SUHVHQWHG LQ WKH SDSHU KDYH EHHQ FRQGXFWHG LQ WKH IUDPHZRUN RI WKH
IROORZLQJSURMHFWVWKDWDUHDFNQRZOHGJHG$5&+H5$)$(/

5()(5(1&(6

>@ )%RQWHPSLThe control and the assessment of the safety of existing bridges – part 1
and part 2³6WUDGHHDXWRVWUDGH´Q-XO\$XJXVW
>@ 0LQLVWHUR GHOOH ,QIUDVWUXWWXUH H GHL 7UDVSRUWL Linee Guida per la Classificazione e
Gestione del Rischio, la Valutazione della Sicurezza ed il Monitoraggio dei Ponti
Esistenti0,7'0GHO
>@ 3 &OHPHQWH $ 'H 6WHIDQR Novel methods in SHM and monitoring of bridges.
Foreword)RUHZRUGWR6SHFLDO,VVXHRI-RI&LYLO6WUXFWXUDO+HDOWK0RQLWRULQJ9RO
1R6SULQJHUKWWSVGRLRUJV
>@ 3&OHPHQWHMonitoring and evaluation of bridges. Lessons from the Polcevera Viaduct
collapse in Italy)RUHZRUGWRWKH6SHFLDO,VVXH³0RQLWRULQJDQGHYDOXDWLRQRIEULGJHV
IROORZLQJWKH3ROFHYHUDFROODSVH´RIWKH-&LYLO6WUXFWXUDO+HDOWK0RQLWRULQJ6SULQJHU
9RO1RKWWSVGRLRUJV
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>@ $ 'H:LW Japan’s “National Resilience” and the Legacy of 3-11 7KH $VLD3DFLILF
-RXUQDO9RO,VVXH1R0DUFK
>@ 6 ' :HUQHU & ( 7D\ORU 6 &KR -3 /DYRLH & +X\FN & (LW]HO + &KXQJ 57
(JXFKL REDARS 2 Methodology and Software for Seismic Risk Analysis of Highway
Systems )HGHUDO +LJKZD\ $GPLQLVWUDWLRQ 6SHFLDO 5HSRUW 0&((563 $XJXVW

>@ $'L3LHWUR//DYDOOH//D3RUWD03ROOLQR$7RIDQL95RVDWRDesign of DSS
for Supporting Preparedness to and Managment of Anomalous Situation in Complex
Scenario ,Q 5 6HWROD 9 5RVDWR ( .\ULDNLGHV DQG ( 5RPH HGV  0DQDJLQJ WKH
&RPSOH[LW\ RI &ULWLFDO ,QIUDVWUXFWXUHV 6WXGLHV LQ 6\VWHPV 'HFLVLRQ DQG &RQWURO
YRO 6SULQJHU ,QWHUQDWLRQDO 3XEOLVKLQJ   KWWSVGRLRUJ
B
>@ 6 *LRYLQD]]L 0 3ROOLQR 9 5RVDWR 3 &OHPHQWH * %XIIDULQL / /D 3RUWD $ 'L
3LHWUR ) &LDUDOOR 0 /RPEDUGL A decision support system for the emergency
management of highways in the event of earthquakes $WWL GHO ;9,,, &RQJUHVVR
1D]LRQDOH³/¶LQJHJQHULD6LVPLFDLQ,WDOLD´ $VFROL3LFHQRVHW 66
1R$1,',65RPD
>@ 3&OHPHQWH6*LRYDQL]]L03ROOLQR95RVDWR/%ODVR**LXOLDQL1*R]R&
2UPDQGR Towards Standardized and Interoperable Platforms for Supporting the
Seismic Vulnerability Assessment and Seismic Monitoring of Italian Bridges and
Viaducts (XURVWUXFW   VW &RQIHUHQFH RI WKH (XURSHDQ $VVRFLDWLRQ RQ 4XDOLW\
&RQWURORI%ULGJHVDQG6WUXFWXUHV8QLYHUVLW\RI3DGRYD,WDO\$XJXVW±6HSWHPEHU

>@ / %ODVR * %XIIDULQL 3 &OHPHQWH 6 *LRYLQD]]L 6 *LXOLDQL * 1LFROHWWD &
2UPDQGR 0 3ROOLQR 6 %LDQFKL 6 3DPSDQLQ / 3HGRQH PELL-Schools a
Standardized and Interoperable Platform for the Seismic Vulnerability and Energy
Efficiency Data Management of Italian Schools &203'<1 WK (&&20$6
7KHPDWLF &RQIHUHQFH RQ &RPSXWDWLRQDO 0HWKRGV LQ 6WUXFWXUDO '\QDPLFV DQG
(DUWKTXDNH (QJLQHHULQJ 0 3DSDGUDNDNLV 0 )UDJLDGDNLV HGV  6WUHDPHG IURP
$WKHQV*UHHFH±-XQH
>@ 0 $QQXQ]LDWR / %ODVR * %XIIDULQL 3 &OHPHQWH 6 *LRYLQD]]L & 0HORQL 6
3DPSDQLQ 6 3L]]XWL 0 3ROOLQR 9 5RVDWR 3(//6HLVPLF 6FKRRO SLDWWDIRUPD
LQWHJUDWD VWDQGDUGL]]DWD HG LQWHURSHUDELOH SHU VXSSRUWDUH OD YDOXWD]LRQH GHOOD
YXOQHUDELOLWj VLVPLFD GHOOH VFXROH LWDOLDQH $WWL GHO ;9,,, &RQJUHVVR 1D]LRQDOH
³/¶LQJHJQHULD6LVPLFDLQ,WDOLD´ $VFROL3LFHQRVHL 661R
$1,',65RPD
>@ '%LQGL)3DFRU//X]L53XJOLD00DVVD*$PHUL53DROXFFLGround motion
prediction equations derived from Italian strong motion database %XOOHWLQ RI
(DUWKTXDNH(QJLQHHULQJ  
>@ $*DVWLQHDX7-KRQVRQ$6FKXOW]Bridge health monitoring and inspections systems
– a survey of methods 'HSDUWPHQW RI &LYLO (QJLQHHULQJ 8QLYHUVLW\ RI 0LQQHVRWD

>@ 0)XULQJKHWWL$3DYHVHCloud Computing Strategies for Health Monitoring of Bridge
Structural Systems $WWL GHO ;9,,, &RQJUHVVR 1D]LRQDOH ³/¶LQJHJQHULD 6LVPLFD LQ
,WDOLD´ $VFROL3LFHQRVHW 66$1,',65RPD

3549

&KLDUD2UPDQGR8JR,DQQLUXEHUWR6RQLD*LRYLQD]]L3DROR&OHPHQWH0DXUL]LR3ROOLQRDQG9LWWRULR5RVDWR

>@ *%RQJLRYDQQL$&HOOLOOL3&OHPHQWH6*LRYLQD]]L&2UPDQGRSeismic response
of a r.c. viaduct during different earthquakes6+0,,±WK,QWHUQDWLRQDO&RQIHUHQFH
RQ6WUXFWXUDO+HDOWK0RQLWRULQJRI,QWHOOLJHQW,QIUDVWUXFWXUH3RUWR3RUWXJDO-XQH
-XO\
>@ 3 &OHPHQWH * %RQJLRYDQQL * %XIIDULQL ) 6DLWWD Structural health status
assessment of a cable-stayed bridge by means of experimental vibration analysis-RI
&LYLO 6WUXFWXUDO +HDOWK 0RQLWRULQJ6SULQJHU 9RO  1R  
KWWSVGRLRUJV
>@ 3 &OHPHQWH & 2UPDQGR Monitoring system of the San Giorgio Bridge at Genoa,
Italy7KH0RQLWRU:LQWHU,6+0,,
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Abstract
Roadway networks, playing a vital role in the economic prosperity of modern societies. Recent hazardous events in Greece, for instance, the 2021 Thessaly earthquake and floods and
the heavy 2019 rainfall in Crete, have demonstrated the vulnerability of roadway networks to
natural hazards, resulting in severe physical damage and important economic and societal
losses. Severe damage on bridges and tunnels of roadway networks is commonly related to
the effects of multiple hazards that may act independently during their life. However, the literature on risk assessment of the above elements is commonly focused on the effects of one
hazard, disregarding the potential interaction effects of diverse hazards in a multi-hazard environment. In this context, there is an increasing need for reasonable and effective evaluation
of the multi-hazard risk of transportation infrastructure. Research project INFRARES aspires
to bridge this gap by gaining further insight into the risk assessment of bridges and tunnels of
transportation networks in Greece, when subjected to separated and subsequent hazards, with
particular emphasis being placed on seismic and flood hazards. The present paper briefly
presents a unified methodology to homogenize the single seismic and flood hazard scenarios
and develop appropriate single- and multi-hazard maps for Greece to be used in risk assessment of roadway networks. Seismic hazard data, referring to rock site conditions, developed
within the SHARE research project (www.share-eu.org), is initially selected and is properly
amplified to account for site effects, by employing a simplified Vs,30 model originating from
morphology and topography data of each region in Greece. The seismic hazard is estimated
for a return period of 475 years. Flood hazard zones are derived for whole Greece using newly developed data from the Joint Research Center of the European Commission
(https://data.jrc.ec.europa.eu/dataset) for the 100-years return period scenario. Using the
above input, both single hazard and multiple hazard models are developed and provided in
terms of maps in GIS format. The model developed within this study is expected to be a valuable contribution towards the generation of a uniform multiple hazard model for the risk assessment of critical elements of transportation infrastructure in a multi-hazard environment.
Keywords: Natural hazards, earthquakes, floods, multi-hazard risk assessment.
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1

INTRODUCTION

The reliability of roadway networks and their components, exposed to multiple natural
hazards, is on the frontline of engineering research during the last three decades since potential damage on their critical components (e.g., bridges and tunnels) is strongly related to important direct and indirect economic losses. In this context, enhancing the resilience of
roadway networks is key for a safety and an economic viewpoint. Disaster resilience is defined by the National Academies as “the ability to prepare and plan for, absorb, recover from,
and more successfully adapt to adverse events,” while “enhanced resilience allows better anticipation of disasters and better planning to reduce disaster losses – rather than waiting for
an event to occur and paying for it afterward” [1]. To achieve such enhanced resilience, civil
infrastructure systems must not only survive natural disasters, but also recover to functional
levels within acceptable time and cost limits.
The spatial extent of most civil infrastructure systems, including roadway networks, and
the disparity of their elements make them susceptible to a wide range of natural hazards.
Bridges and tunnels are considered to be the most critical components of urban and interurban
transportation systems, and as such should ensure mobility and intercity connection after extreme hazard events. Bridge damage may cause significant disruption to a transportation system, resulting in severe substantial direct and indirect losses; for instance, the Loma Prieta
1989 earthquake resulted in more than 40 deaths due to bridge damage and $1.8 billion monetary direct losses due to damage to the transportation infrastructure [2]. Flood due to heavy
rainfall may result in substantial losses, as well; for example, in 2007, heave rainfall in the
UK affected the road network with estimated cost £60 million (The Parliamentary Office of
Science and Technology, Post Note Number 362, October 2010). Extreme weather conditions,
associated with recorded climate changes, e.g., floods and extreme temperatures, are expected
to worsen the performance of many bridges in the near future [3]. Damage on bridges due to
extreme weather conditions in Greece (e.g., reported damage due to heavy rainfall in Trikala
in 2016 and in Crete in2019) is more frequently recorded during the last years. Βridge damage
related to flood, scouring and ground failures may result in collapse and traffic disruption.
Although to a lesser extent, natural hazards may result in damage on tunnels as well. For instance, a large number of mountain tunnels suffered significant damage during the 1999 ChiChi earthquake in Taiwan, as well as during the 2008 Wenchuan earthquake in China [4].
During the last 30 years, several methods have been developed for the assessment of performance and vulnerability of bridges [5] and tunnels [4, 6] against seismic and flood hazard
[7]. Recognizing the significant effects of multiple hazards, as well as of climate change, on
the vulnerability of civil infrastructure, the research interest has been recently shifted upon the
derivation of multi-hazard fragility curves [8]. However, the lack of knowledge in this field
remains significant, when referring to transportation infrastructure, including roadway networks.
Regardless of the examined system or element at risk, one of the most critical steps of any
multi-risk assessment methodology is the appropriate definition of multiple hazard scenarios
under which the examined system or element may be subjected throughout its life.
Based on the above considerations, the main objective of the present paper is to present
briefly a framework for the development of combined seismic- flood-hazard scenarios to be
used for the risk assessment of critical elements of roadway networks, i.e., bridges and tunnels,
referring to whole Greece. The proposed framework helps towards a unified seismic- flood
hazard model, which will be used in within the research project INFRARES
(https://www.infrares.gr/) that aims at assessing the risk and resilience of bridges and tunnels
of roadway networks in Greece against the aforementioned hazards.
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2

INFRARES PROJECT

A comprehensive methodology for the risk and resilience assessment of roadway networks
in a multi-hazard environment, will be developed in the framework of INFRARES, focusing
on bridges and tunnels. To meet the objectives of the project, various methodological frameworks will be used, associated with the following steps enclosed in the definition and assessment of risk: (i) exposure: an inventory of crucial elements of transportation systems, i.e.,
bridges and tunnels, which may be affected by diverse natural hazards, will be developed accounting for typologies found commonly in Greece. (ii) Multi-Hazard assessment: various
scenarios of distinct and multiple natural hazards will be defined, focusing on earthquakes and
floods since these hazards are considered more relevant for the risk assessment of the transportation infrastructure in Greece. This step will include also the definition of appropriate
measures to describe the intensity of examined hazards. (iii) Vulnerability assessment: the degree of loss on the given element or set of elements at risk, when subjected to a specific natural hazard or to a combination of diverse hazards will be calculated, by employing
comprehensive numerical analyses of the selected elements, while accounting thoroughly for
the effects of ageing-related degradation phenomena of the elements, as well as of SoilStructure Interaction (SSI) effects.
Α fully parametrized software will accompany the methodology, allowing for its easier application by providing the provided time-dependent, multi-hazard fragility curves for roadway
bridges and tunnels. Figure 1 presents a first draft of the general flowchart of the methodology
that is being developed in the framework of the INRARES project.

Figure 1: Flowchart of INFRARES project
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In particular, INFRARES is expected to contribute on the State of the Art by providing an
innovative methodology for the generation of multi-hazard maps, to be used for the definition
of relevant scenarios in the framework of multi-hazard risk assessment of transportation or
other civil infrastructure. In addition, new, analytical fragility curves and functions will be
developed for various typologies of bridges and tunnels, and for distinct and/or combined
hazards, considering in the latter case combinations of hazards that are relevant for Greece.
Moreover, the damage state definitions within fragility analysis of bridges and tunnels will be
case- and hazard-specific, considering different failure modes and damage mechanisms, to fill
relevant knowledge gap. Finally, a resilience index will be proposed for bridges and tunnels
typologies, as well as for roadway networks, referring to distinct hazards and various hazard
combinations. In this context, the index will be appropriately modified so that to be applicable
for multi-hazard assessment purposes. The methodology and the software could be used for
rapid and rigorous pre- or post-event assessment of infrastructure or for post-event risk management, constituting very useful tools for stakeholders, operators, consultancies and public
authorities.
In the following sections, we focus on one of the main steps of the methodology, namely the
multi-hazard assessment. More specifically, we present an innovative methodology for the
generation of multiple seismic- flood- hazard models in GIS format.
3

MULTIPLE HAZARD SCENARIOS FOR TRANSPORTATION
INFRASTRUCTURE IN GREECE

In the framework of the multi-hazard assessment approach adopted herein, diverse natural
hazards and combined hazards scenarios are carefully selected, prioritized on the basis of the
potential to cause damage on transportation infrastructure and further examined. After a thorough literature review and lessons learned from past hazards events, earthquakes and floods
are selected as the most critical natural hazards for the assessment of the transportation infrastructure in Greece. Initially, each natural hazard is studied separately, while in a second
phase we examine the combination of the two hazards, proposing a unified framework for
multi-hazard scenarios. Both single or multiple hazards scenarios are visualized in the form of
maps in GIS format, referring to whole Greece.
The main steps of the herein proposed framework are:
Step 1: Establish a ranking of the different types of natural hazards, considering potential interactions between them.
Step 2: Identify single-hazard models.
Step 3: Identify multi-hazard models, covering all potential intensities and relevant hazard
interactions.
Step 4: Generate single- and multiple- hazard scenarios and relevant maps in GIS format for
the assessment of transportation infrastructure in Greece.
For the sake of presentation of the framework, in the present paper, we consider for the
seismic hazard the standard design/assessment seismic scenario with a return period equal to
Tms=475 years. For the flood hazard, we examine a design/assessment flood hazard scenario
with a return period equal to Tmf=100 years.
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3.1

Single hazard maps

In the present work, a unified methodology is employed to homogenize the single seismic
and flood hazard scenarios. These single-hazard scenarios are displayed in the form of GIS
maps and can be used for the risk assessment of any examined element. Moreover, they may
be used to and develop appropriate maps for multi-hazard scenarios as discussed in section
3.2.
Seismic hazard data for rock site conditions, developed within the EU-funded research project SHARE (https://www.share-eu.org), is initially selected. This data is subsequently
properly amplified to account for site effects, by employing a simplified Vs,30 model, originating from morphology and topography data of the examined region. In the present study, the
seismic hazard is estimated for a return period of 475 years.
More specifically, the seismic hazard estimates were extracted from the global seismic
hazard map produced by Pagani et al. [89]. The hazard is expressed in terms of the Peak
Ground Acceleration (PGA, as a fraction of g) for a probability of exceedance of 10% in 50
years (equivalent to a 475-year return period) on rock (average shear-wave velocity down to
30 m - Vs30 = 760 m/s). A detailed description of how the global seismic hazard model was
developed may be found in Pagani et al. [9]. The seismic hazard analysis is performed using
the OpenQuake engine [10], an open-source seismic hazard and risk calculation software developed, maintained and distributed by the Global Earthquake Model (GEM) Foundation. Recent studies on the use of the European Seismic Hazard ESHM13 [11] may be found in Riga
et al. [12] and Karatzetzou et al. [13].
With reference to the flood hazard, flood hazard zones were derived for one scenario based
on 100 years return period. In particular, a newly developed dataset for Europe referring to
river flood hazard, was derived from the Join Research Center of the European Commission
[14]. The flood hazard zones were based on the combination of river flow data, estimated
through the hydrological model LISFLOOD, while the inundation simulations were performed with the 2D hydrodynamic modelling LISFLOOD-FP. Subsequently, the hazard was
expressed in terms flood extent zones in different flood frequencies (e.g., T=100 means frequency 1-in-100-years).
Figure 2 portray the resulted single hazard maps for Greece for the examined seismic and
flood hazards scenarios, respectively.
3.2

Multi-hazard maps

For the homogenization of the single hazard maps of Greece (i.e., seismic hazard map and
flood hazard map, presented in section 3.1), we used a bivariate scaling system. This qualitative approach is often used to depict pairs of variables, whose mathematical combination
might not be straightforward or possible, for instance, social vulnerability and natural hazards
[15] or seismic and biological hazards [16]. In the herein proposed framework, we define four
thresholds to classify each variable into low, moderate, high and very high hazard. These
thresholds are created automatically in Arc-Gis using the quantile method. Then, we create a
color matrix comprising all the combinations between the two variables. In this study, we
combine the seismic hazard in terms of the PGA for the selected return period (475 years)
with the river flood hazard in the terms of the percentage distribution of flood hazard zones,
respectively for return period equal to 100 years. Figure 3, presents the resulted multiplehazard map for Greece, for the examined scenarios.
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Figure 2: (a) Seismic hazard map for a return period equal to Tms=475 years and (b) flood hazard map for a return period equal to Tmf=100 years for Greece

Figure 3: Bivariate map depicting the combination of seismic (Tms=475 years) and flood (Tmf=100 years) hazard for Greece.
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4

CONCLUSIONS

The present paper presented a unified framework to homogenize the single seismic and
flood hazard scenarios and develop appropriate single- and multi-hazard maps for Greece to
be used in an under-development methodology for the risk assessment of critical elements of
transportation infrastructure in a multi-hazard environment. The work was developed within
the INFRARES research project, which is also briefly presented.
With reference to seismic hazard; seismic hazard data for rock site conditions, developed
within the SHARE research project (www.share-eu.org), was initially selected and is properly
amplified to account for site effects of various regions in Greece, by employing a simplified
Vs,30 model originating from morphology and topography data. The seismic hazard was estimated for whole Greece and for a 475-years return period scenario and plotted in a relevant
map in GIS format.
Regarding flood hazard; flood hazard zones were derived for Greece from a newly developed database of the Joint Research Center of the European Commission [14] for one scenario
based on 100 years return period. The resulted flood hazard was estimated for whole Greece
and plotted in a relevant map in GIS format.
A bivariate scaling system was used for the homogenization of single-hazard maps referring to the above hazards. For the development of the multi-hazard map, four thresholds were
automatically created in Arc-Gis to classify each hazard into low, moderate, high and very
high level. A color matrix was then created comprising all the combinations between the two
variables-hazards, leading to the creation of the multi-hazard map for whole Greece.
The framework presented within this study is expected to be a valuable contribution towards the generation of a uniform multiple hazard model for the risk and resilience assessment of roadway networks.
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Abstract
The cross interaction between two closely-spaced shallow foundations has been numerically
investigated under static conditions and low-amplitude dynamic loading through a finite difference procedure implemented in the FLAC3D code. The motivation towards this research
topic may be found in the increasingly growth of urbanization in modern metropolitan areas
worldwide and in the urgent need for seismic requalification of vulnerable historical centres in
ancient towns, where buildings are placed very close each other. Even though a disconnection
between the superstructures exists, the response of their foundations (and that of the buildings
themselves) may be coupled due to the continuity of the soil underneath. Consequently, the
overall system response may be different from that predicted with reference to the simple
scheme of an isolated footing or building. In the performed numerical study, the soil-foundation
impedance functions of a single foundation were firstly compared to well-known literature
closed-form solutions to validate the procedure from a numerical viewpoint. The analyses were
then repeated with adding another footing identical to the first one and placed at a varying
distance from it. The comparison between the response of the master foundation when modelled
as isolated and as part of a group shows that the dynamic impedances of the footing in-group
may remarkably change with respect to those of the isolated foundation. In particular, the stiffness (real part) increases at a frequency depending on footing-footing distance and the damping ratio increases or decreases depending to the type of imposed oscillation.
Keywords: Soil-structure interaction, Dynamic Cross Interaction (DCI), Impedance functions,
Shallow foundation, 3D numerical modelling
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1

INTRODUCTION

With the rapid progress of urbanization, very closely-spaced buildings are increasingly being
built in both large cities and smaller towns. The proximity among buildings could produce an
interaction between them and, consequently, may cause a different response under both static
and dynamic loading. As the former aspect concerns, the cross interaction between closely
spaced footings could have effects on both settlement and bearing capacity evaluation. The first
author that investigated the bearing capacity problem for a group of shallow footings was Stuart
(1962) [22], who proposed to insert a sort of “efficiency factors” in the bearing capacity trinomial formula proposed by Terzaghi (1943) [23]. Depending on the width B of the footing, these
corrective factors may be greater than one if the two footings are placed at a short distance S
from each other (S < 3÷4 B), equal to one in the case of higher distance (S > 4÷5 B), so that
each foundation behaves as isolated from the other, and equal to two in the case of S=0, i.e.
when there is perfect contact between the two footings.
Under dynamic loading, the typical dynamic soil structure interaction evolves into a problem
of cross interaction between multiple structures, better known in literature as Structure Soil
Structure Interaction (SSSI) or Dynamic Cross Interaction (DCI). The study of SSSI may be
handled with the same methods used for standard SSI problems in which a single footing (or
structure) is involved. The available methods may, hence, be classified into analytical, semianalytical or numerical approaches, experimental methods with observations on prototypes.
Thanks to the rapid progress of computing procedures and hardware devices, nowadays the
numerical methods are the most used approach for evaluating SSSI. Menglin et al. (2011) [11]
produced an extensive literature review on structure-soil-structure interaction, in which it was
highlighted that the SSSI terminology was firstly introduced into the scientific literature by
Luco and Contesse (1973) [9], who investigated the interaction phenomenon between two or
more buildings (modelled as shear walls) placed on rigid circular foundations and subjected to
obliquely or vertically incident harmonic SH-waves. Through parametric studies, Luco and
Contesse (1973) [9] found that a group of closely spaced buildings could be affected by cross
interaction at frequencies close to the fundamental ones of the buildings and particularly in low
frequency ranges. Any vibrating foundation was found to spread a wave field that could be seen
as a disturbance affecting the adjacent foundations. In [9] the dynamic excitation was represented as an external load or a seismic wave field. In the first case, the response of the foundation was assessed through the frequency-dependent soil-foundation dynamic impedance,
representing the soil-foundation response to the inertial action transmitted by the superstructure
and linking the force (or moment) acting on the foundation to its displacement (or rotation). In
the second case, the motion at the base of the structure was determined.
Based on the substructure method, Betti (1997) [19] proposed a methodology for the analysis
of the 3D cross-interaction between two massless, rigid and embedded foundations. In the lowfrequency range, the translational, rocking and torsional components of the impedance matrix
show clear effects of cross-interaction, which tend to disappear as the frequency and distance
between the adjacent foundations increase. Regarding the foundation input motion associated
with incoming SH-, P-, and SV-waves, the case of vertically propagating waves is very indicative of the cross-interaction effects. With respect to each other, the two foundations present
displacement and rotational components that are either in phase or 180° out-of-phase while,
with respect to the free-field soil, they move with a phase shift that varies with frequency. By
increasing the distance between the two foundations, each component of the foundation input
motion approaches the corresponding one for the case of an isolated foundation. In the horizontal direction, the displacements of the second foundations are 10% lower than the value of the
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first footing and the two foundations move completely out of phase with respect to each other
and to the free field soil. For waves propagating with angles of inclination in both planes, vertical and horizontal, the motion of the two foundations becomes more complicated, showing
differences in both amplitude and phase [19].
2

DEFINITION OF THE SOIL-FOUNDATION IMPEDANCE

Impedance functions represent the frequency-dependent stiffness and damping characteristics of the foundation-soil system, which link the forces acting on the foundation to its displacements. The typical expression of an impedance function is:
ҧ
ഥ ሺ߱ሻ  ݅߱ܥ௧௧ǡ
ሺ߱ሻ
ܵ ሺ߱ሻ ൌ ܭ

(1)

with i = j =x, y, z for the translational motion along the three principal axes; i=t and without
the j-term for the rotation around z (torsional mode) and i=r and j=x or y for the rotation around
ഥ is the product of the static stiffness ܭ and the dythe x or y axes. The dynamic stiffness ܭ
ҧ
is the sum of a contribution
namic stiffness coefficient ݇ሺ߱ሻ , while the total damping ܥ௧௧ǡ
related to the soil hysteretic damping ratio β and to the radiation damping. This latter is due to
the waves scattering from the foundation and is the product of a static value Crad,ij and a dynamic
coefficient crad,ij (ω).
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The value of each term depends on the angular frequency, ω, as well as on the foundation
shape and embedment. Classical solutions are provided by Gazetas (1991) [5], Pais and Kausel
(1988) [1] and Mylonakis et al. (2006) [14] assuming a rigid arbitrary-shaped foundation placed
on the surface of an ideal halfspace or embedded in it. Additional formulations are available in
literature to account for the variation of the shear stiffness variation with depth (Gazetas,
1991[5]; Vrettos, 1999 [24]), foundation embedment (e.g., Apsel and Luco, 1987 [2]), and flexibility (e.g., Iguchi and Luco, 1982 [6]).
In the following, the second subscript x, y, z referred to the translational components of the
impedances will be omitted for the sake of brevity.
2. Numerical analysis
This section illustrates the procedure used in the performed study for the evaluation of the
impedance functions. Through a finite difference commercial code, a single footing was firstly
modelled and the obtained impedances were compared to the closed-form solutions published
in literature (Gazetas, 1991[5]). Later, another foundation with the same geometric and load
characteristics of the master one was added. The impedances for the double footing system
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were compared to the corresponding values of the single foundation case to appreciate the crossinteraction effects.
2.1 Details on the numerical model and load application procedure
The 3D analysis domain (Figure 1) is a soil volume with a square plan (80m on each side),
and a height of 50 m. Both the single (a) and the double foundations (b) were considered rectangular with a base B equal to 2m and a length L of 10m. Three different values of spacing
between the two footings were considered (S=2, 1 and 0.5 m) so that the ratio S/B was varied
between 0.25 and 1. In the static conditions, fixed boundaries were placed at the bottom and
lateral surfaces delimitating the soil volume, while quiet boundaries were activated during the
dynamic analyses to delete the reflection of the outward propagating waves and allow the necessary energy radiation towards infinity. As soil behaviour concerns, a linear visco-elastic isotropic law was assigned to all soil elements. Viscous damping was introduced in the model
through the Rayleigh formulation. Soil damping was set to a very low value so that the overall
damping encompassed in the numerical simulations can be assumed to be totally radiative. The
presence of the groundwater was not considered, so the analyses were conducted in total stress.
Table 1 shows the physical and mechanical properties assigned to the soil in the parametric
analysis.
Material prperties

Unit

Value

Soil unit weight g

[kN/m3]

19.0

Bulk modulus K

[Mpa]

12.2

Shear modulus G

[MPa]

5.6

[m/s]

54.0

Shear wave velocity VS

Table 1: Parameters assigned to the soil in the numerical study.
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(a)

(b)

(c)

Figure 1: Analysis domain (a), single foundation (b) and double foundation system (c).

The structural element of the footing was not included within the numerical model, but its
effect was accounted by applying a velocity field at all nodes placed on the foundation footprint.
Since a uniform displacement field was applied to these nodes, the case of a rigid foundation
(EI → ∞) was hence reproduced. In the static case, a constant velocity along x-, y- or z-directions was applied to all grid points of the contact area in order to calculate the corresponding
translational stiffness components. To obtain the rotational stiffness, nodal velocities varying
with a linear distribution with respect to the x and y axes of the footing and null in correspondence of the centre of the foundation were imposed. In this way, the moment acting around each
horizontal axis was simulated. In the dynamic case, a harmonic function of velocity
[v(t)=ZAcos(Zt)] has been applied, so that the imposed displacement s(t) is harmonic too and
given by:
ݏሺݐሻ ൌ ݊݁ݏܣሺ߱ݐሻ

(4)

where  ܣis the oscillation amplitude and the circular frequency Z is linked to frequency f by
the well-known relation, ߱=2пf. Different values of the input frequency f were considered that
is 1, 3, 5, 7, 9, 11 and 13 Hz. By imposing the harmonic velocity time-history at all nodes of
the loaded area, the induced stress state is also harmonic, with an amplitude depending on the
soil stiffness and out of phase with respect to the displacement due to all damping sources present in the model.
2.2 Interpretation method
By calculating the resultant of the contact stresses, the static stiffness in the vertical direction
was obtained as:
ி

ܭ௭ ൌ ఋ ൌ

σಿ
సభ ఙ 
ఋ

(5)

where ܣ represented the area of the mesh elements below the loaded footprint, ߪ௭௭ the contact pressure at the i-th node of the loaded area and ߜ the displacement at the footing centre.
The values obtained numerically were compared to those provided by the available literature
solutions (Gazetas, 1991). For the other translational degrees of freedom (d.o.f.) of the footing,
the static stiffnesses were calculated with the same procedure described above for the vertical
direction.
The rotational stiffness was calculated as the ratio between the moment, M, and the applied
rotation, T:
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and
ܭ௫ ൌ

ெ
ణ

ൌ

σಿ
సభ ఙ ௫ 
ణ

(7)

The moment has been obtained through integration of the vertical stresses computed below
the foundation footprint, multiplied by the distance from the rotation axis, i.e. yi or xi. The
rotation has been obtained as ratio between the vertical displacement obtained at the edge of
the foundation footprint and the half-length (in x and y direction) of the foundation itself.
To obtain the impedance functions in the frequency domain, the Fourier transforms of the
displacement and of the force were required. Having imposed a given velocity (therefore, a
displacement) and not a load, it was better to calculate firstly the soil-foundation flexibility
(inverse of stiffness) and then the impedance matrix as the inverse of the flexibility. As it is
well known, the dynamic stiffness and damping correspond to the real and the imaginary parts
of the impedance.
3

RESULTS

3.1 Static case
In Table 2, the static stiffnesses computed through the procedure described above have been
compared to those provided by Gazetas (1991) [5] closed-form equations. In the last column of
Table 2, the percentage of variation between numerical and analytical values for each d.o.f. are
listed. The analytical values were obtained by considering a single strip footing placed on a
homogeneous half space with the same parameters reported in Table 1. From Table 2, it can be
observed that the obtained numerical predictions are in good agreement with the values provided by the literature formulations, especially for the vertical and rotational degrees of freedom.
The higher mismatch may be observed on the translational mode along x and y directions.
Numeric value calculated Gazetas (1991) Variation (%)
Kz [N/m]
9.62E+07
9.85E+07
-2.33
Ky [N/m]
6.47E+07
8.75E+07
-26.06
Kx [N/m]
6.07E+07
7.69E+07
-21.07
KryNm/m]
1.38E+09
1.46E+09
-5.48
Krx Nm/m]
1.25E+08
1.28E+08
- 2.30
Table 2: Comparison between the static stiffness obtained through the developed numerical procedure
and solutions proposed by Gazetas (1991)

Figure 2 shows the results obtained for the system of two identical footings placed at different distance S between them. On the vertical axis of both figures, there is the percentage of
variation of the translational (a) and rotational (b) static stiffness of the master footing when
considered as part of a group and when considered alone. Since this percentage for all swaying
motions and rotational Kry are negative, the static stiffness of the footing in a group, as expected,
is always smaller than that of the same foundation considered isolated (Kdouble < Ksingle). In
addition, for all modes the static stiffness of the master footing in a group decreases with decreasing the ratio S/B due to cross interaction effects. Singular is the case of the rotational
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stiffness Krx (long side of the footing), which is always positive (Krx_double > Krx_static) and seems
poorly affected by cross interaction when S/B is equal to 0.25.
(a)

(b)

Figure 2: Static stiffness of the master foundation in group (double) or isolated (single) for the translational (a) and rotational (b) component of motion.

4.2 Dynamic case
The variation of the dynamic coefficients against the dimensionless frequency a0=ωB/Vs are
plotted in the Figures 3-7 for different distance ratios, S/B. In addition, the impedances obtained
numerically and analytically for the isolated footing have been superimposed for comparison.
For a single foundation, the obtained results (red line) are in excellent agreement with the
analytical values (black line) provided by Gazetas (1991) equations up to a dimensionless frequency a0 equal to 1. For a0 > 1, a slight mismatch is observed for the horizontal translational
modes (Figures 4 and 5). Similar observations may be drawn for the radiation damping coefficients. The damping coefficients crx and cry (Figures 6 and 7), instead, are slightly higher than
those obtained analytically in the whole range of dimensionless frequency a0. In short, for the
single footing the differences between the numerical and analytical predictions are quite small,
so that the overall developed numerical procedure may be considered reliable.
With reference to the twin footing system, it can be observed that the impedances of the
master foundation in the group are close to those of the single footing for low values of the
frequency a0. Conversely, there is a systematic increase of the stiffness coefficient for the footing in the group at higher frequencies, except for the rotational d.o.f. around the x-axis (long
side in Figure 6). The dimensionless frequency at which the presence of an additional footing
influences the results decreases with increasing S/B. Actually, the interference occurs when the
wave originated from the clone foundation forces the master one to move out of phase with
respect to its original motion. Such effect depends on the forcing frequency and on the S/B ratio.
In fact, longer wavelengths, associated to lower frequencies, make closely-spaced foundations
with smaller S/B (e.g., S/B=0.25) to move together without altering the response with respect
to the isolated case. This means that closer are the foundations, higher is the frequency at which
they interfere. No relevant differences may be recognized with changing the degree of freedom
of the foundation.
The damping coefficients of the twin footing tend to increase with respect to that of the
single foundation for the vertical motion (Figure 3) and this increase is proportional to S/B.
Only for S/B=1 there is a decrease starting from a0=1, i. e. for a f=9 Hz. The same trend is
observed for the rotational d.o.f. around the y axis (Figure 7) and the opposite trend results for
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the other translational components of motion (Figure 4 and 5). Such differences are associated
to the fact that the wavefront originated by the twin footings interfere in a constructive or destructive way depending on the type of waves generated by the foundation motion.
(b)

(a)

Figure 3: Vertical dynamic stiffness coefficients (a) and damping coefficients (b).

(a)

(b)

Figure 4: Horizontal dynamic stiffness coefficients (a) and damping coefficients (b) along short side.
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(a)

(b)

Figure 5: Horizontal dynamic stiffness coefficients (a) and damping coefficients (b) along long side.

(b)

(a)

Figure 6: Rotational dynamic stiffness coefficients (a) and damping coefficient (b) around long side.
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(b)

(a)

Figure 7: Rotational dynamic stiffness coefficients (a) and damping coefficients (b) around short side.

4

CONCLUSIONS

The static and dynamic cross interaction between two closely-spaced shallow foundations
was numerically investigated through a numerical procedure based on the finite difference technique. The cases of a single foundation and of two identical footings placed on the surface of a
viscoelastic half-space were solved numerically.
For the single foundation case, the impedance functions thus obtained successfully reproduced those provided by Gazetas (1991) solutions.
For the twin foundation case, lower values of the static stiffness were found for almost all
degrees of freedom due to cross-interaction effects. The dynamic stiffness coefficients were
found coincident with those of the single foundation at low oscillation frequencies. Higher values were, instead, obtained for a typical dimensionless input frequency that markedly depends
on footing-footing distance ratio S/B. The dynamic damping coefficients increase or decrease
with respect to that of the single footing depending on the type of oscillation mode of the foundation. As a future perspective of the study, the current parametric study could be enriched with
considering different configurations of the footing group, different values of soil damping, stiffness, foundation embedment and type of loading.
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Abstract
The paper investigates the effects of site-amplification and soil-foundation-structure interaction (SFS) on the fragility curves of a real unreinforced masonry (URM) structure. The building
is inspired to a school with an irregular T-shape plan and is modelled according to the equivalent frame approach. The structure was ideally placed on a stiff rock outcrop (case FB A) or
settled on four different soft soil profiles, including its real foundation subsoil. In the latter
cases the base of the structural model was assumed as fixed (FB C) or endowed with springs
(CB C) simulating the soil-foundation dynamic impedance. To evaluate the fragility curves, the
corresponding structural models were analysed through non-linear dynamic analyses under
136 input motions, propagated in 1D soil models reproducing the selected profiles for FB C
and CB C. The results were compared in the paper in terms of:
-fragility curves calculated for five damage levels (defined to be conceptually consistent with
those of the EMS98 scale) and expressed as a function of different intensity measures of the
input motion;
- average damage derived as a weighted average of the probability of failure associated to all
the damage levels.
The comparison among the results of the different models highlights the expected increase of
damage due to site effects and a beneficial effect of soil-structure interaction, mainly due to the
increment of damping associated to the additional energy dissipated by the soil-foundation system. Finally, the average damage of FB C and CB C models were compared with those obtained
from the fragility curves of a fixed base system in which site effects are considered through the
conventional coefficients proposed in Codes (e.g. by the Eurocode 8), that neglect SFS. This
latter approach is that followed in the current practice. The comparison demonstrates that the
Code-based approach underestimates the fragility especially at high damage levels.
Keywords: seismic site amplification, soil-structure interaction, fragility curves, unreinforced
masonry structures, nonlinear dynamic analyses, code prevision.
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1

INTRODUCTION

Various reconnaissance studies after seismic events [1, 2, 3] as well as more specific studies
at scale of whole historical centres [4, 5, 6] testified as the site-amplification effects (either
associated to topographic and soil stratigraphic effects) may play a relevant role, together with
their vulnerability, in determining the resulting damage levels on existing unreinforced (URM)
masonry. The microzonation studies, developed in various area in Italy after the recent seismic
events [7, 8] that hit the country, confirmed this potential risk factor.
Together with this evidence at large scale or on huge building stocks, studies based on detailed
models of prototype buildings and more refined analyses methods turn out very useful to understand the phenomenon and also deepen the potential effect of the soil-foundation-structure
interaction (SFS). In [9] the topic is treated in a parametric way to attempt in providing a general
overview of such effects on various structural typologies (classifiable according to their dynamic behaviour as “stiff” or “flexible”) concluding how the SFS may produce either beneficial
or detrimental effects. The literature works specifically addressed to URM buildings are still
very few, and usually focused to slender structures, like as towers or minarets [10, 11, 12], or
massive monumental assets, like as fortresses [13, 14]. A recent very interesting case, that testified the possible role of SFS also on ordinary URM buildings, is constituted by the “P. Capuzi”
school in Visso (MC, Italy). Being monitored as a strategic building by the Italian Seismic
Observatory of Structures [15], the school response under the three mainshocks of the 20162017 Central Italy earthquake was recorded through numerous accelerometers installed in the
building as well as the damage after each event was detected through on-site inspections. Although nowadays the school has been demolished due to the very severe damage occurred, all
the precious data collected were very useful to validate numerical models and assess the role
played by SFS phenomena in the seismic response of the school, like by [16, 17].
In particular, in [16] a compliant-base model has been successfully validated thanks to these
data. This model, that works according to the equivalent frame modelling approach, is the one
adopted also for the further developments presented in this paper, which focuses to both the
site-amplification due to soil stratigraphic effects and the role played by SFS.
More specifically, the numerical strategy validated in [16] thanks to the actual recordings
from the 2016-2017 Central Italy earthquake has been replicated by executing a huge set of
nonlinear dynamic analyses (NLDA) with the final aim of developing fragility curves, similarly
to what done for example by [5, 18, 19]. The model (briefly recalled at §2.3) has been analysed
both as fixed at the base (FB) and endowed with springs (CB) simulating the soil-foundation
dynamic impedance. NLDA have been performed according to the Cloud Method (see e.g. [20])
with a selection of records extracted from the SIMBAD database in [21, 22] to be representative
of real events recorded on stiff rock outcrop. Then, they have been propagated by considering
four different soft soil profiles (§2.1) representative of a class soil C (according to classification
adopted in [23, 24]), including the real foundation subsoil of the school (§2.2). Fragility curves
are defined assuming a log-normal distribution. The structural response from NLDA is interpreted according to a multiscale approach briefly described at §2, that allows to attribute to each
records a damage level, defined to be conceptually consistent with those of the EMS98 scale
[25]. Moreover, different intensity measures of the input motion have been considered in order
to assess the sensitivity to the dispersion in the definition of the fragility curves (§3.1), namely
the Peak Ground Acceleration (PGA) and the Spectral Acceleration corresponding to the fundamental period of the structure (Sa(T1)).
Finally, the average damage of FB C and CB C models were compared with those obtained
from the fragility curves of a fixed base system in which site effects are considered in a simplified way through the conventional coefficients proposed in Codes (e.g. by the Eurocode 8 [24]),
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that neglect SFS (§3.2). This latter approach is that followed in the current practice. The comparison aims to assess if the current Code-based approach is on the safe side or not, also varying
the expected damage level (i.e. the nonlinear phase attained by the structure).
2

METHOD OF ANALYSIS

As introduced at §1, in this study fragility curves of a URM building endowed with shallow
foundations were calculated accounting for both the amplification of the ground motion due to
site effects and the dynamic soil-foundation-structure (SFS) interaction. Due to the low foundation embedment, the foundation input motion is expected to be equal to the free field motion,
hence the latter was calculated through linear-equivalent one-dimensional site response analyses performed on four soil profiles. The resulting ground motion (illustrated at §2.3) was then
used as input motion to perform non-linear dynamic analyses on:
- a fixed base structural model (indicated as FB C in the following);
- a compliant base structural model in which the base of each main wall is equipped with springs
(indicated as CB C in the following).
The rich and huge amount of data from each nonlinear dynamic analysis carried out are interpreted according to a multiscale approach with the final aim of interpreting the simulated structural response through a synthetic parameter consisting in the global damage level. The latter
has been defined to be conceptually consistent with the five ones defined in the EMS98 scale
[25], that is (DLi, i=0…5): DL0 - none; DL1 - negligible; DL2 - moderate; DL3 - severe; DL4
- very severe to near collapse; DL5 - collapse. In particular, the adopted multiscale approach,
similarly to what originally proposed in [26], combines two heuristic criteria:
- a first one that directly refers to the global response scale, by defining proper thresholds
of the displacement capacity of the building on pushover curves estimated from nonlinear static analyses. These thresholds are defined in terms of proper fractions of the overall base shear (Vb): before the attainment of the maximum value (Vb,max) to define the
DL1 (equal to 0.4 Vb,max) and DL2 (equal to 0.8 Vb,max); after the attainment of the maximum value, i.e. on the softening phase of the curve, to define the DL3 (corresponding
to a residual capacity equal to 0.8 Vb,max), DL4 (corresponding to a residual capacity
equal to 0.4 Vb,max) and DL5 (corresponding to a residual capacity equal to 0.2 Vb,max).
- a second, based on the evaluation of damage severity and diffusion on vertical walls,
that aims to monitor the spread of damage on the building. To this aim, the cumulative
rate of walls that reached a given DL (graduated on five level) is computed. The attainment of the DL on a wall is checked in terms of the DLmin variable firstly introduced in
[27]. This variable replaces the adoption of interstorey drift thresholds at the wall scale
and the proposal assigns a damage level to the wall based on the minimum damage level
attained by all the elements of a certain floor. This allows overcoming the definition of
conventional interstory drift thresholds, which are not suited to take into account the
different damage mechanism exhibited by structural elements of different slenderness.
A similar damage-assignment criterion has been recently pursued in Italian Structural
Code [28]. The thresholds assumed for the cumulative rate have been defined to be
consistent with the linguistic description of the damage grades of buildings proposed by
the European Macroseismic Scale [25]; they are described in more detail in [29, 30].
According to this procedure, results of records can be properly grouped as those associated to
the same resulting global DL.
Then, fragility curves were computed by estimating the probability of exceeding, pDLi, the different damage levels, DLi, given a level of ground shaking quantified through the intensity
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measure, IM. The pDLi was computed from the lognormal distribution of IM causing the ith DL
and characterized by the median value IMmi and the lognormal standard deviation V:
୪୭ ȁ୍

ୈ୧ ሺ  ȁ ሻ ൌ ) ቀ

V

ቁ

(1)

Where Φ is the standard cumulative probability function.
Among possible intensity measures [31], in this study, the peak ground acceleration, PGA, and
the spectral acceleration, Sa(T1) referred to the bedrock input motion were used as IM. This
choice is consistent with various studies on URM buildings [32, 33, 34]. In particular, the geometrical mean of the PGA and the Sa(T1) associated to the predominant period along the X and
Y directions of the numerical model was used. Since an elongation of the periods is expected
for the compliant base models, the Sa(T1) of the CB C case differs from those of the FB C case,
while the PGA is obviously the same for the two models.
On basis of this procedure, the fragility curves resulting from the FB C model account only for
site effects, while those of the CB C model consider both the site and SFS effects. Both cases
have been then compared with the fragility curves of the same structure ideally placed on a stiff
rock outcrop. The latter were obtained by analyzing the behavior of the fixed-base model subjected to the input motions representative of the bedrock condition (namely the FB A case in
the following).
2.1 Analysed soil profiles
To study the influence of the soil stiffness on the results of FB C and CB C cases, four soil
profiles were selected. The criterion adopted for the selection is that based on an equivalent
shear wave velocity up to the bedrock depth, VSeq, falling in the range of class C (as defined by
[23, 24]). The first profile (S1) is the actual soil below the “P. Capuzi” School of Visso, i.e. a
sandy gravel layer (SG), covered and locally interbedded by clayey silt (CS) and silty clay (SC)
lenses. The stiffness profile was measured through a MASW test [35] and several down-hole
tests [36]. The on-site measured free field frequency obtained from HVSR tests allowed the
back-calculation of the bedrock depth equal to 40 m. The shear wave velocity, VS, is variable
with depth with an equivalent value up to the bedrock equal to 281m/s. Additional details on
the geotechnical characterization of this soil profiles are reported in [16].
The second profile (S2) is the actual soil in the historic centre of Visso, investigated through
two boreholes and a HVSR test [36]. The profile is made of clayey silt (CS) for the first 4 m,
overlaying a 11 m thick sandy gravel layer (SG). The geological section of the Visso valley
reported by [36] individuates the bedrock at a depth of 18 m. In lack of a direct measure of VS,
its value was obtained through a correlations law between Vs and the number of blows of SPT
tests performed at a depth of 1.9 m in CS and 4.4 and 8.9 m in SG, respectively. Before the
application, numerous correlation law available in the literature were checked against the results
of down hole tests in the same valley. Such validation is not reported here for sake of brevity.
The most successful correlations in the validation were used to characterize S2. In particular,
the correlations by [37, 38] were used for CS, leading to the same VS=162 m/s, and by [39] for
SG, leading to VS=337 m/s. The consequent equivalent VS up to the bedrock depth is VSeq= 272
m/s. Finally, two other ideal clay (S3) and gravel (S4) profiles were considered with the bedrock
placed at a depth of 40 m. In both cases Vs increases with depth. Its profile was calculated
through the empirical laws by [40] for S3 and by [41] for S4, respectively. The resulting Vseq
are 200 and 279 m/s, which are similar to those of S1 and S2.
Figure 1a summarizes the four soil and VS profiles while Figure 1b reports their amplification
functions. The latter have been calculated through a linear site response analysis performed by
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using the STRATA software [42]. As highlighted by the resulting natural frequencies, there is
a significant variety among the responses of the different soil profiles.

Figure 1: (a) layer with profile Vs; (b) FA of the four stratigraphies and (c) decay curves of the soils considered.

Finally, Figure 1c shows the variation of the normalized shear modulus (G/G0) and the damping
ratio (D) with the shear strain (J adopted in the linear equivalent site response analyses executed with the records of real earthquakes and performed again in the STRATA software. The
curves adopted for the fine-grained soils in S1, S2 and S3 were obtained based on a comprehensive model calibrated by [43, 44] on the results of laboratory tests on comparable materials.
The G/G0-γ curves obtained by [45], through laboratory tests on silty sandy gravel samples
different confining stress were associated to the sandy gravel soil in S1, S2 and S4. The corresponding D-γ curves were calculated by applying the model by [46] and the Masing criteria [47]
to the G/G0-γ curves.
2.2 Results of site response analyses under records of real earthquakes
Figure 2 shows the acceleration time histories of the input motions employed to analyse the site
effects in the four soil profiles described in §2.1. They were chosen from the Selected Input
Motions for Displacement-Based Assessment and Design (SIMBAD) database [21, 22].
The selection includes the EW (Channel 1 (C1)) and NS (Channel 2 (C2)) components of accelerations recorded during 49 natural events at stations located on stiff rock outcrop, i.e. Vs30
greater than 700 m/s. Some selected signals were slightly scaled to achieve the desired variability of the intensity measures to be used in the construction of the fragility curves of the FB
A.
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Figure 2: Time histories of the acceleration of the selected input motions.

Colours in Figure 2 indicate the scaling factors, when multiple colours are present, the same
input motion was scaled more than once.
Figure 3 shows the mobilized G/G0 (a) and hysteretic damping ratio (b) calculated in the four
considered soil profiles through site response analyses under each event. The mean values
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mobilized in the soil volume, expected to be affect by the foundation motion (i.e. 1 m under
foundation level) are reported. As expected, the highest effects of nonlinearity are recognized:
for the profile S3, characterized by the lowest initial stiffness; and the gravel soil profile S4,
characterized by the earliest development of stiffness reduction (see Figure 1c). Conversely the
lowest nonlinearity corresponds to the shallowest bedrock producing the highest natural frequency, i.e. the stiffest response (see Figure 1b). The actual soil profile below the school, S1,
shows an intermediate behaviour.

Figure 3: (a) G/G0 and (b)hysteretic damping ratio mobilized in the four soil profiles in significant volume during each site response analysis.

Figure 4 groups the analyses according to different ranges of Sa(T1) of the free field motion
resulting from the site response analyses and corresponding to the fixed-base period. The latter
are reported in Table 1 together with the period of the CB models on the different soil profile,
revealing that the different initial shear stiffness of the soil profiles significantly affects the CB
C period.
Model
T1 [s]

FB
0.1740

CB -S1
0.2580

CB -S2
0.2640

CB -S3
0.3050

CB -S4
0.2298

Table 1: first period of each model.

The comparison among the number of signals belonging to each group, reported in red on the
top of Figure 4, shows that Sa(T1) values on surface of profile S4 are lower than 1.5 g and
mainly concentrated in the lowest amplitude ranges. The ranges associated with the highest
Sa(T1) are populated mainly by signals propagated in S1 and S3, highlighting that such profiles
are more hazardous for the structural safety.
In the same Figure 4 the number of times in which Sa(T1) of the CB models exceeds that of the
FB ones is reported in percentage on the Y-axis. Except for S2 showing a more irregular trend,
such percentage increases with increasing Sa(T1) and is predominant (i.e. >50%) from
Sa(T1)>0.75 g. Hence, a detrimental effect of SFSI is shown on the seismic actions affecting
the structure especially under the most severe input motions.
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Figure 4: number of times in which Sa (T1) of the CB model exceeds that of the FB.

2.3 Numerical model of the selected URM building
The 3D model of Visso school (Figure 5a) adopted for the execution of NLDA works according
to the equivalent frame (EF) approach. It has been realized with the Tremuri software package
[48] and has been calibrated in [16] thanks to the available data on the structure from the permanent monitoring and previous studies [35]. The choice of adopting the EF model is justified
by the regular pattern of openings in walls and by the evidence from the actual seismic response
[49], that clearly highlighted the concentration of cracks in specific portions of the walls
(namely, the piers and spandrels, respectively identified in orange and green in Figure 5a).The
constitutive law used allows for describing the nonlinear response until very severe damage
levels at element scale (i.e. DLE from 1 to 5) through progressive strength degradation corresponding to assigned drift values; with the aim of executing NLDA [34], the constitutive law
includes also a hysteretic response (Figure 5b). The latter is based on a phenomenological approach that allows also to differentiate the hysteresis loops in spandrels and piers and also varying the prevailing failure mode (e.g. if dominated by the flexural response or diagonal shear
cracking). For further details on mechanical panel properties and modelling assumptions the
interested reader may refer to [16].

Figure 5: (a) 3D equivalent frame model with springs implemented in the CB model, (b) backbone and hysteretic
response of masonry elements: piers under shear.

To simulate the base compliance, each foundation pier was equipped with springs (see Figure
5a), which stiffness was calibrated through the real part of the soil-foundation impedances by
[50]. The foundation width was set equal to 0.90 m, while its length was defined by adding the
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half-length of the spandrel panel to the size of the load-bearing wall. The value of the embedment was set to 0.6 m, except for the area indicated in Figure 5a, where the embedment increases up to 2.95 m due to the presence of an underground level. The soil was modelled as an
equivalent linear half-space with a shear modulus equal to that mobilized at the foundation
depth under each input motion. A full soil-foundation contact was assumed.
Firstly, the periods along the X and Y directions (T*x and T*y) and the damping ratio (βx and βy)
of the SFS system were estimated through the replacement oscillator by [51]. To this aim, the
building was approximated through a SDOF system with a viscous damping ratio equal to 3%
and a lateral stiffness derived from the fundamental periods along the X and Y directions of the
fixed base configuration (see [16]). To apply the formula by [51], the real and the imaginary
parts of the monolithic foundation equivalent to the actual foundation systems were calculated
from the sum of the real or imaginary parts of the impedances of the X-oriented (or Y-oriented)
load-bearing walls. The contribution of the soil hysteretic damping mobilized at the foundation
level (see Figure 3b) was added to the energy loss coefficients simulating the radiation damping
ratio.
Then the frequency-dependent dynamic coefficients of the impedances were computed as a
function of the resulting T*x and T*y, through an iterative procedure. To simulate the additional
energy dissipation due to SFS interaction, the mean value of βx and βy was introduced as a
Rayleigh damping ratio into the EF model. The calculation was repeated for each input motion:
consequently, the impedances and the resulting T*x and T*y as well as the mean value of βx and
βy, were updated according to the mobilized soil shear stiffness and damping ratio during each
seismic response analysis (see Figure 3).
3

DESCRIPTION OF RESULTS

3.1 Influence of site effects and SSI on the fragility curves
Table 2 reports the number of analyses (N), the median value IM50 (in acceleration unit g)
and the standard deviation (σ) used to generate the fragility curves of the fixed-base model
analysed under the selected input motion (FB A).
Only few analyses, reported in brackets in Table 2, mobilize DL3, DL4 and DL5 for the FB
A case; so the initial set of input motions described in Section 1.2 was integrated with the natural
signals recorded on stiff soil and collected by [52]. However, the IM50 and σ resulting from the
updated set of input motions are comparable with those obtained from the original selection (in
brackets). There is only an increase, less than 10%, of the IM50 associated with DL5 in the case
of PGA which results in a reduction of structural fragility.
FB A
PGA
DL1
DL2
DL3
DL4
DL5

Sa(T1)

IM50
σ
IM50
σ
0.095
0.495
0.178
0.473
0.274
0.314
0.656
0.391
0.450 (0.413) 0.219 (0.255) 1.013 (0.969) 0.376 (0.423)
0.530 (0.488) 0.191 (0.147) 1.182 (1.156) 0.308 (0.299)
0.619 (0.562) 0.219 (0.178) 1.500 (1.428) 0.261 (0.314)

N
127
92
18 (10)
17 (7)
44 (12)

Table 2: Median value (IM50) and standard deviation (σ) associated with to the various damage levels for the FB
A model.
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It is worth to remember that the IMs calculated for FB C and CB C refer to the bedrock. This
implies that the IM50 values reduce moving from the FB A to FB C, independently of the soil
profile. That highlights the expected increase of fragility for a fixed-base structure settled on
soil type C with respect to that placed on soil type A, as shown in Figure 6 by way of example
in the case of DL3.

Figure 6: Comparisons between the curves obtained from the FB A, FB C and CB C assuming PGA and Sa (T 1)
as IM in case of DL3.

The comparison with the CB C models reveals an increase of IM50 with respect to the FB C
case. Such modification reduces the probability of failure on the building. Since the elongation of the CB C period produces an increment of the seismic actions with respect to the FB C
case (see Figure 4 and Section 2.2), such beneficial effect is mainly due to the increase of
damping ratio produced by the SFS interaction, as shown in Figure 6 by way of example for
DL3. This general conclusion is however extendable to all DLs.
The same beneficial effect is evident by comparing the number of analyses that fall into the
various DLi for the FB C and CB C. There is in fact a reduction of the analyses in the more
severe DLs for the CB C model, in particular for the profile S4 where the analyses in DL5 are
only 3. Such reduced number of analyses reduces the reliability of the DL5 fragility curve for
S4, hence this case will not be considered in the following interpretations. Obviously, the reliability of DL5 would have been improved by scaling through higher factors the signals originally selected, but such procedure would have led to unrealistically strong free field motions.
Conversely, the low occurrence of DL5 for S4 (resulting from the numerical analyses) appeared
much more realistic, because buildings settled on gravel are less prone to high damage since
they are affected by lower seismic actions (see Figure 4) and benefit of higher soil damping.
The estimation of pDLi through Equation 2 allows the computation of the mean damage μd
expected to affect the structure, as follows:
ߤௗ ൌ σହୀሺ ݅ሻ

(2)

where pDLi is weighted by i=0,1,2,3,4 or 5 passing from DL0 to DL5.
The calculation was performed by entering the curves of the case FB C and CB C with the
values of PGA and Sa(T1), at the bedrock of each selected input motion. The μd value may be
conveniently converted into an equivalent discrete damage level by assuming a binominal
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distribution, leading to the following conversion intervals: 0-0.7 for DL0; 0.7-1.6 for DL1; 1.62.5 for DL2; 2.5-3.4 for DL3; 3.4-4.3 for DL4; 4.3-5 for DL5. The latter ones have been used
to define the “square metric” in Figure 7. These comparisons are reported considering as IM:
the PGA in (a); and the Sa(T1) in (b). The grey fillings indicate a difference of 1, 2 or 3 DLs
between the mean damage of FB C and CB C. In the case of the PGA, SFS interaction always
leads to a reduction of the expected damage, independently of the soil profile and the greatest
beneficial effects at DL3-4, specially for S3. Considering the Sa(T1), the results are more dispersed. In any case there is a greater damage associated with the FB C model, but there are also
some cases in which the CB C model leads to greater damage, specially at lowest DL in S1 and
S2. In this case, it is worth to remind that also the IM changes among the models, because the
fundamental period changes as shown in Table 1.
Despite these slight differences, the general conclusion on the SFS effects observed from the
use of PGA and Sa(T1) is the same.

Figure 7: μd between FB C and CB C for S1, S2 and S3 in case of (a) PGA and (b) Sa(T1).

3.2 Comparisons with the Eurocode previsions
In the most widespread cases of fragility curves generated for fixed base structures and stiff soil
conditions (case FB A), site effects can be considered in the estimation of pDLi in a simplified
way, i.e. by entering in the curve with the IM amplified by the stratigraphic coefficient provided
by Code. As an example, on the abscissa, Figure 8 shows the μd resulting from the fragility
curve of FB A in which the terms pDLi in Equation 2 alternatively corresponds to peak ground
(PGA*) or the spectral (Sa(T1)*) accelerations, amplified according to the coefficient proposed
by the [24]. This is equal to 1.5 for events with a surface wave magnitude lower than 5.5; otherwise it is equal to 1.15 (see Figure 2). When only site effects are considered (FB C) (see
Figure 8a and b), EC8 underestimates the damage in any case and up to three damage levels.
Soil-structure interaction reduces the gap between the Pd estimated through the Code conforming approaches and that estimated by explicitly accounting for the site effects joint to the soil
structure interaction (CB C) (see Figure 8c and d). However, a difference of one DL (very rarely
of two DLs) still results also for CB C. Such underestimation arguably would increase if the
increment of damping ratio induced by SFS interaction was considered in the computation of
the IM*.
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Figure 8: Comparison among the μd resulting for the different analyzed cases from the curves expresses as a
function of (a) PGA and (b) Sa(T1) for FB C model, (c) and (d) for CB C model. In the FB A case, the PGA* and
Sa(T1)* values - amplified according to the coefficients proposed in the Eurocode 8 ([24]) - were used.

4

CONCLUSIONS

The paper compares the fragility curves and the derived mean damages of a real URM structure
ideally placed on stiff rock (FB A) or settled on four different soil profiles. The latter ones
include its real foundation subsoil as well as other three with an equivalent shear wave velocity
falling in the range of soil type C. The base of the structural model is alternatively assumed as
fixed (FB C) or endowed with springs (CB C), simulating in that way the soil-foundation dynamic impedance.
The comparison among the results of the FB A and FB C cases shows the expected increase of
the probability of failure when site amplifications are considered.
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The comparison among FB C and CB C highlights: i) a general increase in the spectral accelerations affecting the model on springs; ii) a reduction of the probability of failure. As expected,
the first effect (i) is due to the period elongation induced by the soil-foundation-structure interaction while the second (ii) is mainly ascribable to the increment of damping associated to the
additional energy dissipated by the soil-foundation system.
The comparison among the results of models on the different soil profiles reveals that the highest damage levels are rarely achieved by structures placed on gravel. This is because they are
affected by lower seismic actions and benefit of higher soil damping mobilized by the early
development of nonlinearity in such soil types. Significant beneficial effects are also recognized
for structures settled on soft clay again due to the significant damping mobilized by the considerable strain levels achieved in such profile.
Finally, the mean damages of FB C and CB C were compared with the values resulting from
the probability of failures estimated by amplifying the intensity measure through the conventional coefficients proposed by Eurocode [24] to account for the site effects. The comparison
shows that such simplified approach underestimates the damage up to two damage levels. Nevertheless, it is currently the most widespread procedure because fragility curves are mostly generated for fixed base structures and without considering site effects through site response
analyses. Results achieved could be further developed in future works to improve also practiceoriented procedures.
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Abstract
A simple, yet powerful analytical model for determining the dynamic response of laterally
loaded piles has recently been proposed in a series of papers by Karatzia and Mylonakis. The
method is essentially a finite-element formulation, based on the evaluation of a set of energy
integrals to establish the dynamic stiffness and damping matrices at the pile head. The key
ideas/assumptions behind the method are: (1) the soil around the pile is replaced by a bed of
dynamic Winkler springs and dashpots accounting for soil stiffness and energy dissipation; (2)
a shape function for pile deflection is employed along the whole pile length in each vibration
mode; (3) the associated integrals can be solved in closed form. Solutions have been obtained
for different soil profiles which provided realistic predictions of pile response to flexural loads.
An implicit assumption of the method lies in the use of real-valued shape functions. While such
functions greatly simplify the analysis by separating real and imaginary parts (thus leading
exclusively to real-valued integrals), they have the disadvantage of ignoring the phase differences between pile movements at different depths.
This paper recognises that this simplification can lead to inaccurate results for inhomogeneous
soil profiles, especially at high frequencies where phase differences among different points
along the pile are significant. To overcome the problem, the possibility of using complex-valued
shape functions, analogous to those employed in spectral finite-element methods is explored. It
is shown, through comparison with rigorous numerical solutions (including FEM and BEM),
that use of complex-valued shape functions improves the predictive power of the method.
Keywords: Pile, Winkler, Finite Elements, Spectral Elements, Shape Function, Virtual Work.
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1

INTRODUCTION

Winkler based models are well established for use in elastodynamic analysis of laterally
loaded piles. Early work provided analytical expressions for the spring and dashpot coefficients
based on a horizontal soil “slice” model [1, 2, 3]. Several subsequent studies provided solutions
for pile stiffness and damping in homogeneous and inhomogeneous media, as well as kinematic
response coefficients to seismic excitation [4, 5, 6, 8, 9, 10, 11, 12, 15, 16, 25, 26, 27]. A difficulty in employing such solutions in design lies in the inability to derive exact solutions for
inhomogeneous media in the dynamic regime. An alternative approach is explored in this paper,
by means of an energy formulation analogous to those used in finite-element methods, based
on single shape function for the whole pile length. The method was introduced in pile dynamics
by Dobry and Roesset [6] and later extended in a series of papers by Mylonakis and co-workers
[8, 9, 10, 11,16, 26]. The main assumptions of the method are: (1) the soil around and under the
pile can be replaced by a bed of dynamic springs and dashpots accounting for soil stiffness and
pile-soil energy dissipation (Winkler approximation); (2) a single shape function can be employed for the deflection of the whole pile for each vibration mode (Rayleigh approximation);
(3) a virtual work formulation can be employed in which the associated one-dimensional integrals can be evaluated in closed form. In this way, the three-dimensional elastodynamic problem reduces to a handful of one-dimensional integrals which can be evaluated in closed form
for different inhomogeneous soil media. The solutions have been shown to provide realistic
predictions of pile response to flexural loads.
A simplification associated with the above method lies in the use of real-valued shape functions for pile deflection. While such functions greatly simplify the complex arithmetic by separating real and imaginary parts leading to exclusively real-valued integrals, they have the
disadvantage of ignoring the phase differences between pile displacements at different depths.
This paper recognises that this simplification can lead to inaccurate results for inhomogeneous
soil profiles, especially at high frequencies where the phase differences between displacements
at different elevations along the pile are significant. To overcome the problem, the possibility
of using complex-valued shape functions, analogous to those employed in spectral finite element methods, is explored in this paper.
2

PROBLEM DEFINITION

Figure 1: The dynamic Winkler model for a laterally loaded pile.
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The dynamic Winkler model under consideration is shown in Figure 1. The pile is modelled
as elastic Euler-Bernoulli beam with length, L, diameter, D, cross sectional area, A, second
moment of area, I, mass density, ρp, elastic stiffness, Ep and hysteretic material damping coefficient, βp. The last two terms can be expressed as a complex viscoelastic stiffness, ܧ כൌ
ܧ ൫ͳ  ʹ݅ߚ ൯.
A harmonic head load, P, and/or (anticlockwise positive) moment, M, are applied at an angular frequency, ω, to the pile head. This is resisted by distributed Winkler springs and dashpots
with coefficients k(z) and c(z), respectively, which are often expressed as a complex-valued
stiffness, k* = k + iωc. The resulting pile displacement,  כ ݕሺݖሻ, is also complex-valued, indicating a depth-varying phase difference from the applied load.
The governing equation describing the problem is obtained from the well-known expression
for a beam under a distributed load [4]:
ܧ כ ݕܫ כᇱᇱᇱᇱ ሺݖሻ  ൣ݇ሺݖሻ  ݅߱ܿሺݖሻ െ ߩ ߱ܣଶ ൧ כ ݕሺݖሻ ൌ Ͳ

(1)

where  כ ݕᇱᇱᇱᇱ ሺݖሻ indicates the fourth derivative of  כ ݕሺݖሻ with respect to depth, z.
Of most interest is the response at the pile head, which can be described using a complexvalued stiffness matrix, ࡷ כ, defined as:
כܭ
ܲ
ࡼ ൌ ቂ ቃ ൌ ࡷ כ࢛ כൌ  ଵଵ
כ
ܭଶଵ
ܯ

כ
ݕכ
ܭଵଶ
൨

൨
כ
ܭଶଶ
ߠכ

(2)

where ࡼ and ࢛ כare the load and displacement vectors at the pile head, respectively, in which
is the pile head displacement and ߠ כis the pile head rotation (anti-clockwise positive). The
כ
כ
כ
כ
components of the stiffness matrix ܭଵଵ
, ܭଶଶ
and ܭଵଶ
ሺൌ ܭଶଵ
ሻ are the swaying, rocking and cross
swaying-rocking complex stiffnesses, respectively. Due to the linear-elastic nature of the probכ
כ
ൌ ܭଶଵ
). In addition, with the sign convention chosen, all the
lem, the matrix is symmetric (ܭଵଶ
stiffness terms are positive at low frequency.
For convenience, it is common to separate the complex stiffness components into real-valued
spring and dashpot coefficients, Kij and Cij:
ݕכ

ܭ ൌ ࣬ൣܭ כ൧
ܥ ൌ

ଵ
ఠ

(3)

ࣣൣܭ כ൧

where ࣬ሾሿ and ࣣሾሿ indicate the real and imaginary components, respectively.
3

CLOSED FORM SOLUTION

For the homogeneous case, where k(z) = k and c(z) = c, a complex wavenumber, λ* can be
introduced such that equation 1 reduces to:
ߣ כସ

 כ ݕᇱᇱᇱᇱ ሺݖሻ  Ͷߣ כସ  כ ݕሺݖሻ ൌ Ͳ
ൌ ൫݇  ݅߱ܿ െ ߩ ܣ ߱ଶ ൯ൗ൫Ͷܧܫ כ൯

(4)

This expression matches the well-known governing equation for the static Winkler model,
with some terms substituted for complex-valued dynamic terms. Therefore, the static solution
can be employed with the corresponding substitutions. For a long pile (longer than the active
length, discussed later), the head stiffness matrix is given by [4]:
ࡷ כൌ ቈ

Ͷܧ כߣܫ כଷ

ʹܧ כߣܫ כଶ

ʹܧ כߣܫ כଶ

ʹܧכߣܫ כ
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This expression is simple and easy to implement. However, no closed-form solutions to
equation 1 are known to the authors for any inhomogeneous stiffness profiles encountered in
practice. In addition, although a closed-form solution is available for piles in layered soil (in
the form of successive substitution into a formula for each layer), this results in an unwieldy
expression. Instead, an approximate energy solution can be employed.
4

ENERGY SOLUTION

Consider a pile in equilibrium subjected to an actual deflection  כ ݕሺݖሻ under the influence of
a set of external loads at the pile head and tip; the work done by a small virtual displacement,
yv(z), on the system can be obtained by integrating equation 1:




ܧ ܫ כ  כ ݕᇱᇱᇱᇱ ሺݖሻݕ௩ ሺݖሻ݀ ݖ ධ ൣ݇  כሺݖሻ െ ߩ ߱ܣଶ ൧ כ ݕሺݖሻݕ௩ ሺݖሻ݀ ݖൌ Ͳ


(6)

This is known as the strong form of the equation; the desired weak form can then be obtained
using integration by parts and the Euler-Bernoulli beam relationships at the pile head. Note that
for long piles, the base response (and therefore upper integration limit) has negligible effect on
the results. Therefore, these can be expressed as improper integrals:
ஶ

ஶ

ܲݕ௩ ሺͲሻ  ݕܯ௩ᇱ ሺͲሻ ൌ ܧ ܫ כ  כ ݕᇱᇱ ሺݖሻݕ௩ᇱᇱ ሺݖሻ݀ ݖ ධ ൣ݇  כሺݖሻ െ ߩ ߱ܣଶ ൧ כ ݕሺݖሻݕ௩ ሺݖሻ݀ ݖൌ Ͳ (7)


The stiffness matrix coefficients can then be obtained by dividing equation 7 by the displacement and virtual displacement at the pile head:
ஶ

ஶ

ܭ כൌ ܧ ܫ כ ߯ᇱᇱ ሺݖሻ߯ᇱᇱ ሺݖሻ݀ ݖ  ൣ݇  כሺݖሻ െ ߩ ܣ ߱ଶ ൧߯ ሺݖሻ߯ ሺݖሻ݀ݖ

(8)

where χi(z) and χj(z) are dimensionless, unitary shape functions describing the displacement
and virtual displacement variation with depth, respectively.
A similar approach has previously been employed by [5, 6, 7] to obtain pile head dashpot
coefficients for the swaying mode (C11). In the form shown here (for complex pile head stiffness), the method was first employed by [8]. Analytical expressions for layered soil were first
included in [4, 8], a linear Winkler stiffness profile in [9], a parabolic Winkler stiffness profiles
in [10] and a power-law and an exponential Winkler stiffness profiles in [11].
These solutions have used the following shape functions from the solution for homogeneous
Winkler stiffness profiles [8]:
߯ଵ ሺݖሻ ൌ ݁ ିఓ௭ ሾሺߤݖሻ  ሺߤݖሻሿ
߯ଶ ሺݖሻ ൌ

 షഋ
ఓ

(9)

ሺߤݖሻ

where μ is a real-valued average wavenumber analogous to λ* for the static case (ω = 0), the
inverse of which can be used as a characteristic pile wavelength [12]. For homogeneous profiles,
μ is set equal to λ* in equation 4 with ω = 0 (the static case), calculating μ for other Winkler
stiffness profiles is discussed later. Note that the component ࡷܭ( כ ) כobtained in equation 8
corresponds to the subscripts of the shape function chosen for χi and χj [e.g. ܭ כis obtained
using ߯ ൌ ߯ଵ and ߯ ൌ ߯ଶ ].
These real-valued shape functions neglect the difference in phase of the response down the
pile. However, they have the significant advantage that equation 8 can easily be separated into
real-valued pile head stiffness and dashpot coefficients using equation 3. The pile head stiffness
terms are given by [10, 11]:
ஶ

ஶ

ஶ

ܭ ൌ ܧ  ܫ ߯ᇱᇱ ሺݖሻ߯ᇱᇱ ሺݖሻ݀ ݖ  ݇ሺݖሻ߯ ሺݖሻ߯ ሺݖሻ݀ ݖെ ߩ ܣ ߱ଶ  ߯ ሺݖሻ߯ ሺݖሻ݀( ݖ10)
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The first two terms (the contribution of the pile flexural stiffness and soil stiffness, respectively) make up the static pile head stiffness and are independent of ω. The last term is the
contribution of the pile inertia and is often neglected in the analysis as it is typically a minor
component [11].
The pile head damping terms are given by [10, 11]:
ܥ ൌ

ଶఉ ா ூ
ఠ

ஶ

 ߯ᇱᇱ ሺݖሻ߯ᇱᇱ ሺݖሻ݀ ݖ

ଶఉೞ
ఠ

ஶ

ஶ

 ݇ሺݖሻ߯ ሺݖሻ߯ ሺݖሻ݀ ݖ  ܿ ሺݖሻ߯ ሺݖሻ߯ ሺݖሻ݀(ݖ11)

where the Winkler dashpot coefficient, c(z), is split into the (hysteretic) material and radiation components, ch and cr, respectively, and βs is the soil hysteretic material damping coefficient. The three terms of equation 11 correspond to the contributions of the pile material
damping, soil material damping and radiation damping, respectively.
The simplification in equations 10 and 11 allows the pile head response to be evaluated from
a few simple, real-valued, integrals. If the inertial term in equation 10 is neglected (note that in
this paper it is not), only three unique integrals need to be evaluated. The first two are common
to both equations, the first of which is also independent of the Winkler stiffness profile encountered. Analytical solutions for these integrals in closed-form are collated by [11] for all of the
aforementioned Winkler stiffness profiles and a simple solution is included in [13] based on the
result for homogeneous profiles.
5

APPLYING THESE SOLUTIONS: HOMOGENEOUS SOIL

In order to apply these solutions for homogeneous soil, only the Winkler spring and dashpot
coefficients must be determined.
5.1

Selection of k*

Various solutions are available for the selection of k*, including analytical approximations
and empirical functions fitted against numerical continuum solutions. The Winkler spring stiffness, k, is often assumed to be proportional to the elastic and/or shear moduli, Es and Gs, respectively while the radiation dashpot coefficient, cr, is often assumed to be proportional to the
soil shear wave velocity, ܸ௦ ൌ ඥܩ௦ Τߩ௦ , where ρs is the soil mass density. A number of available
expressions are tabulated in [14, 15, 16]. In this paper, three different approaches are considered.
The first approach is the horizontal slice model employed by [1, 2, 3]. The soil is modelled
as discrete, infinite, horizontal slices under zero vertical normal strain. The equivalent spring
and dashpot at the pile-soil interface is then solved in rigorously in closed-form. In [3] the
hysteretic material damping is incorporated using complex-valued moduli from the correspondence principle of viscoelasticity [17]:
ܩ௦ ՜ ܩ௦ כൌ ܩ௦ ሺͳ  ʹ݅ߚ௦ ሻ
ܧ௦ ՜ ܧ௦ כൌ ܧ௦ ሺͳ  ʹ݅ߚ௦ ሻ
ܸ௦ ՜

ܸ௦כ

(12)

ൌ ܸ௦ ඥͳ  ʹ݅ߚ௦

This results in the following expression for the complex-valued stiffness, k*:
ସ ሺሻ ሺ௦ሻା௦ ሺሻ ሺ௦ሻା ሺሻ ሺ௦ሻ

݇  כൌ ߨܩ௦ ݏ כଶ ௦ భሺሻ భሺ௦ሻା భሺሻ బሺ௦ሻା௦బ ሺሻభ ሺ௦ሻ
భ

బ

ݏൌ

బ

భ

ఠ
ଶೞ ඥଵାଶఉೞ
ଵିଶఔ

 ݍൌ ݏටଶሺଵିఔೞ ሻ
ೞ
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where Kν() is the modified Bessel function of the second kind of order ν. While the analytic
nature of this expression is appealing, it does yield zero static stiffness at low frequencies. In
addition, due to the Bessel functions, this expression cannot be conveniently separated into real
and imaginary parts in closed form.
As an alternative, [18] provided the simple expression in equation 14, which was fitted
against numerical finite element results for a pile embedded in a homogeneous half space. The
hysteretic damping term is treated approximately by only considering the effect on the real part
of the stiffness.
݇ ൌ ͳǤʹܧ௦
ܿ ൌ ͷߩ௦ ܸ௦ ܦ
ܿ ൌ ʹߚ௦

(14)


ఠ

Finally, the model employed by [11] is considered. This model uses the [19] approach previously applied to this problem by [20, 21], which yields an improved version of the horizontal
slice model that gives finite stiffness at low frequency. However, unlike in the previous models,
this is only used employed for the real-valued coefficient, for which a simplified approximate
expression is developed using the asymptotic behaviour of the Bessel functions. For the radiation damping coefficient, this model employs an improved version of the cone model introduced
by [7]. Each horizontal slice is split into infinitesimal independent sectors through which both
shear and compression waves propagate, resulting in a frequency dependant expression in terms
of Bessel functions to which [11] fit the simple expression in equation 15. The hysteretic damping term is treated using the same approximation as in equation 14.
ସగீ ఎ మ

ೠ
݇ ൌ ൫ଵାఎమ ൯ሾ୪୬ሺସΤఈೞ ሻିఊሿା୪୬ሺఎ


ೠ

ଵ

ସ

ೠሻ

ఠ ିǤସ

ଶ

ܿ ൌ ߨߩ௦ ܸ௦  ܦ  ට
൨ቀ ቁ
ସ
ହ ଵିఔ

ೞ

ܿ ൌ ʹߚ௦

(15)

ೞ


ఠ

where γ (≈ 0.577) is the Euler-Mascheroni constant, ߟ௨ ൌ ඥሺʹ െ ߥ௦ ሻΤሺͳ െ ߥ௦ ሻ is a compressibility coefficient and αc is a stiffness parameter (sometimes interpreted as a dimensionless
cut-off frequency). Reference [11] provides simple power-law relationships between αc and the
pile-soil stiffness ratio, Ep/Es, for different soil profiles and pile head fixity conditions. For fixed
head piles in homogeneous soil αc is given by:
ா ିଵȀସ

ߙ ൌ ͳǤʹʹ ቀ ா ቁ

(16)

ೞ

5.2

Comparison of methods

The performance of the closed-form and energy methods for each k* is shown in Figure 2,
in comparison with numerical continuum results from [22, 23]. The former used a boundary
element method developed in [24] and the latter a finite element approach. The results are normalised by the well-known dimensionless frequency, ܽ ൌ ߱ܦΤܸ௦ .
In general, the analytical closed-form solution matches the continuum results reasonable
well. The energy solution also performs very well at low frequencies, with a low discrepancy
from the closed-form solution. However, as frequency increases, it tends to underestimate the
pile head stiffness and overestimate the pile head damping coefficient.
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כ
Figure 2: Normalised dynamic lateral head stiffness of piles embedded in a homogeneous half space; (a) ܭଵଵ
(b)
כ
כ
ܭଶଵ (c) ܭଶଶ ሺߥ௦ ൌ ͲǤͶǡ ߚ௦ ൌ ͲǤͲͷǡ ߥ ൌ ͲǤʹͷǡ ߚ ൌ ͲǤͲͳǡ ߩ Ȁߩ௦ ൌ ͳǤʹͷሻ (numerical data from Syngros 2004).

6

COMPLEX-VALUED SHAPE FUNCTIONS

In order to get better predictions at higher-frequencies, [16] suggest using complex valued
shape functions, ߯ כand ߯ כbased on the dynamic (rather than static) response for the homogeneous case. Therefore, equation 8 can be rewritten in the from:
ஶ

ஶ

ᇱᇱ
ᇱᇱ
ܭ כൌ ܧ ܫ כ ߯ כሺݖሻ߯ כሺݖሻ݀ ݖ  ൣ݇  כሺݖሻ െ ߩ ܣ ߱ଶ ൧߯ כሺݖሻ߯ כሺݖሻ݀ݖ

(17)

where ߯ଵ כand/or ߯ଶ כ, given below, are substituted for ߯ כand ߯ כto get each of the complex
stiffness terms as before.
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כ

߯ଵ כሺݖሻ ൌ ݁ ିఓ ௭ ሾሺߤݖ כሻ  ሺߤ ݖ כሻሿ
߯ଶ כሺݖሻ ൌ

כ
 షഋ 

ሺߤ ݖ כሻ

ఓכ

(18)

μ* is now directly analogous to λ*; for homogeneous soil, if μ* is set equal to λ*, equation 17
reproduces the complex stiffness terms from the closed-form solution exactly, as the phase difference between the responses at different depths is accounted for correctly. However, for inhomogeneous soil, the integrals in equation 17 are now also complex-valued, and harder to
compute than the solution with real-valued shape functions.
7

APPLYING THESE SOLUTIONS: INHOMOGENEOUS SOIL

In order to compare the performance of the two different assumptions (real-valued and complex-valued shape functions), an example problem involving a pile embedded in an inhomogeneous half-space is considered. In this example, soil stiffness varies according to a linear
function of depth with zero surface stiffness. As with the homogeneous case, a method to calculate k* must be chosen. However, for inhomogeneous soil an appropriate method for selecting
μ or μ* must also be selected.
7.1

Selection of k*

Only two of the k* calculation approaches employed for homogeneous soil have been employed for this case, as the function fitted by [18] is specific to homogeneous soil. Equations
13 and 15 can be used as before, with Gs and Vs simply referring to the values at each depth,
resulting in an inhomogeneous Winkler stiffness profile. In addition, the modified expression
for αc for this case provided by [11] should be employed in place of equation 16:
ߙ ൌ ͳǤ ቀ

ିଵȀହ

ா

ாೞವ

ቁ

(19)

where EsD is the soil stiffness at a depth of one pile diameter.
However, the resulting functions describing the inhomogeneity in Winkler spring coefficients are not directly proportional to those describing the soil stiffness or shear wave velocity.
Instead, for the solution described in equations 10 and 11, [11] suggests calculating k* only at
a depth of one diameter. k is then assumed proportional to the soil stiffness and cr to the soil
shear wave velocity (the square root of soil stiffness).
7.2

Selection of μ

For inhomogeneous soils, μ can be approximated as the average (static) λ value over a certain
depth. An appropriate depth, suggested by [8], is the pile active length, La, which can intuitively
be interpreted as the depth over which the soil stiffness has an effect on the pile head response,
resulting in the following expression for μ:
ೌ

ߤൌ

ଵ
ೌ

 ൬

ሺ௭ሻ

ସா ூ

ଵȀସ

൰

݀ݖ

(20)



A number of expressions are available in the literature for La, based on various different
definitions. Particularly useful to application is the value of μLa = 2.5 suggested by [25], this
allows equation 20 to be used iteratively to obtain La and μ for any arbitrary Winkler stiffness
profile. For the specific case of power-law Winkler stiffness profiles, this was solved analytically by [26]. For the linear profile considered here this results in the expression:
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ଵΤହ
ହ ଼ గா

ܮ Ȁ ܦൌ ቀସቁ

ವ

൨

(21)

where kD is the Winkler spring stiffness at one diameter depth.
7.3

Selection of μ*

μ* can be calculated using a similar approach as μ, taking the average (complex) λ* value
over the active pile length:


ଵ

ߤ ൌ   ೌ ߣ כሺݖሻ݀ݖ
ೌ

 כሺݖሻ

ߣ

  כሺ௭ሻିఘ  ఠమ

ൌ൬

ସா כூ

ଵȀସ

(22)

൰

As μ*La is complex valued, the expression suggested by [25] cannot be employed. Instead,
the simple expression fitted by [23] to finite element results in the same soil profile is used here:
ா ଵȀହ

ܮ Ȁ ܦൌ ʹǤͷ ቀா ቁ
ೞವ

7.4

(23)

Comparison of methods

The performance of the two different shape function assumptions is shown in Figure 3, in
comparison with numerical continuum results from [22, 23]. The results are normalised as before, using the shear wave velocity 20 diameters depth, Vs,20D, which was the pile length employed in the continuum solutions. An alternative normalisation, a0μ, (shown in equation 24)
was suggested in [12, 27] using μ directly. However, this was not suitable in this case due to
the different μ definition for each solution.
ఠ

ܽఓ ൌ ఓ ሺଵȀఓሻ
ೞ

(24)

As for the homogeneous case, the energy method with real-valued shape functions matches
the continuum results for low frequencies, but significantly underestimates the pile head stiffness and overestimates the pile head damping coefficient at higher frequencies. However, the
complex-valued shape functions result in a solution much closer to the continuum results. Note
that a rigid boundary was employed in both continuum solutions as perfect absorbing boundaries are not available for the inhomogeneous soil profile. This is not a limitation for the Winkler
model, therefore the undulations of the impedance functions and cut-off frequency evident in
the continuum results are not present.
8

CONCLUSIONS

An energy method for predicting the head response of laterally-loaded piles according the
dynamic Winkler model has been investigated and extended. The performance of the approach
with the commonly employed, real-valued shape functions has been compared with numerical
continuum results, as well as the closed-form (Winkler) analytical solution for homogeneous
soil and an alternative solution employing complex-valued shape functions in inhomogeneous
soil. Three different methods for selecting the Winkler stiffness coefficients have been employed. The following conclusions can be drawn:
x The simplifying assumption of real-valued shape functions allows analytical expressions
for the (real-valued) pile head stiffness and damping terms to be obtained, such as those
provided in [11].
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Figure 3: Normalised dynamic lateral head stiffness of piles embedded in an inhomogeneous soil with stiffness
כ
כ
כ
varying linearly with depth from a value of zero at the surface; (a) ܭଵଵ
(b) ܭଶଵ
(c) ܭଶଶ
ሺߥ௦ ൌ ͲǤͶǡ ߚ௦ ൌ
ͲǤͲͷǡ ߥ ൌ ͲǤʹͷǡ ߚ ൌ ͲǤͲͳǡ ߩ Ȁߩ௦ ൌ ͳǤʹͷሻ (ܮ and numerical data from Syngros 2004).

x At low frequencies, the energy method with real-valued shape functions gives similar results to the analytical, closed-from Winkler solution for homogeneous soil. However, as
the frequency increases it underestimates pile head stiffness and overestimates pile head
damping.
x The solution employing complex-valued shape functions reproduces the homogeneous analytical solution in closed-form.
x For the inhomogeneous soil considered, both real-valued and complex-valued shape functions provide similar results at low frequencies. However, at higher frequencies the real-
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valued shape functions result in underestimating pile head stiffness and overestimating pile
head damping. This effect is more pronounced than for homogeneous soil.
x With the more rigorous complex-valued shape functions, the Winkler model performs well
compared to the numerical continuum results in both the homogeneous and inhomogeneous soil profiles considered.
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Abstract
In the past decades, several experimental and analytical investigations showed that the
dynamic behavior of buildings can be significantly affected by the interaction with a soft
foundation soil. In such cases, the actual response of structures founded on shallow foundations
can be successfully simulated if the structural model is equipped with springs and dashpots
calibrated through frequency-dependent impedance functions. This paper discusses the results
of a research project aimed at back-calculating the impedance functions of a shallow square
foundation from records of the dynamic behavior of the EuroProteas soil-foundation-structure
(SFS) facility, deployed at Euroseistest (Greece). To this aim, forced-vibration tests were
executed under different frequencies and increasing loading amplitudes. The experimental
impedances were compared with several analytical solutions available in the literature,
accounting for different hypotheses on the subsoil model. This comparison improved when the
shear wave velocity VS used to define the analytical functions was reduced accounting for the
strain level mobilized by the increasing amplitude of the applied force. A numerical model was
realized in the SAP2000 software. The compliance of foundation soil has been introduced using
elastic springs, the stiffness of which was calibrated considering either the analytical or the
experimental impedances. The fundamental frequency obtained from a modal analysis of the
SAP2000 model equipped with the springs calibrated on the experimental impedances turned
out to reproduce the fundamental frequency of EuroProteas effectively measured on-site. Such
results showed the effectiveness of using experimental impedance functions in the numerical
simulations, especially when equivalent soil parameters are hard to define.
Keywords: seismic soil-structure interaction; shallow foundations; forced-vibration tests;
dynamic impedance functions
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1. INTRODUCTION
It is customary in design practice to consider the structure fixed at its base, i.e. neglecting
the interaction between the soil, foundation and structure (SFSI). Such hypothesis turns out to
be realistic only for structures founded on very stiff soil. The up-to-date literature proves that
neglecting SFSI effects may lead to an inaccurate evaluation of the actual seismic response of
structures founded on soft soil [1]-[4]. The latter, instead, can be realistically simulated
considering the deformability of the foundation soil through models endowed at their base
through springs and dashpots [5],[6], whose stiffness and damping coefficients are calibrated
through the frequency-dependent complex impedance functions.
Several analytical solutions [7]-[9] are available in the literature mostly considering
simplified assumptions such as homogeneous soil with elastic behavior. Nevertheless, the
equivalent stiffness in a layered soil volume involved in the foundation motion may be hard to
define, if the wave velocity profile is not properly measured and accounted for. Moreover, the
overburden pressure due to the structural weight can significantly influence the stressdependent stiffness of the shallowest soil layers and, last but not the least, an increase in the
loading force can lead to a non-negligible mobilization of non-linear soil behavior [1],[10][12].
In light of these uncertainties, full-scale experimental tests constitute an alternative strategy
to evaluated frequency-dependent impedance functions. The earliest on-site studies available
in the literature provided impedances for a limited range of frequency [13]-[15] or restricted to
specific structures, such as an accelerograph station [16], and a nuclear reactor [17]. More
recently, foundation impedance functions were identified from forced-vibration tests executed
on a steel frame prototype in California [18] in the frequency range 5-15Hz.
This paper discusses the comparison between theoretical functions accounting for different
hypotheses on the soil profile and the frequency-dependent experimental swaying and rocking
impedances calculated from full-scale field tests on the single degree of freedom prototype
EuroProteas in the EuroSeistest in Greece [19]. The objective of the study is to provide an
evaluation on the reliability of field measurements of the impedance functions, in order to
overcome the usual simplified assumptions on soil and foundation adopted by the analytical
formulations.
2. IMPEDANCE FUNCTIONS
2.1. Definition
Impedances are complex expressions adopted to quantify the soil-foundation reaction when
the structure is excited by a harmonic load, Fs, producing a shear force, V, and an overturning
moment, M, on the foundation (see Figure 1a). The real part represents the stiffness and the
imaginary part the radiation and material damping, which account for the energy scattered and
dissipated through hysteresis in the subsoil [8]. When considering the degrees of freedom
associated with the foundation swaying and rocking motion, the impedance function is a matrix
that links V and M to the foundation displacement, uf, and rotation, ϑf. Moreover, for surface
foundations, the out-of-diagonal terms can be neglected [9],[18], hence impedance matrix
contains only the two diagonal terms, as follows:
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(1)

The terms of the impedance matrix are generally presented in the literature in the following
explicit form:

K j k j a0 K j  i Zc j a0 C j

(2)

where j=x for the horizontal vibration and j=ϑx for rocking motion. The static stiffness Kj,
and the dashpot coefficient, Cj, depend on the soil shear modulus, G, and Poisson’s ratio, Q, as
well as on a characteristic dimension of the foundation (radius r or foundation half-width B).
The dynamic coefficients, kj(a0) and cj(a0), depend on the vibration frequency, Z, the
characteristic dimension of the foundation, r, and the soil shear wave velocity, VS, through the
frequency factor, a0=Zr/VS.
Eqs. (1) can be solved in the frequency domain from the dynamic equilibrium of the
structure-foundation system depicted in Figure 1b, as described by [19].
(a)

(b)

Figure 1: (a) Schematic view of the EuroProteas facility during forced vibration tests and associated
reaction in the soil; (b) in-plane motion model of the single-degree-of-freedom system placed on translational
and rotational springs adopted for the interpretation of experimental data. Modified after [19].

2.2. Analytical impedances
Different analytical functions are available in the literature for the real and complex
impedance components, mostly referring to simplified conditions such as rigid massless
foundation, more or less embedded in a subsoil which is typically assumed as an elastic
homogeneous half-space [9],[10]. Nevertheless, [11],[20] suggest that the effect of soil
inhomogeneity can be approximated with an equivalent halfspace with representative values of
VS and damping ratio averaged over depths equal to 0.75rϑx and 0.75rx, where rϑx and rx are the
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rocking and swaying equivalent radii. Other widespread solutions (e.g. [21]) assume nonuniform soil profiles, including the case of a shallow layer stiffer or softer than the underlying
halfspace [22]. Finally, non-linear soil behavior can play a crucial role under moderate to strong
motions leading to a variation in the impedance functions. More recently, [23] introduced the
effects of non-linear behavior, through a series of iterative linear analyses by updating the shear
modulus and damping ratio consistently with the strain level induced by different excitation
amplitudes. Reduction coefficients are then provided to reduce the real and imaginary parts of
the analytical impedances by [9] when the excitation levels range from 0.01g to 1g.
Table 1 lists the analytical solutions and the associated hypotheses on the subsoil model
adopted in this study to characterize the analytical impedance functions used for comparison
with the experimental impedances back-calculated by [19]. The classic solution by Pais and
Kausel [9] for a homogenous elastic halfspace was firstly selected for comparison; these
equations are very similar to the widespread expressions given by [8] which therefore were not
considered. Then, among all the different combinations of shear moduli of the layer and
halfspace by Liou [22], a 50% reduction was considered between the shear moduli of the halfspace medium and that of the foundation deposit layer (i.e. G2/G1=0.5). Finally, the solution by
[23], accounting for soil nonlinearity, was checked. The dynamic coefficients corresponding to
0.01g and 0.2g were multiplied for the static stiffness expressions provided by [9].
Authors
Pais and Kausel [9]
Liou [22]

Year
1988
1993

Pitilakis et al. [23]

2013

Soil
Homogeneous elastic halfspace
Viscoelastic layer (G1) on a homogeneous halfspace (G2),
G2/G1=0.5
Homogeneous equivalent linear (0.01g and 0.2g) halfspace

Table 1 Analytical impedance functions and associated subsoil models used for comparison with
experimental data.

3. EXPERIMENTAL TESTS ON THE SISIFO PROJECT
3.1. Experimental facility: EuroProteas in the Euroseistest
The above theoretical impedance functions were compared with the experimental results of
the research project "Seismic Impedance for Soil-structure Interaction From On-site tests,
SISIFO", funded by the HORIZON2020-supported program SERA the Seismology and
Earthquake Engineering Research Infrastructure Alliance for Europe (http://www.seraeu.org/en/home/). The SISIFO project aimed to investigate the effectiveness of different
procedures of experimental identification of the impedance functions at prototype scale. For
this reason, on-site tests were performed on the full-scale experimental facility of EuroProteas
(Figure 2a) in the Euroseistest TST site located in the middle of Mygdonian valley in Northern
Greece (Figure 2b).
EuroProteas consists of a simple steel frame supported by a 3m x 3m x 0.4m foundation raft,
overtopped by two interconnected slabs each one of them identical to it (Figure 2a). The steel
frame consists of four squared hollow steel columns (QHS 150mm x 150mm x 10mm) clamped
on the foundation through steel bolts. L-shaped cross-braces (100mm x 100mm x 10mm)
rigidly connect the steel columns all around the structure. The raft can be considered as an ideal
‘shallow foundation’ since the surrounding soil was intentionally removed before the execution
of the tests discussed in the following. More details on the structural features are discussed by
[19] and [24].
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(a)

(b)

Figure 2 (a) Full-scale experimental facility of EuroProteas located (b) in the TST site, in the middle of the
EuroSeistest.

The foundation subsoil was investigated and its dynamic properties were defined on the basis
of extended geophysical and geotechnical in-situ and laboratory surveys reported in earlier
studies [24]-[27]. The soil profile is composed of a first layer of silty-clayey sand about 7m
thick, a layer of clayey-silty sand with local contents of gravel between 7m and 22m, and the
last layer of marly silt and silty sand down to a depth of 30m. The shear wave velocity of the
uppermost 6m was found to vary between 150m/s, as resulting from a DH test, and 100m/s,
from the interpretation of further geophysical tests (see Figure 3a).
All the VS profiles shown in Figure 3a refer to free-field investigations performed before the
construction of the prototype. However, it must be observed that the increment of the mean
effective stress due to the structural weight may have caused an increase in the initial shear
stiffness at the shallowest depths [28]. Therefore, as suggested by [11],[18], the free-field
velocity ought to be corrected to account for such a stiffening, by multiplying VS for an
overburden correction factor (hereafter OCF) which can be computed as follows:

OCF

§ V v' z  'V v' z ·
¨¨
¸¸
V v' z
©
¹

n /2

(3)

'
'
where V v z and 'V v z are the effective vertical lithostatic stress and its increment due to

the structural weight, n is an exponent increasing with soil plasticity index [29],[30]. Figure 3b
reports the variation of OCF with depth between z=0.1m and z=6m (black solid line), calculated
assuming n=0.5 and adopting the Steinbrenner’s solution for the vertical stress increment [31].
As expected, OCF is maximum at the foundation level and sharply decreases with depth.
Previous studies in the literature [20] suggest to correct VS profiles for OCF values averaged
through appropriate depth intervals, in order to obtain a mean equivalent velocity profile.
Following such a suggestion, Figure 3b also reports the values of OCF averaged over 50% (red
solid line) and 100% (blue solid line) of the foundation width, i.e. 2B.
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തതതതതത =1.35) up to
The average increase of the free-field VS is estimated to be equal to 35% (ܱܨܥ
തതതതതതଶ =1.22) up to the total foundation dimension, 2B.
the foundation half-width, B, and 22% (ܱܨܥ
It follows that the actual velocity profile may present an inversion, with a greater value of VS in
the shallowest range of depths (i.e., that most interested by the foundation rocking motion) with
respect to the soil volume mobilized by the foundation swaying.
(a)

(b)

Figure 3 (a) Shear wave velocity profiles from 1) down-hole test before EuroProteas construction, 2) at a site
approximately 50m away from the facility [25], 3) reference model of the valley cross-section from updated
geophysical, geotechnical and numerical modeling [26], 4) profile from detailed geotechnical and geophysical
surveys [27], as adapted from [24]; (b) overburden correction factor, OCF, for the EuroProteas foundation
soil and its average along the foundation half-width, B, and width, 2B.

3.2. Instrumentation layout and performed tests
The facility was instrumented with triaxial accelerometers (CMG-5TD and CMG-5TCDE,
Guralp Systems Ltd) to record both the structural and the foundation response (Figure 4). In
particular, the instrumentation layout consists of 5 accelerometers mounted on the roof, three
along the axis parallel to the direction of shaking (in-plane) and two at the opposite corners of
the slab, to capture possible out-of-plane motion. Additionally, four triaxial accelerometers
were mounted in pairs at the opposite edges of the foundation slab along the direction of
shaking, in order to ensure and validate the proper recording of the foundation's translational
and rotational response. All the instruments were connected to external global positioning
system (GPS) antennas and their sampling frequency was set to 200Hz. They were oriented
along the positive x-direction of loading, which forms an angle of 30 degrees with the magnetic
North. However, for sake of simplicity, the x and the y component of each record were tagged
as North and East, respectively, as shown in Figure 4.
The dynamic response of the instrumented facility was firstly identified under random
ambient noise test, in which the structural response was recorded with no external excitation.
Free-vibration tests were also carried out by a ‘snap-back’ procedure, in which the roof was
initially slightly displaced and thereafter released to induce the free vibration of the prototype
structure (see [19]). The structure was then subjected to sinusoidal forced vibration tests, by
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changing the frequency in a range of interest of earthquake engineering, i.e. from 1Hz to 10Hz,
through a shaker mounted on the roof slab. The MK-500U (ANCO Engineers Inc) eccentric
mass vibrator system was adopted as a source of harmonic excitation. The following equation
controls the generated harmonic load:
Fs

E 2S f

2

(4)

sin 2S ft

The frequency of the shaker force was held constant until the system reached the steady
state. Four different forced vibration test series were executed, by changing the frequency of
the excitation and adjusting the rotating mass through the vibrator's eccentricity of the shaker.
Each applied frequency was locked for 60s and then incremented by 1Hz steps in the range 1Hz
– 10Hz. The frequency step was reduced to 0.5Hz when approaching the first vibration mode,
in order to more accurately record the resonance response.

Figure 4 Instrumentation layout of the facility during the forced vibration tests.

Table 2 reports the details of the lowest and highest force amplitude tests, i.e. Forced-A and
Forced-D, yielding the experimental impedance functions which were taken for comparison
with the analytical solutions listed in Table 1.
Experiment
(-)
Forced-A
Forced-D

Frequency range
f=Z/2S
(Hz)
1-2-3-3.5-4-4.5-5-6-7-8-9-10
1-2-2.5-3-3.5-4-5-6-7-8

Force range (min-max)
EZ2
(kN)
0.07-7.30
0.45-28.58

Table 2 Force and frequency range applied during Forced-A and Forced-D tests.
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3.3. Experimental impedance functions
As detailed in [19], experimental impedance functions were back-calculated through Eqs.
(1) from the data recorded during the forced vibration tests. The left side of the system of Eqs.
(1) are the shear force, V, and the overturning moment, M, acting on the foundation. In the time
domain, they result from the difference between the applied loads (Fs and Fsh) and the inertia
forces generated by the structural mass, ms, the foundation mass, mf, and its mass moment of
inertia, If. The computational details are reported in [19] and here omitted for sake of brevity.
The right side of Eqs. (1), i.e. the displacement array, defines the motion of the rigid foundation
slab by two independent swaying, uf, and rocking, ϑf, kinematic components.
The foundation rocking, ϑf, was computed as the difference between the double integration
of vertical records 1.3Z and 1.4Z, divided by their distance. The foundation swaying, uf, was
calculated from the displacement obtained by integrating the acceleration recorded by sensor
1.4N minus the displacement induced by the foundation rocking, i.e. ϑfhf. The applied force
defining the load vector was calculated according to Eq. (4), where the phase angle, φ, between
the applied force itself and the response was assumed to equal to that characterizing the forcedisplacement time shift of a simple SDOF oscillator [32] with the overall damping [=5% and
the natural frequency fn = 3.4Hz for Forced-A and 3.0Hz for Forced-D which were inferred
from the interpretation of noise and snap-back tests [19].
Figure 5 shows the real part of impedance functions calculated in [19] from Forced-A (full
circles) and Forced-D (hollow circles) tests, for both swaying and rocking motions. As it can
be observed from the plots, both swaying and rocking dynamic stiffness decrease with the
increment of the excitation force, i.e. from Forced-A to –D, apparently due to the mobilization
of non-linear soil behavior.

Figure 5 Comparison between the real part of impedance functions back-calculated from Forced-A (full
circles) and Forced-D (hollow circles) vibration tests for swaying and rocking motion

3.4. Evidence of non-linear soil behavior from the experimental data
Mobilization of nonlinearity in the soil leads to a decrease of soil stiffness and to an increase
of hysteretic damping, consequently modifying the foundation motion. For such a reason, soil
properties defining impedance functions must be selected to properly account for the mobilized
shear strain levels. An estimate of the peak shear strain amplitude, J eff max , can be obtained from
the ratio between the peak horizontal velocity recorded on the foundation, u f , and the shear
wave velocity, VS [33],[34].
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The resulting mobilized shear strains during the Forced-A and -D tests are reported in Figure
6a. As expected, the strain amplitude increases with the level of the applied force, i.e. from
Forced-A to -D. The system reaches the highest peak shear strain close to the resonance of the
facility, i.e. around 3.0 and 2.5Hz, respectively under the Forced-A and -D tests [19],[35]. In
correspondence of these values, u f resulted equal to 0.25cm/s and 0.9cm/s, which combined
to a VS equal to 100 m/s (see Figure 3a), yields to J eff max of the order of 0.0025% for Forced-A
(blue hexagon in Figure 6a) and 0.009% for Forced-D (red hexagon in Figure 6) respectively.
Figure 6b shows the variation of normalized shear modulus with the shear strain resulting from
a resonant column test (reported in [24]) on a sample taken at a depth between 2.7m and 3.0m,
from the borehole BH-01 close to the foundation. The plot revealed that the peak shear strain
J eff max estimated for the Forced-A test is associated with a negligible reduction of the shear
modulus, while J eff max for the Forced-D test produces a reduction of the shear modulus of the
order of 25% of its initial value. Hence, soil nonlinearity is expected to affect rather
significantly the experimental impedances derived from the Forced-D test.
(a)

(b)

Figure 6 (a) Effective peak shear strain mobilized during Forced-A (full circles connected with a blue solid
line) and Forced-D (hollow circles connected with a red solid line) tests, with resonance peaks highlighted by
a blue and red marker, respectively; (b) peak strain amplitudes drawn with the same colors across the shear
modulus reduction curve G/G0 (as adapted from [24]).

4. CALIBRATION OF ANALYTICAL SOLUTIONS AGAINST ON-SITE
IMPEDANCE FUNCTIONS
The best-fitting between the analytical and experimental impedances was investigated by
changing the VS value in the computation of the analytical value until the difference with the
experimental impedance was minimized. Being both the impedances variable with frequency
(see for instance Figure 5) the VS was computed by minimizing the sum of the squares of the
residuals (or offsets), defined as the difference between the analytical ( K anal ) and experimental
( Kexp ) real part of impedances as follows:
n

RSS=¦ Kexp i -K anal i (Vs )
i=1

where i indexes the frequencies listed in Table 2.
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The resulting RSS normalized with respect to the maximum value, i.e. that associated with
Kϑx under the test Forced-A, are reported in Table 3 along with the best-fitting VS values.

Pais and Kausel
Liou (G2/G1=0.5)
Pitilakis et al. (0.01g)

Forced-A
swaying
rocking
(Kx)
(Kθx)
Vs RSS Vs RSS
m/s
% m/s %
89
6
99 100 Pais and Kausel
96
3
98 57 Liou (G2/G1=0.5)
92
6
96 68 Pitilakis et al. (0.2g)

Forced-D
swaying
rocking
(Kx)
(Kθx)
Vs RSS Vs RSS
m/s
% m/s %
77
5
81 34
83
2
79 20
95
3
96 34

Table 3 Minimum dimensionless values of Residual Sum of Squares (RSS) associated with the shear wave
velocity (VS) used to define the best-fitting analytical function for the swaying and rocking dynamic stiffness
back-calculated after Forced-A and Forced-D tests.

The best-fit analytical stiffness is compared in Figure 7a for the swaying and in Figure 7b
for the rocking motion to the experimental data of Forced-A (left) and Forced-D (right) tests.
(a)

(b)

Figure 7 Comparison between the real part of experimental and analytical functions accounting for
different values of shear wave profile for the foundation (a) swaying and (b) rocking for (left) Forced-A
and (right) Forced-D tests.
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For a given analytical solution, the best-fitting VS depends on the considered foundation
motion. With reference to the results of the Forced-A test, the highest discrepancy is observed
for the solution by Pais and Kausel [9], which requires a VS =89 m/s to match the experimentally
derived swaying impedance and a VS =99 m/s (i.e. with an increase of 11% with respect to the
swaying) to match the rocking component. As it is well known [20],[36], the soil depth involved
by foundation rocking is almost equal to the foundation half-width and that associated with the
swaying motion to the foundation width. Hence the stiffness increase due to the EuroProteas
overburden is expected to affect the rocking more than the swaying motion. As shown in
Section 3.1 and Figure 3b, the relative difference between the OCF averaged up to the
തതതതതതଶ , is exactly equal to 11%, i.e. that between
foundation halfwidth and width, തതതതതത
ܱܨܥ and ܱܨܥ
the VS values required to fit the rocking and swaying motions.
From a visual analysis of Figure 7 it appears that the best overall agreement between
analytical solutions and experimental data (black symbols) is reached when considering the
heterogeneous subsoil profile proposed by Liou [22] (red symbols). As reported in Table 3,
such analytical impedances are associated with the lowest RSS for both swaying and rocking
modes. Conversely, when considering analytical functions under simplified assumptions such
as homogenous soil model (i.e. Pais and Kausel [9]), the match with experimental functions
worsens (blue symbols) and the greatest RSS values are reached.
Both Table 3 and Figure 7 show that the "best fitting" shear wave velocity reduces when
considering the Forced-D tests. Table 4 lists the ratio between the VS used to define the
analytical expressions for the best-fitting of Forced-D test results and the corresponding value
for the Forced-A, for the two considered foundation motions.

Pais and Kausel[9]
Liou (G2/G1=0.5)[22]
Pitilakis et al. [23]

VS Forced-D/VS Forced-A
swaying
0.86
0.86
1.03

rocking
0.82
0.81
1.00

Table 4 Shear wave velocity reduction from Forced-A to Forced-D, for both swaying and rocking motions.

The normalized shear wave velocity reduction ranges between 14% and 19% when adopting
Pais and Kausel [9] and Liou [22] solutions. Such values are coherent with the experimental
data reported in Figure 6b, revealing a reduction of the normalized shear modulus up to 25%,
hence a VS reduction up to 13%. When soil nonlinearity is directly considered in the analytical
solution, as suggested by Pitilakis et al. [23], the best-fitting VS is the same for the Forced-A
and Forced-D tests, since soil properties consistent with the level of shear strain induced by
shaking (i.e. 0.01g and 0.2g) are considered by the approach itself.
Finally, it is worth highlighting that the value of VS matching the Forced-D test is less
affected by the foundation motion than those matching the Forced-A. This is due to the fact that
rocking motion mobilizes higher strain levels concentrated in the very shallow foundation soil,
reducing its stiffness. Hence the initial inversion induced by the structural weight (see Section
3.1) is reduced, making the stiffness in the soil volume affected by the rocking and swaying
motions more homogeneous.
5. NUMERICAL SIMULATION
A numerical simulation (Figure 8) with the finite element software SAP2000 allowed to
determine the fixed-base (FB) and compliant-base (CB) dynamic response of the prototype.
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(a)

(b)

Figure 8 Numerical model for (a) the fixed-base, FB, and (b) compliant-base,
CB, prototype.

Following the substructure approach, the numerical simulation of the compliant-base model,
CB, was performed by restraining the base of the structural model with a system of springs.
Their translational and rotational stiffness values were firstly characterized from the real part
of the ‘linear’ experimental impedances, as resulting from Forced-A test for both swaying and
rocking modes, with reference to the fundamental frequency of the system, i.e. 3Hz (see [19]),
as in the usual procedure. To highlight the effectiveness of using experimental functions, the
analysis was repeated by considering each analytical function listed in Table 1. In such a case,
the calibration procedure followed in Section 4 was ignored and the shear wave velocity was
assumed from the free-field measurements in Figure 4, as commonly done in lack of
experimental impedance values. The minimum value of the range 100m/s - 150m/s of VS
measured in the uppermost 3 m of the layered soil profile was assumed, i.e. 100 m/s (Figure 3).
Results of modal analyses performed on the fixed-base and compliant-base models are
reported in Table 5. They confirmed the expected strong influence of the soil-structure
interaction on the dynamic response of the facility. In all cases, the fundamental frequency is
significantly lower than the value of 9.13Hz resulting from the fixed-base model. Only when
characterizing the springs with the experimental impedances, the results of the modal analysis
were consistent with the on-site measurements, identifying a fundamental frequency around
3.0Hz under the Forced-A test. Such evidence highlights that the calibration of the compliantbase model through experimental impedances is possible and is even more accurate than the
traditional analytical impedance functions because it implicitly accounts for soil inhomogeneity
and nonlinearity, which are either neglected or hard to be quantified in the definition of
analytical formula.
Foundation restraining system
FB (Fixed-base)
CB (Forced-A)
CB (Pais and Kausel [9])
CB (Liou (G2/G1=0.5) [22])
CB (Pitilakis et al. (0.01g) [23])

frequency (Hz)
9.13
3.05
3.11
3.38
3.44

period (s)
0.11
0.33
0.32
0.30
0.29

Table 5 Fundamental frequency and period associated with the dominant response of the structure for the
fixed-base and compliant-base conditions, considering experimental and analytical impedance functions.
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6. CONCLUSIONS
The response of a structure resting on soft soil conditions may be different compared to the
fixed-base assumption. In the up-to-date literature, SFSI is incorporated in the analysis of
shallow foundations using the uncoupled 'substructure method'. The foundation compliance is
taken into account through frequency-dependent impedance functions.
Several analytical functions are available in the literature depending on soil and foundation
properties, varying with depth and strain level. In this study, theoretical functions accounting
for different hypotheses on the subsoil model were calibrated against the impedance functions
of a shallow square foundation back-figured from records of the dynamic behavior of the
EuroProteas soil-foundation-structure (SFSI) facility, in the framework of the SISIFO project.
The experimental impedances evaluated under different values of forces applied by the
shaker match reasonably well with the analytical frequency-dependent impedance functions
calculated for varying shaking levels when changing the foundation soil properties according
to the mobilized shear strain.
In this study, the agreement was found to increase considerably when considering an
inversion in the soil velocity profile, as for the theoretical impedances proposed by Liou [22].
Such an effect is probably due to the increase of shear stiffness induced by the overburden
pressure. To overcome the above limitation, future experimental campaigns addressed to
evaluate impedance functions should include shear wave measurements after the installation of
the prototype, for instance by means of a hole across the foundation slab, allowing for the
execution of down-hole or cross-hole tests.
Moreover, when increasing the frequency-dependent amplitude of the force applied through
the shaker, significant non-linear effects are induced; for such a reason, laboratory tests on
specimens representative of the soil beneath the foundation are needed to investigate the role
of inelastic soil behavior even at the lowest strain levels.
A numerical simulation in the SAP2000 software confirmed the effectiveness of using
experimental impedance functions, especially when the soil parameters are hard to be defined.
The comparison among the obtained predominant frequencies of the model equipped with
springs calibrated on the experimental and analytical functions highlighted that the fundamental
frequency of EuroProteas measured on-site is well-reproduced only if the experimental
impedances are adopted in the analysis.
In conclusion, measurement of the foundation impedance can be a sound alternative strategy
with respect to the predictive formulae. It does not require over-simplified assumptions on the
geometrical and mechanical properties of both foundation and subsoil.
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Abstract
Soria arch dam and reservoir is the largest infrastructure of this type that exists in the Canary
Islands both in capacity and height which is located in the Island of Gran Canaria. The goal of
this paper is the development of a numerical model for the analysis of the dynamic and seismic behavior of this arch dam. To do so the effects of the ground motion and of the canyon
geometry on the dynamic response of the arch dam are studied in this paper. The seismic response of the arch dam subject to time harmonic shear waves impinging the dam site with a
horizontal upstream and cross-stream free-field ground surface motion is analyzed. The numerical model includes both the concrete arch dam and the surrounding area, so that soilstructure interaction phenomena can be taken into account as accurately as possible. The model is used to evaluate the magnitude of soil-structure interaction and also the influence of the
accuracy of the geometrical representation of the surrounding topography on such soilstructure interaction effects. To this end, two different numerical models are built. On the one
hand, a Finite Element Model of the actual geometry of the concrete dam wall is developed
and used to perform a modal analysis of the fixed-base model. On the other hand, several
three-dimensional frequency-domain Boundary Element models of both the concrete dam and
the surrounding topography are built; all of these models include the actual geometry of the
dam wall and different approximations of the surrounding soil, ranging from a very simplified
straight prismatic canyon to an elaborate model of the actual topography. These BEM models
are used not only to estimate compliant-base natural frequencies and mode shapes, but also to
study the seismic response of the system when subjected to incident planar seismic waves.
The results show that the influence of the soil—structure interaction effects on the dynamic
response of the system is quite significant. It is also shown that the asymmetry of the canyon
might significantly affect the seismic response of the dam wall.
Keywords: Arch dam, Boundary Element Method, dynamic soil—structure interaction.
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1

INTRODUCTION

Located in the south of the Island of Gran Canaria, between the municipalities of Mogán
and San Bartolomé de Tirajana, the Soria dam is a concrete double-curvature arch dam. Soria
arch dam and reservoir is the largest infrastructure of this type that exists in the Canary Islands both in capacity (32 hm3) and height (120 m). The structure was constructed from 1962
to 1972. It is 120 meters in height (above foundation) and with a thickness of the crown cantilever decreasing from 17.30 m at the base to 3 m at the crest. It is provided with 5 galleries
inside its body [1]. Some pictures of Soria dam are shown in Figure 1.

Figure 1 : Soria arch dam (Gran Canaria).

The present study aims at building a three-dimensional numerical model for the analysis of
the dynamic and seismic behavior of the Soria arch dam in order to analyze the influence of
the soil-structure interaction effects, and of the accuracy of the geometrical representation of
the surrounding topography.
2

METHODOLOGY

Firstly, a geometrical model was developed consisting of two parts: the dam wall and the
canyon. The geometry of the dam wall was constructed according to the information gathered
from a specific study made in 1991 [2]; on the other hand, a geometrical representation of the
actual canyon and surroundings was obtained from topographic information available in the
databases of Gobierno de Canarias [3].
Secondly, a modal analysis was carried out. For that, a 3D finite element model of the dam
wall was developed to obtain the mode shapes of vibration of the fixed-base model. Displacements along the abutments and base of the dam wall are assumed to be zero in this case
(Figure 2). The finite element mesh corresponding to the geometry of the dam wall was constructed by means of 4250 tetrahedral 3D elements and 7805 nodes (Figure 3). For the Finite
Element Analysis, Code_Aster was used, which is a Finite Element Analysis software engine
[4].

Figure 2: Boundary conditions in modal analysis.
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(b)

(a)

(c)

Figure 3: 3D mesh used for the FEM analysis. (a) downstream side view, (b) upstream side view and (c) top view.

Thirdly, to illustrate the differences in the dynamic response of the soil-structure system,
harmonic analyses of the system, considering both fixed- and compliant-base configurations,
were carried out using the multidomain Boundary Element Method (BEM) code in the frequency domain described in Maeso et al. [5, 6]. Wall and surrounding ground are modelled by
means of boundary integral equations discretized into boundary elements, taking into account
their specific characteristics and the interaction between them by using existing compatibility
and equilibrium relationships on the variables defined for structure and soil in the nodes of the
contact surfaces. Nine node quadratic quadrilateral elements and six node quadratic triangular
elements with a parabolic approximation are used for the boundary elements discretization.
The size of the wall elements is determined by the wavelength in the dam wall while in the
soil free surface it is gradually increased as the distance from the area of interest increased.
The Boundary Element Method allows to take intrinsically into account the unbounded character of the soil medium, without the need of absorbing boundaries or any other mathematical
artifact. On the contrary, the free-field mesh is truncated at a distance such that only the scattered wave fields are sufficiently damped. Both structure and soil are considered as solid viscoelastic materials applying in these regions Navier’s equation.
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Figure 4 shows the boundary element mesh used for the fixed-base model. The influence
of soil-structure interaction and of the accuracy of the geometrical representation of the surrounding topography on such soil-structure interaction effects needs to be evaluated. In order
to do so, three of the BE discretizations are used. Figures 5, 6 and 7 show the actual geometry
of the dam wall with different approximations of the surrounding soil, from a straight prismatic canyon with two different amounts of free-surface (Figures 5 and 6, free-surface extensions equal to two and three times the height of the dam wall, respectively) to a model of the
actual topography (Figure 7, free-surface extensions equal to two times the height of the dam
wall). As mentioned before, these four BEM models have been constructed by means of ninenode quadratic quadrilateral elements and six-node quadratic triangular elements where the
number of nodes and elements are shown in table 1.

(b)

(a)

(c)

Figure 4: 3D mesh used for the BEM analysis of the dam wall. (a) Downstream side view, (b) up-stream side
view and (c) top view.

Number Number of
of nodes elements
Fixed base
3228
733
Compliant base. Prismatic canyon (R=240 m)
8168
2023
Compliant base. Topographic canyon (R=240 m) 10397
2739
Compliant base. Prismatic canyon (R=360 m)
10408
2631
BEM models

Table 1: Number of nodes and elements in BEM models.
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(a)

(b)

(c)

Figure 5: BE model, prismatic canyon. Extension of the free-field discretization: 240 m. (a) Downstream side
view, (b) up-stream side view and (c) top view.
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(a)

(b)

(c)

Figure 6: BE model, prismatic canyon. Extension of the free-field discretization: 360 m. (a) Downstream side
view, (b) up-stream side view and (c) top view.
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(a)
(a

(b)

(c)

Figure 7: BE model. Approximation of the actual topography of the canyon. Extension of the free-field discretization: 240 m. (a) Downstream side view, (b) upstream side view and (c) top view.

3639

J.C. Galván, L.A. Padrón, J.J. Aznárez, O. Maeso

The nodes studied are node 1, node 2 and node 3 which are located approximately at 1/4,
1/2 and 3/4 of the dam crest, measured from left to right abutment, respectively (Figure 8).
Frequency response functions obtained by BE method in these nodes will be plotted for 4
cases: Fixed-base and compliant-base with different geometries (Figures 5, 6 and 7).

Figure 8: Nodes studied.

On the one hand, in the fixed-base analysis, a unit harmonic horizontal displacement along
the up-stream and cross-stream direction was prescribed at the abutments and base of the dam
wall (Figure 9.a) ; on the another, for the compliant analysis, the system is assumed to be impinged by seismic time-harmonic plane waves. For this analysis, it was assumed that the incident wave field consists solely of plane S waves propagating vertically with a horizontal upstream and cross-stream free-field ground surface motion [7] (Figure 9.b).

(a)
(b)

Figure 9: Boundary conditions used in harmonic analyses. (a) Fixed and (b) compliant base.

As mentioned, the concrete dam wall is assumed to be viscoelastic solid with the following
properties: density, U = 2300 kg/m3; Poisson’s ratio, X = 0.2; shear modulus, G = 8167 MPa
and internal damping, [ = 0.01; the foundation rock material is also assumed to be viscoelastic media with a density, U = 2143 kg/m3; Poisson’s ratio, X = 0.2; shear modulus, G = 12083
MPa and internal damping, [ = 0.01 [1, 7].
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3

ANALYSIS OF RESULTS

The first four mode shapes and natural vibration frequencies obtained with the finite element modal analysis (FEM) with the fixed-base model, together with the modes infered from
the harmonic analysis with the fixed-base model using boundary element method (BEM) are
shown in Figure 9 and table 2, respectively.

First mode, antisymmetric

Second mode, symmetric

Third mode, symmetric

Fourth mode, symmetric
(a)

(b)

Figure 9: Mode shapes of vibration: (a) FEM ; (b) BEM.

Mode shapes
First mode
Second mode
Third mode
Fourth mode

FEM
3,99 Hz
4,99 Hz
6,37 Hz
7,80 Hz

BEM
4,00 Hz
5,00 Hz
6,40 Hz
7,80 Hz

Table 2: Fundamental frequencies: FEM and BEM models.

As can be seen, a very good agreement is observed between the two sets of results, in
terms of both mode shapes (Figure 8) and fundamental frequencies (table 2) which contributes
to validate the BE wall mesh used below in the fixed and compliant-base harmonic analyses.
The frequency response functions computed for the fixed-base and compliant-base models
with different geometries at the nodes studied are plotted in Figures 10 and 11.
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(a)

(b)

Figure 10: FRFs. (a) Longitudinal and (b) transversal response of node 1.

(a)

(b)

Figure 11: FRFs. (a) Longitudinal and (b) transversal response of node 2.

(a)

(b)

Figure 12: FRFs. (a) Longitudinal and (b) transversal response of node 3.
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First
Second
Third
Fourth
frequency frequency frequency frequency
Fixed base
4.01 Hz 5.00 Hz 6.44 Hz 7.80 Hz
Compilant base, prismatic canyon (R=240 m) 3.74 Hz 4.75 Hz 6.10 Hz 7.32 Hz
Compilant base, topographic canyon (R=240 m) 3.76Hz
4.76 Hz 6.14 Hz 7.38 Hz
Compilant base, prismatic canyon (R=360 m) 3.74 Hz 4.74 Hz 6.11 Hz 7.33 Hz
BEM models

Table 3: Fundamental frequencies obtained with harmonic analyses.

As expected, the frequency-domain analyses carried out show that the soil—structure interaction has an important influence on the dynamic response of the dam wall both in amplitude and frequency (Figures 10, 11 and 12, table 3) due to damping character of the soil; as
can be observed in table 4, the vibration frequencies on compliant base are between 4.5-6.5%
lower than in fixed base.
Models
Compilant base, prismatic canyon
(R=240 m)
Compilant base, topographic canyon
(R=240 m)
Compilant base, prismatic canyon
(R=360 m)

First
Second
Third
Fourth
frequency frequency frequency frequency
- 6.50%

- 5.00%

- 4.53%

- 6.15%

- 6.00%

- 4.80%

- 4.53%

- 5.38%

- 6.50%

- 5.20%

- 4.53%

- 6.02%

Table 4: Fundamental frequencies reduction %. Compliant base versus to fixed base.

On the other hand, regarding the seismic response of the compliant-base models with different geometrical models of the canyon, it can be seen that while the response of the central
node (Figure 11) is mostly unaffected by the level of accuracy of the representation of the topography of the area around the dam wall, the response computed for the most accurate geometrical model for the nodes placed at 1/4 (Figure 10) and 3/4 (Figure 12) of the length of the
dam crest show a larger response of the first mode (which is mostly asymmetrical) for the upstream excitation (Figures 10.a and 12.a) and larger response of the third mode (which is
mostly symmetrical) for the cross-stream excitation (Figures 10.b and 12.b). This is clearly
due to the asymmetry of the topographical representation of the canyon, not present in the
first two simplified models of the canyon.
4

CONCLUSIONS

In this paper, a boundary element model for the dynamic analysis of coupled systems consisting of solid viscoelastic regions have been applied to the study of the dynamic response of
a concrete arch dam taking into account soil-structure interaction.
The frequency-domain analyses carried out show that the soil—structure interaction has an
important influence on the seismic response of the dam wall (the vibration frequencies on
compliant base are up to 6.50% lower than in fixed base). It has also been found that the
asymmetry of the canyon might affect significantly the seismic response of the dam wall.
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In future studies, numerical models involving structure-soil-water interaction with different
reservoir levels will be studied in order to analyze the influence of this interaction on the dam
crest, moreover an experimental modal analysis is also planned in order to obtain information
for the calibration of the numerical model.
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Abstract
In the last few years, the ever-increasing computing power of personal computers has allowed
to explore beyond the assumption of linear viscous-elastic behaviour usually made for foundation soils, even when subjected to strong seismic excitations. In this context, Gaudio and
Rampello [1] performed a parametric study focusing on the seismic performance of massive
caisson foundations supporting bridge piers subjected to strong one-directional earthquakes,
capable of triggering the nonlinear and inelastic soil behaviour. 3D dynamic Finite Element
(FE) analyses were performed twice in the time domain, once assuming the soil to behave as
an elastic-plastic and once as a linear viscous-elastic medium: through the comparison of results, the observed reduction of inertial forces transmitted to the superstructure was mainly
attributed to the energy dissipation occurring in the foundation soils, due to the attainment of
their inelastic behaviour. These nonlinearities can be classified as “primary”, developing in
the free-field soil, and “secondary”, resulting from the oscillating foundation [2]: these were
not distinguished in the parametric study.
In this paper a step further is made, as the relative influence of the “primary” and “secondary” nonlinearities is evaluated. A simple 3-degree-of-freedom plane-strain model simulating
the soil-foundation-bridge pier-deck system is subjected to the horizontal acceleration time
histories computed at the depth of the foundation centroid from preliminary 1D inelastic
ground response analyses performed in free-field conditions. The influence of “primary” nonlinearities is assessed by comparing these results with those obtained after applying seismic
inputs coming from 1D nonlinear viscous-elastic free-field analyses. The comparison is performed in terms of some performance indexes, such as the deck drift and the bending moment
acting at the base of the pier. A fair estimate of the influence of “secondary” nonlinearities is
finally provided comparing the results obtained applying the 1D inelastic free-field motion
with those computed in the 3D nonlinear dynamic FE analyses.
Keywords: Soil Nonlinearities, Caisson Foundation, Bridge Pier, Earthquake, Dynamic SoilStructure Interaction, Finite Element Analysis.
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1

INTRODUCTION

Role of soils on the seismic performance of superstructure such as buildings and bridges
has been being explored with increasing accuracy for the last 50 years. However, its influence
has been often condensed in the increase of flexibility of the soil-foundation-structure system
seen as a whole and of the damping with respect to the fixed-base case, thanks to the introduction of the foundation-soil finite stiffness and of the geometric and material damping [3, 4].
This change in the dynamic properties is even more pronounced when the system is hit by
high-intensity earthquakes, as a result of the decreasing shear modulus and growing damping
ratio as a function of the shear strain experienced by the foundation soils during the seismic
event. The increase of the period of the equivalent system can be easily evaluated even
through analytical relationships, provided that at least a preliminary 1D ground response analysis is performed in free-field conditions via the Linear Equivalent (LE) method [5], so that
the magnitude of the shear strain to be expected is properly evaluated. Although this approach
allows the user to account for the nonlinear behaviour of foundation soils, it does not permit
any evaluation of the effects of their inelastic behaviour, the latter implying the accumulation
of permanent deformations until the end of the seismic shaking. Indeed, this aspect can
strongly affect the seismic performance of structures subjected to strong ground motions and
should be carefully assessed.
In the above-mentioned context, Gaudio and Rampello [1] recently performed a parametric
study through 3D nonlinear dynamic FE analyses on caisson foundations of bridge piers subjected to strong ground motions, clearly showing that the influence of soil inelastic behaviour
is to be considered when assessing their seismic performance, especially when the fundamental period of the whole soil-caisson-pier-deck system (i.e. considering lengthening of the period due to soil-structure interaction), Teq, approaches the period of the free-field 1D soil
column, T0. They also discussed the influence of Foundation Input Motion (FIM) and compared it with that of irreversible soil behaviour. Although the study [1] provides some useful
empirical relationships that can be used to get the overestimation of peak displacements and
forces that is typically obtained when irreversible and hysteretic soil behaviour is neglected,
as a function of the period ratio Teq/T0 and of the significant duration of the earthquake, TDinp
[6], it does not detail the contribution of the so-called “primary” and “secondary” soil nonlinearities (even if “nonlinearities” should be replaced with “plasticity” in this context, more
properly). The term “primary” stands for the development of permanent deformations and dissipation of energy in the free-field soil column, whereas “secondary” indicates the same but
caused by the oscillating foundation and by the structure as a whole.
In this paper, the relative influence of the primary and secondary nonlinearities is evaluated,
following the work that can be found in [1]. Specifically, a 3-degree-of-freedom (3DoF)
plane-strain model representing several soil-foundation-bridge pier-deck systems is subjected
to the horizontal acceleration time histories computed at the depth of the foundation centroid
from preliminary 1D inelastic free-field ground response analyses. The influence of “primary”
nonlinearities is first assessed by comparing these results with those computed applying at the
node representing the foundation the input motions retrieved from 1D nonlinear viscouselastic free-field analyses. The comparison is performed in terms of the deck drift and the
bending moment acting at the base of the pier. A fair estimate of the influence of “secondary”
nonlinearities is then provided through the comparison of the results obtained applying the 1D
inelastic free-field motion with those computed in the 3D nonlinear dynamic FE analyses in
which the soil-foundation-pier-deck system is described. Although not rigorous, this procedure permits clearly understanding, for the cases at hand, of the relative contribution of soil
far and close to the structure.
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2

PROBLEM SETTING

The problem layout considered in the parametric study is depicted in Figure 1a. The transversal section of a bridge is considered, where the cylindrical caisson foundation of height H
and diameter D is embedded in a 5-m-thick gravelly sand layer underlain by a 55-m-thick layer of silty clay, this being representative of an alluvial deposit. The infinitely-rigid bedrock is
located at depth Z = 60 m, where the seismic input motion is applied in the x direction in
terms of horizontal acceleration time histories. Water table is placed at the interface between
the sand and the clay layers (zw = 5 m), with a hydrostatic pore water pressure regime. The
pier is modelled through a linear viscous-elastic Single-Degree-of-Freedom System (SDoF)
characterized by a stiffness ks, simulating the flexural stiffness of the pier, a damping ratio
[s = 5 % and a lumped mass ms = mdeck + 0.5∙ mpier, where mdeck and 0.5∙mpier are the mass of
the deck and of the upper half of the pier, respectively. The mass of the lower half of the pier
is applied to the top of the caisson via a uniform distribution of vertical stresses Vz(0.5pier).
Mechanical properties of the foundation soils are given in Table 1, where J is the unit
weight, c′ and M′ are the effective cohesion and the angle of shearing resistance, OCR is the
overconsolidation ratio and k0 is the earth pressure coefficient at rest [7]. The profile assumed
for the small-strain shear modulus G0 was obtained using the empirical relations proposed by
Hardin and Richart [8] for the gravelly sand and by Rampello et al. [9] for the silty clay, and
J

Soil
Gravelly sand
Silty clay

3

c′

M′ OCR

k0

G0ref

J0.7

m

Eurref Qur E50ref Eoedref

(kN/m ) (kPa) (°)
(-)
(-)
(MPa) (-) (%) (MPa) (-) (MPa) (MPa)
20
0 30
1.0
0.5
145.7 0.61 0.024 174.9 0.2 58.3
58.3
20
20 23 4.4÷1.5 1.1÷0.7 65.7 0.75 0.045 58.2 0.2 19.4
19.4

Table 1: Mechanical properties assumed for soils and adopted in the HS small model.

ms = mdeck + 0.5mdeck

hs

Vz (0.5pier)
x

H

gravelly sand

G0 (MPa)

OCR
0

z

1

2

3

4

5

0

60 120 180

10
20

z(m)

D
silty clay

30
40
50
60

(a)

(b)

Figure 1: (a) layout considered in the parametric study; (b) profiles assumed for the overconsolidation ratio and
the small-strain shear modulus (modified from [10]).
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D

H/D

hs

ks

mdeck

mpier

ms

(m)

(-)
0.5

(m)
15
30
60
15
30
60
15
30
60
15
30
60
30
60

(MN/m)
10.1
11.8
6.2
102.4
46.9
20.8
106.4
37.7
19.8
169.3
78.7
29.9
411.2
192.3

(Mg)
1278.0
1500.3
698.6
2115.4
1804.8
1162.4
3445.1
3173.5
2159.0
4160.5
3806.0
2841.1
4986.9
2374.3

(Mg)
196.7
217.2
1018.9
112.0
422.6
1065.0
113.2
384.8
1399.3
134.6
489.2
1454.0
904.2
3156.8

(Mg)
1376.4
1608.9
1208.1
2171.4
2016.1
1694.9
3501.7
3365.9
2858.6
4227.8
4050.6
3568.1
5439.0
4132.7

1
8
2

0.5
12

1
2

Table 2: Properties of the systems considered in the parametric study.

is plotted in Figure 1b together with that of OCR.
In the parametric study fourteen deck-pier-caisson-soil systems were considered, differing
in caisson diameter (D = 8 and 12 m), caisson slenderness ratio (H/D = 0.5, 1 and 2), and pier
height (hs = 15, 30 and 60 m). Here it is worth noting that some extreme cases were excluded
as they were deemed not realistic (i.e. pier of height hs = 15 m over a 24-m-deep caisson).
Values of the pier flexural stiffness ks and masses mdeck, mpier and ms were selected to represent span lengths ranging between 40 and 110 m and to return fixed values of the safety factor
against bearing capacity under static and pseudo-static conditions, FSv = 5.5 and FSe = 0.7,
respectively. More details about this methodology are given in [11, 12]; the main characteristics of the systems are reported in Table 2.
3

FINITE ELEMENT MODELLING

The dynamic analyses were first performed using the FE code PLAXIS 3D [13] with the
numerical domain shown in Figure 2a [1]. Each analysis was performed twice, adopting two
different constitutive models for foundation soils: the elastic-plastic constitutive model Hardening Soil with Small-Strain Stiffness (HS small, [14]) and a linear viscous-elastic model, the
former with the mechanical parameters given in Table 1, the latter with “mobilised” values of
shear modulus G and of damping ratio [ resulting from preliminary 1D free-field analyses
carried out with the LE method. Here it is worth mentioning that the same curves reproducing
shear modulus decay and damping ratio increase with the shear strain, G/G0 and [ = f(J), were
assumed in the 3D analyses with HS small and in the 1D free-field analyses with the LE
method, namely that proposed by Seed and Idriss [15] for the sand and by Vucetic and Dobry
[16] for the clay (plasticity index IP = 25 %). In the dynamic calculation phase, the systems
were subjected to six different acceleration time histories, intense enough to trigger the bearing capacity of the caisson foundations: for the sake of brevity, only three of them are considered in the following (Fig. 3a-b).
Comparison of results permitted to better understand the role of soil plasticity on the seismic performance of the systems at hand. Albeit these analyses were useful in achieving the
proposed objective, they did not allow to properly distinguish in between primary and secondary nonlinearities, as summarised in Table 3. Therefore, a simplified plane-strain 3DoF
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(a)

(b)

Figure 2: (a) numerical domain modelled in Plaxis 3D; (b) 3DoF model (modified from [1]).

model was implemented in the FE code SAP2000 v.20 [17], where the three independent degrees of freedom are: the horizontal displacement of the foundation relative to the motion applied to the fixed end of the horizontal impedance Kxx , uc,G, the angle of caisson rigid rotation
T and the flexural displacement of the pier column, uflex (Fig. 2b). This model turned out to be
reliable in reproducing the results obtained in the 3D FE linear viscous-elastic analyses, provided that the FIM is applied, that the dynamic impedance matrix is computed referring to the
“mobilised” values of G and [ and that the coupled terms K xrr = Krxr are considered [1]. This
3DoF model was also adopted to understand the relative influence of the “primary” and “secondary” soil nonlinearities. To this end, the free-field motion (FFM) computed at the depth of
the caisson centroid, z = zG, from preliminary 1D ground response analyses was applied at the
fixed end of the pure-translational dynamic impedance, Kxx : following what already done for
the 3D FE analyses, these free-field analyses were performed twice, once adopting HS small
and once through the LE method, already implemented in the code MARTA [18] (Tab. 3).
Albeit not being rigorous, this procedure permitted to catch the role of primary nonlinearities
on the seismic performance of bridge piers over caisson foundations, as it will be clarified in
the following section.
4

1D FREE-FIELD GROUND RESPONSE ANALYSES
The input motions applied at the base of the 3DoF model were preliminary computed at
#

model

soil const. model

seismic input

nonlinearities

1

3D

elastic-plastic

bedrock at at z = Z

G/G0 and [ = f(J),
primary, secondary

2

3D

linear viscous-elastic

bedrock at z = Z

G/G0 and [ = f(J)

3

3DoF

nonlinear viscouselastic

from 1D free-field analyses with HS
small at z = zG

G/G0 and [ = f(J),
primary

4

3DoF

nonlinear viscouselastic

from 1D free-field analyses with nonlinear viscous-elastic model at z = zG

G/G0 and [ = f(J)

Table 3: FE analyses carried out to assess the influence of the nonlinear and irreversible soil behaviour.
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Record
Tolmezzo E-W
Assisi E-W
Adana E-W

F

amaxinp

IAinp

Tminp

TDinp

(-)
1.00
2.00
1.05

(g)
0.316
0.332
0.292

(m/s)
1.17
1.12
1.17

(s)
0.50
0.24
0.62

(s)
5.220
4.295
12.990

Table 4: Parameters of the scaled seismic input motions.

the depth z = zG = H/2 of the caissons’ centroid by performing the above-mentioned 1D
ground response analyses in free-field conditions twice, once with the elastic-plastic HS small
and once with the nonlinear viscous-elastic soil constitutive models. The analyses were carried out imposing at the base of the soil column (z = Z = 60 m) six different high-intensity
seismic inputs: for the sake of brevity, only three of them are considered in this paper, whose
horizontal acceleration time histories and elastic acceleration spectra are plotted in Figure 3a
and b, respectively. The main characteristics of these seismic inputs are listed in Table 4,
where F is the amplification factor adopted to reach the desired level of Arias intensity, amaxinp
is the peak horizontal acceleration, IAinp is the Arias intensity [19], Tminp is the mean period
[20] and TDinp is the strong-motion duration. All the records are characterised by about the
same IAinp: moreover, the Assisi record (second line) differs from the Tolmezzo one (first line)
in its frequency content (Tminp), having the same strong-motion duration, while the Adana record (third line) differs from Tolmezzo in TDinp, having about the same frequency content.
The average spectrum resulting from all six records is also plotted in Figure 3b for a damping ratio [ = 5 % (equal to that of the bridge pier, [s), together with the one resulting from the
Italian Building Code [21] for a return period TR = 1424 years, taken as a reference to check
spectrum compatibility in the entire parametric study.
The inputs applied at the base of the 3DoF models were extracted from the 1D soil column
at the depth of the caissons’ centroid, as represented in Figure 3c, where the soil column modelled in Plaxis 3D for the elastic-plastic analyses (HS small) is given. The results of the freefield ground response analyses are discussed in the following section.
IAinp = 1.12 – 1.17 m/s

(a)

zG = 2 m
3m
4m
8m

6m

12 m

(b)

(c)

Figure 3: (a) Time histories and (b) elastic spectra of horizontal acceleration of the adopted input motions; (c) soil
column modelled in Plaxis for the 1D ground response analysis with HS small and depths at which seismic outputs were extracted.
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5

INFLUENCE OF PRIMARY SOIL NONLINEARITIES ON THE SEISMIC
PERFORMANCE

The influence of primary soil nonlinearities was assessed by comparing the seismic performance obtained applying to the 3DoF model the horizontal acceleration time histories
computed at z = zG = H/2 in the elastic-plastic and the nonlinear viscous-elastic free-field
analyses. Hence, a comparison of free-field results only is first made (§ 5.1); then, the seismic
performance obtained with the 3DoF model is assessed (§ 5.2).
5.1

Comparison of results in free-field conditions

A sample of results obtained for the soil column is given in Figure 4 referring to the
Tolmezzo record, where profiles of the peak horizontal acceleration (a) and shear strain (b)
are plotted, together with the contours of the plastic deviatoric strain Hsp obtained at the end of
the earthquake when adopting the HS small constitutive model (elastic-plastic analyses, (c)).
The deviatoric strain is the second invariant of the strain tensor, defined as follows:

Hs =

2 ª§

Hv ·

3 ¬©

3 ¹

«¨ H xx 

2

§
©

¸ + ¨ H yy 

Hv ·

2

§
©

¸ + ¨ H zz 

3 ¹

º
1 2
2
2
¸ + J xy + J yz + J zx »
3 ¹ 2
¼

Hv ·

2

(1)

where Hii and Jij, for i ≠ j and i,j = x, y, z are the components of the strain tensor along the three
cartesian directions and Hv = Hxx + Hyy + Hzz is the volumetric strain.
The profile of peak horizontal acceleration (Fig. 4a) clearly shows almost overlapping elastic and elastic-plastic profiles from the base of the soil column (z = Z = 60 m) up to a depth
z ≈ 17.5 m: in this range of depths both constitutive assumptions predict a slight reduction of
the peak acceleration with respect to the input one (amaxinp = 0.316 g). This result is consistent
with what observed for the peak shear strain Jmax: indeed, similar trends are computed, with
slightly higher Jmax computed when adopting the nonlinear viscous-elastic soil model. Both
analyses provide the same maximum peak shear strain Jmax ≈ 0.3% at depth z ≈ 17.5 m, above
Hsp (%)

(a)

(b)

(c)

Figure 4: Comparison of 1D free-field ground response analyses when applying the Tolmezzo record: (a) peak
acceleration; (b) peak shear strain; (c) contours of the plastic deviatoric strain at the end of the seismic shaking.
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(a)

soil model
viscous-elastic
elastic-pl.
ratio

(b)

amax
(g)
0.423
0.263
1.61

Sa(T = 0.5s)
(g)
1.806
1.410
1.28

Table 5: Intensity measures obtained in the
1D free-field ground response analyses at
z = 6 m, for the Tolmezzo record

Figure 5: a) Time histories and (b) elastic spectra of horizontal accelerations computed at depth z = 6 m in the
viscous-elastic and elastic-plastic 1D free-field ground response analyses, together with the Tolmezzo record
applied at the base of the column.

which shear strains still go overlapping with the two models. Due to this high distress experienced by the soil, peak horizontal accelerations amax start diverging when approaching the
ground surface, with an almost constant peak acceleration in the elastic-plastic analyses
(amax ≈ 0.28g at z = 0) whereas a strong amplification of motion is predicted by the elastic
analysis (amax ≈ 0.50g at z = 0). This result may be attributed to the nonlinear and irreversible
behaviour of foundation soils, mostly triggered at z ≈ 20 m, where dissipation of energy occurs, as it is clearly shown by the contours of plastic deviatoric strain Hsp plotted in Figure 4c,
that attains its maximum value of about 1% at the end of the seismic shaking.
The influence of soil dissipating energy introduced by the seismic record on the free-field
motion is shown is Figure 5 as well, where the horizontal acceleration time histories (a) and
elastic acceleration spectra (b) computed at depth z = 6 m are plotted for the Tolmezzo record.
These results are the input motions applied at the node representing the foundation in the
3DoF model when caisson foundations with D = 12 m and H/D = 1 (i.e. zG = 6 m) are considered. The decrease of horizontal accelerations can be recognised in Figure 5a, where the time
history computed with HS small shows a cut-off at amax = 0.263 g, while that obtained with
the linear viscous-elastic model attain its peak value amax = 0.423 g.
Energy dissipation caused by irreversible soil behaviour turned out to be mainly located
around the eigenperiods of the free-field soil column, provided that they are effectively activated by the frequency content of the seismic input. Shaded area plotted in Figure 5b indicates
the range of periods where elastic acceleration spectrum obtained with the nonlinear viscouselastic constitutive model is higher than the elastic-plastic one, this pointing out where dissipation of energy occurs. Main reduction of amplitude is located at T = 0.5 s, this being the
second eigenperiod of the soil column; less-intense reduction is observed close to
T = T0 ≈ 1.0 s, that is the fundamental period of the soil column.
A summary of the obtained values of amax and Sa(T = 0.5 s) is given in Table 5.
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5.2

Seismic performance of the system

The influence of primary nonlinearities on the seismic performance of the whole system
was evaluated through the comparison of results obtained applying at the base of the 3DoF
model the free-field motions computed with the HS small and the nonlinear viscous-elastic
soil models (Fig. 2b). With the three above-mentioned records (Tab. 4) and the fourteen systems considered in the parametric study (Tab. 2), 42 linear dynamic analyses were performed
twice in the time domain, this returning a total amount of 84 analyses. A comparison of results is given in Figure 6, where the time histories of deck drift urel and bending moment acting at the pier base Ms are plotted, for the system with D = 12 m, H/D = 1 and hs = 15 m,
subjected to the free-field motions shown in Figure 5a. As it could have been anticipated from
the free-field results, peak values urel, max and Ms, max, here assumed as seismic performance
indexes, attain lower values when considering elastic-plastic soil behaviour. Specifically, an
overestimation of about 20% is computed when ignoring soil plasticity, as summarised in Table 6, whereas a quite similar frequency content is obtained for both time histories. Therefore,
primary nonlinearities do affect the seismic performance of the system. This contribution is
compared to secondary nonlinearities in the following section.
6

INFLUENCE OF SECONDARY SOIL NONLINEARITIES ON THE SEISMIC
PERFORMANCE

The influence of secondary soil nonlinearities was finally assessed comparing the seismic
performance indexes urel, max and Ms, max obtained in the proper 3D elastic-plastic analyses of
the whole system carried out through the Plaxis numerical model (Fig. 2a and first line of
Tab. 3) with the relevant results computed through the 3DoF model when applying the elastic-plastic (i.e. HS small, third line of Tab. 3) 1D free-field motion. Figure 7 shows that the
vast majority of results lay above the 1:1 line for both the deck drift (a) and the bending moment at the pier base (b), this indicating that soil irreversible strains developing close to the
oscillating foundation during the seismic event play a remarkable role in improving the seis-

urel, max
(m)
viscous-elastic 1D 0.166
elastic-pl. 1D
0.134
ratio
1.24
input from

Ms, max
(MN·m)
267.49
220.40
1.21

Table 6: Seismic performance indexes
computed for the system with D = 12 m,
H/D = 1 and hs = 15 m, Tolmezzo record
Figure 6: Time histories of (a) deck drift and (b) bending moment computed for the system with D = 12 m,
H/D = 1 and hs = 15 m through the 3DoF model by applying at zG the acceleration time histories computed with
the viscous-elastic and elastic-plastic 1D free-field ground response analyses.
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(a)

(b)

Figure 7: Comparison of results of the 3D elastic-plastic analyses of the whole system with those computed with
the 3DoF model applying as input motion the 1D elastic-plastic free-field motion: peak values of (a) deck drift
and (b) bending moment.

mic performance of the systems at hand, together with some kinematic interaction effects. In
order to quantify the average overestimation of the peak values urel, max and Ms, max when performing the analyses with the 3DoF model subjected to the 1D elastic-plastic free-field motion, the slope of a standard linear regression was computed. Values equal to 1.15 and 1.50
were obtained for the deck drift and the bending moment, respectively, while a maximum
overestimation of about 2.0 and 3.4 times was obtained, this clearly showing that the influence of secondary soil nonlinearities is stronger in reducing the inertial forces transmitted to
the superstructure than the displacements. The role of the applied seismic inputs and of the
caisson diameter on the contribution of secondary nonlinearities is not clear enough to draw
any conclusion.
Graphs similar to those commented above are given in Figure 8, where the seismic performance computed in the 3D elastic-plastic analyses of the whole system is compared with the
one obtained applying the nonlinear viscous-elastic 1D free-field motion to the base of the
3DoF model. As expected, higher slopes are obtained in Figure 8, as now the results include
both the effects of primary and secondary nonlinearities: specifically, slopes equal to 1.25 and
1.63 were obtained for urel, max and Ms, max, with a maximum overestimation of about 2.73 and
3.87, respectively. The ratio between the slopes of linear regressions shown in Figures 7 and 8
allows to get a quick estimate of the relative influence of the primary and secondary soil nonlinearities: with reference to the average overestimation, about the same ratio is obtained for
the deck drift and the bending moment, equal to about 9% (1.25/1.15 ≈ 1.63/1.50 ≈ 1.09).
This result suggests that, on average, neglecting primary nonlinearities would imply overestimating the peak values of the deck drift and bending moment of about 9%, whereas disregarding secondary nonlinearities would entail overestimating the seismic performance indexes
of about 15 and 50%, respectively for urel, max and Ms, max, this proving the bigger role of soil
plasticity developed close to the oscillating foundation than the one already triggered in freefield conditions for the cases at hand.
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(a)

(b)

Figure 8: Comparison of results of the 3D elastic-plastic analyses with those computed with the 3DoF model applying as input motion the 1D LE free-field motion: peak values of (a) deck drift and (b) bending moment.

7

CONCLUSIONS

In this paper, the influence of irreversible and hysteretic soil behaviour occurring far (primary) and close (secondary) to oscillating caisson foundations supporting bridge piers has
been assessed. To this end, free-field motion acting at the depth of the caisson centroids has
been evaluated through 1D nonlinear viscous-elastic and elastic-plastic ground response analyses performed applying strong ground motions, capable of activating plastic soil behaviour.
Then, the computed acceleration time histories have been applied to the node representing the
soil-caisson system in a simple plain-strain 3-degree-of-freedom linear viscous-elastic structural model. The results have been compared with those obtained from a parametric study carried out on the whole soil-caisson-pier-deck system through 3D nonlinear dynamic FE
analyses, using the peak deck drift and the bending moment at the base of the pier as performance indexes.
The comparison clearly indicates that, as it could be anticipated, primary soil nonlinearities
imply a reduction of both urel, max and Ms, max, but only of about 9%, which might be deemed
negligible. Conversely, the role of secondary nonlinearities is more pronounced, as this entailed a reduction approaching 15% for the deck drift and even 50% for the bending moment,
this clearly indicating the major role of irreversible and hysteretic soil behaviour developing
close to the foundation when hit by strong earthquakes.
Two main limitations arise in the study: first, there is the underlying assumption for which
the effects of primary and secondary soil nonlinearities can be added. Clearly, this is a strong
approximation, as in the inelastic regime the superposition principle does not hold: nonetheless, the discussed results may still shed some light on the relative influence of primary and
secondary soil nonlinearities. Second, analyses may need some extension in terms of amount
of systems and seismic inputs to be adopted, so as to make the study gain more generality and
applicability to cases that have not been directly considered in the analyses, although the discussed results can be deemed suitable to soils whose stiffness linearly increases with depth.
However, adopted systems and records already cover a wide range of cases typically encountered in the common practice and are representative of a large variety of input characteristics.
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Abstract
Many bridges in earthquake-prone countries cross waterways and have foundations in
riverbeds, and thus are exposed to flood, which may cause scour and a change of the bridge
dynamics. The present study illustrates a modeling strategy for investigating numerically the
influence of scour on the dynamic behaviour of bridges with scoured shallow foundations. The
proposed strategy is based on the evaluation of the impedance functions of a massless rigid
foundation resting on an elastic half-space under increasing depths of scour. The derived
impedance functions are used to evaluate the effects of scour on the dynamic behaviour of a
Soil-Foundation-Structure system representative of a bridge pier. In particular, the changes in
the fundamental vibration period due to scour are investigated. The results of the study can be
used for developing vibration-based scour detection techniques and for investigating the
seismic response of scoured bridges.

Keywords: Scour, Bridges, Soil-structure Interaction, Foundation Impedances
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1

INTRODUCTION

Scour is the first cause of bridge failure worldwide [1-3], inducing not only traffic disruption
but also significant socio-economic losses and fatalities [4-6]. Bridge scour is the erosion of
sediments around bridge piers and abutments due to flowing water. Scour can be classified into
natural, contraction and local scour, being the latter the most critical one. Particularly, local
scour is formed due to local features, such as bridge piers and abutments, that obstruct the flow,
leading to increased local flow velocities and turbulence levels that result in vortices and thus
in local sediment movements and erosion around underwater foundations [7]. Scour may cause
a significant loss of foundation carrying capacity [8, 9] and a reduction of the stiffness of bridges
[10-16]. A great number of bridges worldwide, such as masonry-arch bridges, has shallow
foundations that are more vulnerable to scour in comparison with those with deep foundations.
Interestingly, the majority of the studies in the literature focus on the effects of scour on bridges
with deep foundations, whereas studies related to bridges with shallow foundations are quite
limited. Only recently, some research efforts have aimed at filling this knowledge gap [17-19].
Scour causes a change of the global stiffness of bridges, and thus a different response to
dynamic loadings, such as earthquakes. In particular, scour can alter dramatically both the
kinematic and the inertial soil-structure interaction, resulting in a reduction of the fundamental
vibration frequency. There are several studies about the combined effect of scour and
earthquake hazard on the dynamic properties of bridges [20-22], however most of them focus
on bridges with deep foundations. To account for soil-foundation-structure (SFS) interaction
effects, the sub-structure approach is usually employed, simulating the soil-foundation system
in inertial interaction analyses through impedance functions [23-25]. These functions represent
the frequency dependent stiffness and damping characteristics of soil-foundation system and
govern relationships between forces and displacements of the compliant restraints at the
foundation level. To the author’s knowledge, only Guo [18] investigated the seismic response
of bridges with scoured shallow foundations. Specifically, the foundation impedance functions
were calculated under scour hazard, which led to a reduction of the foundation stiffness and
radiation damping. It was found that scour reduces seismic force demands but may increase the
displacement demands. Given the existence of a great number of bridge footings on shallow
foundations in earthquake-prone countries and the current frequent occurrence of extreme
weather events, further research on the effects of scour on the dynamic response of bridges is
imperative.
This study investigates numerically the impact of scour on the dynamic response of bridges
with shallow foundations. For this purpose, the case of a massless rigid strip foundation resting
on a homogenous elastic half-space is modelled in Abaqus [26] under various scour scenarios
to estimate the impedance functions of the soil-foundation system. Subsequently, the derived
impedance functions are used to evaluate the dynamic behavior of a SFS systems, representative
of a bridge pier, with particular focus on the fundamental vibration frequency.
2

NUMERICAL ESTIMATION OF FOUNDATIONS IMPEDANCES

In this section, a massless rigid strip foundation resting on a homogenous elastic soil domain
is investigated. For the sake of simplification, a plane-strain problem assumption is made, based
on taking into account the aspect ratios of masonry bridge’s piers characterized by a slender
rectangular shape. The model developed in Abaqus is firstly validated with numerical analytical
solutions provided by Hryniewicz [23] and then adopted for the estimation of the impedance
functions considering various scour profiles.
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2.1 Finite element model
The modelling strategy developed in Abaqus for the estimation of impedance functions of
the studied strip foundation is described in this subsection. The impedance functions can be
expressed in non-dimensional form as a function of the non-dimensional frequency a0 =

ωbf
Vs

,

where ω is the circular frequency of the excitation, bf the half width of the foundation, and Vs
the shear wave velocity.
The dimensions of the finite soil domain are assumed to be 125 x 62.5 m, while infinite
elements are placed at the boundaries in order to satisfy the radiation condition preventing wave
reflections (Figure 1i). These infinite elements are long strips with width equal to the half width
of the soil domain, i.e. 62.5 m. Since a plane-strain assumption is made, the soil domain consists
of four node plane-strain elements (CPE4), whereas the boundaries consists of plane-strain solid
continuum infinite elements (CINPE4). The soil is characterized by a Young modulus (E),
Poisson’s ratio (ν) and density (ρ) equal to 162.41 MPa, 0.25 and 1600 kg/m3, respectively. The
rigid strip foundation with width 2bf = 1 m is simulated through a rigid-body constrain applied
to the set of nodes belonging to the soil-foundation interface (at the ground surface).
Considering that the estimated impedance functions are presented in a non-dimensional form,
the selected values for the characteristics of the soil and foundation do not affect the results but
are herein indicated because they have to comply with the adopted mesh for convergence issues.
Indeed, in order to accurately capture the wave propagation, the mesh size of the soil domain
should satisfy the following relation [27, 28]:

lmax d

V
λmin
d s,min
10 10 f max

(1)

where lmax is the maximum element size, λmin is the shear wavelength and fmax is the maximum
frequency of interest, which, for seismic applications, is typically within the range 0-15 Hz. For
a given element size, the maximum dimensionless excitation frequency a0 satisfies:

a0 d

2πb f
10lmax

(2)

It is worth noting that a 1% damping ratio is added with a Rayleigh model to the soil domain
in order to lessen the numerical fluctuation of the results. Considering above requirements, a
refined mesh around the foundation is employed. Specifically, a square mesh 0.005 x 0.005 (m)
and 0.025 x 0.025 (m) is used nearby the left and right sides of the foundation, respectively.
The different mesh sizes at each part of the foundation aim at reducing the computational cost
and facilitating the removal of elements at the next stages for the various scour simulations (see
Section 2.4.). In the rest of the soil domain, a bias mesh towards to the boundaries is used with
maximum element size lmax = 0.3 m.
2.2 Methodology
The impedance functions are estimated by means of steady-state analyses by applying
harmonic unit amplitude displacements at the centroid of the foundation (master node) and by
measuring the corresponding harmonic reaction forces (Figure 1ii). The harmonic motion of
the master node can be expressed with the following equation:
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ª P(ω) º ª k zz +id zz
«
» «
Q
(
ω
)
«
»= « 0
« M (ω) / b f » «
0
¬
¼ «¬

0
k xx +id xx
k xry +id xry

º ª w ( ω) º
»« 0
»
» « u0 (ω) »
»
kry ry +id ry ry »¼ «¬φ0 (ω)b f »¼
0
k xry +id xry

(3)

where w0, u0 are the displacement amplitudes along the z and x directions, respectively, φ0 is
the rotation amplitude, and kij, dij=cijZ are frequency-dependent quantities describing the real
and the imaginary parts of the impedance functions, respectively, for the foundation response
in the i-th direction due to the excitation in the j-th direction. Figure 2 illustrates forces and
displacements along the various directions. The coefficients kij and dij evaluated numerically
are presented as a function of the dimensionless frequency a and compared with the analytical
estimates obtained by Hryniewicz [23]. This procedure will be also repeated for two scour
layouts, characterized by different geometries (see Section 2.4.).

‘

(ii)

(i)

Figure 1: (i) FE model of the soil domain with infinite elements at boundaries, (ii) Rigid-body constraint used to
simulate the massless rigid strip foundation.

(i)

(ii)

Figure 2: (i) Forces and (ii) displacements of the strip foundation.

2.3 Validation of numerical model
In this subsection, the previously described numerical model is validated by comparing the
derived impedance functions with those obtained by Hryniewicz [23]. It is noteworthy that in
Hryniewicz [23] the coupling between the horizontal and rotational response of the foundation
is neglected (i.e. kxry = 0, dxry = 0). However, this effect is expected to be not significant and for
this reason in the numerical study the rotation of the master node is restrained when a unit
horizontal displacement is applied and vice-versa. The harmonic analyses are carried out for
frequencies in the range between 3.2 Hz and 200 Hz, corresponding to values of the
dimensionless frequency a0 between 0.05 and 3.11. The derived impedance functions (NS-IC)
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are depicted and compared with Hryniewz’s ones in Figure 3. The acronym NS stands for the
case of “No Scour”.
In general, the derived real and imaginary parts of the impedance functions converge with
the analytically estimated ones. Nevertheless, some differences are observed for the real part of
the rotational behaviour (kry ry ), which may be due to the approximation introduced by
Hryniewicz [23] for deriving the problem solution. As mentioned before, the maximum element
size of the finite soil domain is lmax = 0.3 m, which, according to Eq. 2, leads to a maximum
dimensionless frequency a0 = 1.05. However, the application of a biased mesh around the
foundation with element size significantly smaller than lmax results in a satisfactory agreement
between the derived and analytical data also for higher frequencies (up to a0,max = 3.11).
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Figure 3: Comparisons of impedance functions obtained numerically (NS-IC) with those developed by
Hryniewicz (i) kzz, (ii) dzz, (iii) kxx, (iv) dxx, (v) kryry, (vi) dryry.
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2.4 Impact of scour on the foundation impedances
This subsection investigates the changes of the impedance functions of the foundation due
to scour. Specifically, two triangular shaped scour scenarios with different widths and depths
are considered, corresponding to one fourth (denoted as TS1/4) and three eighth (denoted as
TS3/8) of the width of the foundation subjected to scour (Figure 4), respectively. Moreover, the
upstream scour hole slope is assumed equal to φ=30ο, whereas the downstream scour slope is
approximately half of the upstream slope [29].
The impedance functions of the foundation under the various scour scenarios are derived by
removing the corresponding finite elements from the soil domain beneath the foundation and
rerunning the harmonic analyses. It must be mentioned that the results are obtained by taking
the coupling phenomenon between the horizontal and rotation response of the foundation into
account (Figure 5). In general, it can be noticed that increasing the scour hole dimensions leads
to a reduction of both real and imaginary components of the impedance functions for low
frequencies. On the other hand, for high values of a0, increasing the scour depth and width
results in an increase of the real part of the impedance functions. Moreover, it is remarkable
that the values of the vertical real component (kzz) are higher than the case of no scour for higher
frequencies.

Figure 4: Geometry of the 3 different scour hole scenarios investigated.

3

IMPACT OF SCOUR ON FUNDAMENTAL VIBRATION FREQUENCY OF A
SFS SYSTEM

The foundation impedance functions for various scour scenarios estimated in Section 2, are
herein used to investigate the impact of scour on the fundamental vibration frequency of a SFS
system, representative of a bridge pier. Initially, the formulation of the dynamic problem is
presented, and then the fundamental vibration frequency of the SFS system is calculated solving
the eigenvalue problem for different levels of scour.
3.1 Problem formulation for SFS system with scoured foundations
The considered SFS model consists of a superstructure with lumped mass ms, lateral stiffness
ks, height hs, and a foundation with mass mf, height 2hf, width 2bf and mass moment of Inertia
If (Figure 6). The foundation rests on a soil domain with shear modulus G, mass density ρ and
Poisson’s ratio ν, while the soil-foundation compliance is expressed through the already
calculated impedance functions (see Section 2.4.). The system has three degrees of freedom,
namely the foundation translation (uf) and rotation (θf), and the relative displacement us of mass
ms with respect to the base.
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Figure 5: Comparisons of the calculated impedance functions for different scour scenarios (i) kzz, (ii) czz, (iii) kxx,
(iv) cxx, (v) kryry, (vi) cryry, (vii) kxry, (viii) cxry
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Figure 6: Model of the SFS system (coupling terms are not illustrated).

The equation of motion of the free vibrations for the above described SFS system can be
expressed in the frequency domain in a vector form as:

ω2MU  iωC(ω)U  K(ω)U = 0

(4)

ഥ denotes the Fourier transform of the vector collecting the system translational and
where U
rotational degrees of freedom, while M, C and K are the mass, damping and stiffness matrices
of the system, respectively. Vector and matrices appearing in Eq. 4 are expressed as follows
[30]:

U ª¬u f
0

Tf

us º¼

T

m f h f  ms h
ª m f  ms
«m h  m h I  m h2  m h2
s
f
f f
s
« f f
«¬
ms
ms h

(5)
ms º
ms h »»
ms »¼

(6)

C Z

b f cxry (Z )
ª cxx (Z )
«
2
«b f cxry (Z ) b f cry ry (Z )
«
0
0
¬

0º
»
0»
»
cs ¼

(7)

. Z

b f k xry (Z ) 0 º
ª k xx (Z )
«
»
2
«b f k xry (Z ) b f kry ry (Z ) 0 »
«
»
0
0
ks ¼
¬

(8)

For the sake of simplicity, the damping of the system is neglected by assuming the imaginary
parts of the impedance functions to be zero. Therefore, the fundamental vibration frequency of
the system can be found by solving the eigenvalue problem of Eq. 4, which can be rewritten as
follows:
Z 2 ms (u f  hT f  us )  Z 2 m f (u f  h f T f )  k xx u f  b f k xry T f

0

Z 2 ms h(u f  hT f  us )  Z 2 I f T f  Z 2 m f h f (u f  h f T f )  b f k xry u f  b 2f k ry ry T f

Z 2 ms (u f  hT f  us )  k s us
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where kത contains both the real and imaginary part of the impedances (kതij =kij +iωcij ).
Eq. 9i and Eq. 9iii can be written as:
θf = -

Z 2 ms (u f +us ) - k xxu f + Z 2 m f u f
-b f k xr  hZ 2 ms + h f Z 2 m f

(10)

y

θf

ks us  Z 2 ms (u f  us )

(11)

hZ 2 ms

Equating Eq. 10 and Eq. 11 one obtains:

uf =

Z 2 ms us
ks us - Z 2 ms us
+
2
hZ ms
- b f k xry + hZ 2 ms + h f Z 2 m f

(12)

Z 2 m f - k xx + Z 2 ms
1
h - b f k xry  hZ 2 ms + h f Z 2 m f

Entering Eq. 12 into Eq. 11 yields:
§
k s us - Z 2 ms us
Z 2 ms us
+
¨
2
hZ ms
- b f k xry  hZ 2 ms + h f Z 2 m f
¨
2
ks us - Z ms ¨ us +
Z 2 m f - k xx + Z 2 ms
1
¨
¨
h - b f k xry  hZ 2 ms + h f Z 2 m f
©
θf =
hZ 2 ms

·
¸
¸
¸
¸
¸
¹

(13)

Entering Eq. 12 and Eq. 13 into Eq. 9ii finally gives the following homogeneous equation:

(D  E  J )us 0

(14)

α = (- b f k xry  h f m f Z 2  hmsZ 2 )δ

(15)

where:

β = b 2f kry ry -h 2 msZ 2 - h 2f m f Z 2 - I f Z 2

ks - msZ 2 1 - δ
hmsZ 2

γ = - hmsZ 2

δ

ks - msZ 2
msZ 2
hmsZ 2
b f k xry - hmsZ 2 - h f m f Z 2
k xx - m f Z 2 - msZ 2
b f k xry

1
2
2
- hmsZ - h f m f Z
h

(16)
(17)

(18)

The solution of the eigenvalue problem described by Eq. 14 is elaborate, since impedances
kxx , kx , kry ry are functions of the excitation frequency and depend on G, Vs, bf. In literature
there are various approaches for solving this eigenvalue problem, and thus to evaluate the
system resonance frequency Z (see e.g. [31, 32]). In this paper, the resonance frequency is
derived by solving repeatedly Eq. 14. In more detail, each time Eq. 14 is solved for the values
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f (Hz)

of the impedance function kxx , kx , kry ry which correspond to a specific excitation of frequency
ω. The one for which ω=ω
 is the solution of the problem.
The above described procedure is implemented considering a SFS whose properties are
consistent with the the EuroProteas’ prototype [33]. The superstructure is characterised by a
height hs = 4.2 m, lateral stiffness ks = 2672.16 kN/m2, mass ms = 6.11 ton/m and it is based on
a strip foundation with width 2bf = 3 m, thickness 2hf = 0.4 m mass mf = 3.05 ton/m and moment
of inertia If = 2.33 ton∙m2/m. The soil beneath the foundation is described by a shear modulus
G = 31.47 MPa and shear wave velocity Vs = 130 m/s. Figure 7 illustrates the values of the
fundamental frequency of the system for different levels of scour, calculated using the
impedance functions of Section 2. It can be observed that the natural frequency of the system
decreases linearly for increasing widths and thus depths of scour. The reduction of frequency
is of the order of 30% when the width of the scour hole beneath the foundation is about 1/3 of
the foundation total width.
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Figure 7: Fundamental vibration frequency of the SFS system for four different scour scenarios.

4

CONCLUSIONS

The impact of scour on the dynamic behaviour of bridges has been studied in this paper, by
considering a soil-foundation-structure (SFS) system representative of a bridge pier. This SFS
system consists of a single degree of freedom superstructure on a rigid strip foundation resting
on an elastic soil domain. Initially, a massless rigid strip foundation is simulated in Abaqus to
calculate its impedance functions in the case of no scour. Subsequently, the model is validated
by comparing the derived impedance functions with the analytical estimates obtained by
Hryniewicz [23]. Consequently, the model is used for a numerical investigation of the effects
of scour on impedances, considering two scour scenarios with increasing width and depth.
Based on the results of this study, the following conclusions can be drawn:
- In general, the foundation impedances are affected differently by scour, depending on the
scour hole size and excitation frequency.
- The values of both the real and imaginary parts of the impedance functions decrease for
increasing scour width (and thus depth) at low frequencies. On the other hand, for high
frequencies a clear general trend cannot be identified, since scour affects the various
components differently.
In the second part of the paper, the derived impedance functions are used to investigate the
impact of scour on the fundamental vibration frequency of a SFS system, representative of a
bridge pier. A linear decrease of the vibration frequency of the system is observed for increasing
widths of scour. The variations of frequency are quite significant.
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The results of this study can be used to develop inverse techniques for evaluating the extent
of scour beneath bridge foundations based on an estimation of the changes of the vibration
frequency of SFS systems. Future studies will consider a wider range of SFS systems and also
three-dimensional models for the bridges and the soil domain.
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Abstract
The problem of kinematic bending moments imposed at the head of a single pile during the
passage of seismic waves is explored under large shear strains in the surrounding soil. To
this end, non-linear soil response at free-field conditions is derived numerically by a freelyavailable 1D code and then utilized to calibrate the constitutive law of soil introduced in a
rigorous 3D Finite-Difference (FD) model of the soil-pile system employed to obtain pile’s
head bending moments. The pile is considered embedded to a normally-consolidated clay and
seven earthquake records with different amplitude and frequency content are imposed as input motions at the base of the soil layer, thus allowing the investigation of pile kinematic
bending with increasing levels of shear strains in the soil, exceeding the limit of equivalentlinear soil behavior. The performance of a simple analytical expression for predicting the
kinematic bending moment at the pile-head is compared to the rigorous FD solution. It is
concluded that this simple solution is still applicable, with slight modifications, for high shear
strains related to non-linear soil behavior close to shear failure, provided that the proper
mobilized soil properties from 1D soil response analysis are introduced.
Keywords: soil-pile interaction, 3D Finite-Difference, soil response, kinematic pile bending.
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1

INTRODUCTION

Piles in earthquake-prone areas are traditionally designed to withstand inertial forces and
moments coming from the oscillation of the superstructure. However, during the passage of
seismic waves in the soil, an additional loading source is generated due kinematic interaction
between pile and soil, which forces the pile to deform along its whole length, thus imposing
additional bending on the pile. In some cases, this kinematic bending induced at the pile-head
or at deeper elevations close to interfaces of soil layers with sharp stiffness contrast may be
larger than pile bending due to inertial forces. Empirical evidence on this critical aspect of
pile bending has been provided by post-earthquake observations in non-liquefiable soils [1–3].
The above field surveys recognized pile failures at depths where inertial forces from the superstructure are negligible. Thus, a reliable prediction of pile-head kinematic bending should
follow a proper modelling of soil behavior at free-field conditions to estimate the deformation
demand which the soil tries to impose on the pile.
To this end, the Equivalent Linear (EL) method is widely employed to derive free-field soil
response when shear strains in the soil do not exceed a threshold value being around 0.2% [4].
In this case, soil response is far from failure and the EL approximation allows a reliable prediction of soil response by considering soil stiffness degradation and hysteretic damping increase with increasing strain. Under these conditions and upon considering for example a
continuously inhomogeneous soil, a simplified analytical expression that is available in the
literature [5] may be employed to assess kinematic pile-head bending moments by utilizing
the mobilized stiffness of the soil which is compatible to the induced shear strains in free-field
conditions.
On the other hand, under larger shear strains that may be generated when a soft soil is subjected to strong earthquake shaking, the assumption of soil response being controlled only by
soil stiffness is no longer appropriate, since the shear strength of the soil plays a dominant
role and, therefore, soil response cannot be captured by considering its stiffness degradation
alone [6]. In this case, free-field ground response may be derived by a pertinent 1D analysis
with a freely-available software like DEEPSOIL [7] once soil stiffness and strength properties
are known. On the contrary, the prediction of pile kinematic bending under large shear strains
in the soil seems to be possible only by numerical analyses of complex soil-pile models with
advanced constitutive laws at least for the soil.
Upon considering that such type of analyses are excessively demanding for pile design
practice, this paper explores the applicability of the abovementioned analytical formula by
properly adapting its input parameters in the presence of shear strains close to soil failure. For
this reason, a series of Finite-Difference (FD) analyses are performed by employing experimentally validated constitutive models for the case of a normally-consolidated clay. Rigorous
analyses results in terms of kinematic pile-head bending are compared with the predictions of
a proposed analytical expression including frequency effects.
2

SOIL-PILE SYSTEM UNDER STUDY

The system under investigation refers to a single fixed-head pile embedded in a 30m thick
soil layer resting on a rigid base (Figure 1). The pile is a linear elastic cylindrical solid beam
of diameter d = 1 m, length L = 20 m, Poisson’s ratio vp = 0.15, unit weight ρp = 24 kN/m3 and
elastic modulus Ep = 25 GPa. Α soft normally-consolidated clay layer is considered the lowstrain stiffness and strength properties of which are described in the ensuing.
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Figure 1: Single elastic fixed-head pile in a normally-consolidated (NC) clay soil.

2.1

Normally-consolidated (NC) Clay properties

A fine-grained, fully saturated normally-consolidated (NC) clay having a unit weight γsat =
17.9 kN/m3 and a plasticity index Ip = 40% is considered. The ratio su / V vc0 of the undrained
shear strength (su) over the vertical effective geostatic stress for a NC clay can be derived by
[8]:
su
V vc0

0.11  0.0037 I p

(1)

with Ip expressed in percentage. For Ip = 40% the above expression yields:
su (kPa) 2.1z

(2)

where z is the depth from the ground surface. Upon considering that the low-strain shear
modulus G0 is proportional to depth through a multiplier of the associated shear strength profile (i.e. G0 = 800su) the following distribution of G0 with depth is obtained:
G0 (MPa) 1.7 z

(3)

which corresponds to a shear wave propagation velocity profile in the form:
Vs 0

30 z 0.5

(4)

and a Vs,30 value at 100 m/s, referring to soil type D according to EC8. The above expression
was also adopted by Travasarou and Gazetas [9] to describe the Vs0 profile of a particularly
soft normally consolidated clay in a real site. The above low-strain stiffness and the strength
profiles are plotted in Figure 1.
2.2

Input motions

A set of seven earthquake recordings selected from the PEER Strong Motion Database [10]
were imposed at the base of the soil layer, in the form of vertically propagating SH waves, to
investigate pile-head kinematic bending under seismic loading. The selected records were acquired from stations resting on soil type A or B of the USGS classification system. The 5%damped acceleration response spectra of the selected motions normalized by the peak rock
acceleration (PRA) are plotted in Figure 2. Three levels of increasing intensity of the input
motion were examined by scaling the records to three levels of Peak Rock Acceleration (PRA)
considered at 0.10g, 0.15g and 0.25g.
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Figure 2: Normalized elastic response acceleration spectra of the selected input motions.

3

NUMERICAL ANALYSES

First, a one-dimensional free-field soil response analysis was performed with the
DEEPSOIL code [7], by considering equivalent linear (EL) and non-linear (NL) soil behaviour. The Finite-Difference (FD) code FLAC3D [11] was then employed to perform nonlinear time history analyses by implementing a rigorous 3D model of the soil-pile system with
pertinent constitutive models to describe soil behaviour.
3.1

DEEPSOIL non-linear soil model

The General Quadratic/Hyperbolic (GQ/H) model [12] was adopted to model the backbone
curve of the shear stress-strain relationship for the non-linear (NL) analyses in time domain
performed with DEEPSOIL. The GQ/H model allows the shear strength of the soil to be directly introduced as an input parameter, contrary to the Modified Kondner Zelasko (MKZ)
model [13], which may overestimate the shear strength of the soil depending on the values of
the curve-fitting parameters [14]. For the hysteretic soil behaviour during unloading and reloading, the associated stress-strain loops were defined on the basis of the non-Masing Modulus Reduction and Damping with reduction Factor (MRDF) formulation proposed in Phillips
and Hashash [15], to avoid damping overestimation at large shear strains when Masing rules
are adopted [16].
3.2

FLAC3D soil-pile model

Following a sensitivity analysis on critical modelling aspects such as model size, discretization scheme, pile and pile-soil interface, the final 3D FD soil – pile model (Figure 3) implemented in FLAC3D code, has a base, width, and height equal to 30m, 30m, and 31m,
respectively. The one-meter-thick bottom layer models the elastic bedrock with a shear wave
velocity at 800 m/s and the same unit weight like the soil layers above. The grid-element size
in the vertical direction (z-axis) was selected according to the indications provided in Kuhlemeyer and Lysmer [17]. The first 20 m were discretized with 80 layers of 0.25 m thickness
each, while 20 layers of 0.50 m thickness each were adopted to discretize the soil profile between 20 and 30 m.
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Figure 3: 3D Finite-Difference (FD) soil – pile model employed in FLAC3D code.

The same discretization was adopted in the DEEPSOIL code, satisfying the criterion of a frequency fmax,i (= Vs0,i / 4Hi), that a layer of thickness Hi and shear wave velocity Vs0,i can propagate, above 25 Hz [7]. A linear elastic behavior of the pile material and a bonded connection
between soil and pile elements were assumed. The latter was based on the fact that soil-pile
contact stresses under kinematic loading are negligible compared to those induced by forces
or moments applied at the pile-head [18].
Nonlinear soil response in dynamic analyses was accounted for by means of the
UCSDCLAY model [19]. The UCSDCLAY model is a pressure-independent 3D elastoplastic material model, which enables reproducing nonlinear hysteric shear behavior, and it
allows the shear strength of the soil to be introduced as a direct input. Rayleigh damping,
which is commonly applied to take into account small strain (viscous) damping or to remove
high frequency noise, was found to be unnecessary.
3.3

UCSDClay model calibration

A recursive calibration procedure was followed to obtain similar non-linear behavior between the GQ/H and USCDClay models. In this regard, the following steps were performed:
(Figure 4): (i) first, the GQ/H model was calibrated by the Vucetic and Dobry [20] curves for
Ip = 40% (noted in Figure 4 as “DS fit.1”), (ii) the fitted DEEPSOIL curves were employed to
calibrate the USCD Clay model introduced in FLAC3D and (iii) the fitted FLAC3D-based
curves were employed to calibrate again the GQ/H model (noted in Figure 4 as “DS fit.2”). In
this manner, it was possible to derive comparable τ – γ backbone curves between the two
models (Figure 4c) at the expense of higher hysteretic damping at large strains with respect to
the experimental data (Figure 4b).
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Figure 4: Calibration of DEEPSOIL and FLAC3D soil models for the NC Clay case based on Vucetic and Dobry
[20] G/G0 – γ – D(%) curves for Ip = 40% regarding: (a) Stiffness degradation, (b) Hysteretic damping increase
and (c) Shear stress-strain backbone curve at the depth of 4.375m (the implied shear strength derived in
DEEPSOIL is also mentioned).

4

SOIL RESPONSE AT FREE-FIELD CONDITIONS

Non-linear analyses results of the free-field ground response derived with DEEPSOIL code
under the prescribed input motions is shown in Figure 5, in terms of peak ground acceleration
(Figure 5a), maximum shear strain (Figure 5b) and maximum shear stress (Figure 5c) profiles,
referring to average values between those computed separately for each one of the seven base
excitations. An effective shear strain profile was then computed as 0.65 times the maximum
strain developed at any depth and was then employed to obtain the corresponding mobilized
shear modulus and damping profiles based on the calibrated G/G0 – γ – D(%) curves. In this
manner, a single mobilized stiffness and damping profile was derived for each one of the seven input motions. An average mobilized G profile obtained by averaging these seven profiles
is shown in Figure 5d. All the results shown in Figure 5 correspond to the maximum PRA at
0.25g. The same analyses results obtained with DEEPSOIL by implementing this time the
Equivalent Linear (LE) approximation to model soil behavior are also plotted in Figure 5. In
this case, a frequency independent expression [i.e. G*= G(1+2iD)] was adopted for the complex formulation of the shear modulus while the effective shear strain ratio was set at 0.65.
The degradation of the shear modulus and the increase of the hysteretic damping of the soil
with increasing shear strain were modeled by implementing the G/G0 – γ – D(%) curves proposed in Vucetic and Dobry [20] for the plasticity index under consideration (Ip = 40%). It is
noted that for the first 1.5 m of the soft NC clay profile, the low-strain shear modulus (G0) and
the undrained shear strength (su) were considered constant at 2.55 MPa and 6.2 kPa, respectively, due to a numerical issue observed in DEEPSOIL when very low values of the above
parameters are introduced. Below 1.5m, the su and the G0 profiles follow the linear variation
with depth described by Equations 2 and 3, respectively.
It is observed that under the EL assumption, a sudden increase of the peak ground acceleration is observed close to the ground surface, being in qualitative agreement with analytical
elasto-dynamic investigations reported in Rovithis et al. [21] for a similar shear wave velocity
profile. On the contrary, when the non-linear behavior of soil is modeled by the rigorous
GQ/H model, ground acceleration is de-amplified as it propagates through the soil due to the
low shear strength of the soft clay, which limits the transmission of shear stresses. Such a behavior has also been reported in experimental studies of the seismic behavior of soft clays
[22]. This indicates that the EL approximation is not able to capture the complex soil behavior,
which is also reflected in the τ-γ loops derived at two depths close to the ground surface (Figure 6) for PRA = 0.25g. The strong non-linear behavior of the soil generates large inelastic

3676

Stefano Stacul, Emmanouil Rovithis and Raffaele Di Laora

strains on the order of 1%, while the developed shear stresses are bounded by the low shear
strength su of the soft clay. Apparently, the above soil response cannot be reproduced by the
linear elastic τ-γ relationship under the EL assumption (Figure 6). This does not mean absence
of energy dissipation through the hysteretic behavior of the soil, as the latter is taken into account through the complex shear modulus during each iteration of an EL analysis.
The corresponding average profiles of free-field ground response obtained with FLAC3D
are also plotted in Figure 5. The agreement between DEEPSOIL NL and FLAC3D analysis
indicates that critical trends of ground response may be reproduced in a similar manner, which
provides confidence that the adopted model in FLAC3D is able to reproduce highly non-linear
ground response and, therefore, kinematic soil-pile interaction over a wide range of shear
strains.

Figure 5: Comparison of free-field ground response analysis results between DEEPSOIL (EL and NL analysis)
and FLAC3D for the NC clay profile in terms of: (a) PGA profile (b) average maximum shear strain profile (c)
average shear stress and (d) mobilized shear modulus G with depth. All plots refer to PRA = 0.25g.

Figure 6: Comparison of EL and NL soil response analysis with DEEPSOIL for the NC clay profile in terms of τ
- γ loops at the depth of: (a) 2.625 m and (b) 5.125 m. All plots refer to PRA = 0.25g.

3677

Stefano Stacul, Emmanouil Rovithis and Raffaele Di Laora

5

PILE-HEAD KINEMATIC BENDING

In the general case of an inhomogeneous soil profile with shear stiffness varying continuously with depth according to the law:
zº
ª
Gs ( z ) Gsd « a  (1  a) »
d¼
¬

n

(5)

where Gs(z) is the depth-varying soil shear modulus, Gsd is the shear modulus at the depth of
one pile diameter (i.e., at z = d) and a, n are dimensionless factors controlling the stiffness
profile, the active length (La) of the pile may be calculated by the expression [5, 23, 24]:
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where Esd is the Young’s modulus of elasticity of the soil at one pile diameter depth.
5.1

Constant ground acceleration

Upon considering that there is an effective portion of the soil controlling pile-head bending,
which is proportional to a characteristic wavelength of the soil-pile system, Di Laora and
Rovithis [5] introduced the notion of an effective soil curvature [(1/R)s,eff] as the ratio of the
shear strain γs(zeff) at an effective depth zeff over zeff [i.e. (1/R)s,eff = γs(zeff) / zeff] to derive a
simple analytical expression for the kinematic bending moment at the head of a pile in a continuously inhomogeneous soil, such as that described by Equation 5, and proved that under
constant ground acceleration, as, the ratio of the pile-head curvature (1/R)p over (1/R)s,eff for
long piles is equal to 1, which allows calculation of pile-head kinematic bending by the formula:
M kin

E p I p 1/ R

p

E p I p 1/ R

s ,eff

Ep I p

J s ( zeff )
zeff

(7)

where the depth zeff is considered as one half of the pile’s active length La:

La
2

zeff

(8)

The equilibrium of a 1D soil column with constant mass density ρs and variable shear
modulus G(z) with depth yields that in static conditions γ(zeff) may be expressed as:

J s ( zeff )

as U s zeff
Gs zeff

(9)

where G(zeff) is the mobilized shear modulus of the soil at zeff. Thus, Equation 7 may be rewritten as:
M kin

Ep I p
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Figure 7: Ratios of kinematic pile-head bending moment between 3D FD analyses (FLAC3D) and the predictions of (a) Equation 7 and (b) Equation 10.

In order to apply the above formulae, one has fit the mobilized shear modulus profile derived from 1D ground response analysis, to the formula of Gs(z) in Equation 5 in order to obtain the parameters Gsd, a and n and then calculate La and zeff from Equations 6 and 8,
respectively. As the above parameters are interrelated, an iterative procedure may be followed
by considering the value of La = 10d as a starting point and employing a least square linear
(i.e. n = 1) fit. A single iteration leads to quite accurate results.
The performance of Equations 7 and 10 is compared to the rigorous 3D Finite-Difference
model response in Figure 7, in the form of (Mkin,formula / Mkin,FLAC3D) ratio for all the examined
input motions scaled to 0.10g, 0.15g and 0.25g. Each group of bars refers to a different base
excitation noted in the abscissa of the plots. To this end, the maximum shear strain γmax,s(zeff)
at zeff was introduced in Equation 7, while the peak ground acceleration at soil surface was
employed to derive Mkin,formula in Equation 10. Both of these parameters were obtained by the
FLAC3D analyses for the purpose of this comparison.
It is observed that for the particularly soft NC Clay under consideration, where the maximum shear strain at zeff attains considerably large values up to 0.8 - 1 % (Figure 5b), the kinematic pile-head bending predicted by Equation 7 is much closer to the rigorous FD solution
(Figure 7a), denoting that the maximum shear strain at zeff is a better indicator of the developed pile-head bending compared to the peak ground acceleration at surface (Figure 7b),
when soil behavior is close to failure (Figure 5c). However, despite its better performance,
Equation 7 may still be quite conservative for certain base excitations, like in the case of the
Whittier base motion where an overestimation of 50% is attained.
5.2

Frequency effects: Proposed analytical expression

The above over-prediction of kinematic bending is explainable, though, as it follows the
original conservative assumption of constant ground acceleration to derive Equation 7, implying low-frequency excitations. This is valid if the frequency content of the time variant parameter γs(zeff) controlling the kinematic demand is low enough to be considered as almost
statically applied. Otherwise, the bending moment attains lower values as the shear strain (and
the corresponding effective soil curvature) is a decreasing function of the excitation frequency
regardless of the soil properties [5].
In this case, frequency effects in kinematic bending may be accounted for by implementing
the expression of the dynamic (1/R)p,dyn over the static (1/R)p,static pile curvature ratio proposed
in Di Laora and Rovithis [5]:
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1/ R
1/ R
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º
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p , static

In the above expression, aeff,La is a dimensionless frequency which controls the kinematic
response of the pile in the dynamic regime [5, 24]:

aeff , La

Z La

(12)

Vs ,av

where ω is the cyclic frequency of the excitation, La is the active length of the pile (Equation 6)
and Vs,av refers to an average shear wave velocity along zeff given by:
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where Vsd is the mobilized shear wave at one pile diameter depth which may be derived by the
corresponding value of Gsd once the mobilized shear modulus profile is fitted to a linear function as mentioned above.
Obviously, Equation 11 is a continuous function of ω. In order to obtain a single-valued
prediction of the kinematic pile-head moments in the dynamic regime, a mean cyclic frequency ωm,γ is considered as an index of the frequency content of the shear strain time history at
zeff. Following the definition of the mean period (Tm) of an acceleration time history introduced in Rathje et al. [25], ωm,γ may be computed from:

Zm,J

2S

¦c J
2
i,

i

(14)

§1·
¦i c ¨ f ¸
© i¹
2
i ,J

where Ci,γ refer to the Fourier amplitudes of the shear strain time history at zeff and fi are the
discrete Fourier transform frequencies between 0.25 Hz and 20 Hz. In this manner, a mean
dimensionless frequency aeff,m,La of the shear strain demand at zeff may be defined by introducing ωm,γ in Equation 12:

aeff ,m, La

Zm,J La

(15)

Vs ,av

Upon introducing aeff,m,La in Equation 11, a single value of the (1/R)p,dyn / (1/R)p,static ratio may
be computed for each base excitation according to the associated value of aeff,m,La. Taking also
into account that for long piles (1/R)p,static = (1/R)s,eff, the kinematic pile-head bending moment
including frequency effects may be derived by the expression:
M kin

Ep I p

J max,s ( zeff )
zeff

3
ª¬1  0.02aeff
º
, m, La ¼

1

(16)

The performance of the above expression against the rigorous FD solution is compared in
Figure 8. The improvement of the agreement between the two solutions with respect to that
shown in Figure 7a cannot be overstated, denoting maximum deviations of less than 10%.
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Figure 8: Comparison of kinematic pile-head bending moments between Equation 16 and FD results for PRA at
(a) 0.10g (b) 0.15g and (c) 0.25g. Each point in the plots refers to a different input motion.

This suggests that the simple analytical formula in Equation 16 is applicable even in the highly nonlinear range of soil response close to failure, provided that the associated shear strain
demand induced by the surrounding soil and the corresponding mobilized stiffness profile are
introduced. It may thus be asserted that dynamic effects result in modifying solely soil deformations at free-field conditions while soil-pile kinematic interaction mechanism remains static. The latter was first discussed by Di Laora et al. [26] for homogeneous soils and confirmed
further in Di Laora and Rovithis [5] for nonhomogeneous soils. The results of this study extend, therefore, the validity of the simple analytical solutions to the non-linear range of soil
response, denoting that kinematic soil-pile interaction is controlled by the soil stiffness even if
the response of the soil is controlled by its strength. The above finding generalizes earlier indications [27–30] of the controlling role of the mobilized soil stiffness on pile kinematic
bending.
6

CONCLUSIONS

Kinematic pile-head bending moments were explored under increasing earthquake-induced
shear strains in the soil, by means of a rigorous 3D Finite Difference model of the soil-pile
system, taking into account both stiffness degradation and strength of the soil. The numerical
results were compared to the predictions of a proposed simple formula properly adapted for
the non-linear regime of soil response over an earlier publication of the Authors. The main
conclusions can be summarized as follows:
x While in the linear and static regime Equations 7 and 10 return identical predictions of
pile-head bending moments, in the non-linear regime the use of ground surface acceleration is no longer reliable and the maximum shear strain at an effective depth equal to one
half of the pile's active length becomes the dominant soil response parameter controlling
kinematic bending at the pile-head.
x The simplified formula in Equation 16 may be employed to derive kinematic pile-head
bending in the non-linear dynamic range of soil response. In this regard, a 1D free-field
non-linear soil response analysis, which properly considers both stiffness degradation
and soil strength, should be performed to derive the necessary input parameters in the
formula.
x A mean cyclic frequency was suggested (Equation 14) as a single index of the frequency
content of the shear strain time history at one half of the pile's active length. Such an in-
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terpretation of the frequency content of a shear strain time history has not been previously explored in the kinematic bending of piles.
x It was proven that dynamic and non-linear effects result in modifying solely soil deformations at free-field conditions, while soil-pile kinematic interaction mechanism remains
static and linear. This shed lights to the actual nature of kinematic soil-pile interaction
mechanism which may be considered as stiffness-controlled even if free-field soil response is strength-controlled.
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Abstract
This paper presents experimental data from two series of centrifuge tests on pile foundations
embedded in a kaolin clay under earthquake excitation. A single pile and two pile-group configurations were tested in the centrifuge at 50g. In the first test series (flight 1) the seismic
response of the soil-pile system was monitored, allowing experimentally-driven insights on
the kinematic interaction between soil and pile. In the second series of tests (flight 2), a superstructure mass was attached to each foundation model, allowing investigation of the seismic behaviour of the coupled soil-foundation-structure (SFS) system. Two earthquake
excitations were analysed during each flight having similar frequency and amplitude characteristics. Results are presented in terms of soil response along a vertical array, pile-caps
spectral acceleration and superstructure top-to-ground surface response ratio. Experimental
data suggests that for soft soils such as those employed in this experimental campaign, piles
may amplify the motion with respect to the one at ground surface, while the natural period of
the SFS system may be largely increased compared to its fixed-base counterpart, indicating a
strong effect of soil compliance.
Keywords: centrifuge, kaolin clay, kinematic soil-pile interaction, coupled soil-structure system.
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1

INTRODUCTION

Seismic analysis of structures supported on piles is conventionally performed by considering the structure fixed at its base and excited under the free-field motion at ground surface.
The above considerations which are normally followed in design practice disregard the interaction between soil, piles and structures that takes place during earthquake shaking and may
affect both the actual motion which is imposed at the base of the superstructure and the vibrational characteristics of the structure compared to its fixed-base counterpart, especially in the
case of soft soils, where piles represent the most common design option. With reference to the
modification of the free-field soil motion, the associated physical mechanism is related to the
fact that, during the passage of seismic waves, piles, due to their flexural stiffness, are progressively unable to follow the wavy pattern of the soil with increasing frequency of excitation, which is referred to as kinematic soil-pile interaction [1-6]. Relevant empirical evidence
has been documented by field measurements on instrumented pile-supported structures [7-9],
indicating that piles may filter out the high frequency components of the free-field motion.
Under certain conditions, such a filtering action may be particularly important. For example,
Di Laora and de Sanctis [5] reported that in the case of large-diameter piles in soft soil, the
seismic demand on a low-period structure may be up to 50% - 70% with respect to the demand imposed by the free-field motion. A holistic interpretation of the filtering action of piles
has been very recently suggested in [10-11] by considering that piles average the non-uniform
profile of displacement imposed by the surrounding soil along a fraction of the pile’s active
length.
On the other hand, the effect of soil compliance on the vibrational characteristics of a flexible-base structure, consisting of the elongation of the natural period and the modification of
the energy dissipation mechanism with respect to the fixed-base case, has been wellestablished since the early 70s [12-19] and supported by relevant experimental data [20-23].
This phenomenon is due to soil hysteresis and radiation of seismic waves emanating from the
foundation. Soil-foundation-structure interaction may have a detrimental or beneficial effect
on the seismic loading imposed to the superstructure depending on the soil-foundation configuration and the characteristics of the earthquake excitation [24], especially, again, in the
case of soft soils. The issue has been recognized by modern seismic codes that specify conditions where soil-pile-structure interaction should be taken into account.
Along these lines, a large centrifuge testing campaign was performed in the framework of
the Transnational Access (TA) project COSMO funded by the SERA research program to explore the above aspects of soil-pile-structure interaction (SPSI) in a soft clay under earthquake
loading. Part of the experimental data is presented in this paper, referring to the kinematic response of single piles and pile groups (i.e. in the absence of a supporting structure) and to the
seismic response of the coupled soil-piles-structure (SPS) system, with the same pile layouts
supporting a single degree of freedom (SDOF) structure. Experimental data are elaborated in
terms of soil response along a vertical array, pile-cap spectral accelerations and superstructure
top-to-ground surface response spectral ratio, following a detailed description of the centrifuge models preparation and testing procedure.
2

CENTRIFUGE MODELS AND TESTING PROCEDURE

The experiments were carried out at 50g in the Turner Beam centrifuge [25] at the
Schofield Centre of the University of Cambridge. The foundation models reported herein consisted of a single pile (SP) and two 3x1 pile groups (PG1 and PG2) (Figure 1) installed in a
kaolin clay. All piles were aluminum tubes of length L = 200 mm, diameter d = 15 mm and
thickness t = 1 mm, so that, in terms of flexural stiffness, they are equivalent to 0.75 m diame-
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ter and high-strength concrete piles. In model scale dimensions, pile spacing in PG1 and PG2
configurations was considered at s = 64 mm. The different heights of the pile groups’ caps, D1
= 20 mm (mass = 90 g) and D2 = 40 mm (mass = 170 g), represented two different foundation
embedment depths.

Figure 1: Model pile foundations and superstructures. Model (prototype) dimensions are in mm (m).

2.1

Centrifuge flights 1 and 2

Two centrifuge flights were successively performed (Table 1). In the first flight only the
piled foundations embedded in the kaolin clay were tested to investigate kinematic soil-pile
interaction under earthquake loading. Hollow Perspex caps were installed on model foundations to accommodate instruments and, with regard to the pile groups, to rigidly connect the
piles' heads. Mass of the Perspex caps for the SP, PG1 and PG2 are 11 g, 90 g and 170 g, respectively, being thus negligible in comparison to the self-weight of the piles. Hence, the accelerations during flight 1 can be considered as the effect of kinematic interaction.
In the second flight, elevated aluminum caps were added to each foundation configuration
to model a SDOF structure, thus allowing the experimental investigation of the seismic response of the coupled SPS system. It is noted that the fixed-base natural period of the SDOF
was measured at 0.2 s in prototype scale.
Centrifuge
flights

Foundation
models

SDOF model
on piles

flight 1

SP, PG1, PG2

No

flight 2

SP, PG1, PG2

Yes

Table 1: Model configurations included in centrifuge flights 1 and 2

2.2

Model preparation and soil properties

The model was prepared inside an Equivalent Shear Box (ESB) [26] (Schofield and Zeng
1992), in order to simulate field conditions accurately. It is a 645×230×400 mm rectangular
box having alternate layers of rubber and aluminum rings (of width 75 mm), in order to reproduce the K0 conditions (zero lateral strains) and to match the shear deformation of the soil
layer for a given earthquake. The bottom of ESB box was covered with a thin layer of filter

3687

Maria Iovino, Emmanouil Rovithis, Raffaele Di Laora, Cristiano D'Alterio, Luca de Sanctis, Thejesh K. Garala,
Stuart Haigh, Gopal S. Madabhushi

material and its inner surface was coated with silicone grease to minimize friction against the
clay.
Laboratory grade Speswhite kaolin, whose mechanical behaviour has been extensively studied
in Cambridge for many experimental campaigns [27-32] was used in the tests. Its properties
are listed in Table 2. The kaolin clay powder was first mixed with de-aired water in 1:1.25
ratio under vacuum for two-three hours using the clay-mixer available in the Schofield Centre.
The Clay slurry was then transferred into the ESB, once the instruments were fixed with utmost care. Under normal gravity (1g) conditions, the clay was allowed to consolidate on its
self-weight for 24 hours and then the ESB box was placed under a computer controlled hydraulic press to consolidate under a vertical stress of 14.10 kPa. Simultaneously, the model
was subjected to a suction of -90 kPa at the base. The purpose of a combination of vertical
stress and suction-induced seepage consolidation is explained in detail in [32]. Once the clay
was consolidated to stress level needed to achieve the desired undrained shear strength profile,
the sample was unloaded and taken out from the consolidation chamber. At this stage, the
model depth, H, and density, ρs, of the clay were 290 mm and 1.623 Mg/m3, respectively.
Piles were then installed by gentle push into the clay layer at 1g.
Property

Value

Plastic limit, PL [%]

30

Liquid limit, LL [%]

63

Plasticity index, IP [%]

33

Specific gravity, Gs

2.60

Slope of critical state limit (CSL) in q’-p plane

0.90

Intercept of an unload-reload line, κ

0.039

Intercept of CSL at p' = 1 kPa, Γ

3.31

Slope of normal consolidation line, λ

0.22

Table 2: Properties of Speswhite kaolin clay (from Lau 2015 [29]).

2.3

Centrifuge models instrumentation

In order to capture the response of clay and pile foundations during the test, the model was
equipped with (a) 11 Piezo-electric Accelerometers (PAs), to record the seismic accelerations
developed in the clay; (b) 20 Micro-Electro-Mechanical System accelerometers (MEMSs), to
measure both horizontal and vertical accelerations of pile foundations; (c) 6 Linearly Variable
Differential Transformers (LVDTs), to monitor the settlement of clay, single piles and pile
groups at different phases of testing; (d) 4 Pore Pressure Transducers (PPTs), to measure the
pore pressure within the soil model; (e) an air hammer device (AHD), to determine soil stiffness. In order to fix the location of the instruments inside the box, five horizontal aluminum
wires were settled in it and the clay slurry was transferred into the ESB box, once the instruments were fixed with utmost care. Figure 2 shows the schematic plan view and section of the
model along with the exact locations of the instrumentation scheme.
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Figure 2: Plan view and cross-section of the model showing instruments locations. Model dimensions are in mm.

2.4

Input motions

The model was swung up to 50g in the centrifuge, with gradual increments of 10g. Once
the clay model attained equilibrium, it was subjected to a sequence of quasi-sinusoidal waves
and real earthquakes (nine signals in total). Quasi-sinusoidal waves with different amplitude
and predominant frequency and real earthquakes were applied throughout the servo-hydraulic
shaker recently developed at the Schofield Centre [33]. Some results from the centrifuge experiments are discussed in the following sections, with reference to two real earthquakes, EQ1
and EQ2 (Figure 3) with similar peak acceleration close to 0.1g. The Fourier amplitude spectra and the response spectra of the two input motions are also shown in Figure 3. Soil response under a sine sweep input signal, with a maximum amplitude of 0.08g and frequency
varying from 30 up to 150 Hz, was also elaborated as reported in the ensuing.
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Figure 3: Earthquakes considered in the study (prototype scale).

3

SEISMIC BEHAVIOUR OF CLAY

Figures 4 (a) and (b) shows the maximum ground acceleration, amax, with depth for earthquakes 1 and 2, respectively. Accelerations in the soil are quite similar during flights 1 and 2
(Figure 4). This also suggests that soil stiffness and strength do not change significantly between the two flights and that superstructure has a minor effect on soil accelerations, even
nearby the foundation.

Figure 4: Maximum ground acceleration profile for (a) earthquake EQ1 and (b) earthquake EQ2. The location of
SS1 and SS2 is shown in Figure 2.

For both earthquakes, an attenuation of maximum ground acceleration when approaching
surface is observed. This suggests that soil may have reached close-to-failure shear stresses.
Acceleration response spectra at different depths are plotted in Figure 5, showing that the high
frequency components are filtered out by the layers either near the surface or nearby the base
while low frequencies are still amplified.
The main intention behind the adoption of the sine-sweep excitation with a maximum amplitude of 0.08g and frequency varying from 30 up to 150 Hz was to determine the natural
frequencies of soil layer and soil-foundations systems.
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The measurements by the accelerometers on the surface and at the bottom of the model allow to estimate the soil layer amplification function (Figure 6).

Figure 5: Response spectra along the vertical array for earthquake EQ1 in (a) flight 1 and (b) flight 2.

The top-to-base Fourier amplitude ratio obtained considering both signals at the ground
surface are quite similar for both flights 1 and 2, indicating a natural frequency of about 0.2
Hz. Differences in the amplitude of the first peak in flights 1 and 2 reflects the influence of
the superstructure in the dynamic response of the system.

Figure 6: Top-to-base Fourier amplitude ratio obtained under the sine sweep input motion in (a) flight 1 and (b)
flight 2.

4

KINEMATIC EFFECTS ON PILE-HEAD RESPONSE

Kinematic soil-pile interaction effects were then explored on pile-head response as recorded during flight 1. To this end, acceleration response spectra computed at the head of the SP
or at the cap of the PG1 and PG2 models are compared in Figures 7a and 7b for EQ1 and EQ2,
respectively. The corresponding response spectrum at the ground surface (SS2 in Figure 2) is
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also plotted. Contrary to the usual belief of a beneficial effect of a fixed-head pile in reducing
the amplitude of high-frequency components of the ground surface motion at free-field conditions, the response spectra plotted in Figure 7 show a reversed trend where spectral ordinates
at the level of the pile-head are above those of the ground surface motion. Such a behaviour
imply that in this particular case of a very soft soil, the actual amplitude of motion imposed at
the base of a pile-supported structure may be higher with respect to the amplitude of motion at
soil surface, which is traditionally employed in design practice, highlighting a possibly detrimental effect of pile foundations. This observation could possibly be associated to the interpretation given in Iovino et al. [10] that piles average the non-uniform deformation of the
surrounding soil along an effective depth which is a fraction of the pile active length. In the
case where the non-uniform soil deformation is de-amplified between this effective depth and
ground surface (Figure 4) then the averaging action of piles may lead larger amplitudes of
motion. However, further elaboration is needed to understand the interaction mechanism in
such cases, taking also into account the contribution of the rotational component of the pilehead motion.

Figure 7: Response spectra for flight 1 during (a) earthquake EQ1 and (b) earthquake EQ2.

5

SSI PERIOD OF THE COUPLED SPS SYSTEMS

Mention has already been made that soil compliance may affect considerably the vibrational characteristics of a structure, referring to an elongation of its natural period with respect
to the fixed-base case, that may be important in the case of soft soils such as the one employed in the centrifuge tests at hand. In order to identify this aspect by means of the centrifuge records acquired from flight 2, we derived structural top-to-ground surface acceleration
response spectra ratios for each coupled system included in the centrifuge apparatus. Results
are plotted in Figures 8a and 8b for EQ1 and EQ2, respectively, referring to the SDOF structure supported by the SP, the PG1 and the PG2 foundation models. The period at which this
ratio achieves its peak value corresponds to the natural period of the coupled system (Tssi),
including the effect of soil compliance. It is reiterated that the fixed-base period (Tfixed) of the
SDOF oscillator was measured at 0.2 sec.
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Figure 8: Top structure-to-soil surface spectral ratio obtained from Flight 2 for (a) earthquake EQ1 and (b) earthquake EQ2.

The experimentally-derived values of Tssi and the corresponding ratios of Tssi/Tfixed are
summarized in Table 3 for each case under consideration. It is observed that for both input
motions, the role of such a soft soil in controlling the dynamic characteristics of the flexiblesupported structures is dominant, as reflected in the large values of the computed Tssi/Tfixed
ratios. The effect is understandably more pronounced for the SDOF oscillator supported by
the SP foundation model. In this case, the Tssi/Tfixed ratio reaches or even exceeds 2, denoting
a very strong effect of soil flexibility on the system period. When the SDOF structure is supported by the pile groups the effect of soil compliance is less pronounced but still quite important, leading to Tssi/Tfixed ratios at 1.5 or higher, which denote a 50% or more of increase of
the SSI period with respect to the fixed-base case. It is also noteworthy that the SSI period is
almost the same between SDOF-PG1 and SDOF-PG2 systems, indicating a negligible effect
of pile cap embedment on Tssi.
Input motion

EQ1

EQ2

Coupled system

Tssi (sec)

Tssi / Tfixed

SDOF on SP

0.46

2.3

SDOF on PG1

0.36

1.8

SDOF on PG2

0.34

1.7

SDOF on SP

0.38

1.9

SDOF on PG1

0.30

1.5

SDOF on PG2

0.30

1.5

Table 3: Tssi period and ratios of Tssi/Tfixed identified from centrifuge data elaboration of flight 2.
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6

CONCLUSIONS

Critical aspects of soil-pile-structure interaction in a soft kaolin clay soil were explored under earthquake loading in centrifuge tests carried out at 50g aboard the Turner Beam centrifuge at the Schofield Centre of the University of Cambridge. A single pile and two 3x1 pile
groups were modeled in the centrifuge to explore kinematic soil-pile interaction effects on the
modification of the soil motion and soil compliance effects on the vibrational characteristics
of a SDOF structure. Preliminary analysis of the experimental data revealed the following
trends:
x

A remarkable attenuation of maximum ground acceleration between base and surface
of the soil layer was recorded, showing a substantial filtering effect of soil on the highfrequency components of motion. Such a de-amplification can be attributed to large
earthquake-induced shear stresses close to the low shear strength of the particular soft
clay, a condition which limits the transmission of the propagating wave field.

x

A strong amplification of the motion at the pile-head with respect to that at ground surface was recorded for both earthquake excitations considered in this study, providing
evidence that the actual seismic loading imposed at the base of the supporting structure
may be higher with respect to the one induced by ground surface motion, which is usually employed in design practice. Further analysis of the centrifuge data is needed to
obtain insight on such a behaviour, including the possibly important contribution of the
rotational component of the pile motion.

x

The experimentally-obtained natural period of the examined SSI systems was increased
substantially with respect to the fixed-base case, denoting a dominant effect of the soil
compliance in the case of the examined soft clay. For the foundation layouts modeled
in the centrifuge, ratios of flexible- over fixed-base period exceeded 1.5, being more
pronounced in the case of the single pile with respect to the pile-groups. In the latter
case, the effect of the embedment depth on the SSI period was minor.
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Keywords: 4USVDUVSBM )FBUI .POJUPSJOH "VUPNBUJD 0QFSBUJPOBM .PEBM "OBMZTJT &OWJSPO
NFOUBM FGGFDUT 4UBUJD NPOJUPSJOH 'SFRVFODZ WFFSJOH
Abstract. The Santa Maria di Collemaggio basilica is a 13th-century masonry masterpiece.
The restoration works following the 2009 earthquake in L’Aquila included the installation of
a permanent monitoring system. Crack gauges monitor a few signiﬁcant cracks that appeared
during the 2009 earthquake. Force-Balance accelerometers record the dynamic response of
the entire structure. The dynamic response to ambient excitation leads to the estimation of the
modal parameters. The current paper reports the outcomes of two years of static and dynamic
monitoring from 1/1/2018 to 31/12/2019. The authors correlated the outdoor temperature and
relative humidity to both the amplitude of the cracks and the modal parameters. The temperature deeply affects the static and dynamic response of the basilica. However, the linear correlations between the temperature and the structural response are diverse. There are cracks which
stretch when the temperature rises and cracks which act oppositely. Natural frequencies lower
when the temperature rises, while the same modes exhibit modal interaction phenomena. Furthermore, the natural frequencies of the basilica are not stationary but are moderately declining
across the years. The basilica is a complex structure, where the different constitutive behaviour
of three different materials, masonry, steel and timber may yield a varied structural response.
The authors attempt to provide a qualitative interpretation of the observed behaviour, namely
the detected correlations to the outdoor temperature, the lowering of the natural frequencies
across the years and mode interaction phenomena.
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INTRODUCTION

-POH UFSN NPOJUPSJOH PG DJWJM TUSVDUVSFT CFMPOHT UP BMNPTU UIJSUZ ZFBST PG QSBDUJDF <  >
)PXFWFS UIF MPOH UFSN NPOJUPSJOHPG MBSHF NBTPOSZ TUSVDUVSFT IBT BMNPTU UFO ZFBST PG IJTUPSZ
"GUFS UIF XPSL CZ 3BNPT FU BM <> B GFX PUIFS TDIPMBST JOWFTUJHBUFE UIF TUBUJD BOE EZOBNJD
CFIBWJPVS PG IJTUPSJDBM NBTPOSZ TUSVDUVSFT UPXFST <  > DBUIFESBMT <> BOE QBMBDFT <>
" GFX SFTFBSDI HSPVQT NBJOMZ DPODFOUSBUFEJO UIF .FEJUFSSBOFBOBSFB EFEJDBUFE UIFJS SFTFBSDI
FGGPSUT UP UIJT UPQJD $PODFSOJOH UIF NBTPOSZ DIVSDIFT -' 3BNPT FU BM <> BOE .BTDJPUUB FU
BM < > NPOJUPSFE UIF $IVSDI PG .POBTUFSZ PG +FSPOJNPT &MZBNBOJ FU BM <> NPOJUPSFE
UIF .BMMPSDB DBUIFESBM .BMMPSDB *TMBOE 4QBJO VOEFS BNCJFOU TPVSDFT PG WJCSBUJPO BOE TFJTNJD
FWFOUT " GFX NPOUITBHP (FOUJMF FU BM <> SFQPSUFEPO UIF MPOHUFSN NPOJUPSJOHPG UIF .JMBO
DBUIFESBM XIJDI IPTUT UIF NPTU FYUFOTJWF NPOJUPSJOHTZTUFN FWFS JOTUBMMFE JO B DVMUVSBM IFSJUBHF
NPOVNFOU
5IF DVSSFOUQBQFS JMMVTUSBUFT UIF TUBUJD BOE EZOBNJD NPOJUPSJOH PG UIF 4BOUB .BSJB EJ $PMMFNBH
HJP CBTJMJDB %JGGFSFOUMZ GSPN UIF DPOTJEFSFE DBTFT UIF $IVSDI PG .POBTUFSZ PG +FSPOJNPT UIF
.BMMPSDB DBUIFESBM BOE UIF .JMBO DBUIFESBM UIF 4BOUB .BSJB EJ $PMMFNBHHJP CBTJMJDB TVGGFSFE
UIF TUSVDUVSBM DPOTFRVFODFT PG B EFTUSVDUJWF FBSUIRVBLF JO  5IF NPOJUPSJOH TZTUFN XJMM
BMMPX VOEFSTUBOEJOH OPU KVTU UIF DPSSFMBUJPO PG UIF NPEBM QBSBNFUFST UP FOWJSPONFOUBM FGGFDUT
CVU UIF FGGFDUT PG UIF SFUSPGJUUJO JOUFSWFOUJPOT
5IF 6OJWFSTJUZ PG -"RVJMB CFHBO UIF TUVEZ PG UIF EZOBNJDT PG UIF 4BOUB .BSJB EJ $PMMFNBHHJP
CBTJMJDB JO  %P[FOT PG TDIPMBST TUVEJFE UIF CBTJMJDB GSPN IJTUPSJDBM <> BSDIBFPMPHJDBM
<> BSDIJUFDUVSBM <   > TUSVDUVSBM <         > HFPUFDIOJDBM
< > BOE FWFO FOFSHFUJD <> QFSTQFDUJWFT 5IF EZOBNJDT PG UIF #BTJMJDB XBT JOWFTUJHBUFE
CZ UIF 6OJWFSTJUZ PG -"RVJMB <     > 4P GBS OP TUVEZ QSFTFOUFE UIF SFTVMUT PG
MPOHUFSN NPOJUPSJOHPG UIF 4BOUB .BSJB EJ $PMMFNBHHJP CBTJMJDB
"GUFS UIF  FBSUIRVBLF JO -"RVJ MB UIF 6OJWFSTJUZ PG -"RVJMB UIF 6OJWFSTJUZ -B 4BQJFO[B JO
3PNF BOE UIF 1PMJUFDOJDP JO .JMBO TVQQPSUFEUIF EFTJHO QIBTF PG UIF SFTUPSBUJPO TVQFSWJTFE CZ
UIF Soprintendenza ai Beni Architettonici e Paesaggistici per l’Abruzzo " GVOEJOH BHSFFNFOU
TJHOFE CZ &OJ BOE UIF NVOJDJQBMJUZ PG -"RVJMB QPJOUFE BU EFWFMPQJOH B QBSBEJHNBUJD NPEFM JO
UIF QBOPSBNB PG SFTUPSBUJPO PG NPOVNFOUBM BSDIJUFDUVSBM IFSJUBHF CBTFE PO B NVMUJEJTDJQMJOBSZ
QMBO 5IF 6OJWFSTJUZ PG -"RVJMB XBT GVSUIFS DPNNJTTJPOFE UP DPODFJWF B NPOJUPSJOH TZTUFN
XIJDI DPVME PQFSBUF EVSJOH BOE BGUFS UIF SFIBCJMJUBUJPO *O UIF GJST XPSLJOH QIBTF UIF NPOJUPS
JOH TZTUFN QSPWJEFE UIF DPOTUSVDUJPONBOBHFS XJUI B TVSWFZ UPPM BCPVU TUSVDUVSBM JOUFSWFOUJPOT
"GUFS UIF SFIBCJMJUBUJPO UIF NPOJUPSJOHTZTUFN XBT GVMMZGMFEHF BO FTTFOUJBM JOTUSVNFOUGPS UIF
JNQMFNFOUBUJPO PG UIF DPOTFSWBUJPO QMBO 5IF DPOTFSWBUJPO QMBO BJNT BU BTTFTTJOH UIF DPOTFS
WBUJPO TUBUF PG UIF CBTJMJDB CBTFE PO JUT JOUSJOTJD WVMOFSBCJMJUZ BOE UIF SFHJPOBM TFJTNJD SJTL
.PSFPWFS UIF QFSNBOFOUNPOJUPSJOHTZTUFN JOTUBMMFE JO  BJNT BU TVQQPSUJOH SFTFBSDI BD
UJWJUJFT XIJDI XJMM QPTTJCMZ MFBE UP UIF BTTFTTNFOU PG SFMJBCJMJUZ UISFTIPMET EBNBHF EFUFDUJPO
BOE EBNBHF MPDBMJ[BUJPO 5IF TJHOJGJDBO OVNCFS PG BDDFMFSPNFUFST BMMPXT B SFGJOF SFTPMVUJPO
PG UIF NPEF TIBQFT BOE NBZ HJWF FOPVHI JOGPSNBUJPO UP SFMJBCMZ FTUJNBUF UIF FWPMVUJPO PG UIF
TUSVDUVSBMDPOEJUJPOPG UIF CBTJMJDB FTQFDJBMMZ BGUFS TFJTNJD FWFOUT 5IF EFGJOJUJP PG UIF SFMJBCJM
JUZ UISFTIPMET JT FTTFOUJBM JO BTTFTTJOH UIF TUSVDUVSBM TBGFUZ CBTFE PO EZOBNJD EBUB BGUFS TFJTNJD
FWFOUT
5IF QBQFS QSFTFOUT TFMFDUFE SFTVMUT GSPN UIF MPOHUFSNNPOJUPSJOHPG UIF 4BOUB .BSJB EJ $PMMFNBH
HJP CBTJMJDB FYUSBDUFE GSPN <>
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2

The basilica

4BOUB .BSJB EJ $PMMFNBHHJP CVJMU BU UIF FOE PG UIF UI DFOUVSZ JT B MBSHF NFEJFWBM DIVSDI JO
-"RVJMB DFOUSBM *UBMZ *U JT B XPSMEGBNPVT DIVSDI GPS JUT TJHOJGJDBOD JO SFMJHJPVT IJTUPSZ <>
5IF FMFHBOU 3PNBOFTRVF GBDBEF IBT UIF BQQFBSBODF PG B XBMM XJUI B DFOUSBM EPPS FNCFMMJTIFE
JO UIF UI DFOUVSZ BOE UXP TNBMMFS GMBOLJO EPPST 5IF JOUFSJPS GPMMPXT UIF TUBOEBSE QMBO PG
B OBWF BOE UXP TJEF BJTMFT FBDI POF EJWJEFE GSPN JU CZ B SPX PG DPMVNOT GSPN XIJDI BSDIFT
TVQQPSU B UBMM XPPEFO DFJMJOH 5IF #BTJMJDB IBT B NBTPOSZ TUSVDUVSF UZQJDBM PG BODJFOU CVJMEJOHT
JO -"RVJMB <> XJUI WBSJFE CVU QSFWBMFOUMZ SFHVMBS NBTPOSZ UFYUVSFT <   > 0O UIF
MBUFSBM XBMM TUBOET UIF )PMZ %PPS 'JH D PQFOFE PO UI BOE UI PG "VHVTU FWFSZ ZFBS JO
PDDBTJPO PG UIF BOOVBM KVCJMFF
5IF #BTJMJDB IBT B NJEEMF OBWF  N MPOH BOE  N XJEF BOE UXP TJEF OBWFT BQQSPY  N
XJEF  5IF DFOUSBM BOE TJEF OBWFT SFBDI B NBYJNVN IFJHIU PG  N BOE  N SFTQFDUJWFMZ
XIJMF UIF GBDBEF JT  N XJEF BOE  N IJHI

B

C

D

'JHVSF  B 'BDBEF C JOUFSJPS D )PMZ %PPS E QMBO PG UIF CBTJMJDB F QSPTQFDU PG UIF BQTF G BOE UIF )PMZ
%PPS XBMM

5IF QFSNBOFOU NPOJUPSJOH TZTUFN DPOTJTUT PG OJOF DSBDL NFBTVSFNFOU EFWJDFT  'PSDF
CBMBODF BDDFMFSPNFUFST  USJBYJBM  CJBYJBM BOE  NPOPBYJBM BOE G WF UFNQFSBUVSFIVNJEJUZ
TFOTPST
5IF DSBDL NFBTVSFNFOU EFWJDFT BSF IJHI QSFDJTJPO USJBOHVMBUJPO MBTFST XJUI B NN NFBTVSJOH
SBOHF NN MJOFBSJUZ BOE μN SFQSPEVDJCJMJUZ 5IF '#" BDDFMFSPNFUFST BSF DIBSBDUFSJ[FE
CZ B 7H TFOTJUJWJUZ 5IF EFUBJMT PG UIF NPOJUPSJOHTZTUFN BSF QSFTFOUFE JO <>
3

Long term static monitoring

5IF NPOJUPSJOH EFWJDFT QMBDFE PWFS TJHOJGJDBO DSBDLT IBWF BDRVJSFE FWFSZ IPVS TJODF
 5IF BVUIPST SFQPSU TFMFDUFE SFTVMUT GSPN  UP  5IF CFIBWJPVS
PG UIF DSBDLT TVHHFTUT UIF GPMMPXJOH DPBSTF DMBTTJGJDBUJPO TFF 5BC
t '1 '1 BOE '1 'JH C D H  5IF BNQMJUVEF JT BMNPTU DPOTUBOU XJUI PTDJMMBUJPO
CFUXFFO UIF NBYJNVN BOE NJOJNVN BNQMJUVEFT FRVBM UP  NN  NN BOE 
NN SFTQFDUJWFMZ
'1 BOE '1 BSF UIF TPMF EFWJDFT XIJDI NPOJUPS UIF DSBDLT PO UIF JOUSBEPT PG UIF PHJWBM
BSDIFT JO UIF DFOUSBM OBWF 5IF BNQMJUVEF SFTUT DPOTUBOU MJLFMZ NFBOJOH UIBU UIF PHJWBM
BSDIFT BSF TUBCMF BHBJOTU TUBUJD GPSDFT BOE FOWJSPONFOUBM QBSBNFUFST '1 SFWFBMT UIF
TUBCJMJUZ PG B DSBDL CFMPX B QBWJMJPO WBVMU PO UIF SJHIU TJEF PG UIF BQTF
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5BCMF  4UBUJTUJDBM EFTDSJQUJPO PG UIF BNQMJUVEF PG UIF JOTUSVNFOUFEDSBDLT GSPN  UP 
*OTUSVNFOU
'1
'1
'1
'1
'1
'1
'1
'1
'1

.FBO










$SBDL NFBTVSFNFOU <NN>
7BSJBODF
.BYJNVN .JOJNVN
×10−4




×10−5


×10−5


×10−3


×10−3


×10−4


×10−4


×10−3


×10−2

t '1 '1 '1 '1 BOE '1 'JH B E G I J TIPX IJHIFS EJTDSFQBODJFT CFUXFFO
UIF NJOJNVNBOE NBYJNVN BNQMJUVEFT FRVBM UP  NN  NN  NN BOE 
NN SFTQFDUJWFMZ 5IF BNQMJUVEF PG UIFTF DSBDLT JODSFBTFT EVSJOH TQSJOH BOE TVNNFS BOE
EFDSFBTFT JO UIF DPME TFBTPOT 5IFTF EFWJDFT NFBTVSF UIF BNQMJUVEF PG UIF DSBDLT JO UIF
QSFTCJUFSJPO UIF SJHIU DIBQFM '1 BOE '1 UIF BQTF '1 '1 BOE '1 BOE UIF MFGU
DIBQFM '1 
t '1 'JH F ZJFMET B  NN EJTDSFQBODZ CFUXFFO UIF UXP FYUSFNF WBMVFT )PXFWFS
UIF BNQMJUVEF EFDSFBTFT EVSJOH UIF DPME TFBTPO BOE WJDF WFSTB '1 NPOJUPST B DSBDL PO
UIF JOUSBEPT PG UIF BQTF WBVMU
3.1

Environmental effects

5IF FWPMVUJPO PG UIF BNQMJUVEFT TVHHFTUT B TFBTPOESJWFO CFIBWJPVS UIF FOWJSPONFOUBM QB
SBNFUFST NBJOMZ EFUFSNJOF UIF PCTFSWFE PTDJMMBUJPOT 6OGPSUVOBUFMZ UIF UIFSNPJHSPNFUFSTTVG
GFSFE GVODUJPOJOH EJTDPOUJOVJUJFT EVF UP UIF EJGGJDVMU JO QSPNQUMZ SFQMBDJOH UIF CBUUFSJFT CZ UIF
PXOFS PG UIF CBTJMJDB 'PS UIJT SFBTPO UIF BVUIPST BEPQUFE BT DPSSFMBUJPO QBSBNFUFST UIF PVUEPPS
UFNQFSBUVSF BOE SFMBUJWF IVNJEJUZ SFDPSEFE CZ UIF $&5&.14 UIF $FOUSF PG &YDFMMFODF PO
5FMFTFOTJOH PG &OWJSPONFOUBOE .PEFM 1SFEJDUJPO4FWFSF FWFOUT TFF IUUQDFUFNQTBRVJMBJOGOJU
JO -"RVJMB 'JH B  C TIPX UIF NJOVUF CZ NJOVUF FWPMVUJPO PG UIF UFNQFSBUVSF BOE SFMBUJWF
IVNJEJUZ GSPN  UP  5IF SFMBUJWF IVNJEJUZ IBT B TDBUUFSFE CFIBWJPVS B SFE
MJOF GPMMPXT UIF BWFSBHFE USFOE PCUBJOFE GSPN B NPWJOH BWFSBHF PWFS B UIPVTBOETBNQMFT 'JH
JMMVTUSBUFT UIF DPSSFMBUJPO CFUXFFO UIF DSBDL BNQMJUVEFT BOE UIF UFNQFSBUVSF 5IF DPSSFMBUJPOT
UP UFNQFSBUVSFDPOGJS UISFF USFOET BMSFBEZ SFNBSLFE JO UIF QSFWJPVT QBSBHSBQIT J "O BMNPTU
TUBUJPOBSZ CFIBWJPVS JO '1 '1 BOE '1 JJ " QPTJUJWF SBUF JO '1 '1 '1 '1 BOE '1
JJJ " OFHBUJWF SBUF JO '1
5IF UXP PQQPTJUF USFOET NBZ EFTDFOE GSPN PQQPTJOH LJOFNBUJD NFDIBOJTNT XIJDI DBO EF
UFSNJOFUIF DMPTJOH PS TUSFUDIJOH PG UIF DSBDLT XIFO UIF NBTPOSZ TXFMMT GSPN UIFSNBM FYQBOTJPO
&YDFQU GPS '1 XIJDI JT QMBDFE PVUTJEF UIF BQTF UIF PUIFS EFWJDFT BSF JOTJEF UIF CBTJMJDB 5XP
LJOFNBUJD NFDIBOJTNT NBZ TUBOE CFIJOE UIF JEFOUJGJF DPSSFMBUJPOT
5IF UFNQFSBUVSF JT OPU DPOTUBOU BDSPTT UIF XBMM UIJDLOFTT %VSJOH TVNNFS UIF PVUFS MBZFST
IBWF IJHIFS UFNQFSBUVSF WBMVFT UIBO UIF JOTJEF POFT BOE WJDF WFSTB EVSJOH XJOUFS MJLFMZ B
¡$ UFNQFSBUVSF EJGGFSFODF CFUXFFO UIF PVUFS BOE JOOFS XBMM MBZFST PDDVST EVSJOH TVNNFS BOE
BO PQQPTJUF ¡$ EJGGFSFODF EVSJOH XJOUFS 5IF UIFSNBM HSBEJFOU NBZ ZJFME UIF DVSWBUVSF PG UIF
XBMM TFF 'JH UIF FYUFSOBM DSBDL TUSFUDIFT l1 XIJMF UIF JOUFSOBM POF SFEVDFT l2  #Z BTTVN
JOH B UIFSNBM FYQBOTJPO DPFGGJDJFO FRVBM UP α = 5 × 10−6 <¡$ −1 > BOE B ΔT ¡$ HSBEJFOU
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B

C

D

E

F

G

H

I

J

'JHVSF  7BSJBUJPO PG UIF DSBDLT BNQMJUVEFT NFBTVSFE GSPN  UP  5IF ESPQT JO '1 '1
'1 BOE '1 EFSJWF GSPN BMNPTU POF NPOUIJOUFSSVQUJPO JOEJDBUFE CZ B EBTIFE WFSUJDBM MJOF

B

C

'JHVSF  7BSJBUJPO PG UIF FOWJSPONFOUBM QBSBNFUFST NFBTVSFE GSPN  UP  B 0VUEPPSUFNQFS
BUVSF C 0VUEPPS3FMBUJWF )VNJEJUZ 5IF SFE MJOF JT UIF NPWJOH BWFSBHF PWFS B UIPVTBOE TBNQMFT
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B

C

D

E

F

G

H

I

J

'JHVSF  $PSSFMBUJPO CFUXFFO UIF DSBDL BNQMJUVEF BOE UIF PVUEPPSUFNQFSBUVSF GSPN  UP  
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PCUBJOFE CZ TVNNJOH UIF BCTPMVUF HSBEJFOUT PG TVNNFS ΔTs ¡$ BOE XJOUFS ΔTw ¡$
UIF FRVJWBMFOU UIJDLOFTT teq BTTPDJBUFE UP UIF NBYJNVN ESJGUT BSF BQQSPYJNBUFMZ CFUXFFO N
BOE N TFF 5BC BDDPSEJOH UP UIF GPMMPXJOH FRVBUJPOT
|Δx|max = |Δxs | + |Δxw | = teq α(|ΔTs | + |ΔTw |)



Δxmax

αΔT
XIFSF teq JT UIF FRVJWBMFOU UIJDLOFTT Δxmax UIF SFMBUJWF NPWFNFOU PG UIF DSBDL EVSJOH UIF ZFBS
PCUBJOFE CZ TVNNJOH UIF FGGFDUT PG TVNNFS Δxs BOE XJOUFS Δxw α UIF UIFSNBM FYQBOTJPO
DPFGGJDJFO BOE ΔT EJGGFSFODF CFUXFFO UIF PVUEPPS UFNQFSBUVSF EVSJOH TVNNFS BOE UIF JOEPPS
UFNQFSBUVSF EVSJOH XJOUFS 5BC SFQPSUT UIF FRVJWBMFOU UIJDLOFTT SFMBUFE UP UIF EFWJDFT XIJDI
teq =

'JHVSF  LJOFNBUJD NFDIBOJTN QPTTJCMZ BTTPDJBUFE UP UIF DSBDL CFIBWJPVS

NFBTVSFE SFMBUJWF EJTQMBDFNFOUT IJHIFS UIBO NN 5IF JEFOUJGJF WBMVFT NBUDI XJUI UIF XBMM
5BCMF  &TUJNBUF PG UIF FRVJWBMFOU XBMM UIJDLOFTT BTTPDJBUFE UP UIF NBYJNVN SFMBUJWF EJTQMBDFNFOU NFBTVSFE CZ
UIF DSBDL NPOJUPSJOHEFWJDFT
*OTUSVNFOU .BY EJTQM <NN>
'1

'1

'1

'1

'1


α <¡$ −1 >
×10−6
×10−6
×10−6
×10−6
×10−6

Δ5 <¡$>






&RVJW 5IJDLOFTT <N>






UIJDLOFTTFT DPSSFTQPOEJOH UP UIF NFBTVSFNFOU EFWJDFT BOE QPTTJCMZ WBMJEBUF UIF FMFNFOUBSZ
LJOFNBUJD NFDIBOJTN BTTVNFE JO 'JH
5IF TJNQMF DBMDVMBUJPOT JO UIF BCPWF QBSBHSBQIT IBWF UIF TPMF PCKFDUJWF PG B DSVEF VOEFSTUBOEJOH
PG UIF SFTVMUT 5IF FRVJWBMFOU UIJDLOFTT JT OPU UIF QIZTJDBM UIJDLOFTT PG UIF XBMM #FTJEFT UIF
SFBM UIJDLOFTT PG NBTPOSZ JT OPU DPOTUBOU TJODF NPTU PG UIF DSBDLT TUBOE JO UIF WBVMUT XIJDI
XFSF SFJOGPSDFE BOE GJMMF XJUI FYQBOEFE DMBZ EVSJOH UIF SFUSPGJUUJO JOUFSWFOUJPOT UIF UIJDLOFTT
PG UIF WBVMUT EFQFOET PO UIF DPMMBCPSBUJPO CFUXFFO UIF TUSVDUVSFBOE UIF GJMMJO NBUFSJBM 'PS UIJT
SFBTPO UIF BVUIPST QSFGFSSFE UP DIFDL UIF BNPVOUTPG UIF PCUBJOFE SFTVMUT XIJDI BSF PO BWFSBHF
DPNQBUJCMF XJUI UIF BDUVBM NBTPOSZ UIJDLOFTTFT BOE DPOTFRVFOUMZ UIFZ QPTTJCMZ EFTDFOE GSPN
UIF TPMF UIFSNBM FGGFDUT SBUIFS UIBO PUIFS QIFOPNFOB
4

Dynamic monitoring

5IF TFDUJPO QSFTFOUT UIF PVUDPNFT PG MPOHUFSN EZOBNJD NPOJUPSJOH 5IF GJST QBSU JOUSP
EVDFT UIF SFTVMUT PG EZOBNJD JEFOUJGJDBUJP JO UFSNT PG NPEF TIBQFT OBUVSBM GSFRVFODJFT BOE
WJTDPVT EBNQJOH 5IF GPMMPXJOH QBSUT DPMMFDU UIF OBUVSBM GSFRVFODJFT BOE ."$ .PEBM "TTVS
BODF $SJUFSJPO WBMVFT JEFOUJGJF GSPN BMM UJNFTFSJFT BOE SFMBUF UIFN UP UIF PVUEPPS FOWJSPO
NFOUBM QBSBNFUFST UFNQFSBUVSFBOE SFMBUJWF IVNJEJUZ
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4.1

Dynamic identiﬁcation

5IF BVUIPST EFWFMPQFE BO BVUPNBUJD QSPDFTTJOH BMHPSJUIN JNQMFNFOUFE JO ."5-"# CBTFE
PO UIF 4UPDIBTUJD 4VCTQBDF *EFOUJGJDBUJP 44* DP W NFUIPE <    > 5IF NFUIPE
ZJFMET BO FTUJNBUF PG UIF NPEBM QBSBNFUFST GSPN UIF BDDFMFSBUJPO UJNFTFSJFT SFDPSEFE JO PQFS
BUJPOBM DPOEJUJPO
" GBDUPS Nd  EFDJNBUFT UIF JOJUJBM TBNQMJOH GSFRVFODZ FRVBM UP )[ <> EFUBJMT UIF BVUP
NBUJD JEFOUJGJDBUJP BMHPSJUIN
5

The dynamics of the nave walls

5IF EZOBNJD JEFOUJGJDBUJP PG UIF OBWF XBMMT SFUVSOT GPVS TUBCMF NPEFT 5IF BVUIPST SFQPSU
UIF BWFSBHFE OBUVSBM GSFRVFODJFT WBMVFT VQ UP UIF GJST EFDJNBM QMBDF 5IF IJHIFS EFDJNBM QMBDFT
XJMM CF EJTDVTTFE JO MJHIU PG MPOHUFSN NPOJUPSJOH 5IF GJST NPEF BU )[ 'JH B JOUFSFTUT
UIF EJTQMBDFNFOU PG BMM NFBTVSFNFOU QPJOUT JO UIF TBNF EJSFDUJPO 5IF EJTQMBDFNFOU JT DPO
TJTUFOUMZ MPX JO UIF BQTF DPNQBSJOH UP UIF OBWF XBMMT NPUJPO UIF BQTF JT WFSZ SJHJE DPNQBSFE
UP PUIFS QBSUT PG UIF CBTJMJDB 5IF QBSUJDVMBS NPEF TIBQF QPTTJCMZ PSJHJOBUFT GSPN UIF $SPTT
-BNJOBUFE 5JNCFS $-5 DFJMJOH CFIBWJOH MJLF B SJHJE EJBHSBN XIJDI JNQPTFT UIF TBNF EJT
QMBDFNFOU UP UIF OBWF XBMMT TVNNJUT
5IF IJHIFS NPEFT BGGFDU UIF CFOEJOH PG UIF OBWF XBMMT 5IF TFDPOE NPEF BU  )[ 'JH C
NBJOMZ SFHBSET UIF DIBOHF PG EJSFDUJPO BMPOH UIF WFSUJDBM UIF NFBTVSFNFOU QPJOUT CZ UIF UPQ
PG UIF DPMVNOT NPWF PQQPTJUFMZ UP UIPTF CZ UIF $-5 DFJMJOH .PSFPWFS UIF QIBTFT PG UIF UXP
OBWF XBMMT BSF PQQPTJUF 5IF UIJSE NPEF BU  )[ 'JH D NBJOMZ DPODFSOT UIF DIBOHF PG
EJSFDUJPO PG UIF NFBTVSFNFOU QPJOUT BMPOH UIF YEJSFDUJPO MJLF B TFDPOE CFOEJOH NPEF 5IF
GPVSUI NPEF BU  )[ 'JH E JT RVJUF UXJTUFE JU JT B TPSU PG UIJSE CFOEJOH NPEF TIBQF
5BC SFQPSUT UIF DSPTT ."$ CFUXFFO UIF JEFOUJGJF NPEFT JO 'JH 5IF UFSNT PVU PG UIF NBJO
EJBHPOBM BSF TIBMMPX UIF NPEF TIBQFT BSF EJTTJNJMBS CFUXFFO FBDI PUIFS BOE EJTUJODUMZ JEFOUJ
GJBCMF
5IF BQTF JT RVJUF NBTTJWF BOE QBSUJDJQBUF UP UIF JEFOUJGJF NPEF TIBQFT XJUI NVDI MPXFS EFGPS
5BCMF  $SPTT ."$ CFUXFFO UIF JEFOUJGJF NPEF TIBQFT






1






1






1






1

NBUJPO UIBO UIF PUIFS TUSVDUVSBMNFNCFST EVF UP JUT TJHOJGJDBO TUJGGOFTT 5IF JOWFTUJHBUJPO PG UIF
BQTF EZOBNJDT SFRVJSFT EFEJDBUFE FGGPSUT BOE XJMM CF UIF PCKFDU PG GVUVSF TUVEJFT CZ UIF BVUIPST
5IF EZOBNJD JEFOUJGJDBUJP DBSSJFE PVU CFGPSF UIF SFTUPSBUJPOCZ <> FWJEFODFE GPVS NPEFT TFF
5BCMF  &WPMVUJPO PG UIF OBUVSBM GSFRVFODJFT CFGPSF BOE BGUFS UIF  FBSUIRVBLF BOE BGUFS UIF SFTUPSBUJPO
TU NPEF <)[>
OE NPEF <)[>
SE NPEF <)[>
UI NPEF <)[>

#FGPSF  <>





4JODF 





5BC SFTFNCMJOH UIF POFT JO 'JH XJUI UIF GPMMPXJOH OBUVSBM GSFRVFODJFT   
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B TU N )[ ξ ≈ 1.25%

C OE N )[ ξ ≈ 1.19%

D SE N )[ ξ ≈ 1.10%

E UI N )[ ξ ≈ 1.27%

'JHVSF  *MMVTUSBUJPO PG UIF NPEF TIBQFT PG UIF OBWF XBMMT XIFSF N TUBOET GPS NPEF BOE ξ JT UIF BWFSBHF NPEBM
EBNQJOH
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BOE  )[ 5IF TUSVDUVSBM JOUFSWFOUJPOT GPMMPXJOH UIF  FBSUIRVBLF QSPEVDFE NFBOJOHGVM
EJGGFSFODFT PO UIF DPSSFTQPOEJOHOBUVSBM GSFRVFODJFT XIJDI IBWF JODSFBTFE PG  
 BOE  SFTQFDUJWFMZ UIF BWFSBHF JODSFNFOU PG UIF DVSSFOU GPVS OBUVSBM GSFRVFODJFT
JT BQQSPYJNBUFMZ  DPNQBSFE UP UIF TUSVDUVSBM CFIBWJPVS CFGPSF UIF  FBSUIRVBLF
5IF JEFOUJGJDBUJP JO PQFSBUJPOBM DPOEJUJPO CBTFE PO UIF DVSSFOU NFBTVSFNFOU TFUVQ NBSLT B
TJHOJGJDBO MPDBMJ[BUJPO JO UIF NPEF TIBQFT JF NBOZ NPEF TIBQFT TIPX TJHOJGJDBOUM IJHIFS
EJTQMBDFNFOU JO TPNF QBSUT SBUIFS UIBO JO PUIFST "T JMMVTUSBUFE JO 'JH UIF NPEFT CFUXFFO
UIF TU BOE UIF UI  o  )[ BGGFDU BMNPTU FYDMVTJWFMZ OBWF XBMMT "MUIPVHI UIF CBTJMJDB
DBO CF DPOTJEFSFE BT BO FMBTUJD DPOUJOVVN UIF MPDBMJ[BUJPO PG EFGPSNBUJPO QSPEVDF UIF QPUFO
UJBM VODPVQMJOH PG UIF NBDSPFMFNFOUT SFTQPOTFT XIJDI BSF UIF GBDBEF BOE UIF OBWF XBMMT 5IF
MPDBMJ[BUJPO PG EFGPSNBUJPO NJHIU FODPVSBHF UIF JNQMFNFOUBUJPO PG QSFEJDUJWF SFEVDFEPSEFS
NPEFMT GPS UIF GBDBEF BOE UIF OBWF XBMMT
5.1

Long-term monitoring

5IF OBUVSBM GSFRVFODJFT JEFOUJGJF GSPN FBDI TFU PG UJNFTFSJFT BSF DPODBUFOBUFE BOE SFQPSUFE
JO 'JH 5BC FWJEFODFT UXP DPODVSSJOH USFOET UIF OBUVSBM GSFRVFODZ PTDJMMBUFT CFUXFFO TFB
TPOT 5IF OBUVSBM GSFRVFODJFT BSF MJHIUMZ EFDSFBTJOH JO UIF FOUJSF QFSJPE 5IF GJST PCTFSWBUJPO
JT JO GVMM MJOF XJUI UIF GJOEJOH CZ <   > UIF FOWJSPONFOUBM QBSBNFUFST TFOTJCMZ BGGFDU
UIF OBUVSBM GSFRVFODJFT )PXFWFS UP UIF BVUIPST LOPXMFEHF UIF TFDPOE BTQFDU EPFT OPU PDDVS
JO BOZ DBTF TUVEZ 5BC TIPXT UIF NBYJNVN BOE NJOJNVN WBMVFT PG UIF MJOFBS DPSSFMBUJPO

'JHVSF  7BSJBUJPO PG UIF OBUVSBM GSFRVFODJFT BOE ."$ PG UIF EFUFDUFE NPEFT EVSJOH UIF JOWFTUJHBUFE QFSJPE 3FE
EBTIFE MJOF SFQSFTFOUT UIF NPWJOH NFBO PG UIF TBNQMFT SFGMFDUJO GSFRVFODJFT TFBTPOBM WBSJBUJPO CMVF TUSBJHIU
JOUFSQPMBUJOH MJOF JOEJDBUFT JUT HFOFSBM EFDSFBTF PWFS UJNF 5IF ."$ WBMVFT SFGFS UP B GJ FE TFU PG NPEFT DPSSF
TQPOEJOH UP UIF SFDPSEJOHT PG 

SFQPSUFE BT B TPMJE MJOF JO 'JH 5IF OBUVSBM GSFRVFODJFT PG UIF OBWF XBMMT FYIJCJUFE B  )[
EFDSFNFOU 5IFSF BSF OP EFUFDUBCMF WBSJBUJPOT PG UIF NPEF TIBQFT UIF ."$ WBMVFT FTUJNBUFE
UP B SFGFSFODF TFU PG NPEF TIBQFT TUBOE BQQSPYJNBUFMZ DPOTUBOU BOE DMPTF UP  TFF 'JH 5IF
OBWF XBMMT XIJDI BSF CPVOE UPHFUIFS CZ UIF UPQ $-5 SPPG BSF BODIPSFE UP UIF OBWF XBMMT BOE
UIF GBDBEF CZ UISFBEFE TUFFM CBST
5IF SFBTPO PG UIJT EFDSFNFOU NBZ EFSJWF GSPN UIF CFIBWJPVS FYIJCJUFE CZ UIF DPOTUJUVFOUNBUF
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5BCMF  4UBUJTUJDBM EFTDSJQUJPO PG UIF GSFRVFODZ BOE ."$ WBMVFT
.PEF
TU
OE
SE
UI

'SFRVFODZ <)[>
.FBO 7BSJBODF









.FBO





."$
7BSJBODF
 ×10−4
×10−4
 ×10−4
 ×10−4

5BCMF  %FDSFBTF PG UIF OBUVSBM GSFRVFODZ BDDPSEJOH UP UIF MJOFBS SFHSFTTJPOT JO 'JH
.PEF
TU
OE
SE
UI

fin [Hz]





ff in <)[>





Δf





SJBMT PWFS UJNF 8IJMF NBTPOSZ BOE TUFFM EP OPU FYIJCJU B TFOTJCMF EFDBZJOH PG UIFJS NFDIBOJDBM
QSPQFSUJFT FTQFDJBMMZ JO UXP ZFBST JU JT NPSF MJLFMZ UIBU UIF NFDIBOJDBM QSPQFSUJFT PG UIF $SPTT
-BN 5JNCFS $-5 SPPG BSF TUBCJMJ[JOH *O UIF BVUIPST PQJOJPO UIF FGGFDU XIJDI NBZ KVTUJGZ UIF
PCTFSWFE QIFOPNFOPOJT NJDSPDSBDLJOH EVF UP XPPE ESZJOH BOE UIFSNBM FYQBOTJPO DPOTUSBJOFE
CZ UIF TUFFM BODIPSJOH <>
5.2

Environmental effects

5IF OBUVSBM GSFRVFODJFT BSF DPSSFMBUFE UP UIF PVUEPPS UFNQFSBUVSF BOE UIF SFMBUJWF IVNJEJUZ
"T BMSFBEZ OPUJDFE JO UIF MPOHUFSN TUBUJD NPOJUPSJOH UIF SFMBUJWF IVNJEJUZ EPFT OPU ZJFME TJH
OJGJDBO DPSSFMBUJPOT TFF 'JH $POWFSTFMZ UIF UFNQFSBUVSF WBMVFT SFUVSO HPPE DPSSFMBUJPOT
FWJEFODFE CZ UIF MJOFBS GJUUJO JO 'JH

'JHVSF  $PSSFMBUJPO CFUXFFO UIF OBUVSBM GSFRVFODJFT PG UIF JEFOUJGJF NPEFT BOE UIF PVUEPPS UFNQFSBUVSF GSPN
 UP  

5P UIF BVUIPST LOPXMFEHF UIF OFHBUJWF EFQFOEFODF PG UIF OBUVSBM GSFRVFODJFT UP UIF PVUEPPS
UFNQFSBUVSF XBT PCTFSWFE JO UXP TPMF DBTFT UIF .JMBO DBUIFESBM <> BOE UIF $POTPMJ 1BMBDF
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JO (VCCJP <> "DDPSEJOH UP (FOUJMF FU BM <> UIF OFHBUJWF GSFRVFODZUFNQFSBUVSF DPSSFMBUJPO
JO UIF .JMBO $BUIFESBM PSJHJOBUFT GSPN UIF TUSVDUVSBM BSSBOHFNFOU DPOTJTUJOH PG EPVCMF WBVMU
TZTUFN DPOTUSBJOFE CZ BO FYUFOEFE OFU PG NFUBMMJD UJFSPET
,JUB FU BM OPUJDFE B OFHBUJWF DPSSFMBUJPO <> CFUXFFO OBUVSBM GSFRVFODJFT BOE UFNQFSBUVSF JO
UIF $POTPMJ 1BMBDF 5IF NBSLFE JODSFBTF JO OBUVSBM GSFRVFODJFT PG UIF HMPCBM WJCSBUJPO NPEFT
PG UIF 1BMBDF XJUI EFDSFBTJOH BNCJFOU UFNQFSBUVSF IBT CFFO BUUSJCVUFE UP BO JODSFBTF JO HMPCBM
TUSVDUVSBM TUJGGOFTT EVF UP TUSFOHUIFOJOH FGGFDUT PG NFUBMMJD SFJOGPSDFNFOUT UJF SPET TIPSUFOJOH
BU MPXFS UFNQFSBUVSFT BOE UIF QSFTFODF PG B NPEFSBUF TUSVDUVSBM EBNBHF TUBUF JO UIF 1BMBDF
*O UIF DVSSFOU DBTF UIF 4BOUB .BSJB EJ $PMMFNBHHJP CBTJMJDB IBT B $-5 SPPG XIJDI MJLFMZ FYQF
SJFODFT TJHOJGJDBO UIFSNBM FYQBOTJPOT BOE DPOUSBDUJPOT *U BDUT CPOEJOH UPHFUIFS UIF OBWF XBMMT
BOE QSPWJEFT B TJHOJGJDBO JOQMBOF TUJGGOFTT UP UIF SPPG 5IF OFHBUJWF GSFRVFODZUFNQFSBUVSF
DPSSFMBUJPOT DPVME PSJHJOBUF GSPN B EFDSFBTF JO HMPCBM TUSVDUVSBM TUJGGOFTT EVF UP UIF FYQBOTJPO
PG UIF $-5 SPPG BU IJHIFS UFNQFSBUVSFT

B
'JHVSF  $PSSFMBUJPO CFUXFFO UIF OBUVSBM GSFRVFODJFT PG UIF JEFOUJGJF NPEFT BOE UIF PVUEPPS 3FMBUJWF )VNJEJUZ
GSPN  UP  

5IF BVUIPST GVSUIFS FTUJNBUFE UIF UFNQFSBUVSF FGGFDUT PO UIF NPEF TIBQFT "DDVSBUFMZ UIF
DSPTT ."$ CFUXFFO UIF NPEF TIBQFT JEFOUJG FE GSPN BMM SFDPSEJOHT BSF SFMBUFE UP UIF PVUEPPS
UFNQFSBUVSF BT JMMVTUSBUFE JO 'JH 5IF JOTQFDUJPO PG 'JH QSPWFT UIF TVCTUBOUJBM UJNF JO
WBSJBODF PG UIF NPEF TIBQFT 5IF DSBDL BNQMJUVEF XBT OPU DPSSFMBUFE UP UIF OBUVSBM GSFRVFODJFT
5IF TPMF DSBDLT PO UIF OBWF XBMMT EP OPU DIBOHF TJHOJGJDBOUM TFF 'JH 5IF PUIFS DSBDLT
NBJOMZ HBUIFS JO UIF BQTF BOE UIF WBVMUT DIBQFMT XIJDI BT SFNBSLFE QBSUJDJQBUF XJUI MPXFS
EFGPSNBUJPO UP UIF NPOJUPSFENPEF TIBQFT
5.3

Discussion

5IF NPTU TJHOJGJDBO SFTVMU SFHBSET UIF NPEFSBUF CVU DPOUJOVPVTEFDBZ PG UIF OBUVSBM GSFRVFO
DJFT PWFS UJNF -JLFMZ UIF PCTFSWFE EFDBZ XJMM DPOWFSHF UPXBSET B TUBUJPOBSZ WBMVF BMUIPVHI
UIF FYQFSJNFOUBM EBUB BDRVJSFE TP GBS BSF JOTVGGJDJFO UP GPSNVMBUF B SFMJBCMF GPSFDBTU %BUB DPM
MFDUFE EVSJOH UIF ZFBST XJMM HSBEVBMMZ FOIBODF UIF SFMJBCJMJUZ PG UIF GPSFDBTU BOE BMMPX UIPVHIUGVM
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'JHVSF  $PSSFMBUJPO CFUXFFO PVUEPPS UFNQFSBUVSF BOE ."$ PG JEFOUJGJF NPEFT GSPN  UP
 

KVEHNFOU

B

C

'JHVSF  B %FUBJM PG UIF FYQPOFOUJBM GJUUJO PG UIF GJST OBUVSBM GSFRVFODZ C &YQPOFOUJBM GJUUJO PG UIF GJST
OBUVSBM GSFRVFODZ FYUSBQPMBUFE UP B  ZFBST QFSJPE

5IF BVUIPST FTUJNBUFE UIF PQUJNVN FYQPOFOUJBM GJUUJO PG UIF GJST OBUVSBM GSFRVFODZ VTJOH
UIF -PWFNCFSH.BSRVBSEUBMHPSJUIN <> TFF 'JH 
f1 = 1.499 + 0.6191e−0.001097 t



5IF TPMF NBUFSJBM BNPOH UIPTF VTFE JO UIF SFTUPSBUJPO XIJDI IBT UJNFEFQFOEFOUNFDIBOJDBM
QSPQFSUJFT JO UIF GJST MJGF QFSJPE JT UJNCFS <  > 5IF NFDIBOJDBM QSPQFSUJFT PG UIF $-5
SPPG NBZ CF TUBCJMJ[JOH EVF UP UIF BDUVBM FOWJSPONFOUBM DPOEJUJPOT UIF $-5 SPPG XBT JOTUBMMFE
JO  5IF DPOTJEFSFE UXPZFBST QFSJPE JT UPP TIPSU UP EFSJWF QMBVTJCMF DPOWFSHFODF WBMVFT
5IF BOBMZTJT IBT B RVBMJUBUJWF BOE JMMVTUSBUJWF DIBSBDUFS BJNJOH BU FYQMBJOJOH UIF QPTTJCMF GVUVSF
TDFOBSJPT 5IF SFQPSUFE FYQPOFOUJBM EFDBZ TVHHFTUT UIBU UIJT FGGFDU XJMM FYUJOHVJTI JO BO BMNPTU
 ZFBST QFSJPE TJODF UIF $-5 JOTUBMMBUJPO JO 

3709

" "MPJTJP 3 $JSFMMB & "OUPOBDDJ BOE 3 "MBHHJP

)PXFWFS B NFDIBOJDBM JOUFSQSFUBUJPOPG UIF PCUBJOFE SFTVMUT SFRVJSFT B OVNFSJDBM NPEFM PG UIF
CBTJMJDB XIJDI BMMPXT EFUFSNJOJOH UIF QPTTJCMF QFSDFOUBHF EFDSFBTF PG UIF $-5 SPPG TUJGGOFTT
DPOHSVPVT XJUI UIF FYQFSJNFOUBM G OEJOHT 'VSUIFS BEEJUJPOBM JOTUSVNFOUBUJPOPG UIF SPPG XPVME
FOMJHIUFO PO UIF TUSVDUVSBM CFIBWJPVS PG UIF UJNCFS NFNCFST
6
6.1

The dynamics of the facade
Modal identiﬁcation and long-term monitoring

5IF GJGUI TJYUI BOE TFWFOUI NPEFT NBJOMZ JOWPMWF UIF GBDBEF SBUIFS UIBO UIF OBWF XBMMT
'JH  5IFZ BSF BMM DIBSBDUFSJ[FE CZ PVUPGQMBOF EJTQMBDFNFOUT NPTU WJTJCMF JO UIF VQQFS
QBSU GSFF BU UIFJS SFBS GSPN UIF OBWF XBMMT DPOTUSBJOUT
5IF GJGU NPEF BU  )[ 'JH B TIPXT UIF CFOEJOH PG UIF GBDBEF CZ UIF SPTF XJOEPX
XIJMF UIF NPEBM DPNQPOFOUT HJWFO CZ UIF TFOTPST BU UIF UPQ FEHFT IBWF UIF TBNF EJSFDUJPOT
5IF TJYUI NPEF BU )[ IJHIMJHIUT UIF QIBTF PQQPTJUJPO PG UIF EJTQMBDFNFOU PG UIF UXP VQQFS
FEHFT PG UIF GBDBEF BOE B EFGMFDUJP BCPWF UIF QPSUBM 'JH C 
5IF MBTU JEFOUJGJF NPEF JT TJNJMBS UP UIF GJGUI 5IF NBJO EJGGFSFODF MJFT JO B TIBMMPX EFGMFDUJP
PDDVSSJOH CZ UIF NJEEMF PG UIF GBDBEF

B UI N )[ ξ ≈ 1.5%

C UI N )[ ξ ≈ 0.9%

D UI N )[ ξ ≈ 0.9%

'JHVSF  *MMVTUSBUJPO PG UIF GBDBEF NPEF TIBQFT XIFSF N TUBOET GPS NPEF BOE ξ JT UIF BWFSBHFE NPEBM EBNQJOH

'JH QSFTFOUT UIF SFTVMUT PG UIF NPEBM USBDLJOH PG UIF NPEFT BTTPDJBUFE XJUI UIF GBDBEF
5IF BVUIPST GPVOE UIF TBNF USFOET GPVOE JO UIF QSFWJPVT NPEFT UIF TFBTPOBM GMVDUVBUJPO PG
GSFRVFODJFT BOE UIFJS TMJHIU EFDSFBTJOH PWFS UJNF )PXFWFS UIF TFBTPOBM GMVDUVBUJPO BSF NPSF
NBSLFE UIBO UIPTF JO UIF QSFWJPVT NPEFT
5BC TIPXT UIF NBYJNVN BOE NJOJNVN WBMVFT PG UIF MJOFBS DPSSFMBUJPO SFQPSUFE BT B TPMJE
5BCMF  4UBUJTUJDBM EFTDSJQUJPO PG UIF GSFRVFODZ BOE ."$ WBMVFT
.PEF
UI
UI
UI

'SFRVFODZ <)[>
.FBO 7BSJBODF







MJOF JO 'JH
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B UI N )[ ξ ≈ 1.5%

C UI N )[ ξ ≈ 0.9%

D UI N )[ ξ ≈ 0.9%
'JHVSF  7BSJBUJPO PG UIF OBUVSBM GSFRVFODJFT EVSJOH UIF ZFBS 5IF SFE EBTIFE MJOF SFQSFTFOUT UIF NPWJOH NFBO PG
UIF TBNQMFT UIF CMVF TUSBJHIU JOUFSQPMBUJOH MJOF JOEJDBUFT JUT HFOFSBM EFDSFBTF PWFS UJNF

5BCMF  %FDSFBTF PG UIF OBUVSBM GSFRVFODZ BDDPSEJOH UP UIF MJOFBS SFHSFTTJPOT JO 'JH
.PEF
UI
UI
UI

fin [Hz]




ff in <)[>
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6.2

Modal interaction

"O JNQSFTTJWF QIFOPNFOPO BGGFDUT UIF GJGU BOE TFWFOUI NPEFT OPU TPMFMZ UIFJS OBUVSBM
GSFRVFODJFT EFDSFBTF EVSJOH UIF IPU TFBTPO CVU UIFJS TIBQF BOE UIF NVUVBM EJTUBODF CFUXFFO UIF
GSFRVFODJFT EP DIBOHF EVSJOH UIF ZFBS BMNPTU DZDMJDBMMZ JO CPUI UIF ZFBST VOEFS JOWFTUJHBUJPO
*O PSEFS UP CFUUFS VOEFSTUBOEXIBU IBQQFOT EBUFT CFMPOHJOH UP UXP EJGGFSFOU TFBTPOT IBWF CFFO
DPNQBSFE BT FWJEFODFE CZ 5BC UIF GSFRVFODJFT WBSZ CFUXFFO  BOE  BNPOH +BOVBSZ BOE
4FQUFNCFS
5IF ."$ CFUXFFO NPEBM TIBQFT QSPWFT B TJNJMBSJUZ CFUXFFO UIF UI NPEF PG 4FQUFNCFS BOE
5BCMF  5IF JEFOUJGJF GSFRVFODJFT JO +BOVBSZ BOE 4FQUFNCFS 
.PEF
UI
UI
UI

+BO




4FQU




ΔG 




UIF UI NPEF PG +BOVBSZ BOE WJDF WFSTB 5BC  5IF TJYUI NPEF EPFT OPU TFFN UP CF BGGFDUFE
CZ DIBOHFT JO TIBQF
'JH TIPXT UIF POFZFBS WBSJBUJPOT PG UIF UI BOE UI OBUVSBM GSFRVFODJFT BEJNFOTJPOBMJ[FE
5BCMF  ."$ FWBMVBUFE CFUXFFO UIF NPEFT PG UIF GBDBEF JEFOUJGJF JO +BOVBSZ BOE JO 4FQUFNCFS 
.PEF
5thSept
6thSept
7thSept

5thJan


0.689

6thJan

0.905


7thJan
0.901



UP UIF GJGU NPEF DPNQBSFE UP UIF UFNQFSBUVSF WBMVFT 5IF JODSFBTF JO UFNQFSBUVSF UZQJDBM PG
UIF TVNNFS TFBTPO MFBET UIF GSFRVFODJFT UP BQQSPBDI FBDI PUIFS
5IF NPEF TIBQFT DIBOHF EVSJOH UIF ZFBS UIF UXP NPEF TIBQFT NVUBUF VOUJM SFBDIJOH UIF

'JHVSF  &WPMVUJPO PG UIF GJGU BOE TFWFOUI OBUVSBM GSFRVFODZ BEJNFOTJPOBMJ[FE UP UIF GJGUI 5IF EBTIEPU MJOF
JOUFSQPMBUFT UIF EBUB BTTPDJBUFE XJUI UIF TFWFOUI NPEF 5IF QJDUVSFT PG UIF NPEF TIBQFT DPSSFTQPOE UP UIF EBUFT
JOEJDBUFE #FMPX UIF USFOE PG UFNQFSBUVSFT JO UIF TBNF QFSJPE %BUB DPSSFTQPOE UP BDRVJTJUJPOT SFDPSEFE BU UIF
TBNF IPVS  QN CFUXFFO +BOVBSZ BOE 4FQUFNCFS XIFO UFNQFSBUVSFQSPHSFTTJWFMZ SJTFT

NBYJNVNTJNJMBSJUZ JO +VOF BOE UIFO UIFZ FYIJCJU UIF DPNQMFUF TIBQF JOWFSTJPO CFUXFFO "VHVTU
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BOE 4FQUFNCFS JO XIJDI UFNQFSBUVSFBUUBJOT UIF IJHIFTU WBMVFT
4VCTFRVFOUMZ UIF BSSJWBM PG UIF DPME TFBTPO EFUFSNJOFT UIF SFWFSTFE QSPDFTT CPUI UIF NPEF
TIBQFT SFUVSOUP UIFJS TUBSUJOH TUBUFT
5IF QIFOPNFOPO JT TUSPOHMZ SFMBUFE UP UFNQFSBUVSF UIF WBSJBUJPO PG UIF UXP NPEF TIBQFT JT
TZOUIFUJDBMMZ EFTDSJCFE CZ JOUSPEVDJOHUIF R QBSBNFUFS EFGJOF BT
R=

dF 9
dF 5



5IF QBSBNFUFS SFQSFTFOUT UIF SBUJP CFUXFFO UIF PVUPGQMBOF NPEF DPNQPOFOUTJO QPJOUT F  PO
UIF MFGU UPQ PG UIF GBDBEF BOE F  PO UIF PQQPTJUF TJEF 'JH TIPXT UIF WBMVF PG UIF R QBSBN

'JHVSF  3 3BUJP FWBMVBUFE GPS CPUI UIF UI NPEF CMVF BOE UIF UI SFE 

FUFS BTTPDJBUFE XJUI UIF UI BOE UIF UI NPEFT XIJDI IBWF PQQPTJUF UFNQFSBUVSF DPSSFMBUJPOT
5IF JOUFSTFDUJPO PG UIF UXP JOUFSQPMBUJOH MJOFT JEFOUJGJF B WBMVF PG R BQQSPYJNBUFMZ FRVBM UP
POF NFBOJOH UIBU UIF NPEBM EJTQMBDFNFOUT PG UIF UXP VQQFS FEHFT PG UIF GBDBEF DPJODJEF GPS
CPUI NPEFT 5IF BCTDJTTB PG UIF JOUFSTFDUJPO QPJOU NBSLT B UFNQFSBUVSF PG BCPVU  EFHSFFT
BUUSJCVUBCMF UP UIBU SFDPSEFE JO +VOF
5IF USFOE PG GSFRVFODJFT PG UIF UI NPEF FWJEFODFT B TMJHIU JODSFBTF BU UIF FOE PG "VHVTU XIJMF
UIF UFNQFSBUVSFTUJMM JODSFBTFT
"MUIPVHI TBNQMFT SFDPSEFE JO UIJT NPOUI BSF UPP TDBSDF UP ZJFME B TPVOE WBMJEBUJPO UIF PWFS
BMM QIFOPNFOPOQBSUJBMMZ SFTFNCMFT UIBU PG NPEF JOUFSBDUJPO UZQJDBM PG GSFRVFODZ WFFSJOH XFMM
LOPXO JO TUSVDUVSBM EZOBNJDT <>
*O UIF BVUIPST PQJOJPO UIJT QBSUJDVMBS CFIBWJPVS DPVME CF EVF UP MPDBM FGGFDUT SFMBUFE UP UIF
JOGMVFOD PG UFNQFSBUVSFPO UIF FMBTUJD QBSBNFUFST PG UIF TUSVDUVSF
7

Conclusions

5IF QBQFS QSFTFOUT UIF SFTVMUT PG UXP ZFBST  TUBUJD BOE EZOBNJD NPOJUPSJOH PG
UIF 4BOUB .BSJB EJ $PMMFNBHHJP CBTJMJDB 5IF NBTPOSZ TUSVDUVSF TFWFSFMZ EBNBHFE CZ UIF 
FBSUIRVBLF JO -"RVJMB XBT SFIBCJMJUBUFE BOE SFPQFOFE JO  5IF SFTUPSBUJPO JODMVEFE UIF
JOTUBMMBUJPO PG B NPOJUPSJOH TZTUFN DPOTJTUJOH PG  'PSDF #BMBODF BDDFMFSPNFUFST BOE OJOF
DSBDL NPOJUPSJOH EFWJDFT 5IF BVUIPST NBJOMZ GPDVTFE PO UIF FTUJNBUF PG UIF NPEBM QSPQFSUJFT
BOE UIF FGGFDU PG UIF FOWJSPONFOUBM QBSBNFUFST )FSF GPMMPX UIF NBJO SFTVMUT PG UIJT TUVEZ
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 4FWFO NPEFT IBWF CFFO EFUFDUFE JO UIF GSFRVFODZ SBOHF  )[ JEFOUJGJF JO PQFSB
UJPOBM DPOEJUJPO VTJOH UIF 44*DP W BMHPSJUIN <> 5IF JEFOUJGJDBUJPO CBTFE PO UIF DVS
SFOU NFBTVSFNFOU TFUVQ EFOPUFT B OPUBCMF MPDBMJ[BUJPO JO UIF NPEF TIBQFT JF NBOZ
NPEF TIBQFT TIPX TJHOJGJDBOUM IJHIFS EJTQMBDFNFOU JO TPNF QBSUT SBUIFS UIBO JO PUIFST
5IF GJST GPVS NPEFT  o  )[ BGGFDU BMNPTU FYDMVTJWFMZ OBWF XBMMT $POWFSTFMZ UIF
GPMMPXJOH NPEFT    )[ BGGFDUT UIF GBDBEF BOE OFHMJHJCMZ UIF OBWF XBMMT
 5IF BVUIPST JNQMFNFOUFE BO BVUPNBUJD BMHPSJUIN UP JEFOUJGZ UIF NPEBM QBSBNFUFST BOE
USBDL UIFJS FWPMVUJPO PWFS UJNF 5IF OBUVSBM GSFRVFODJFT BSF EFDSFBTJOH PWFS UJNF *O UXP
ZFBST UIFSF IBT CFFO BO BMNPTU  )[ GSFRVFODZ EFDSFNFOU *U QPTTJCMZ EFSJWFE GSPN
UIF NPEFSBUF JOQMBOF TUJGGOFTT EFDBZJOH PG UIF $SPTT -BN UJNCFS SPPG EVF UP TVQFSGJDJB
NJDSPDSBDLJOH XPPE ESZJOH BOE DPOTUSBJOFE UIFSNBM FYQBOTJPO FH 
 5IF NPEBM USBDLJOH QSPDFTT PG UIF NPEFT NBJOMZ BGGFDUJOH UIF GBDBEF FWJEFODFE B QIF
OPNFOPO SFTFNCMJOH GSFRVFODZ WFFSJOH BOE NPEF JOUFSBDUJPO *U TUSPOHMZ EFQFOET PO
UFNQFSBUVSF UIF GSFRVFODJFT PG UIF UXP NPEFT BQQSPBDI UP FBDI PUIFS XJUI JODSFBTJOH
UFNQFSBUVSF BOE UIFJS TIBQFT JOUFSDIBOHF DZDMJDBMMZ PWFS UJNF %FTQJUF UIJT UIF BMHP
SJUIN XBT BCMF UP QFSGPSN UIF USBDLJOH QSPDFTT 0UIFS NPEF TIBQFT EP OPU FYQFSJFODF
NFBOJOHGVM TFBTPOBM WBSJBUJPOT BOE BSF TVCTUBOUJBMMZ UJNFJOWBSJBOU
 5IF PVUEPPS UFNQFSBUVSFESJWFT UIF PCTFSWFE GMVDUVBUJPO PG UIF OBUVSBM GSFRVFODJFT 5IF
GJST GPVS NPEFT IBWF OFHBUJWF UFNQFSBUVSFGSFRVFODZ DPSSFMBUJPOT 5IJT FGGFDU DPVME BSJTF
GSPN B EFDSFBTF JO UIF HMPCBM TUSVDUVSBM TUJGGOFTT EVF UP UIF FYQBOTJPO PG UIF $-5 SPPG BU
IJHIFS UFNQFSBUVSFT 'PS NPEFT NBJOMZ JOWPMWJOH UIF GBDBEF GSFRVFODZ WBSJBUJPO EVF UP
UFNQFSBUVSFJT BNQMJGJF CZ UIF QIFOPNFOPOPG GSFRVFODZ WFFSJOH
 5IF PVUEPPS UFNQFSBUVSF NBJOMZ ESJWFT UIF DSBDL FWPMVUJPO *O NPTU DBTFT UIF EFWJDFT
SFWFBMFE QPTJUJWF UFNQFSBUVSFBNQMJUVEFDPSSFMBUJPOT *O B TJOHMF DBTF UIF BVUIPST OPUFE
UIF PQQPTJUF USFOE 5IF UXP CFIBWJPVST QPTTJCMZ PSJHJOBUF GSPN UIF EJGGFSFODF CFUXFFO
UIF PVUEPPS BOE JOEPPS UFNQFSBUVSF 5IF UIFSNBM HSBEJFOU FOIBODFT UIF DVSWBUVSF PG UIF
XBMM ZJFMEJOH TUSFUDIJOH PS DMPTJOH PG UIF DSBDLT EFQFOEJOH PO UIFJS QPTJUJPO BDSPTT UIF
XBMM UIJDLOFTT
5IJT QBQFS NBJOMZ GPDVTFT PO UIF EZOBNJD NPOJUPSJOHPG UIF OBWF XBMMT BOE UIF GBDBEF 'VUVSF
EFWFMPQNFOUT XJMM EFBM XJUI UIF EZOBNJDT PG UIF BQTF BOE USBOTFQU 5IF QSFTFOU BOBMZTFT BSF
QSFMJNJOBSZ UP UIF EFWFMPQJOH PG B QSPCBCJMJTUJD NPEFM PG UIF NPEBM SFTQPOTF PG UIF CBTJMJDB
XJUIJO B 4USVDUVSBM )FBMUI .POJUPSJOH QSPHSBN
8
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Abstract
The dynamic test in situ of existing bridges is a very promising solution for assessing a reliable model, since it is more convenient than a load test requiring to organize the trucks and
close the use of the infrastructure for a longer time. However its effectiveness depends on the
test technique, the number, type and location of the sensors, but also on the numerical model
that have to allow the introduction of the real boundary conditions. Cleary the dynamic identification of the structural behavior can be also the first step of a monitoring process to check
the health of the construction during the time, therefore its effectiveness is fundamental.
In this paper the first results of the structural identification based on an ambient vibration test
of an existing prestressed concrete bridge are presented. The selected case study is a bridge
designed by Riccardo Morandi in 1952-1955 with the emerging technique of Prestressed
Concrete (PC).
An important step of the process is the developing of the model though a survey and a wide
investigation campaign, but also the role of the knowledge of the original design is highlighted due the complexity of the structure.

Keywords: Prestressed bridge, Dynamic test, Model updating, Finite element analysis, Operational Modal Analysis.
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1

INTRODUCTION

Structural identification for assessing and ensuring the safety and integrity of bridge structures is gaining much attention among researchers, due to the more frequent failure of bridges
[1, 2], and also considering the existing heritage, in many countries near to the end of its service life.
Currently the dynamic tests are gaining increasing importance and efficiency especially to
calibrate reliable numerical models [3-4] useful for a structural analysis, or to start a damage
monitoring by two approaches. In one case the monitoring is carried out by the numerical
model upgrading [5-7] in the other case a direct analysis of the signals [8-9].
It is noted that the first procedure is certainly more efficient and of great potential since a
numerical model allows to investigate in detail the causes of a possible variation of the structural response [10-11], and then can be used to investigate the load-bearing capacity [12-13],
its structural behavior under traffic [14] or seismic excitation and the efficiency of a prospective reinforcement interventions. However, the type and uncertainties of the model influence
the process and the computational work is heavy.
In this paper the procedure of the structural identification is proposed underlining the various steps that contribute to individuate the real in-situ boundary conditions and the degradation of the construction through the variation of the elastic dynamic response [15-16]. The
ambient vibration test (AVT) is carried out due to the simple applicability, albeit it is generally less effective than harmonically forced tests [17]. A brief review of testing methods for
bridges explaining their advantages and limitations was presented by Salawu and Williams
[18].
Moreover many researchers demonstrated that the environmental actions are able to excite the
most significant modes of vibration in the low range of frequencies for flexible systems like
cable-stayed bridges [19-20], large span arch bridges [21-22] and suspension bridges [23].
The bridge considered herein is particularly interesting because the static scheme and the
technology adopted by Riccardo Morandi in his design was innovative and ambitious at the
time but still currently the construction is complex and its analysis requires a detailed finite
element model (FEM) that is useful to assess through tests in situ. Furthermore the real
boundary conditions have to be assessed to better address the future design of strengthening
interventions.
2

OVERVIEW OF THE BRIDGE

The case study bridge (Fig. 1), erected in Benevento and designed by Riccardo Morandi in
early ’50, although not so large, has a great importance since it connects two parts of the city
crossing the creek San Nicola that goes through a valley with instable hillsides.

Figure 1: Current lateral view of San Nicola bridge.
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A detailed analysis of its conceptual design is reported in [24] evidencing a careful process
of optimization by adopting an innovative method of construction with pre-casted segments.
The deck of San Nicola bridge is made of prestressed concrete cast in site with piers and
foundations made of reinforced concrete. The static scheme is a portal frame composed by
one main span 80.0 m long and two cantilevers of 20.0 m long as shown in Fig. 2.

Fig. 2: Longitudinal scheme of the bridge.

The bridge deck is supported by two piers 9.40 m high; each pier, as shown in Fig. 3, was
realized by eight columns of rectangular section, 40.0 cm thick and variable width from 1.50
m at the base to 4.00 m at the top, that are transversally connected at the base and top by a
transverse beam.

a)

b)
Figure 3: Transversal and frontal view of the pier.

The piers are linked to the foundations underneath by hinges made of steel rebars to avoid
bending moments on the foundation that have to also contain the thrust; in fact, the foundations also act as abutments.
The deck consists of a multicellular caisson whose webs vary in thickness, from a minimum
of 13 cm at the midspan, to a maximum of 30 cm at the supports (see Fig. 4). Moreover, the
deck shows varying-depth through the spans (beam with curved intrados), which characterizes
an approximately linear shape giving also a beneficial arch effect. The depth of the deck cross
section varies from a maximum of 3.60 m at the pier supports, to a minimum of 1.60 m at the
ends of cantilevers and 2.70 m at the midspan.
The deck is characterized by internal tendons, symmetrical about midspan. The prestressing steel cables are composed of 27 aligned wires with diameter of 5mm and are placed along
a straight line in the top slab where the bending moment shows negative values and in the bottom slab in the midspan, but also curved cables are installed along the entire bridge. A portion
of the original drawing with the prestressing cables is reported in Fig. 5.
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Figure 4: Cross sections of caissons at the midspan (left) and the supports (right).

The upper slab is 9.00 m width and consists of two traffic lanes, 7.00 m width, and two
sidewalks 1.00 m width each one. Also the thickness is variable from 13 cm (in the area of the
central span where there are no top cables) to 20 cm.

Figure 5: Original drawing with the prestressing cables

3

SURVEY AND MATERIAL CARACHTERIZATION

An extensive survey campaign, including surveys, essays and destructive tests on materials,
i.e., concrete, steel reinforcement and prestressing steel cable, was carried out.
The geometric survey of the elements forming the deck and the piers shows that the structure was realized quite as designed.
Several essays were carried out on the deck highlighting the concrete cover degradation
due to the disposal of the water, especially inside the multicellular caisson, however, no
cracking is visible. The good conditions of the ducts and cables were detected except in specific parts where water stagnates. Pier and abutments concrete and reinforcements were also
investigated pointing out a concrete surface degradation but limited corrosion of the steel rebars.
Regarding the materials, 14 cores were taken for the assessment of the compressive strength
of the concrete. An average cubic compression strength (Rcm) of 39.21 MPa and 54.21 MPa
have been obtained for pier and deck, respectively. These average values were used to calculate the elastic modulus adopted in the model, described in section 4.
Also samples of prestressing steel cables were taken and tested in the laboratory but the elastic modulus of the steel is assumed from the literature.
4

THE IN-SITU DYNAMIC TEST

The AVT was chosen as dynamic test because it doesn’t require any additive equipment
and affects the use of the bridge for few time.
The dynamic behavior of the bridge has been analyzed by means of a preliminary numerical finite element model, described in the next section to establish the layout of the sensors
shown in Fig. 6 that involved the choice of 30 measuring points.
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In order to identify both the bending, in plane and out-of-plane, and torsional modes, sensors were arranged in pairs at the long sides of the roadway with a distance of 6 m along the
cantilever and 10-12 m along the center span.
The adopted instrumentation consists of five triaxial piezoelectric accelerometers with
MEMS technology, characterized by an integrated 24-bit A/D converter of the Sigmadelta
type. The sensors sample at a preset frequency of 1024 Hz, transmitting the acquired signal
directly to an acquisition unit, characterized by an industrial PC with a preinstalled Linux system.

Figure 6: The layout of sensors in the dynamic test

Since only 5 accelerometers were available during the test, more test setups were performed, considering one sensor, indicated as n. 7 in Fig. 6, as reference transducer which was
kept at the same location in all the setups. In each setup the accelerations were acquired in the
presence of environmental actions (wind, passage of persons) [25] for a duration of 15
minutes at a frequency of 1024 Hz.
The environmental records carried out at the points of measurement have been inspected
and validated. Subsequently, each recording was filtered by the application of a Butterworthtype bandwidth filter of order 6 in the range 0.2-20 Hz. Subsequently, the time series were
decimated to obtain a final sampling frequency of 20 Hz. It is worth to note that filtering performed before decimation ensures the absence of aliasing problems in the frequency range of
interest.
The data processing and the extraction of modal shapes were carried out with the commercial program ARTeMIS [26] both in the frequency and time domain to obtain the natural frequencies, damping ratios and modal shapes of different modes of vibration of the structure. In
particular the Enhanced Frequency Domain Decomposition (EFDD) [27] and the data driven
Stocastic Subspace Identification (SSI) [28] were used as output-only techniques.
The analysis of the data and the comparison of the results provided by the various methods
allowed the identification of the fundamental modes of the structure and the validation of the
data obtained. Specifically, the comparison of the estimates provided by the different methods
(EFDD, SSI) showed a maximum frequency deviation of 0.6 % and CROSS-MAC values not
less than 0.87 for all identified modal shapes.
Fig. 7 shows the modal shapes and values of natural frequencies and damping ratios for
each of the identified modes. The latter can be classified as follows:
1. Transversal bending mode;
2. Vertical bending mode;
3. Vertical torsional mode.
In addition, the identified modes are all normal modes, as can be seen from the examination of the complexity plots shown in Fig. 8. It is hardly necessary to point out that the imaginary components present in some modes are minimal, clearly attributable to the effects of the
measuring noise.
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Mode 1 – f = 1.18 Hz

Mode 2 – f = 2.12 Hz

Mode 3 – f = 5.69 Hz

Figure 7: Experimental mode shapes.

Mode 1

Mode 2

Mode 3

Figure 8: Complexity plots of the experimental mode shapes.

5

THE NUMERICAL MODEL OF BRIDGE

The FE model of the bridge assumed as case study was developed by the software
SAP2000 [29]. The various components of the structure were modeled considering their real
geometry with mono-dimensional (frame) and bi-dimensional (shell) finite elements, getting a
three-dimensional model including deck and piers restrained at the base by hinges.
The concrete section was considered entirely reactive assuming prestressing effect efficient.
The deck was modeled by thin "shell" elements, with 4 nodes and a formulation that combines membrane and plate-bending behavior Stress and strain are evaluated in the local coordinate system of the elements in 2x2 Gaussian integration points and are extrapolated in the
connection nodes between the elements. The nodes of discretization of the deck are approximately 4600 with a mesh of 1 x 0.7 m for the upper slab.
The piers were modeled using frame elements for the 8 pillars and shell elements for the
transverse elements at the top and the button. Moreover, tendon elements were added in the
model to simulate the presence of prestressed cables. Tendon elements are an object type that
can be inserted into other objects (Frame, Shell, Plane, Asolid, and Solid) to simulate the effects of pre-stressing but in this dynamic analysis their effect is the stiffness and mass contribution.
Errore. L'origine riferimento non è stata trovata.9 shows the view of the model implemented by the software SAP2000 [29].
The elastic modulus of concrete was evaluated by the Eurocode 2 formulation [30] using the
mean concrete strength measured by the in situ tests, and resulted of 34700 MPa and 32700
for the concrete of piers and deck respectively. Furthermore a value of 196500 MPa from literature was adopted for the steel cables.
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a)

b)
Figure 9: a) FEM model of the bridge including prestressed cables; b) extruded view of the model.

Fig 10 shows the deformed shapes of the first nine numerical modes that involve always the
deck structure of the bridge and the piers for the modes that have horizontal components.
Mode I (f= 1.06 Hz)

Mode II (f=1.09 Hz)

Mode III (f=1.21 Hz)

Mode IV (f=1.74 Hz)

Mode V (f=2.14 Hz)

Mode VI (f=3.66 Hz)

Mode VII (f=4.36 Hz)

Mode VIII (f=4.45 Hz)

Mode IX (f= 4.71 Hz)

Figure 10: Numerical mode shapes of the bridge.

6. FIRST RESULTS OF THE STRUCTURAL IDENTIFICATION
Once the model was specialized on the basis of the in site detected geometry and the collected
values of material mass and stiffness, a first comparison between the numerical and experimental results was carried out in terms of frequencies and mode shapes. The consistency of
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the latter comparison was measured with the MAC index - Modal Assurance Criterion which provides a measure of the degree of linearity between the vectors of the mode shapes
[31]. A MAC index value close to unity indicate a high level of correspondence between the
compared mode shapes. The results are reported in Table 1. The numerical model provides,
among the first nine mode shapes, the experimental mode shapes identified with the dynamic
test. In particular, the experimental modes correspond respectively to the fourth, fifth and
ninth numerical ones as can be observed in Fig. 10.
Table 1. Theoretical-experimental comparison
Experimental
Numerical
Mode N.

fexp[Hz]

Mode N.

fFEM [Hz]

MAC

1

1.18

1

1.19

0.86

2

2.12

5

2.12

0.98

3

5.69

9

4.72

0.76

As can be noted from Table 1 the assessment between numerical and experimental returns,
with reference to the fundamental modes of the structure, a good agreement in terms of frequency and MAC for the two first experimental modes. Otherwise mode 3 shows a slightly
lower correlation between the experimental mode shape and the corresponding numerical data,
with a low MAC index of 0.76.
It is worth to note that the numerical model provides many in-plane and out of-plane bending
modes of the deck that have not been detected by the dynamic test. Thus, the model needs to
be calibrated to identify the actual conditions of the bridge, especially in terms of constraints,
that avoid or reduce the movement of the bridge in the deck plane. Therefore, in the paper a
first manually updating of the model was performed changing the following prominent items
in agreement with physical phenomena due to real conditions observed during the investigation:
1) A fixed support was assigned to the base of the piers in the transverse direction (short
dimension of the deck) because the hinge at the base of the pier may not be activated in the
transverse direction for the environmental vibrations due to friction between the concrete of
the pier and the foundation.
2) Fixed supports in transversal and longitudinal direction were inserted at the edges of the
cantilevered spans to take in account that the longitudinal and transverse displacements are
prevented because the gap between the bridge and the road has been filled with cement.
3)elastic supports were adopted at the longitudinal edges in vertical direction to take into
account that gap below the bridge is not enough to avoid the support effect of the gabions and
reinforced soil. A first calibration of the restraints stiffness has been made but this aspect
needs of further study.
4) A rectangular beam was arranged along the two longitudinal sides of the bridge to consider the stiffness effect along the transverse direction due to the sidewalk added in 1982 by a
steel structure bolted to the bridge. equivalent to.
5) The elastic modulus of the concrete for the piers (24000 MPa) was reduced to take account of the degradation phenomena of concrete cover evidenced during the in-situ survey.
The above considerations, properly introduced in the numerical model modified the mode
shapes of the model, and led to the correspondence of the order between experimental and
numerical modes. In Table 2 the comparison of numerical and experimental modes after the
updating is shown. An improvement of the correspondence between numeric and experimental behavior is also confirmed by the increment of MAC, after the first manual updating
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of the model, that was necessary to introduce the correct boundary conditions that correspond
to real circumstances and not to numerical optimization. Clearly a further step is necessary in
the updating process in order to reduce the difference in frequency between experimental and
numerical modes by a better assessment of the parameters values as the elastic modulus of the
materials, the restraints conditions and the elasticity of the constraints.
Table 2. Theoretical-experimental comparison after updating
Experimental
Numerical
Mode N.

6

fexp [Hz]

Mode N.

fFEM [Hz]

MAC

1

1.18

1

1.91

0.97

2

2.12

2

2.16

0.97

3

5.69

3

4.16

0.80

CONCLUSIONS

The study presents the complete procedure of structural identification of an existing bridge
and the first results of the consequent model updating. The selected case study, that is a complex, even if not large, structure designed by Riccardo Morandi in ’50 years, evidenced the
following general aspects:
- The AVT is a suitable procedure to the define the experimental behavior of a structure
in the linear field because it doesn’t require the time and organization for application of
actions; however a reliable numerical elaboration of the results is necessary with more
than a technique. A few number of sensors can be used applying more than one setup
and combining the results by a suitable technique. In the case study 5 sensors were
available but 8 setup allowed to have experimental results of 30 points along the bridge.
- The numerical model has to be developed considering the aspects that is necessary to
update by the identification process. The basic model has to be developed considering
the results of a detailed in situ investigation on geometry, materials and boundary conditions of the structure.
- A first updating process addressed by physical considerations of the conditions that can
bring the numerical model near to the experimental behavior is important to avoid that
a numerical optimization process can use other properties to attain the final results. In
the case proposed herein some constraints are due to real in situ conditions (filling of
the gaps between the road and the bridge not considered in the design) that influence
the linear elastic response, therefore their presence have to be introduced before starting an update process of the elastic properties of the construction.
The strategy of carrying out a dynamic experimental test to calibrate a reliable model provides a good structural identification, allowing to accurately identify the real boundary conditions of the structure, not always possible without in situ tests. The presented work is in
progress to complete the model updating and compare the behavior of the structure evidenced
by the dynamic test with the one obtained by a load in situ test.
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Abstract
This paper presents the experimental test campaign to calibrate a finite element model intended to evaluate the seismic vulnerability of the SS Filippo e Giacomo historical masonry
arch bridge in Ascoli Piceno (Italy).
The bridge was built in 14th century and had undergone very complex vicissitudes related
mainly to exceptional floods; it was partially rebuilt twice and other strengthening works
were carried out over the time. The bridge, which is almost completely built with travertine
blocks, has a total length of 146 m and follows a slightly curved path. Six arches, the main of
which is semi-circular with span of 25 m and the others are lancet arches with span of about
8 m, support the carriageway that is about 8 m wide. The piers and abutments are founded on
the bedrock and consequently some piers are deeply embedded in the sandy gravel deposit.
A campaign of experimental tests was executed encompassing onsite measurements of stresses and modulus of elasticity as well as laboratory measurements on specimens taken from the
structures. Vibration tests were also carried out to evaluate the modal properties of the
bridge. The acquired experimental data were used to calibrate a 3D model that has been developed also including the soil deposit. A very good consistency was achieved between experimental and theoretical behaviors.
Keywords: Stone Masonry Bridges, Finite Element Models, Modal Analysis, Ambient Vibrations, Experimental In-Situ Tests.
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1

INTRODUCTION

Evaluation of a historical masonry structure is a difficult task because of many uncertainties associated with the knowledge of the structure in its current conditions (original structure
and structural changes due to repair enlargement and retrofit works, different construction
systems and different materials, structural and material degradation and damages, soil and
foundation modifications) and also due to modelling techniques complexity as well as to
analysis methods. In this sense, after a deep historical analysis and a complete geometrical
and structural survey, sophisticated measurement techniques are necessary to catch the real
behaviour of the structure, especially the mechanical properties of the structural materials and
the global dynamic behaviour.
About the material survey, both traditional techniques and innovative methods are available but non destructive techniques are generally preferred when dealing with historic and valuable structures. An extensive test campaign on material may permit to fix a large part of the
most important parameters in the definition of the structural finite element model. The global
dynamic behaviour of the structure can be experimentally determined by means of several
kinds of test such as forced, impulse, release or ambient vibration tests, by using modal identification methods [1], [2], [3]. In the last decades ambient vibration test, with the relevant output-only modal identification methods, has become the preferred test typology for evaluating
the modal parameters of full scale structures and especially for historic structures since no artificial excitation is required and the test can be carried out in operational conditions without
interrupting the use of the structure and causing a minimum interference with it [4]. The experimental modal parameters can then be used to update refined finite element models able to
describe the real behaviour of structures, which can be required for structural verifications and
for designing repair and retrofit works [5], [6], [7].
This paper presents the experimental test campaign and the finite element model updating
of the SS. Filippo and Giacomo Bridge over the Tronto river at Ascoli Piceno, in the centre of
Italy. The bridge was built in the XIV century and was then subjected to many changes for
repair, strengthening, retrofit, and enlargement works. This results in a large complexity of the
structural organism, due to interaction between parts of different age which are made of materials with different mechanical proper-ties. Due to these uncertainties and considering the importance of the bridge an accurate analysis of its current conditions was deemed essential to
obtain a reliable predictive finite element model to be used for the design of seismic retrofit.
First of all a historic study and geometric survey of the bridge were developed. For the material properties in-situ tests, both destructive and non destructive, were carried out, to evaluate
the quality of the travertine block masonry. These information were used to develop a refined
3D finite element model that was tuned based on the experimental modal parameters; in particular, the Young’s modulus of some materials initially defined according to standard values
suggested by codes, was calibrated to fit the dynamic behaviour obtained experimentally.
2

“SS. FILIPPO AND GIACOMO” BRIDGE

“SS. Filippo and Giacomo” Bridge rises in a less urbanized area of Ascoli Piceno town and
crosses the Tronto River in a short straight section comprised between two loops. It was partially rebuilt twice and other strengthening works were carried out over the time.
It has a total length of 146 m and maximum height over 20 m. The bridge is built between
two rock escarpments; one of which is characterized by an important slope (Figure 1).
Six arches constitute the bridge. The main arch crosses the river during its regular flow and
has a semicircular shape with span of about 25 m. The arch barrel has the minimum thickness
of 0.90 m at the crown and increases up to 1.40 m at the imposts.
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Figure 1: Aerial photogrammetric bridge view.

The other five arches are lancet shaped with span of about 8 m. The depth of the fill at the
crowns of arches is variable from about 6.0 to 7.5 m. The spandrel walls have thickness of
about 1.0 m. All the piers are placed at the right bank occupied by the river during exceptional
floods. The plan path is mostly rectilinear with a bend in proximity of the left abutment.
The two-lane road is almost 6 m wide and is flanked by two about 1 m wide sidewalks that
were realized in the first half of the 20th century by enlarging the bridge with a double series
of pensile semicircular small arches, with spans of about 4 m, sustained by stone corbels.
The bridge, is completely built with travertine blocks with exception of the twentiethcentury pensile arches and of inner lightening rooms that are realized with brick masonry.
2.1

Geometrical, material and geological survey

The range-based survey used to acquire geometrical/metric data was made by means of a
3D-TOF laser scanner technique. Both the external geometry and the geometry of the various
internal vaulted rooms over the main arch, at the pier top and at the abutments, were surveyed.
Wooden and steel ties, placed to avoid the spandrel wall overturning toward outside were also
surveyed in the accessible zones. The acquired dataset was then processed to obtain a refined
3D geometrical model that was later used to generate a structural model with very precise geometry and rigorous mass distributions. Such a kind of survey revealed to be extremely useful
in the case under consideration characterized by a very complex geometry.
Piers is characterized by an external curtain, having variable thickness and realized with
Ascoli Piceno travertine squared blocks, and an important internal, rather irregular, rubble
stone infill characterized by the presence of water in the lower parts. For what concerns the
masonry of the interior vaulted rooms, it was built with a good quality brick masonry. Nevertheless, it is worth noticing that such components are not expected to give a significant contribution to the overall behavior of the structure excepting for the mass.
The bridge rises between two rock escarpments produced by erosion of Tronto River (Figure 2). The left escarpment has a rather high slope (52°) whereas the right one is less sloping
(31°). The gorge is characterized by a sandy gravel deposit on the right riverbank, with variable thickness up to 10 m, whereas the sandstone bedrock is outcropping at the left riverbank.
Investigations carried out in correspondence of piers P1, P2 and P3 demonstrated that foundations are placed at the sandstone bedrock which is horizontal; despite other specific analyses
were not carried out for the other piers (P4 and P5) there is no evidence (e.g. vertical settlements) that these are founded over the deposit; the sandy gravel deposit is thus placed around
the pier but not under the foundation layer.
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Cover: silty sandy, sandy silty with boulders an stones of
various nature and size
Sands: alternation of sands and silty sands, slightly gravelly
sands and sands with dispersed gravel
Gravels: alternation of sandy gravels, sands with gravels
Pebbly gravels: polygenic gravels and decimetric
dimensions
Arenaceous-marly formation

Figure 2: Geological configuration and foundation level.

3
3.1

OPERATIONAL MODAL TESTING
Instrumentation and tests

The modal parameters of the bridge, i.e. natural frequencies, damping ratios and mode
shapes, are experimentally estimated by means of operational modal analysis starting from the
accelerations of the deck recorded during ambient vibration measurements which are mainly
due to traffic, wind and microtremors. The tests are performed by using 8 low noise piezoelectric uniaxial accelerometers, a 24-bit data acquisition system, and coaxial cables (Figure 3).
Different configurations are adopted in order to identify the global behaviour of the bridge; in
this paper only that useful to investigate the transversal behaviour is reported and analysed.
Two configurations was considered in order to capture transversal and vertical-torsional
behavior of the bridge (Figure 4). In order to capture the transversal behavior, 8 accelerometers aligned throughout the longitudinal axis of the bridge and oriented in transverse direction
were installed (Configuration 1), while to capture the flexural-torsional response, 8 accelerometers lined up in pairs and oriented in vertical direction were installed (Configuration 2).
Time histories 1000 seconds long, sampled at a rate of 2048 Hz (the minimum sampling
rate for the used data acquisition system), were acquired. This time length provides enough
data to obtain modal parameters with a good accuracy, as reported in [8] where an acquisition
time longer than about 1000-2000 times the fundamental period, is recommended (in this case
a value of about 2.5 Hz was obtained from preliminary measurements that leads to 400-800 s).
Before performing the operational modal analysis all the recorded data were processed by
means of suitable signal processing techniques: trend removal, low-pass filtering (to eliminate
the contribution of high frequencies and to avoid aliasing phenomena) and down-sampling at
51.2 Hz, in order to decrease the amount of data and make faster the successive analyses.
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(a)

(b)

Figure 3. Instrumentation and uniaxial accelerometers.
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Figure 4. Location of accelerometers for the two configurations
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3.2

Operational modal analysis (methods and results)

The Covariance-Driven Stochastic Subspace Identification (SSI-Cov) is used to estimate
the modal parameters on the basis of the accelerations recorded during the ambient vibration
test. This method uses a stochastic state-space model, simplifying the second-order system of
differential equation that describes the dynamic problem into a first-order system. Starting
from the recorded data sampled at discrete interval, the stochastic state-space model is represented by [9]
x k 1
yk

Ax k  w k

(1)

Cx k  v k

(2)

where xk is the discrete-time state vector at time instant k, yk is the vector of the output, A is
the discrete state matrix, C is the discrete output matrix, and wk and vk represent the process
and measurement noise respectively. The Toeplitz matrix containing the covariance matrices
of measured accelerations is used to extract A and C matrices by means of a Singular Value
Decomposition and a least square procedure [10]. The modal parameters are obtained by the
two matrices characterizing the state-space model. The SSI-Cov permits the estimation of a
number of modes depending on the model order used in the state-space model. The physical
modes are separated by the spurious ones by means of the stabilization diagram which allows
the identification of (y-axis) the stable modes (x-axis) i.e. the modes presenting modal parameters (natural frequencies, damping ratios and mode shapes) which remain similar as the model order increases (Figure 5). In this work models with up to 40 order are used and the modes
are considered to be consistent if, when increasing the model order one by one: (i) natural frequency variation is less then 1%, (ii) damping ratio variation is less than 2%, and (iii) Modal
Assurance Criterion (MAC) between the modes is greater than 98%.
Table 2 reports the natural frequencies with the relevant damping ratios obtained with the
operational modal analysis in the frequency range 2-6 Hz from Configuration 1, while Figure
6 shows the normalized modal shapes obtained with SSI-Cov method. The modes identified
are the transversal modes typical for such a masonry bridge. The modal parameters estimated
experimentally are crucial to evaluate the reliability of the model and to calibrate some important parameters. Table 3 reports the natural frequencies with the relevant damping ratios
obtained with the operational modal analysis from Configuration 2, while Figure 7 shows the
normalized modal shapes obtained with SSI-Cov method.
In this case the natural frequencies and mode shapes estimated in Configuration 1 are used
in the sequel to calibrate the mass distribution along the bridge length (based on some assumption in absence of experimental survey) and the elastic modulus of the travertine masonry.
Mode
1
2
3
4

f (Hz)
2.46
3.30
4.54
5.61

ξ (%)
2.11
2.97
2.54
2.50

Mode shape
1st transverse
2nd transverse
3rd transverse
4th transverse

Table 2: Modal parameters from Configuration 1.
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Figure 5. Stabilization diagram

1.0

0.5

0

20

40

60

80

100

120

140

th

4 mode
3rd mode
2nd mode
1st mode

-0.5

-1.0

Figure 6. Experimental transverse mode shapes.

Mode
1°
2°
3°
4°
5°

f (Hz)
6.27
8.55
9.68
12.40
14.07

ξ (%)
3.88
1.67
5.27
3.54
2.02

Mode shape
Flexural mode
Flexural mode
Flexural mode
Flexural mode
Torsional mode

Table 3: Modal parameters from Configuration 2.
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Figure 7. Experimental vertical mode shapes.
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4
4.1

STRUCTURAL MODEL OF THE BRIDGE
Finite element model

Model for the overall structural analysis is developed in Straus7 [11] by integrating data
available from the laser scanner survey. In particular, the 3D model (Figure 8a) encompasses
a suitable portion of the soil deposit with variable depth in order to account for the particular
geological configuration and to capture effects of soil-pier interaction.
The finite element model is obtained with a mesh of 4-node tetrahedral elements with linear interpolation shape functions (Tetra4). The mesh is generated by importing a closed polysurface constructed by approximating the geometry obtained with the laser scanner survey.
For such a purpose the geometry is simplified in order to avoid excessive refinement of the
mesh due to details that do not actually affect the overall behavior of the bridge; at the same
time all internal rooms and the earth fill are modelled in order to capture the real stiffness and
mass distribution of the structure. Maximum length imposed to the element edge is 1.0 m for
the bridge structure whereas it is increased up to 4.5 m for the elements of the soil deposit
(Figure 8b). Fixity restraint are placed at the deposit base and at the structure sections interacting with the sand stone formation. The model is constituted by 120,545 elements for a total
of 75,204 degrees of freedom. All the materials, including earth fills and the soil deposit, are
considered to be linear elastic and isotropic.

(a)

(b)

Figure 8. (a) Geometrical model; (b) Finite element model.

4.2

Model tuning

The mechanical parameters of the finite element model are calibrated by fitting the experimental modal parameters with numerical ones relevant to the finite element model previously
discussed. Initial value of the parameters are selected according to the valued reported in the
Italian standard [12-13].
Figure 9a shows the first four mode shapes obtained by means of model calibration changing only the elastic modulus of the travertine masonry constituting the main structure. In Figure 9b the comparison among the first four experimental and numerical mode shapes is
reported, while Table 4 reports the percentage errors relevant to the frequencies and the approximation of the mode shapes by means of the MAC
~ 2
φi  φ
i
(3)
MAC 100 u
~ φ
~
φ φ φ
i

i

i

i

~ ) modes tends to be equal.
which tends to 100 when the theoretical ( φ i ) and experimental ( φ
i
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Figure 9. (a) First four transverse vibration modes; (b) Comparison between experimental and numerical modes

Mode
1
2
3
4

Frequency (Hz)
Experimental Numerical
2.46
2.42
3.30
3.45
4.54
4.87
5.61
6.23

Error
(%)
1.55
-4.67
-7.34
-10.99

MAC
(%)
98.58
95.43
93.37
86.45

Table 4. Comparison between experimental and numerical results
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The parameters used in the model are reported in Table 5. The soil parameters are derived
from geotechnical tests while infill materials are hypothesized.
Material
Travertine masonry
Brick masonry
Earth fill
Soil deposit

E
(N/mm2)
7000
1282
666
666

G
(N/mm2)
2414
427
238
243

w
(kN/m3)
22
18
18
19

Table 5. Mechanical parameters of materials

5

CONCLUSIONS

An experimental test campaign aimed at calibrating the finite element model of a historical
masonry bridge, characterized by an unusual geometry deriving by very complex historical
vicissitudes, has been presented. The bridge rises in a gorge and is founded on a sand-stone
deposit that is outcropping at the abutments. The bridge is constituted by six different arches
whose piers are founded on the sand-stone formation and are embedded for significant sections (up to 10 m) into the fluvial deposit constituted by sandy-gravel soil.
A laser scanner survey was crucial to obtain a model encompassing all main features of the
real structure such as the inner lightening rooms, with very irregular geometry, as well as the
pensile arches constructed to enlarge the carriageway.
The onsite tests permitted the evaluation of the main mechanical characteristics of the materials and the estimation of the stress state in critical sections of the piers.
The operational modal analysis, used to detect the dynamic behavior of the bridge, was decisive for tuning a finite element model capable of predicting the overall behavior of the
bridge.
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Abstract
This paper presents the results of the dynamic monitoring carried out on a school building in
central Italy during the seismic sequence following the first main shock of the 2016 Central
Italy earthquake. The building is located in the historical centre of Camerino and consists of a
reinforced concrete frame structure with masonry infill walls. The school, dating back to the
60s, underwent seismic retrofit in 2013 through the construction of 2 dissipative towers, a recent patented system for seismic protection of buildings.
In August 2016 a dynamic monitoring system was installed on the building, positioning an array
of accelerometers both on the top two floors of the structure and on the foundation level; this
made it possible to record the building response to the aftershocks that occurred during the
monitoring period, and the corresponding seismic input. The dynamic characteristics of the
structure during the monitoring period are identified starting from the response of the structure
subjected to the seismic swarm following the main event, and to the environmental vibrations
between two subsequent events.
Although during the monitoring days the building did not suffer any damage, the response of
the structure proved to be nonlinear and strongly dependent on the amplitude of the accelerations to which it was subjected; in this work, a procedure to linearize the structural response
and carry out the dynamic identification in terms of modal parameters starting from the nonstationary response of the structure is proposed.
Keywords: Structural Health Monitoring; Infilled RC frame building; Ambient vibrations;
Seismic monitoring; Earthquake swarm; Dynamic system identification; Time-varying systems.
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1

INTRODUCTION

There has been a progressive increase in attention in recent years to the usefulness and advantages of permanent monitoring systems in the field of civil engineering. Recording the dynamic response of structures during seismic events can ensure significant benefits: on one hand,
it provides useful information for damage detection and post-earthquake emergency management and, on the other hand, it can allow the improvement of the seismic risk assessment
through the decrease of uncertainties relevant to both the hazard estimation and structural vulnerability. The reduction of uncertainties relevant to the structural vulnerability can derive from
the validation of structural models based on the registration of the structural response subjected
to low-medium intensity events while the reduction of uncertainties relevant to the hazard requires the monitoring of the soil-foundation system through which the validation of soil and
source models can be attempted.
With respect to low-medium intensity earthquakes, an interesting aspect that emerges from
the monitoring is the well-known variability of the dynamic properties of structures during
shaking in absence of damage producing a "wandering" of the modal parameters of the construction that can be attributed to minor nonlinearities of the response [1] such as the light
cracking of infills or frictions relevant to the interactions between structural and non-structural
components. The latter issue, in addition to the well-known dependence of structural frequencies on the environmental conditions [2, 3, 4], makes the identification of structural damage
from records obtained from continuous monitoring systems particularly problematic. In the literature it is possible to find several works that address the problem with reference to historical
masonry buildings [5, 6, 7], but a limited number of works refer to reinforced concrete structures.
With the aim of providing a contribution in this research area, this paper presents an approach
for tracking the fundamental frequencies of monitored buildings accounting for their nonlinear
response, triggered by low-medium intensity earthquakes. The procedure is applied to a record
extracted from the monitoring of a school building, the Liceo Varano located in Camerino in
the province of Macerata (Italy), during the seismic swarm following the earthquake in central
Italy in August 2016.
2

DESCRIPTION OF THE BUILDING

The building at hand dates back to the 60's and was born from the decision to enlarge and
rehabilitate the old masonry building constituting the Liceo Ginnasio Napoleonico since 1833
and, before, the Convent of Santa Elisabetta. Part of the new building is founded on the old
convent, while the other part rests on the ground. The building has an L-shaped plan formed by
two wings, indicated in Fig. 1a and Fig. 1b with "A" and "B". The structure consists of reinforced concrete frames; beams have a rectangular section, excepting those on the perimeter,
which are characterized by cross-sections with a tapered articulated geometry (i.e. with variable
height and width) (Fig. 1c). All columns have a square cross-section rotated by 45° with respect
to the direction of the frames for architectural reasons, with dimensions equal to 35x35 cm,
excepting two inner columns of body "A" that have a 42x42 cm cross-section.
In 2013 the building was seismically retrofitted through the construction of two Dissipative
Towers [8] (Fig. 1d), one connected both to body "A" and to body "B" (Tower A) and the other
only to body "B" (Tower B). The towers rest on a thick reinforced concrete plate connected by
a central spherical hinge to a second slab founded on piles. Simplifying as much as possible the
description of the retrofit, it can be stated that the Towers have the twofold aim (i) to regularize
the horizontal displacements of the building, favoring a linear deflection (i.e. constant interstory drifts), and (ii) to increase the dissipation of the seismic input energy through viscous
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dissipative devices that exploit the relative velocities between the two reinforced concrete plates
at the base of each Tower.
During the seismic retrofit, dynamic ambient vibration tests were performed to identify the
modal parameters of the building. A first dynamic identification was conducted in 2012, before
the intervention, and a second one was carried out in 2013 upon completion of the upgrading
work. The purpose of the investigations carried out was twofold: on one hand, the preliminary
identification tests allowed to obtain information on the global dynamic behavior of the building
to support the design of the intervention and the calibration of a finite element model; on the
other hand, the investigations in the post-operam situation allowed to verify that the modal
parameters of the retrofitted structure matched those predicted by the numerical model. More
details on the intervention, which is heavily constrained by technical requirements, can be found
in Balducci et al. (2015) [9], while a more extensive description of the tests and the relevant
results can be found in Gara et al. (2021) [10].

Figure 1: The Costanza da Varano high school: (a) plan view; (b) cross-section; (c) photo of the building; (d) photo of
the Dissipative Towers with details of the dampers.

3

DESCRIPTION OF THE DYNAMIC MONITORING

After the seismic event of magnitude 6.0 occurred on August 24, 2016, a new ambient vibration test was performed on August 27, 2016, with the purpose of verifying the health of the
structure. Fig. 2a shows the sensor configuration adopted for each floor of the building while
Fig. 2b shows a photo of the acquisition system. As for the instrumentation, PCB 393B31 piezoelectric sensors with a sensitivity of 10 V/g, NI 9234 analog-to-digital conversion boards
with a resolution of 24 bits, a cDAQ 9178 chassis, and a notebook for data acquisition and
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storage have been used. A sampling rate of 2048 Hz has been used for the acquisitions. Fig. 2c
shows the frequency content of the recordings carried out while Fig. 2d and Fig. 2e show the
results of the dynamic identification performed using the SSI-COV algorithm and the MAC
(Modal Assurance Criterion) matrix. It is worth to specify that the building dynamics after the
event of August 2016 remained unchanged from that identified after the retrofitting in 2013.
Following this test, a continuous dynamic monitoring system has been installed on the structure for three days; the system was composed by the same instrumentation adopted to perform
the benchmark tests but additional accelerometers were installed at the foundation level in order
to record the seismic input. Ambient vibration tests at the beginning of the monitoring allowed
the identification of modal parameters that were subsequently traced via the continuous monitoring system. During the monitoring days (from August 27 to 29, 2017) several earthquakes
occurred; the event with the highest intensity of magnitude 4.2 was registered on August 28 and
occurred approximately 37 km away from the building.

Figure 2: a) Sensors configuration adopted for each floor; b) acquisition system; c) frequency content from
measurements during ambient vibration test; d) results of the dynamic identification; e) identified modal shapes
and relevant AutoMAC matrix.
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4

DESCRIPTION OF THE LINEARIZATION PROCEDURE

For all the registered events, the structure exhibited a nonlinear response that made it difficult
to identify its modal parameters from the seismic response. Fig. 3 shows a time-frequency analysis, performed using the Short Time Fourier Transform (STFT), performed on the measurement of the magnitude 4.2 event for the sensor on the top floor (location Ay). From Fig. 3, it is
possible to observe the non-stationarity of the structural response, which leads the need of implementing a method to linearize the structural response.

Figure 3: Short Time Fourier Transform carried out on a record made during the magnitude 4.2 event.

The proposed algorithm takes advantage of the subspace identification methods; the latter
are well established in the civil engineering field and are considered as robust and reliable algorithms. The recurrent algorithms in the literature, for the identification of MIMO systems are
the Multivariable Output Error State Space (MOESP) [11] and the numerical algorithm for
Subspace State Space System IDentification (N4SID) [12]. Many works can be found in which
above algorithms have been successfully used for dynamic identification of full-scale case studies during seismic events [13, 14, 15, 16]. The first step in using the subspace identification
algorithms is to write the dynamical system in the state space, through a state equation (Eq. 1)
and an output equation (Eq. 2):
 ܠାଵ ൌ  ܠۯ  ۰ܝ   ܟ

(1)

ܡ ൌ ۱ ܠ  ۲ܝ   ܞ

(2)

where ܝ  אԹ and ܡ  אԹ denote the input and output signals, respectively, at a certain time
k, while  ܠ  אԹ is the state vector. In addition,  א ۯԹൈ is the dynamical system matrix, ۰ א
Թൈ is the input matrix that describes how the deterministic inputs influence the next state,
۱  אԹൈ is the output matrix that characterizes how the internal state influences the outputs
and ۲  אԹൈ is the direct transition matrix. For a linear time-invariant system above matrices
are constant. Furthermore, ܟ  אԹ and ܞ  אԹ are unmeasurable vector signals, which are
assumed to be normally distributed, zero mean, white noise signals.
For the case study under investigation, the structural response to seismic events of the building at hand is clearly time-varying, and it can therefore be assumed that the system matrices of
the state space model change with time k. Several works in the literature deal with methods for
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the identification of time-varying systems; in particular, some interesting algorithms are the
MOESP-VAR [17], the N4SID-VAR [18], and the one proposed in Loh and Chen [19].
In this paper, an iterative procedure for the identification of the time-varying dynamical system is proposed, based on the optimization of the number of samples, and thus the length of the
signal windows, in which the dynamics of the system can be described as a linear time-invariant
process. The length of the first window is selected from the results of the time-frequency analysis and varied until the identified dynamic model accurately reproduces the experimental response starting from the measured input. The steps of the optimization procedure are
summarized in the flowchart of Fig. 4; the identification within each window was done through
the "robust combined algorithm" proposed by Van Overschee and De Moor in [12]. The accuracy of the identified model in reproducing the building response is evaluated comparing the
predicted and measured time histories of accelerations through the comparison metrics proposed by Kavrakov et al. [20], which consider several signal properties such as phase, peak,
root mean square, and frequency contents. A detailed explanation of the approach can be found
in Gara et al. (2021) [21].
Fig. 5 shows the results obtained by applying the proposed procedure on the seismic response
of the building to the magnitude 4.4 event. In particular, Fig. 5a shows the comparison between
the signal recorded at the measurement point Ay at the top floor and the response estimated by
the identified time-varying dynamical system. Figs. 5b and 5c show the results in terms of
modal parameters (resonant frequencies and damping ratios) and reveal how the first three frequencies of the structure decrease during the strong motion and then gradually come back to
the initial values at the end of the event; an opposite trend is observed for the damping ratios.
The explanation is probably to be sought in the nonlinear phenomena, e.g. light infill cracking,
frictions, and interaction phenomena between structural and non-structural members that are
triggered above a certain level of excitation provided to the structure.

Figure 4: Flow chart of the proposed identification algorithm.
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Figure 5: Laboratory mock-up case study.

5

CONCLUSIONS

An approach for tracking the fundamental frequencies of monitored buildings accounting
for their nonlinear response triggered by low-medium intensity earthquakes has been presented
in this paper. The procedure, consisting of an iterative algorithm aimed at identifying signal
windows in which the dynamics of the system can be described as a linear time-invariant process, is applied to a record extracted from the monitoring of a school building located in Camerino during the seismic swarm that followed the August 2016 Central Italy earthquake. The
results highlighted the nonlinearity of the building seismic response even in the absence of
damage, providing a useful tool for the interpretation of accelerometric data in structural health
monitoring.
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Abstract
Portico Varano in the Ducal Palace of Camerino (Italy) is a Renaissance monumental quadriporticus that was severely damaged by the Central Italy earthquakes in 2016. Within the
field activities for saving cultural heritage foreseen within a recent European research project, a long-term static and dynamic monitoring system was installed in October 2020.
Through a series of accelerometers, the monitoring system allows to track the evolution of the
modal parameters of the structure, namely frequency, damping ratio and modal shapes, and
investigate the effects of environmental conditions on the building dynamics. Furthermore, a
series of displacement transducers installed on the vaults of the courtyard allows controlling
the evolution of the crack patterns. In this paper, the design and installation of the monitoring
system as well as some first results are presented and discussed.
Keywords: Operational Modal Analysis, Structural Health Monitoring, Cultural Heritage
Buildings, Ambient Vibrations, Dynamic System Identification.
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1

INTRODUCTION

The Italian architectural heritage is constituted by a wide number of historical masonry
constructions such as churches, towers, buildings, and fortresses, characterized by both structural and typological vulnerabilities, which are often responsible for their poor seismic performance, e.g. [1-3]. Such situation is unfortunately periodically confirmed by the damage
observed after the occurrence of seismic events, inevitable reminders of the high seismic risk
of the Italian peninsula.
The analysis of the seismic vulnerability of architectural heritage requires an integrated approach where different disciplines provide indispensable contributions: historic investigations
of the construction evolution; survey of the construction; in situ experimental testing and
characterization of the materials; structural modelling and seismic analysis. Such contributions do not necessarily have a predetermined chronological sequence, given that the results
of one of them influence the development of the investigations of the other three [4]. Among
the various possibilities for experimental testing, dynamic testing under service conditions,
commonly referred as Operational Modal Analysis (OMA), e.g. [5], constitute a very effective tool for structural identification and model updating, essential tools to support modelbased simulation for the prediction of the seismic response of heritage constructions as well as
for the calibrations of advanced seismic upgrading interventions, e.g. [6]. Examples of recent
structural monitoring studies in the Italian architectural heritage include: the Consoli Palace in
Gubbio [7], the church of Santa Maria in Collemaggio in L’Aquila [8], the San Pietro belltower in Perugia [9], the Milan Cathedral [10], the San Vittore bell-tower in Arcisate [11],
and the Rubbianello Bridge [12].
This paper adds to the above list and presents the first results from a structural monitoring
system installed in the quadriporticus of the Ducal Palace in Camerino, within the field activities planned in the European research project named ARCH (Advancing resilience of historic
areas against climate-related and other hazards - https://savingculturalheritage.eu/) funded in
the Horizon 2020 framework for the years 2019-2022. The objective of the ARCH project is
the evaluation of the resilience of the historical centres and the risk management related to
climate change and other natural disasters.
2

THE DUCAL PALACE IN CAMERINO

The Ducal Palace (Figure 1) is one of the main Renaissance monuments of the city of
Camerino, located in Central Italy in the inner Apennine area of the Marche Region, about 65
km from the Adriatic Coast, 70 km from the city of Perugia and 190 km from Rome. The
building hosted the headquarters of the University of Camerino before the 2016 Central Italy
seismic events. The nucleus has ancient origins, remodelled at the end of the XIV century and
completed in the second half of the XV century under Giulio Cesare da Varano. Over the centuries, the layout of the Palace underwent many modifications thanks to acquisitions that led
to the incorporation of other surrounding buildings. These caused a continuous structural reorganization and maintenance works, resulting in a very complex and densely stratified palace.
Continuous interactions between the building and the city led to architecture and urban spaces
that were mutually conditioned. For this reason, the Ducal Palace is also defined as “part of
the city”.
The quadriporticus courtyard (Figure 1a,e), also called Portico Varano or Sottocorte, probably designed by the great military architect Baccio Pontelli, is the central architectural element around which the palace is organized. Before the damages following the 2016 Central
Italy earthquakes, the quadriporticus courtyard played a key role in the social life of the academic community of the University of Camerino.
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(a)

(b)

Portico
Varano

(c)

(d)

(d)

(e)

Figure 1: Ducal Palace Camerino, Italy (a) layout at the street level; (b) vertical section; (c) aerial view from the
North-West side (d) aerial view from South-East; (d) aerial view from South-West; (e) view of the inner courtyard from the North corner of the quadriporticus.

After the latest seismic sequence that hit central Italy from August 2016 to January 2017,
the structural vulnerabilities of the Ducal Palace were exposed, with damage observed both in
the elevation structures and in the floors (for example some sample photos are shown in Figure 2). Damages in the vault of the quadriporticus, and in the perimeter walls interdicted the
public access to the Ducal Palace and required safety measures (Figure 2). In addition, important damages concerned non-structural element with detachment of internal plaster and
cracks in the “camorcanna” ceilings, some of them decorated with fresco paintings.
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Figure 2: Examples of the damages in “Portico Varano” after the 2016 Central Italy earthquakes.

3
3.1

MONITORING SYSTEM AND FIRST RESULTS
Preliminary monitoring system and dynamic characterization

The Ducal Palace is a very complex case study and reliable structural models were not
available in the first stage of the field activities foreseen in the ARCH project. For this reason,
preliminary structural monitoring tests were made in June 2020 in order to provide a characterization of the dynamic behaviour of the quadriporticus under ambient-induced vibrations to
support the first evaluations on its structural behaviour.
The instrumentation adopted during this preliminary experimental campaign consisted of
12 uniaxial high sensitivity piezoelectric accelerometers (PCB model 393B31) connected
through high-quality shielded coaxial cables to the acquisition system (National Instruments
cDAQ-9178 installed with NI 9234 analogue-to-digital converters) controlled through a Dell
Precision 7540 laptop running National Instruments Signal Express software. The accelerometers were placed on the first floor as depicted in Figure 3 in order to provide a comprehensive
description of its horizontal motion, given that such floor cannot be realistically modelled as a
rigid diaphragm due to its geometry and materials. The adopted configuration was possible
given that the interested portions of the first floor were safely accessible. Other configurations
keeping some of the accelerometers as fixed (reference sensors) and the other as roving sensors, e.g. [5], were not explored given the major difficulties in a safe accessing other areas of
the same floor and the impossibility of a safe access to the roof level just above the first floor.
Data acquisition was performed at 2048 Hz for about 30 minutes. This duration corresponds
to more than 4000 times the fundamental period of the building, as suggested in [7]. Afterwards, the signals were pre-processed to remove the linear trend by subtracting the logged
signal with a zero-degree polynomial, filtering with a low-pass filter with a cut-off frequency
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of 49 Hz, and a resampling at a frequency of 102.4 Hz to reduce the amount of data and to
make subsequent analyses faster.

(a)

(b)
Figure 3: Configuration of the installed 12 accelerometers in preliminary monitoring: (a) position of sensors; (b)
example of installations.

The identification of the modal parameters (frequencies and damping ratios) was carried
out by the Covariance data driven - Stochastic Subspace Identification (SSI/Cov) [5]5[14].
Figure 4 shows the stabilization diagram obtained from the tests, where the identification of
the stable modes indicated on the graph by a solid black circle, was carried out considering a
difference less than 1% in frequency and a MAC greater than 95% on mode shape. The first
mode is essentially a translational mode along the X-direction and has an estimated frequency
3.36 Hz (period 0.298 s) and damping ratio 1.86%. The second mode is essentially a transla-
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tional mode along the Y-direction and has an estimated frequency 4.52 Hz (period 0.221 s)
and damping ratio 3.71%.

Figure 4: Results of preliminary monitoring (June 2020): Stabilization diagram.

3.2

Long-term monitoring system and first results of continuous monitoring

The results of the preliminary structural monitoring made in June 2020 provided the support for the definition of a simpler configuration using a limited number of accelerometers in
order to reduce the data to be stored and processed. Given that the larger accelerations were
measured in points 9, 10, 11 and 12 (according to Figure 3) and that such sensors were able to
identify the first modes, the selected configuration for long-term monitoring uses four accelerometers located as depicted in Figure 5a. The adopted accelerometers are uniaxial high sensitivity piezoelectric accelerometers (PCB model 393B31). Environmental parameters are
monitored using an independent system comprising two wireless sensors for internal temperature and relative humidity (Elitech RC-51H) as well as a weather station for temperature, relative humidity, wind speed and direction (WatchDog 2700) located just outside the Ducal
Palace (Figure 5b). In addition, a triplet of linear potentiometers (Gefran model PZ67-A) were
installed across the cracks in the cross vaults in order to measure their movements (Figure 5a).
The configuration of the displacement transducers is composed by three linear potentiometers
placed across the vaults connected by two galvanised metal sheets (2 mm thickness) to follow
the curvature of the vaulting. Each pair of linear potentiometers forms an angle of 60 degrees.
Such configuration permits to evaluate every motion of the cracks, such as side scrolling or
stretching movements leading to an opening of the crack itself (Figure 6). Besides, imagebased monitoring, e.g. [15], is being evaluated to possibly complement contact sensors.
Both accelerometers and linear potentiometers were connected through high-quality
shielded cables to the acquisition system (National Instruments cRIO 9045 installed with NI
9234 analogue-to-digital converters for acquiring accelerometers and NI 9209 for acquiring
potentiometers). The acquisition procedure was developed in the cRIO 9045 using the programming environment National Instruments LabView to control the entire process, i.e., 30minute time logging every 2 hours, local data storage, data transfer on cloud storage accessible for remote verifications. The procedure is characterized by a continuous data acquisition
of the data and a timing control that activate the logging data; within the logging cycle there is
another timing control that stops the logging procedure when the assigned time elapsed. To
optimize the accelerometers and linear potentiometers acquisition, the physical channels defi-
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nition were divided into two parallel cycles with specific sample clock to synchronize the analogue to digital converters modules (Figure 7).
(a)

(b)

(c)

Figure 5: (a) configuration of the sensors position; (b) environmental sensors; (c) acquisition system (laptop, data
acquisition module with AD converters, and signal conditioner for linear potentiometers).

(a)

(b)

Figure 6: (a) survey of the monitored cracks; (b) arrangement of the triplet of linear potentiometers.
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takes the file
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give remote
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Figure 7: Schematization of the acquisition procedure.

The analysis of the first results is based only on the first month (October 2020) of acquisition
of the long-term monitoring system. If attention is focused on the two translation modes identified in the preliminary monitoring described in the previous paragraph, then the results indicate a rather stable trend of the frequencies (Figure 8) with some points missing when the
instrument noise was comparable with the background environmental accelerations, making
the results of post-processing unreliable. In fact, it should be remarked that the historical centre of Camerino is still a restricted area following the major damages after the 2016 Central
Italy earthquakes; this condition makes the area characterized by very low level of environmental noise during the day (a condition possibly exacerbated by the current pandemic restrictions) and even more during the night. At this regard, Figure 9 compares the power
spectral density of the signal provided by the same accelerometer in the evening and daytime
this highlights the large variation of the signal intensity over the day. Some recordings were
excluded in the post-processing because instrument noise was comparable with the environmental accelerations.

Figure 8: Monitored eigenfrequencies in the first month (October 2020).

3759

Leonardo Cipriani, Andrea Dall’Asta, Graziano Leoni, Michele Morici, Alessandro Zona

Figure 9: Comparisons of Power Spectral Densities during daylight and at night.

4

CONCLUSION

This paper described the long-term monitoring system designed and installed in the Portico
Varano, the quadriporticus of the Ducal Palace in Camerino (Italy), damaged after the 2016
central Italy earthquakes. The system comprises four high sensitivity accelerometers (whose
position was selected after preliminary vibration monitoring tests using twelve accelerometers), a triplet of linear potentiometers installed across the most critical crack in the most damaged cross vault, and environmental sensors (temperature, relative humidity, wind speed and
direction). The accelerometers permits to observe the natural frequencies of vibration and relevant mode shapes and damping, providing essential information on the evolution over time
of the main structural properties and their variation that can be correlated to the level of damage. The displacement transducers complement the information gained through the accelerometer with a direct measure of the variations of the width of the cracks. The environmental
sensors allows to separate the contribution caused by the changes in the temperature and humidity to those related to structural damages as well as the relations between wind intensity
and induced structural vibrations. Data recording started in October 2020 and some initial results were discussed. It is observed that the low level of measured vibrations due to restricted
access to the Camerino city centre (given the safety concerns after the occurred seismic damages and possibly exacerbated by the current pandemic crisis) poses major challenges to longterm monitoring and enforces the use of high-quality and high-sensitivity sensors connected
using highly shielded wires. Nevertheless, stable results were observed during the monitoring
time window, constituting a first set of data that could be an essential tool to support modelbased simulation for the prediction of the seismic response of the Ducal Palace as well as for
the optimal calibrations of the required seismic upgrading interventions.
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Abstract
In the last years, in Italy, due to the recent catastrophic collapses, an increasing amount of
resources has been invested in the maintenance of existing infrastructures. In particular, the
monitoring of the structural “health” has assumed a crucial role in the assessment of structures
and infrastructures. The technological advancement obtained in the field of informatics and
electronic has allowed to move from a discrete and partial control of the structural conditions
to a continuous and complete Structural Health Monitoring (SHM). Different techniques may
be applied and the Operational Modal Analysis (OMA), among others, aims at identifying the
health status of the structure by the modal properties when is under its operating conditions.
This paper compares the results of OMA technique using the vibration data obtained by two
different sensors equipment applied to an existing bridge located in Benevento, Italy. A dynamic
test was performed in 2020 by using a low cost experimental equipment specially designed and
developed by the University of Sannio. The tests results have been compared with the data
obtained on the same bridge in 2018 by using a commercial and more expensive sensors
equipment. The main purpose of the comparison is to support the “homemade” equipment
development identifying the aspects on which to improve the same.

Keywords: SHM, OMA, low cost sensors, data processing.
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1

INTRODUCTION

A large number of road infrastructures has widely overcome 50 years of service design life
and need urgent prevention and control measures. Following the critical events occurred in the
last years to several highway infrastructures, the issue of their maintenance has assumed a
primary role [1]. The interest is very significant since they are not single punctual elements but
are part of a more extensive network. Hence, the potential disruption could have exceptional
consequences in both the economic and social sides, proportionally to the importance of the
infrastructure itself. Structural damage depends on several elements as, among others, quality
and type of materials, age, construction techniques, loads level and environmental conditions.
Generally, degradation or damaging phenomena can be responsible to modify the mechanical
properties of the materials [2]. In reinforced concrete elements, the corrosion of the steel bars
is the main cause of degradation phenomena. Due to the porosity of concrete, some chemicals
including carbon dioxide, oxygen and water, can penetrate the material triggering the
carbonation process. Chloride ions, if passing a critical concentration threshold [3], perforate
the protective oxide film surrounding the rebars, starting the corrosion phenomena. The latter
case is typical of bridges that are subjected to winter frosts and are generally kept operational
using de-icing salts. The same is true for all those structures located in coastal areas or directly
exposed to seawater [4].
From here, the necessity of checking the “structures health” by using effective monitoring
systems. The most appropriate monitoring system depends on many factors. Traditional
checking and monitoring methods for infrastructures rely on visual inspections, but they often
lead to a temporary interruption of use and must be carried out by highly qualified personnel.
Furthermore, mainly due to the subjectivity of the evaluation, it is difficult, using this technique,
to obtain an effective monitoring over time [5]. Hence, with the main target to provide
automatic tools useful for observing the evolution of degradation phenomena in support of
traditional techniques, many others elaborate methods were developed [6, 7]. When the devices
that allow the loading and damaging condition of a structure to be recorded, analyzed, localized
and predicted, become an integral part of the structure, the monitoring approach is called
Structural Health Monitoring (SHM) [8]. The SHM is a process based on a series of axioms [9]
and phases [10] widely applied in various engineering sectors due to its ability to respond to
adverse structural changes, improving structural reliability and life cycle management. To
implement a SHM system, several components, such as sensors, data acquisition, transmission
system and software for data processing, are needed. By analyzing data collected from sensors,
it is possible to identify any damaging in progress and evaluate the structural performance both
in operating and in exceptional (e.g. earthquakes or after earthquakes) conditions. The number
of sensors to use depends on the structural dimension. For long structure as a bridge, it can
represent a very expansive cost. For this reason, the development of low cost and easy to install
sensors can be a fundamental target in the SHM applications. This work shows the results
obtained by applying a network of nine prototype accelerometer sensors with these
characteristics to an existing RC bridge located in south Italy.

3763

G. Maddaloni, A. De Angelis, F. Minicozzi, C. Martino and M. R. Pecce

2

OPERATIONAL MODAL ANALYSIS

The dynamic behavior of a structure depends on mass, stiffness, damping and nevertheless
by external and internal constraints. These properties give information about the free vibration
response, therefore, if they do not change (e.g., as a result of structural damages), the dynamic
characteristics remain the same. Generally speaking, the analysis of the dynamic behavior of a
structure can be addressed using analytical or experimental approaches. For bridges, the most
used technique in experimental approaches is the Operational Modal Analysis (OMA). It allows
to identify the modal parameters of the structures [11, 12, 13] based on vibration data collected
when the structure is under its operating conditions, i.e., vehicular traffic, wind, etc. It relies on
a series of basic assumptions such as linearity, stationarity, observability [14, 15]. OMA test is
a suitable technique for SHM because interruption of the structure use is not required. Sensors
can be permanently installed to identify changes in the dynamic properties. On the other hand,
unknown load conditions can make it more difficult for the processing phase.
Over the last few decades, several mathematical methods have been developed to determine the
modal parameters of the structure by OMA methodology (time or frequency domain, SDOF or
MDOF methods, etc.).
In frequency domain, the Frequency Domain Decomposition (FDD) consists of the
identification of the peaks of the Power Spectral Density (PSD) matrix of output. The basic
assumption is that the resonance response is dominated by the contribution of the mode whose
natural frequency is closest [16]. The contribute of the other modes is negligible, and therefore,
FDD is classified as SDOF method. This method gives good results for structures having wellseparated modes and with non-negligible damping. FDD method relies on the Singular Value
Decomposition (SVD) of the PSD matrix at a specific frequency ݂ [17] and allows to define
resonance frequencies and mode shapes, but not modal damping. Modal damping ratio can be
found by using the so-called Enhanced Frequency Domain Decomposition (EFDD) method. It
is an improvement of the FDD method that uses the singular vector defined in FDD application
but relies on the so-called Modal Assurance Criterion (MAC) that allow to compare the modes
shape {߶ }. The MAC number is defined as:
ு

ܥܣܯ൫൛ݑ ൟ; {߶ }൯ =

ଶ

ቚ൛ݑ ൟ {߶ }ቚ
ு

ቀ൛ݑ ൟ ൛ݑ ൟቁ ({߶ }ு {߶ })

(1)

where ൛ݑ ൟ is the generic singular vector closed to the peak response corresponding to the r-th
mode { } and H is the symbol to indicates the conjugate and transpose operator. MAC is a
useful statistical indicator for the quantitative comparison between modal vectors. It ranges
between 0, namely the modes are completely unrelated and 1 which means that the modes
perfectly match [18]. Finally, the Curve-Fitting Frequency Domain Decomposition (CFDD) is
a parametric technique that relies on the curve-fitting of the PSD function in the frequency
domain. Consequently, a more accurate estimation of frequencies and damping ratios is
obtained [19].
Time-domain methods are based on the analysis of time histories or correlation functions.
The most used is the Stochastic Subspace Identification (SSI) which most common declinations
are the Unweighted Principal Component (SSI-UPC) and the Principal Component (SSI-PC).
The difference between the SSI approaches is the weight matrixes to use for the determination
of the observability matrix. Indeed, in SSI method the projection of the future unto the past
(respectively the lower and the upper part of the Block Hankel matrix) defines a matrix so called
“O” which columns represent a stacked free decay of the system to a set of unknown initial
conditions. Since the observability matrix is unknown it is necessary to pre and post-multiply
the matrix O by the so-called weight matrixes and then to apply the SVD to it [20].
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3

THE CASE STUDY

The results of OMA technique using the vibration data obtained by two different
experimental sensors equipment applied to an existing bridge located in Benevento (Italy), are
herein proposed and compared. The case study is the so-called San Nicola Bridge, located in
Benevento as part of the main street S.S. 90 bis and spans river San Nicola (Figure 1).

San Nicola Bridge

Figure 1 – San Nicola Bridge. Global (left) and street (right) views

The bridge was designed by the famous engineer Riccardo Morandi between 1952 and 1955
and built between 1955 and 1956. The static scheme is a portal frame composed by one main
span 80.0 m long and two cantilevers of 20.0 m (Figure 2). The deck consists of four prestressed
box-girders, whose webs vary in thickness, from a minimum of 13 cm at the midspan, to a
maximum of 30 cm at the supports, and it is supported by two piers 9.40 m high and linked to
the foundations underneath by hinges made of steel rebars. Each pier consists of eight columns
of rectangular section, 40.0 cm thick and variable width from 1.50 m at the base to 4.00 m at
the top, that are connected at the base and top by a transverse beam. The width of the upper slab
is 9.00 m and consists of two traffic lanes, 7.00 m width, and two sidewalks 1.00 m width on
both sides. Plan and prospectus of the bridge are reported in Figure 3.

Figure 2 – Bridge pier (left), bridge deck (right)
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Figure 3 – San Nicola bridge plan and prospectus view

Following the collapse of the Polcevera viaduct (designed by the same engineer Riccardo
Morandi) occurs in Genoa (Italy) on 14 August 2018, the bridge was closed as a preventive
measure from August to December 2018. To determine the health status of the bridge, a series
of tests were carried out by the Department of Engineering of the University of Sannio. In
particular, a dynamic test to identify fundamental frequencies and mode shapes of the bridge
was performed in 2018 and subsequently replicate in 2020. A finite element model has been
also developed by CSiBridge software [21] using shell elements for the deck, frame elements
for the piers and modelling the prestressing cables as tendon. Model calibration using the results
coming from the experimental campaign was performed in [22]. Modal analysis results are
reported in Figure 4. As evident, the first mode is transversal, with frequency 1.91 Hz, the
second vertical (2.16 Hz) and the third torsional (4.16 Hz).
Mode 1 (transversal): f = 1.91 Hz

Mode 2 (vertical): f = 2.16 Hz

Mode 3 (torsional): f = 4.16 Hz

Figure 4 – Mode shapes and frequencies analysis results
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4

EXPERIMENTAL TESTS DESCRIPTION

In 2018 and 2020, dynamic tests were performed on San Nicola Bridge by using a
commercial and prototype experimental equipment respectively. For safety, in both cases the
bridge was closed to traffic, that means vibrations were caused just by environmental noise.
The recorded row data have been pre-processed by filtering and resampling operations by
MATLAB [23] and subsequently analyzed by the specific software ARTeMIS [24] to find the
modal parameters of the structure.
In particular, on December 2018, the test was performed by the commercial and certified
equipment of SEQUOIA manufacturing [25]. The system consists of a network of five sensors
(called GEA II sensor) connected by cables to a data acquisition device (DAQ) (Figure 5).
Designed to permanent or semi-permanent installations, its size is about 60x30x40 cm for the
DAQ device and about 11 cm of diameter for the sensors (Figure 5). The commercial cost of
the equipment is about 50’000 euros.

Figure 5 – GEA II sensors and DAQ

On September 2020, the dynamic test on the same bridge has been replicated by a prototype
low-cost and no wired system (Figure 6) called SENTINEL properly developed by the
Department of Engineering of the University of Sannio. The system consisted of a network of
nine high sensitivity accelerometers capable to record structural vibrations. No data acquisition
(DAQ) has been used: each device already has on board all that is needed to be an independent
accelerometric station. The devices allow to set specific technical parameters as the sampling
frequency (choosing between 125, 250, 500 and 1000 Hz), the full-scale range (choosing
between 1, 2, 4 and 8 g), the file duration recording (the interval of data storing). The sensors
are equipped with an internal battery, a micro-sd card slot, a router UMTS/WIFI, a GPS
receiver, a microprocessor and a MEMS accelerometer (Figure 7). An autonomy of 24 hours
recording time is guaranteed. The small size (21x15x7 cm) and the low weight (about 2 kg) of
the device makes it very easy to manage. The assumed commercial cost for each prototype
device is about 500 euros (a total cost equipment of about 5’000 euros is estimated).

3767

G. Maddaloni, A. De Angelis, F. Minicozzi, C. Martino and M. R. Pecce

Figure 6 – SENTINEL device

Figure 7 – SENTINEL device components

The devices have been fixed to the deck of the bridge by two screws (Figure 8). Three
different setups were performed modifying their position except for the reference sensor (R)
that remained in the same position for the entire experimental campaign. In Figure 9, the
position of the sensors for each setup is reported. To note that S means sensor, the first number
indicates the setup, the second the id of the sensor; the reference sensor is identified by the letter
R. The total number of the recorded points is 25. The spacing among sensor positions is from a
minimum of 6 to a maximum of 12 meters for both sides of the bridge (A and B).
The signals have been recorded for 30 minutes for each setup at 125 Hz sampling rate.

Figure 8 – Installation: device detail (left) and global view (right)

Figure 9 – Position of sensors for each setup in the 2020 experimental campaign
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5

RESULTS OF THE EXPERIMENTAL CAMPAIGN USING PROTOTYPE
EQUIPMENT

The dynamic characteristics of the bridge obtained by the experimental campaign performed
in 2020 using the prototype equipment have been evaluated by the software ARTeMIS. In
particular, the mode shapes associated with the first two modes (transversal and vertical modes
respectively), obtained applying the FDD method and normalize to one magnitude, are
represented in Figures 10 and 11 for both sides A and B of the bridge separately. The black and
the red continues lines, indicated the undeformed and the mode shapes respectively.
Specifically, mode shapes represented by the dashed red lines are the first result of the row data
elaboration. As evident the mode shapes are not clearly defined that is are not well-separated
from each others. This is due to the absence of a DAQ device with the specific assignment to
synchronize starting record of a system with multiply measure points. This problem has been
partially solved by knowing the instant of time at which the last sensor has started the recording
and manually cutting all the data stored by the other stations before this time. Furthermore, due
to hardware problems, the sampling frequency was not constant. Specifically, even if the
sampling rate has been set the same for all devices (i.e. 125 Hz), the effective values have been
different. Hence a resampling has been applied. The new mode shapes obtained after the
synchronization procedure are represented as red continue lines in Figures 10 and 11. As
evident, a good improvement was obtained for the first mode (transversal), especially for side
A. Some discrepancies are still present at side B, that is two vectors have an opposite direction
than expected (Figure 10). The same good results were found for the second modal (vertical)
shape for side B while for side A some vectors have an unexpected direction (Figure 11).
Mode 1 (Transversal)

Figure 10 – Mode 1 (transversal): Comparison between unsynchronized (dashed red line) and synchronized (red
line) mode shapes obtained applying FDD method

3769

G. Maddaloni, A. De Angelis, F. Minicozzi, C. Martino and M. R. Pecce

Mode 2 (Vertical)

Figure 11 – Mode 2 (vertical): comparison between unsynchronized (dashed red line) and synchronized (red
line) mode shapes obtained applying FDD method

For different frequency-domain methods applied (FDD, EFDD, CFDD), transversal mode
frequency values are very similar (1.26, 1.27 and 1.26 Hz respectively) and closed to analytical
result (1.91 Hz). However, applying time-domain methods no transversal mode have been
founded. A maximum difference about 10% has been obtained for frequency values associated
with the vertical mode (2.23-2.45 Hz). Finally, frequency values related to the torsional mode
show modest difference (5.23-5.65 Hz) but are quite far from analytical value (4.16 Hz). Table
1 summarizes these results.
OMA method

Mode 1
(transversal)

Mode 2
(vertical)

Mode 3
(torsional)

FDD[Hz]
EFDD[Hz]
CFDD [Hz]
SSI-UPC [Hz]
SSI-PC [Hz]
Max variation [%]
Analytical results [Hz]

1.26
1.27
1.26
0.08
1.91

2.23
2.23
2.22
2.37
2.45
10.16
2.16

5.46
5.46
5.46
5.24
5.23
4.38
4.16

Table 1 - Results of 2020 experimental campaign in terms of frequencies
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Modal forms obtained using frequency domain (FDD, EFDD, CFDD) and time domain
(SSI–UPC, SSI–PC) methods are compared in Figures 12 and 13. As shown, all the methods
have given, as first mode, the same results. Small differences were found in the vertical mode.
For the third mode, as expected, the methods failed to provide a unique solution.
Mode 1 (Transversal)

Figure 12 – Mode 1 (transversal): comparison of mode shapes obtained applying different OMA methods

Mode 2 (Vertical)

Figure 13 – Mode 2 (vertical): comparison of mode shapes obtained applying different OMA methods
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The validation of the obtained results has been carried out by the MAC number, already
descript in section 2. First of all, a comparison between all the combinations of mode shape
pairs calculated using a single technique is made (AutoMAC criterion). As shown in the left
part of Figure 14, second and third unsynchronized mode shapes are not well-separated from
each other (MAC values outside the main diagonal are about 0.5 for all techniques). After the
synchronization procedure, an important improvement were obtained: the MAC values outside
the main diagonal are very close to zero (right part of Figure 14) except for the SSI-PC method,
where second and third modes remain very similar to each other despite the synchronization
procedure.
Synchronized

SSI-PC

SSI-UPC

CFDD

EFDD

FDD

Unsynchronized

Figure 14 – Validation: comparison between MAC numbers for unsynchronized (left) and synchronized (right)
mode shapes (data labels indicate the MAC numbers)
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In Figure 15 the “CrossMAC” criterion results are reported for synchronized mode shapes.
It consists of comparing sets of modes calculated by different OMA techniques. High values
mean a good estimation for the mode shapes. As evident, the results are good since MAC values
are very high with a limited range 0.87 – 1.00, except for the third mode in SSI technique
(values close to 0).

Figure 15 – Comparison between MAC numbers using different techniques for synchronized mode shapes (data
labels indicate the MAC numbers)
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6

COMPARISON BETWEEN COMMERCIAL AND PROTOTYPE EQUIPMENT
TEST RESULTS

The results of the test performed by using the prototype equipment in 2020 have been
compared with those obtained on the same bridge in 2018 by using a commercial sensors
equipment. In terms of frequencies, a good correlation has been found for all the OMA
techniques (a difference lower than 7% is appreciated) except for the SSI-UPC method, where
an important difference of about 25% is noted for the second (vertical) mode (Table 2).

OMA
method

Mode 1
(trasversal)

Mode 2
(vertical)

Mode 3
(torsional)

fprototype fcommercial Variation fprototype fcommercial Variation fprototype fcommercial Variation
[Hz]
[Hz]
[%]
[Hz]
[Hz]
[%]
[Hz]
[Hz]
[%]
FDD
1.26
1.18
6.60
2.23
2.16
3.20
5.46
5.65
5.46
EFDD
1.27
1.18
6.93
2.23
2.12
5.00
5.46
5.65
5.46
CFDD
1.26
1.18
6.85
2.22
2.12
4.81
5.46
5.65
5.46
SSI-UPC
2.37
1.89
25.44
5.24
5.65
5.24
SSI-PC
2.45
2.32
5.47
5.23
5.67
5.23
Analytical result
1.91
2.16
4.16
Table 2 - Comparison between modal frequencies obtained by prototype and commercial equipment

A comparison between modes defined using prototype (red line) and commercial (blue line)
equipment and analytical predictions (dashed blue line) is reported in Figures 16 and 17. For
the first mode, except for some points, the shapes are completely overlapping (especially for
the side A). For the second mode, the results are very good for the side A, while for the side B,
no good result was obtained: the vectors have a direction that is opposite than expected.
Mode 1 (Transversal)

Figure 16 – Mode 1 (transversal): comparison between mode shapes defined using prototype equipment (red
line), commercial sensors (blue line) and analytical calculation (dashed blue line)
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Mode 2 (vertical)

Figure 17 – Mode 2 (vertical): comparison between mode shapes defined using prototype equipment (red line),
commercial sensors (blue line) and analytical calculation (dashed blue line)

7

DISCUSSION AND CONCLUSIONS

In this paper, the effectiveness of a wireless, low-cost and easy to install monitoring system,
is evaluated. The system is a prototype consisting of nine accelerometric sensors developed by
the Department of Engineering of the University of Sannio. Specific problems due to the
synchronization among the devices have been addressed and solved. The equipment was tested
by performing a dynamic identification test on an existing bridge located in Benevento, Italy.
Two experimental mode shapes were found and validated using MAC number. The tests results
have been compared with the data obtained on the same bridge in 2018 by using a commercial
sensors equipment. Results demonstrate the effectiveness of the prototype system. Future
developments concerning the modification of the hardware apparatus in order to solve some
occurred problems have been already addressed.
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Abstract
Historical masonry structures constitute a fundamental part of the built cultural heritage but
are characterized by an intrinsic vulnerability to ageing and natural hazards, in particular to
earthquakes. The related need to assess their current health condition and to ensure their future
conservation is giving rise to increasing efforts in scientific research. The combined employment of health monitoring systems and structural modelling is widely adopted in this field, either to better interpret the effects of age-related degradation or to reliably predict the structural
response to earthquakes. Both scenarios can leverage experimental measurements for the
model calibration, thus reducing epistemic and aleatory uncertainties in the assessment phase.
Among the available modelling strategies, refined Finite Element (FE) models represent the
most common choice in the SHM perspective for monumental URM structures. Nonetheless,
the computational effort required by the assessments in the nonlinear field – unavoidable in
seismic evaluations – is often unfeasible, especially in practice engineering. In the case of palaces, an alternative is the employment of more computationally efficient formulations such as
Equivalent Frame (EF) models. Within this framework, the paper firstly deals with the equivalent-frame modelling and model updating of the Consoli Palace, a historic masonry building
in Gubbio (Italy) investigated through ambient vibration tests. The peculiar aspects of the building – e.g. the unusually high inter-storey height, the presence of vaulted floors, the irregular
distribution of the openings – make the equivalent-frame idealization a challenging task. The
comparison with a detailed finite element model developed in previous research points out the
differences and limits of the two approaches, providing some suggestions to benefit from their
integrated use.
Keywords: historical masonry buildings, Structural Health Monitoring, Equivalent Frame
models.
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1

INTRODUCTION

Masonry structures constitute probably the largest part of the worldwide built heritage. Being masonry one of the oldest materials employed to build by humankind, this structural typology is commonly characterized by exceptional historical, cultural and architectural value. For
these reasons, structural health assessment, conservation and rehabilitation of the built masonry
heritage are crucial responsibilities of today’s society. The statement is relevant both from a
social and an economic point of view, urging for the efforts of the scientific community to
address these tasks. Indeed, because of their age, old masonry structures suffer today the effects
of ageing and deterioration over the past centuries, together with the succession of countless
anthropic modifications and the constant acting of natural phenomena. These aspects, considering the intrinsic complexity of old masonry structures, make their structural health assessment
a challenging goal.
In this context, the employment of non-destructive experimental techniques is leading the
Structural Health Monitoring (SHM) research field, aimed at supporting the engineering judgment through experimental evidence. Together with the measurement of environmental factors,
a primary role is played by dynamic testing through permanent monitoring systems, allowing
for real-time identification and tracking of the dynamic properties of existing structures. Dynamic properties, indeed, are those commonly assumed as the proxy of structural health, so that
detection of their variations corresponds to the potential – such as the occurrence of damage.
If the main trends of the research [1] follow the employment of data-driven statistical methodologies aimed at unsupervised evaluations, not less important is the complementary employment of engineering-based model-driven approaches, relying on accurate mechanical models
for the simulation of the structural behaviour. In the case of historical masonry structures,
among the possible modelling strategies (reviewed in [2][3] and discussed in [4] from a seismic
engineering perspective), the common approach relies on refined Finite Element (FE) models,
allowing for a detailed idealization of the structure. Such a potential, commonly, comes at the
cost of (i) a large set of input parameters and (ii) high computational requirements, which often
makes the employment of FE models unfeasible – for example, in nonlinear seismic analyses.
In the case of palaces, on the other hand, an alternative option is provided by Equivalent
Frame (EF) models, specifically addressed to the analysis of the global seismic response of
ordinary masonry buildings. This modelling technique discretizes the masonry continuum as an
assemblage of macroscopic structural elements. Being governed by few mechanical parameters
and a limited number of elements, EF models are an attractive choice thanks to their computational efficiency [5]. Nonetheless, as discussed in the following Sections, the common simplifying assumptions of this approach challenge its applicability in the case of monumental
masonry palaces.
Based on the above presented motivations, the paper addresses the employment of EF models to support the SHM in the case of masonry palaces, proposing some preliminary considerations through the comparison with more refined FE models. In particular, the historical Consoli
Palace of Gubbio, Italy, is chosen as the suited case study (§2). The three-dimensional FE of
the palace, previously developed and dynamically calibrated by the University of Perugia research group, is assumed as the reference result (§3.2). An EF formulation of the palace is
proposed, highlighting some possible issues related to common modelling assumptions (§4.1).
The model is dynamically calibrated based on the results of AVTs employing a global search
algorithm, taking into account the uncertainties related to the limited knowledge of the mechanical properties of the existing structure, as well as those produced by the EF idealization (§4.2).
The dynamics of the updated model is satisfyingly close to the experimental evidence and the
set of optimal parameter points out the importance of the out-of-plane stiffness contribution of
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masonry walls (§4.3). A final comparison between the updated models shows good accordance
in terms of dynamic and seismic properties (§4.4), confirming the possibility of their integrated
use in the SHM perspective and pointing out interesting developments of the research (§5).
2

THE CONSOLI PALACE OF GUBBIO, ITALY

The Consoli Palace (Figure 1a), located in the medieval town of Gubbio (Central Italy) is a
monumental palace built between 1332 and 1349 according to different architectural building
styles. The whole structure (Figure 1b) is mainly made of calcareous stone masonry also in the
newest parts, as the staircase of the main façade, which is characterized, in the upper part, by
coupled round-arched windows separated by lesenes. Above them, merlons enclose the rooftop
and the bell tower. The lower part of the main façade is characterized by mullioned windows,
a Gothic-style portal and the main staircase.
The palace has a 40x20 m rectangular plan and an elevation of about 60 m. The structure is
arranged on different floors: two levels on the foundation system; the Arengo hall at a height
of 4.64 m, accessible from the principal staircase (Figure 1c); the Nobili hall at a height of 18.89
m (Figure 1d); the rooftop at a height of about 30 m. The Arengo hall, in particular, develops
seamlessly – i.e. without intermediate walls – thanks to the huge structural thickness of the
perimetral walls, which support a huge barrel vault. The Southside of the Palace is characterized
by the loggia, a not-in-built architectural portion.
A recent in situ survey has allowed identifying different connection degrees between structural elements (walls-to-walls, walls-to-vaults) standing from interlocking to simply leaning
elements. Moreover, the external stones of the Palace exhibit an apparent state of degradation,
possibly attributed to exposition to environmental stresses and pollutants, such as biological
patina, black crust, presence of vegetation, spalling, reintegration and encrustation.

(a)

(b)

(c)

(d)

Figure 1: The Consoli Palace of Gubbio, Italy. (a) Aerial view of the Consoli Palace and the main square
“Piazza Grande”, (b) main façade, (c) Arengo hall and (d) Nobili hall.
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3

TARGET DYNAMIC DATA AVAILABLE FOR MODELS’ CALIBRATION AND
COMPARISON

3.1 Dynamic identification from Ambient Vibration Tests (AVTs)
The dynamic properties of the Consoli Palace were investigated through Ambient Vibration
Tests (AVTs) carried out on May 4th, 2017. The main purpose of the AVTs was the identification of the elastic dynamic properties of the structure, i.e., natural frequencies, mode shapes and
damping ratios, for structural monitoring and finite element model calibration purposes.
According to the hypothesis of in-plane rigid behaviour of the horizontal floor diaphragms,
a network of 9 uni-axial high sensitivity piezoelectric accelerometers – model PCB 393B12,
capable of measuring maximum accelerations of r0.50 g with a sensitivity of 10 V/g – were
deployed on the three main floors of the Palace (rooftop, Arengo hall, Nobili hall, Figure 2).
The AVT was conducted by using a multi-channel data acquisition system characterized by
24-bit resolution, 102 dB dynamic range and anti-aliasing filters.
The modal identification of Consoli Palace was performed by considering accelerations induced by micro-tremors, mainly due to wind and weak traffic excitation coming from the neighbouring area around the Palace. Consecutive time windows of 1800 s were collected,
corresponding to more than 4000 times the fundamental period of the building.
The acceleration responses of the palace were recorded with the hardware own sampling
frequency of 1652 Hz. Then, since the dominant natural frequencies were expected to lay below
10 Hz, signals were down-sampled to 40 Hz after low-pass filtering, with a Nyquist frequency
of 20 Hz.
The acquired signals were affected by anomalous peaks due to the bells-dependent nonstationary excitation, produced by the bell tower playing all day and night long with a 15-minute
step interval. To remove this effect, an automated simple pre-processing tool has been implemented and applied to the data enabling to identify portions of the signals containing peak response accelerations overcoming a prescribed threshold (assumed as ten times the root mean
square value of the signal) and to remove these portions – after application of half Hanning
windows to the tails of the signals to be concatenated.
Finally, the dynamic identification was performed employing the Stochastic Subspace Identification (SSI) technique. To briefly introduce the SSI methods, it is convenient to consider a
time-invariant n-dof structural system, whose state-space equations of motion can be written as
࢞ሺ݇  ͳሻ ൌ ࢞ሺ݇ሻ  ࢝ሺ݇ሻ
࢟ሺ݇ሻ ൌ ࢞ሺ݇ሻ  ࢜ሺ݇ሻ

(1)

where k denotes the time step; ࢞  אԹ is the state vector; ࢟  אℝ is the vector of the ݈ output
measurements; ࢝  אℝ is the external input, modelled as a white noise process vector; ࢜  אℝ is
a white noise affecting the measurements;   אԹൈ is the system matrix;   אԹൈ is the output matrix. Then, thanks to a transformation of the state-space system, rewritten in the frequency domain by its transfer function through the so-called Canonical Variate Analysis (CVA)
algorithm, the modal features can be extracted. More extensive details on this modal identification tool are reported in [6]. Table 1 summarizes the AVT-based fundamental vibration
modes, where directions x and y are defined along the larger and the smaller dimension of the
rectangular plan, respectively. The global mode shapes, i.e., 1-2-5, identified by the adopted
SSI procedure are presented in Figure 3.
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(a)

(b)

(c)

Figure 2: Configuration of 9 accelerometers and data acquisition system adopted in the AVT (a) at the top of the
building (channels 1, 2, 3), (b) in the Arengo hall (channels 7, 8, 9), (c) in the Nobili hall (channels 4, 5, 6).

Mode
1
2
3
4
5
6

Type
global
global
local
local
global
local

Description
flexural along x-direction
flexural along y-direction
flexural of the bell tower
flexural of the bell tower
torsional
torsional of the bell tower

݂ (Hz)
2.296
2.989
3.508
3.743
4.172
7.035

ߦ (%)
1.121
0.751
0.779
2.477
1.104
1.089

Table 1: Identified natural frequencies (݂ ) and damping ratios (ߦ݁ ) of the Palace, estimated by SSI of the AVTs
carried out on May 4th 2017.

(a)

(b)

(c)

Figure 3: Global mode shapes of Consoli Palace identified from AVT acceleration records by automated SSI.
(a) Mode 1, (b) mode 2 and (c) mode 5.

3.2 Updated Finite Element (FE) model of the palace
To perform a consistent interpretation of the identified vibration modes, a 3D numerical
Finite Element (FE) model of the structure has been built in the ABAQUS environment [7].
The mesh of the model is composed of a dense grid of tetrahedral elements (see Figure 5a in
§4.1). Based on the principal architectural portions identified within the building (as described
in §2), the model has been subdivided into four homogenous parts characterized by different
values of Young’s modulus of the masonry: the foundation level, the Arengo level, the Nobili
level and the bell-tower. Hence, Young’s moduli are assumed as uncertain parameters and their
values have been adjusted in the calibration process to minimize the average relative difference
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between numerically predicted and experimentally identified natural frequencies. On the contrary, the same values of Poisson’s coefficient and material density have been considered in the
whole building.
The updated values of Young’s moduli are summarized in Table 2. The relative difference
ȟ݂ between experimentally identified (݂ ) and numerically predicted (݂ǡிா ) natural frequencies
is highlighted in Table 3. Extensive details on the FE model calibration can be found in [8].
Part
Foundation level
Arengo level
Nobili level
Bell tower

Initial value (MPa)
2440
2440
2440
2440

Updated value (MPa)
3327
3510
3327
3450

Table 2: Updated values of Young’s moduli.

Mode
1
2
3
4
5
6

݂ (Hz)
2.296
2.989
3.508
3.743
4.172
7.035

݂ǡிா (Hz)
2.352
3.047
3.460
3.544
4.171
7.09

߂
0.024
0.019
-0.014
-0.053
<0.001
0.008

Table 3: Comparison between experimentally identified (݂ ) and numerically predicted ( ݂ǡிா )
natural frequencies, where ߂ ൌ ሺ݂ െ ݂ ሻȀ݂ represents the relative frequency difference.

4

FORMULATION AND CALIBRATION OF THE EQUIVALENT FRAME (EF)
MODEL

4.1 Equivalent-frame modelling assumptions and related issues
The structural model of the Consoli Palace, based on the Equivalent Frame (EF) modelling
approach, is built with the commercial software 3Muri (Release 11.5.7) distributed by S.T.A.
Data. In the EF approach, as known, the deformability and the nonlinearity are concentrated in
specific parts of the masonry walls, i.e. piers and spandrels. These are the portions in which
seismic damage tends to concentrate, as widely testified by in situ observations of existing
buildings hit by recent earthquakes (for example, in Italy [9][10][11][12]). According to this
idealization, the piers – vertical portions of masonry between horizontally aligned openings –
resist both vertical and horizontal loads, whereas the spandrels – horizontal portions of masonry
between vertically aligned openings – play a primary role in piers coupling. The remaining
portions of the walls are idealized as rigid nodes.
The EF approach, thus, is commonly employed to simulate the global seismic response of
ordinary masonry buildings. Some of the simplifying assumptions adopted by EF models, on
the other hand, make their application more involved – and sometimes unsuitable – for historical monumental buildings. This is the case of the Consoli Palace, for which the EF approach
requires particular caution and poses interesting engineering challenges. The following paragraphs address some of the issues faced in the synthetic EF description of the palace, highlighting the differences with more detailed FE approaches and proposing some possible modelling
solutions.
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(a)

(b)

(c)

Figure 4: (a) Rectified picture of the Consoli Palace façade. Corresponding EF mesh according to (b) the criteria implemented in 3Muri and (c) after manual modification. The colours orange, green and light blue represents respectively piers, spandrels and rigid nodes.

The definition of the geometry of the vertical structural elements (Figure 4), mainly depends
on the number and arrangement of openings. This procedure is straightforward when openings
are aligned and regularly distributed. Conversely, in the case of irregularly shaped and sparse
openings, the EF modelling becomes non-trivial and requires expert engineering judgment –
due to the potential source of large dispersion in the simulation of the seismic response [13][14].
Indeed, the structural mesh significantly influences the static and dynamic behaviour of the
structure in the linear and nonlinear regime, so that appropriate criteria for its definition are
crucial to obtain reliable simulations.
Several contributions of the literature address this task, providing various indications [15][16]
[17][18] for the definition of the EF mesh geometry. Nonetheless, most of the rules have been
developed based on a regular arrangement of the openings. Among those, recent research [19]
and detailed comparisons with cracking patterns of damaged buildings [14] suggest the criterion
implemented by 3Muri software to be reliable. Defining the effective height of piers is particularly challenging when the layout of the openings is irregular, which unfortunately represents a
recurrent situation in existing buildings. In recent years, many researchers have focused their
efforts to overcome this issue (see for example [20][21][22][23][24][25]). However, no shared
consensus in the scientific community and standardized rules have been established yet.
The openings of the Consoli Palace are often irregularly arranged on the walls, without
systematic horizontal and vertical alignments. In this case, according to the criterion adopted
by 3Muri software, large portions of the walls would be idealized as rigid nodes due to the
unusually large interstorey heights (such as those of the Arengo hall, §2). In light of these issues,
firstly, some very small openings on the perimeter of the palace have been neglected to enhance
the quality of the meshing. As shown by recent studies [25][26], this simplification is acceptable
when the opening is sufficiently smaller than the masonry panel. Secondly, the software-generated mesh (Figure 4b) has been carefully revised and manually edited, to define deformable
masonry portions more consistent with physical expectations (Figure 4c).
For what concerns the floor diaphragms, they are modelled as rectangular orthotropic membranes [15]. Their elastic mechanical properties are identified by the axial Young's moduli of
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the two main directions of in-plane deformation and, more importantly, by the shear modulus
ܩௗ . This parameter, depending on the diaphragm thickness, governs the equivalent shear stiffness provided by floor diaphragms to the coupled walls, determining the redistribution of horizontal seismic actions as well. As previously highlighted (§2), the Consoli Palace is mainly
characterized by vaulted floors of different typologies. Their geometric characteristics are peculiar, especially those regarding the huge barrel vault covering the Arengo hall, in which narrow and long vaulted rooms have been built within the volume of the vault itself. This complex
system of rooms has not been explicitly described in the EF model, coherently with its simplified nature. Nevertheless, the dynamic calibration of the model considers wider uncertainties in
the masses and horizontal stiffness contributions provided by this floor (see §4.2).
With similar reasoning and due to its complexity, the roofing system has been modelled only
through its mass contribution. It should be remarked that the proper and additional masses of
floors, in the EF model, are distributed to the diaphragm perimeter nodes. In the case of the
Consoli Palace, these masses are relevant, accounting for 30% of the total mass of the structure.
Another important aspect of the three-dimensional EF assembling regards the degree of connection between walls and horizontal diaphragms and between walls. The first is governed by
the stiffness properties of the diaphragms themselves. The second, on the other hand, must
reproduce the quality of the anchoring between intersecting walls, depending on the mechanical
properties of masonry and the stone arrangement at the walls joint. Different effectiveness of
the wall-to-wall connection may be achieved by different modelling strategies in EF models, as
discussed in [27], among which the use of connecting beams is particularly effective.
The recent in situ survey (§2) allowed identifying those walls in which the so-called flange
effect is guaranteed, so to be equivalently described by stiff coupling beams. In other cases,
walls are not intersecting but simply leaning against each other, so that the flange effect is
negligible. The intermediate cases are reproduced in the model through appropriate connecting
beams, whose stiffness properties determine the degree of coupling between intersecting masonry walls.

(a)

(b)

Figure 5: (a) Finite element (FE) model and (b) Equivalent Frame (EF) model of the Consoli Palace.
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Finally, the three-dimensional structure is assembled from bi-dimensional elements, walls
elements and floor diaphragms, neglecting their out-of-plane stiffness contributions. This assumption is reasonable and widely adopted in the analysis of ordinary masonry buildings. In
the case of Consoli Palace, however, the thicknesses of bearing walls are much larger – sometimes comparable with the in-plane extension, see §2 and Figure 3 – than those found in ordinary buildings. As a consequence, their out-of-plane stiffness is expected to influence
significantly the global dynamic behaviour of the structure. This effect has been properly accounted for in the calibration process (see §4.2).
In light of these premises, the resulting three-dimensional EF model (Figure 5b) faithfully
reproduces the geometric and structural characteristics of the palace, derived from the available
documentation and refined following the on-site investigations. If compared to the FE model
(Figure 5a), indeed, the biggest simplification lies in the impossibility to explicitly model the
volume of the subsoil at the foundation level. In the EF model, this limitation is overcome by
employing proper node constraints.
4.2 Uncertainties and updating technique
The model updating process is formulated as a constrained global optimization problem, in
which uncertain mechanical parameters characterizing the structural model are calibrated to
minimize the differences between the numerical simulations and the experimental results. Considering the availability of three reliable experimental modes – identified from AVTs in §3.1
and employed for the calibration of the FE model of the palace in §3.2 – resulting in three target
frequencies and as many mode shapes, the dimensions of the problem (i.e. the number of free
parameters) are limited to a maximum of six unknowns.
The extension of the parameter space, i.e. allowed range of variation of each parameter,
reflects (i) the related degree of uncertainty deriving from the limited knowledge of the existing
structure and (ii) as thoroughly discussed in the following, some limitations of the EF in modelling such a complex masonry structure (§4.1). Based on this premise, in a preliminary phase,
five mechanical parameters – expected to influence the undamped free vibrations of the structure in the investigated range of frequencies – are assumed as the problem unknowns. Their
reference values and ranges of variation are synthetically reported in Table 4.
The parameter ܧ represents the masonry Young’s modulus of the whole body of the palace.
According to the EF idealization, this quantity governs the in-plane flexural response of the
vertical structural elements (i.e. piers and spandrels). In this respect, this parameter is expected
to have a primary influence on the natural frequencies of the global (in this case, translational
and rotational) modes. Since no experimental tests are available to directly characterize the
mechanical properties of the palace masonry, the reference elastic modulus is assumed as the
average value of the range proposed by the Italian Circular No. 7/2019 [28] for massive stone
(Table C8.5.I) – which characterizes most of the palace bearing walls – taking into account the
good quality of the mortar joint observed during the in situ surveys (Table C8.5.II). Similarly,
concerning the lowest acceptable value, the range of variation is constrained according to the
same code provision. Conversely, the less stringent upper bound is mainly aimed at an indirect
in-plane compensation of the unmodeled out-of-plane stiffness of the vertical elements (§4.1).
This statement should not be surprising, observing the significant out-of-plane thickness of the
bearing walls (§2). The in-plane shear contribution, governed by the shear modulus of the masonry ܩ , is derived assuming a Poisson ratio equal to 0.2 – as in the FE calibration (§3.2) –
leading to ܩ ൌ ܧ ΤͳǤͶ.
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Parameter Description
ܧ (MPa) Young’s modulus of palace masonry
Young’s modulus of bell tower maܧ௧ (MPa)
sonry
ߩ (kg/m3) Mass density of palace masonry
Relative variation of floor masses
ܿௌ
(Arengo and roof level)
Relative variation of floor diaphragms
ܿீௗ
in-plane shear stiffness (vaults)
Relative variation of ܧ
ܿ
along the y direction

Reference Lower
value
bound
3420
2400

Upper
bound
12000

3420

2400

12000

2200

1800

2400

1

0.5

1.5

1

0.5

25

1

0.5

1.5

Table 4: Reference values and variation boundaries of the parameters calibrated in the updating process.

The Young’s modulus of bell tower masonry ܧ௧ governs the frequency of the local modes
of the bell tower, in particular those involving its flexural behaviour. From the mechanical point
of view, no significant differences are expected between the palace and tower masonries – sharing the same typology, see §4.1. Choosing this parameter as a separate variable, nevertheless,
allows decoupling the effects of the unmodeled out-of-plane stiffness belonging to the main
building from those belonging to the tower itself. This parameter is expected to be overestimated from the updating procedure as well, due to the significant thickness of the pillars supporting the bell tower.
The variation of the mass density ߩ of the palace masonry is constrained according to a
limited uncertainty related to the building material properties. It should be remarked, in this
regard, that the wall mass contribution is around 70% of the total mass of the building, making
the calibration process quite sensitive even to small variations of this parameter.
The relative weighting factor ܿௌ takes into account the uncertainty in the definition of the
proper and added masses insisting on the Arengo vault and the roof level. This parameter addresses the vertical loads contribution (i) the complex system of rooms rising above the Arengo
vault and of (ii) the roofing, none of which being explicitly described by the model (§4.1). Such
masses are estimated to be around 2000 ton each, making up around 60% of the floor masses
and 15% of the total mass of the palace. According to the EF modelling assumptions, the diaphragms masses are lumped to the nodes located on the supporting perimeter walls, so that their
variation is expected to influence the torsional inertia of the floors.
The coefficient ܿீௗ allows tuning the equivalent in-plane shear stiffness ܩௗ provided by horizontal diaphragms, in particular by those representing vaulted floors. This choice is justified
by the unusually large dimensions of the Arengo vault (§2), which make analytical estimations
– such as those presented in [29] and employed to estimate reference values – less reliable. A
recent contribution of the literature allows to quantitatively identify the actual shear stiffness of
floor diaphragms from ambient vibration data [30]. Nevertheless, in this specific case, the limited number of sensors and their suboptimal location prevent a successful identification [31].
For these reasons, a finer calibration of this parameter is delegated to the updating process.
Finally, the factor ܿ characterizes the masonry Young’s modulus of the bearing walls
aligned with the y axis, according to the expression ܧǡ௬ ൌ ܿ ܧ . This parameter addresses
the potential unbalance between the global out-of-plane stiffness provided by each direction.
Based on simple geometric considerations, observing the huge thickness and length of the two
perimeter walls developing along x, the out-of-plane contribution is expected to be prominent
along y (i.e. ܿ  ͳ).
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The simplifying assumptions of the 3Muri EF implementation – discussed in detail in §4.1
– and, more in general, those of the equivalent frame formulation, surely make the modelling
of a complex structure such as the Consoli Palace a challenging task. On the other hand, if
compared to FE modelling, the synthetic EF formulation ensures much lower computational
requirements. Taking advantage of this feature, the inverse updating problem is approached
from a global search perspective, aimed at the extensive exploration of the parameter space.
In particular, a genetic algorithm is chosen among the several global optimization approaches suitable to carry out the updating process. This metaheuristic search, belonging to the
larger class of evolutionary algorithms, mimics the natural selection process relying on biologically inspired operators such as selection, crossover and mutation. The initial population size
is set to 200 members, sampled uniformly from the bounded parameter space. Parents are selected among the members of each population with the lowest objective values. To ensure diversity, each subsequent generation is composed of (i) ten elite members, those with the highest
ranking from the previous generation, (ii) 80% of the remaining members generated from parents crossover – mixing different genes, i.e. parameters – and (iii) 20% generated from parents
mutations – applying random Gaussian noise to their parameters.
The single objective function ȫ to be minimized is representative of the relative differences
between simulated and experimental modes, according to the expression
ȫ ൌ ݓ ȫ  ݓ௦ ȫ௦ ǡ ݓ  ݓ௦ ൌ ͳ
ଶ

൫ͳ െ ඥǡ ൯
݂ǡ െ ݂ǡ
ቇ ǡ ȫ௦ ൌ 
ȫ ൌ  ቆ
݂ǡ
ǡ


ଶ

(2)



where ȫǡ ȫ௦ measure respectively the differences in natural frequencies and mode shapes [32]
– whose relative importance is governed by the weighting factors ݓ ǡ ݓ௦ – over the ݇ selected
modes. The expressions of ȫ and ȫ௦ are balanced in their relative magnitudes, so that the updating process is penalizing frequency differences when MAC [33] values are greater than 0.7.
Based on this consideration, intrinsically addressing the higher robustness of experimentally
identified frequencies compared to mode shapes, the weights ݓ ǡ ݓ௦ are initially assumed to be
both equal to 0.5.
4.3 Dynamic calibration based on experimental results
Few are the contributions of the literature addressing the use of AVTs results to dynamically
calibrate EF models, aimed at reducing the aforementioned epistemic and aleatory uncertainties
intrinsic to the modelling process [34].
Considering the set of experimental modes identified by AVTs (§3.1) and following the
approach followed by the FE model calibration (§3.2), the first, second and fifth identified
modes (Table 1, Figure 3) are selected as the target of the updating process. Convergence – as
an average relative variation in the best objective function lower than 10% – is obtained at the
eleventh generation, corresponding to 2300 function evaluations (modal analyses solved with
the TreMuri research version [15]). The solution is achieved in around 40 minutes, exploiting
the multiprocessing capabilities of a modern quad-core CPU. This time is comparable with the
one employed by the corresponding FE model to solve a single modal analysis.
A first calibration is pursued employing a synthetic EF model in which the bell tower is not
explicitly modelled, i.e. addressing its inertial contribution only. The corresponding label w/oT
stands for “without tower”. The set of reference parameter, named w/oT0 (Table 5), produces
(i) large underestimates of natural frequencies and (ii) for the second mode, a poor mode shape
correlation (Table 6). In particular, the relative frequency differences ߂ ൌ ሺ݂ െ ݂ ሻȀ݂ range
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from -30% to -50%. This outcome was expected, given the importance of the unmodeled outof-plane stiffness of the bearing walls (§4.1). The calibration results (referred to as w/oT1)
show that, despite significant improvements in the objective function, frequency differences
remain large. Indeed, a better agreement could be achieved – for example, setting ݓ ǡ ݓ௦ equal
to 0.8 and 0.2 respectively – at the cost of completely losing the mode shape correlation of the
second mode. Conversely, no set of parameters manages to improve such a correlation, due to
the torsional component not observed in experimental results (Figure 6a).
If the explicit introduction of the bell tower – label T – does not improve significantly the
reference configuration T0, better results are obtained from the calibration of the tower stiffness
properties. The calibration T1 achieves (i) frequency differences lower than 5% for the first two
modes and lower than 10% for the fifth mode and (ii) good mode shapes accordance, resulting
in a reduction of the objective function of one order of magnitude (Table 7). Remarkably, the
second mode shows a pure translational behaviour along the x-direction (Figure 6b), significantly improving the agreement with experimental observations. This outcome seems to confirm the primary role played by the bell tower and its non-negligible influence on the global
dynamics of the palace.
The corresponding set of updated parameters, compared with their reference values, shows
a large increase in Young’s moduli of both the palace and bell tower masonries. In the case of
tower’s pillars, a simple manual estimation of the unmodeled out-of-plane stiffness – ranging
from 1.25 to 1.5 times the corresponding in-plane stiffness for the cantilever and doubleclamped schemes – yields physically reasonable estimates of the elastic moduli. The parameters
governing the wall and diaphragms masses show a reasonable decrease, compatible with the
initial underestimation of natural frequencies. The coefficient governing the in-plane shear stiffness of floor diaphragms, close to its upper bound, suggest the underestimation of the stiffness
properties of vaults (§4.2).
Parameter
ܧ (MPa)
ܧ௧ (MPa)
ߩ (kg/m3)
ܿௌ
ܿீௗ
ܿ

w/oT0
3420
//
2200
1
1
//

w/oT1
6450
//
1810
1.29
24.8
//

T0
3420
3420
2200
1
1
//

T1
11960
7000
1970
0.5
24.9
//

T2
7650
9100
1893
0.5
24.4
1.5

Table 5: Reference and updated values of the parameters calibrated by the updating process.

w/oT0 - ȫ = 0.4628
Mode ݂ (Hz) Mode ݂ǡாி (Hz) ߂
MAC
1
2.296 1
1.19
-0.482 0.97
2
2.989 2
1.93
-0.354 0.42
5
4.172 3
2.02
-0.516 0.85

w/oT1 - ȫ = 0.1723
݂ǡாி (Hz) ߂
MAC
1.63
-0.290 0.98
2.63
-0.120 0.53
2.83
-0.322 0.87

Table 6: Comparison between the experimental results, the reference and the updated EF model w/oT.

Mode
1
2
5

݂ (Hz)
2.296
2.989
4.172

Mode
1
2
5

T0 - ȫ = 0.3999
݂ǡாி (Hz) ߂
1.19
-0.482
1.89
-0.368
2.27
-0.456

MAC
0.97
0.47
0.78

T1 - ȫ = 0.0200
݂ǡாி (Hz) ߂ MAC
2.34
0.019 0.99
3.06
0.024 0.80
3.83
-0.082 0.77

T2 - ȫ = 0.0164
݂ǡாி (Hz) ߂ MAC
2.25
-0.020 0.99
3.19
0.067 0.80
3.87
-0.072 0.84

Table 7: Comparison between the experimental results and the updated EF model T.
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(a)

(b)

(c)

Figure 6: Shape of mode 2 in the (a) w/oT1, (b) T1 and (c) T2 updated EF models.

Introducing the coefficient ܿ , accounting for the directional effects of the unmodeled outof-plane stiffness (see §4.2), does not bring improvements to the updating process. Nevertheless,
solution T2 gives some further insights into the model dynamic behaviour. Comparing T2 with
T1, neglecting the small variations in mass density, a lower stiffness along the x-direction allows obtaining equally satisfying results. Conversely, a much higher stiffness along the y-direction – 1.5 times greater than that of x – forms the optimal solution, confirming the
expectations regarding the unbalance between the out-of-plane contributions provided by each
direction.
4.4 Comparison with the updated FE model
The results of the model update process (§4.2) show the ability of the calibrated EF model
to correctly reproduce the experimental dynamics of the Consoli Palace. The unusual complexity of the structure, in this case, highlights the limitations introduced by common assumptions
in the EF modelling of masonry structures as well. In the following, a detailed dynamic comparison with the updated FE model of the palace (§3.2) gives further insights on the suitability
of these two formulations in supporting the SHM of historical masonry structures. Since the
update of both structural models targeted the same experimental modes, the comparison is extended to the entire set of the first five modes (regardless of their employment in the updating
process). Moreover, to overcome some issues faced with experimental mode shapes – mainly
related to spatial aliasing and due to the absence of sensors on the bell tower, §3.1 – the two
models are compared accounting for an increased number of nodes.
From a dynamic point of view, the two models show a similar ability to reproduce the ambient behaviour of the palace (see Table 3 and Table 7). Indeed, the FE model does not suffer
from critical modelling simplifications (such as those related to the out-of-plane stiffness)
which makes the EF updating process less straightforward. For these reasons, rather than looking at the constitutive parameters, it seems more interesting to compare directly the models’
dynamic response.
For what concerns the calibration T1, the EF model does not correctly reproduce some
modes of the FE model (Table 8), in particular the third mode – involving the flexural behaviour
of the bell tower, Figure 3. This result is not unexpected, considering that this mode has not
been included in the updating procedure. Undoubtedly, the most important difference between
the two models lies in the second natural mode. In the EF model, mode 2 is mainly characterized
by a local flexural behaviour of the bell tower in the x-direction. From a seismic point of view,
this causes the activation of only a small fraction ݉௫ of the total dynamic mass. In the FE
model, on the other hand, the mode globally involves both the main body of the palace and the
bell tower, so that a significant portion of the total dynamic mass is activated.
Calibration T2 appears to overcome most of these drawbacks. First, there is a remarkably
good agreement in frequencies and an acceptable correlation in mode shapes – even for modes
3 and 4, excluded from the updating. Second, and more importantly, mode 2 configures itself
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as a global mode, with a participant mass ratio comparable with the FE one. This finding emphasizes, again, the influence of the bell tower on the global dynamic behaviour of the structure,
calling for further experimental investigations specifically aimed at identifying such an interaction.
FE (26000 ton)
݉௬
Mode ݉௫
1
0
0.80
2
0.52
0
3
0.10
0.01
4
0.18
0
5
0.01
0.02

EF – T1 (25800 ton)
MAC
݉௫ ݉௬ ߂
0
0.57 -0.011 0.98
0.05 0
0.003 0.79
0
0.02 -0.105 0.37
0
0
-0.025 0.69
0.28 0
-0.082 0.68

EF – T2 (25000 ton)
MAC
݉௫ ݉௬ ߂
0
0.58 -0.044 0.98
0.45 0
0.046 0.73
0.01 0
-0.031 0.65
0.11 0.01 0.022 0.91
0.08 0
-0.073 0.74

Table 8: Comparison between the updated FE model and the updated EF model T (with bell tower).

5

CONCLUSIONS AND FUTURE PERSPECTIVES

The paper proposes an uncommon application of the equivalent frame (EF) technique to the
structural modelling of a historical masonry palace, the Consoli Palace of Gubbio, Italy. The
EF modelling of such a complex and heterogeneous structure poses some challenging issues,
which are discussed and specifically addressed in the work. The computational efficiency of
the model allows the employment of a global search updating strategy, aimed at minimizing the
differences with the experimental modal properties of the structure identified from ambient
vibration tests. The results show the capability of the EF approach in describing the elastic
dynamic behaviour of the structure and the need, for this structural typology, to overcome some
limitations arising from simplifying modelling assumptions. The most relevant, in this case,
proves to be the out-of-plane stiffness of the bearing walls, which is implicitly incorporated by
the in-plane stiffness in the calibration process. The good accordance with the refined and updated Finite Element (FE) model of the structure confirms the possibility to employ the simplified EF formulation to support the model-based health monitoring of the palace. The
comparison highlights, finally, the primary role played by the bell tower in determining the
global dynamics of the structure. This outcome calls for further experimental investigations,
which are being addressed within the Italian PRIN 2017 project DETECT-AGING through an
extended dynamic, static and environmental monitoring system that has been recently deployed.
The future developments will tackle the employment of both the EF and FE in the statistical
simulations of post-seismic scenarios, supporting the localization and quantification of damage
from vibration measurements through metamodelling. Further refinements of the EF model,
aimed at the explicit description of the out-of-plane stiffness contributions of walls, are currently ongoing.
6

ACKNOWLEDGEMENT

This research has been supported by the Italian Ministry of Education, University and Research (MIUR) thanks to the funded project of national interest DETECT-AGING – “Degradation Effects on sTructural safEty of Cultural heriTAGe constructions through simulation and
health monitorING” (Protocol No. 201747Y73L).

3791

S. Cattari, D. Sivori and S. Alfano

REFERENCES
[1] F. Clementi, A. Formisano, G. Milani, F. Ubertini, Structural Health Monitoring of Architectural Heritage: From the past to the Future Advances. International Journal of Architectural Heritage, 15(1), 2021.
[2] P. Roca, M. Cervera, G. Gariup, L. Pelà, Structural analysis of masonry historical constructions. Classical and advanced approaches. Archives of Computational Methods in
Engineering, 17(3), 299-325, 2010.
[3] A.M. D’Altri, V. Sarhosis, G. Milani, J. Rots, S. Cattari, S. Lagomarsino, E. Sacco, A.
Tralli, G. Castellazzi, S. de Miranda, Modeling strategies for the computational analysis
of unreinforced masonry structures: review and classification. Archives of Computational
Methods in Engineering, 27, 1153-1185, 2019.
[4] S. Lagomarsino, S. Cattari, PERPETUATE guidelines for seismic performance-based assessment of cultural heritage masonry structures. Bulletin of Earthquake Engineering, 13,
13-47, 2015.
[5] E. Quagliarini, G. Maracchini, F. Clementi, Uses and limits of the Equivalent Frame
Model on existing unreinforced masonry buildings for assessing their seismic risk: A review. Journal of Building Engineering, 10, 166-182, 2017.
[6] F. Ubertini, C. Gentile, A.L. Materazzi, Automated modal identification in operational
conditions and its application to bridges. Engineering Structures, 46, 264-278, 2013.
[7] Simulia, Abaqus Analysis User's Manual. Volume III: Materials, Dessault Systèmes,
USA, 2010.
[8] A. Kita, N. Cavalagli, F. Ubertini, Temperature effects on static and dynamic behavior of
the Consoli Palace in Gubbio, Italy. Mechanical Systems and Signal Processing, 120,
180-202, 2019.
[9] N. Augenti, F. Parisi, Learning from construction failures due to the 2009 L’Aquila, Italy,
earthquake. Journal of Performance of Constructed Facilities, 24(6), 536-555, 2010.
[10] S. Cattari, S. Degli Abbati, D. Ferretti, S. Lagomarsino, D. Ottonelli, A. Tralli, The seismic behaviour of ancient masonry buildings after the earthquake in Emilia (Italy) on May
20th and 29th, 2012. Ingegneria Sismica, 29(2-3), 87-119, 2012.
[11] A. Penna, P. Morandi, M. Rota, C.F. Manzini, F. Da Porto, G. Magenes, Performance of
masonry buildings during the Emilia 2012 earthquake. Bulletin of Earthquake Engineering, 12(5), 2255-2273, 2014.
[12] L. Sorrentino, S. Cattari, F. Da Porto, G. Magenes, A. Penna, Seismic behaviour of ordinary masonry buildings during the 2016 central Italy earthquakes. Bulletin of Earthquake
Engineering, 17(10), 5583-5607, 2019.
[13] S. Bracchi, M. Rota, A. Penna, G. Magenes, Consideration of modelling uncertainties in
the seismic assessment of masonry buildings by equivalent-frame approach. Bulletin of
Earthquake Engineering, 13(11), 3423-3448, 2015.
[14] D. Ottonelli, C. Marano, C. Manzini, B. Calderoni, S. Cattari, A comparative study on a
complex URM building. Part I: sensitivity of the seismic response to different modelling
options in the equivalent frame models. Bulletin of Earthquake Engineering, 2021. Submitted to the S.I.: URM nonlinear modelling - Benchmark project.

3792

S. Cattari, D. Sivori and S. Alfano

[15] S. Lagomarsino, A. Penna, A. Galasco, S. Cattari, TREMURI program: an equivalent
frame model for the nonlinear seismic analysis of masonry buildings. Engineering structures, 56, 1787-1799, 2013.
[16] N. Augenti, Seismic behaviour of irregular masonry walls. Proceedings of the 1st European Conference on Earthquake Engineering and Seismology (ECEES), Geneva, Switzerland, 3-8 September, 2006.
[17] M. Dolce, Schematizzazione e modellazione degli edifici in muratura soggetti ad azioni
sismiche. Industria delle costruzioni, 25(242), 44-57, 1991 (in Italian).
[18] F.L. Moon, T. Yi, R.T. Leon, L.F. Kahn, Recommendations for seismic evaluation and
retrofit of low-rise URM structures. Journal of Structural Engineering, 132(5), 663-672,
2006.
[19] S. Cattari, D. Camilletti, A.M. D’Altri, S. Lagomarsino, On the use of continuum Finite
Element and Equivalent Frame models for the seismic assessment of masonry walls,
Journal of Building Engineering, 2021. https://doi.org/10.1016/j.jobe.2021.102519
[20] F. Parisi, N. Augenti, Seismic capacity of irregular unreinforced masonry walls with
openings, Earthquake Engineering and Structural Dynamics, 42(1), 101-121, 2013.
[21] M. Berti, L. Salvatori, M. Orlando, P. Spinelli, Unreinforced masonry walls with irregular
opening layouts: reliability of equivalent-frame modelling for seismic vulnerability assessment. Bulletin of Earthquake Engineering, 15(3), 1213-1239, 2017.
[22] R. Siano, V. Sepe, G. Camata, E. Spacone, P. Roca, L. Pelà, Analysis of the performance
in the linear field of equivalent-frame models for regular and irregular masonry walls.
Engineering Structures, 145, 190-210, 2017.
[23] B. Calderoni, E.A. Cordasco, C. Musella, A. Sandoli, La modellazione delle pareti murarie in relazione alle irregolarità geometriche: problemi aperti. Proceedings of XVII
ANIDIS Conference, Pistoia, Italy, 17-21 September, 2017. (in Italian)
[24] R. Siano, P. Roca, G. Camata, L. Pelà, V. Sepe, E. Spacone, M. Petracca, Numerical
investigation of non-linear equivalent-frame models for regular masonry walls. Engineering Structures, 173, 512-529, 2018.
[25] D. Camilletti, S. Cattari, S. Lagomarsino, In plane seismic response of irregular URM
walls through Equivalent Frame and Finite Element models, Proceedings of 16th European Conference on Earthquake Engineering (ECEE), Thessaloniki, Greece, 18-21 June,
2018.
[26] D. Camilletti, Equivalent Frame modelling of URM buildings: numerical validation and
rules. PhD thesis, University of Genoa, Genoa, Italy, 2019.
[27] S. Cattari, G. Magenes, Benchmarking the software packages to model and assess the
seismic response of unreinforced masonry existing buildings through nonlinear static
analyses. Bulletin of Earthquake Engineering, 2021. https://doi.org/10.1007/s10518-02101078-0
[28] MIT 2019, Ministry of Infrastructures and Transportation, Circ. C.S.LL.PP. No. 7 of
21/1/2019. Istruzioni per l’applicazione dell’aggiornamento delle norme tecniche per le
costruzioni di cui al Decreto Ministeriale 17 Gennaio 2018. G.U.S.O. No. 35 of 11/2/2019.
(in Italian)

3793

S. Cattari, D. Sivori and S. Alfano

[29] S. Cattari, S. Resemini, S. Lagomarsino, Modelling of vaults as equivalent diaphragms in
3D seismic analysis of masonry buildings. In Structural analysis of historic construction:
preserving safety and significance, Two Volume Set, 537-544, 2008. CRC press.
[30] D. Sivori, M. Lepidi, S. Cattari, Structural identification of the dynamic behavior of floor
diaphragms in existing buildings. Smart Structures and Systems, 27(2), 173, 2021.
[31] D. Sivori, M. Lepidi, S. Cattari, Ambient vibration tools to validate the rigid diaphragm
assumption in the seismic assessment of buildings. Earthquake Engineering and Structural Dynamics, 49(2), 194-211, 2020.
[32] B. Jaishi, W.X. Ren, Structural finite element model updating using ambient vibration
test results. Journal of structural engineering, 131(4), 617-628, 2005.
[33] R.J. Allemang, The modal assurance criterion–twenty years of use and abuse. Sound and
vibration, 37(8), 14-23, 2003.
[34] S. Cattari, S. Degli Abbati, S. Alfano, A. Brunelli, F. Lorenzoni, F. Da Porto, Dynamic
calibration and seismic validation of numerical models of URM buildings through permanent monitoring data. Earthquake Engineering and Structural Dynamics, 2021. Accepted for publication.

3794

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

RAPID DESIGN OF R/C COLUMNS
USING MACHINE LEARNING TECHNIQUES
Vassilis K. Papanikolaou1, and Aristotelis E. Charalampakis2
1

School of Civil Engineering
Aristotle University of Thessaloniki
Thessaloniki, 54124, Greece
billy@civil.auth.gr
2

Department of Civil Engineering
University of West Attica
Athens, 12244, Greece
achar@uniwa.gr

Abstract
The development of Machine Learning, which is deemed to be the path to Artificial Intelligence, has changed tremendously the way many computationally intensive tasks are treated
nowadays. Regarding the design of R/C columns and bridge piers, the results of a recent project which proposes a number of design functions are examined and discussed in this work.
Both rectangular and circular as well as solid and hollow sections are treated. The proposed
design functions are naturally immune to numerical instabilities and achieve more than adequate accuracy for design. They are also, by nature, orders of magnitude faster than any design algorithm based on iterative equilibrium procedures. The error estimation for each
function is described in detail based on extensive test sets. Certain method pitfalls, which
were encountered and successfully treated, are also discussed.
Keywords: Machine Learning; Artificial Neural Networks; Big Data; Reinforced Concrete;
Design; Columns; Bridge piers.
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1

INTRODUCTION

Reinforced concrete (R/C) vertical members (e.g., columns, bridge piers, structural walls)
are generally subjected to a combined action comprising two perpendicular planes of flexure
(biaxial bending) and a usually compressive axial load. The magnitude and ratio between
these three actions (N, Mx, My) mainly depends on the stiffness and position of the member
within the structure and the applied loading combination (e.g., gravity, seismic, wind). The
design of critical sections for these vertical members, i.e., the calculation of required reinforcement, is normally carried out either by use of traditional design charts (e.g., [1]) or by
more rigorous algorithmic solutions that require modern computational resources (e.g., [2,3]).
Numerous repetitions of the above design process are usually required at structural level;
therefore, its computational efficiency is of prime importance.
In this paper, a fundamentally different approach to the design of R/C vertical members is
suggested; instead of applying design data (e.g., section dimensions, material properties, etc.)
and computational rules (e.g., stress integration, section equilibrium, etc.) to produce answers
to the design problem (i.e., the required reinforcement), the exact inverse procedure is applied;
using a robust section analysis algorithm, an extensive set (tens of millions) of sample solutions to the problem is first compiled. Then, large Artificial Neural Networks (ANNs) are
trained to predict the solution, i.e., the required reinforcement. The obvious reward of this approach is that the forward-propagation can be transformed into closed-form design functions
which are by orders of magnitude faster than any iterative schemes. They are also immune to
any numerical instability issues.
2

MACHINE LEARNING

Machine learning (ML) provides the technical background of data mining, i.e., extraction
of information from large datasets, focused on predictions based on known data properties [4].
This is not something new; simple regression analyses based on experimental data can be
considered to be early ML applications in engineering. However, regarding the R/C design
problem investigated herein, such attempts have not gained much recognition due to the limited amount of experimental data, which may lead to overfitting and eventually inaccurate
predictions. Contrarily, the proposed approach operates directly on a huge amount of precalculated results which are based on structural mechanics principles and Code regulations
[e.g., 5]. It is true that the structure of the produced design functions is obscure; yet, when utilized as a black-box, their results are easily verifiable by comparing them to the results of
classic iterative computational methods.
The objective of this work is to produce the simplest possible algorithm (function) that
yields an acceptable level of accuracy for practical design purposes. In this context, the initial
goal for the calculation of mechanical reinforcement ratio (Ȧ) was to produce a maximum absolute error of 0.01, corresponding to an actual reinforcement area error as low as 0.3 ‰ (in a
typical R/C column design). Experimentation with various ML implementations showed that
only relatively large Artificial Neural Networks (ANNs) have the adequate complexity to address the high nonlinearities inherent in the data. Moreover, data overfitting can be avoided
effectively by using extremely large training sets. These training sets were evenly spaced
within a standard range of values for each design parameter. Also, additional engineered parameters were applied to assist the learning process. In order to validate of the applied procedure, new testing sets, unknown to the trained ANN, of double the size of their training
counterparts were also compiled. The final measure to ensure the robustness of the proposed
method was to apply auxiliary ANN-based functions to screen out unreasonable user input
that may cause false output due to extrapolation.
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3

ANN TRAINING & TESTING

For training and testing the ANN-based design functions, extensive sets were precalculated using a robust derivative-free algorithm for section analysis under biaxial bending
and axial load [3]. Four section types were considered (Rectangular / Circular, Solid / Hollow)
using normalized input parameters, similar to traditional design charts [1]. Two notable novelties were the inclusion of the actual concrete cover (c) instead of cover ratios and the consideration of uniformly distributed reinforcement along the section perimeter (constant As per
unit length – subscript ‘d’), additional to the standard equal amount per side (As/4 – subscript
‘e’) for rectangular sections. Fig. 1 shows the considered section parameters for the various
section types.
C12-C50 (İc2=2.0‰, İcu2=3.5‰, n=2)
B500C (fyk=500 MPa, Ȗs=1.15, k=1.0, İud=)
Ȧ
fcd
fyd
Ȗs
k
İc2
İcu2
İud
n
Ac
ǹs
b
h
d
c
t
Nd
Ȟ
Mxd, Myd, Md
ȝx, ȝyȝ

mechanical reinforcement ratio
concrete design strength
steel design strength (fykȖs)
steel partial safety factor
steel hardening factor
concrete strain at max stress
concrete crushing strain
steel crushing strain
polynomial order
concrete area
reinforcement area
section width
section height
section diameter
cover thickness
hollow section thickness
axial load
normalized axial load
bending moments
normalized bending moments

Fig. 1: Section design parameters

Normal strength concrete (C12/15 to C50/60) with parabolic (n=2) stress-strain relationship and standard B500C steel grade (no hardening, no strain limit) was considered, according
to the provisions of the latest draft of Eurocode 2 (EN1992-1-1 [6]). Typical ranges for section parameters were (i) a normalized axial load (Ȟ) from í0.6 to 0.1 (compression negative),
(ii) rectangular section aspect ratios (b/h) from 1.0 (square) to 2.0, (iii) hollow section width
to size (t/b or t/d) from 0.05 to 2.0, (iv) concrete cover to section size ratios (c/b or c/d) from
0.01 to 0.15 and (v) mechanical reinforcement ratios from zero (no reinforcement) to 0.7,
which is deemed a sufficient upper limit for practical design purposes. More details on the
ANN setup and the compilation of training/testing sets can be found in [6]. Table 1 shows the
set sizes (number of instances) that were finally processed in the present ANN implementation.
Solid section
CS
RSe
RSd

Training
88,394
37,009,460
37,009,459

Test
177,675
75,131,088
75,131,295

Hollow section
CH
RHe
RHd

Table 1: Training/test set sizes
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Training
176,823
41,637,616
41,637,623

Test
355,385
84,032,253
84,032,269
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4

RESULTS

The training procedure ran for several days on a modern PC with 128 GB of RAM and
produced six closed form design functions for the considered section types. All analyses presented herein have been carried out using Python/TensorFlow. Table 2 shows a detailed overview of these functions, together with the ANN configuration (nodes in the input/inner/output
layers). Moreover, it includes the mean absolute error (MAE) and the maximum positive and
negative errors (MPE/MNE), in terms of calculated mechanical reinforcement ratio (Ȧ), when
tested against independent sets of double the training size. It is apparent that in all cases, the
maximum error is well below the initial target of Ȧ = 0.01.
Section
CS
CH
RSe
RSd
RHe
RHd

Function
Ȧ = f FGȞȝ
Ȧ = f WGȞȝ
Ȧ = f (b/h, c/bȞȝxȝy)
Ȧ = f (b/h, c/bȞȝxȝy)
Ȧ = f EKWEȞȝxȝy)
Ȧ = f EKWEȞȝxȝy)

ANN size
3-15-15-1
3-15-15-1
9-35-35-1
9-35-35-1
9-35-35-1
9-35-35-1

MAE
0.000125
0.000117
0.000186
0.000207
0.000170
0.000203

MPE/MNE
0.000947/í0.001123
0.000902/í0.000858
0.006404/í0.004423
0.005233/í0.005694
0.004691/í0.003494
0.005037/í0.006202

Table 2: Design functions and ANN performance

The above functions are provided in various programming languages (C#, C++, Delphi,
Fortran, Java, MATLAB, Python, VB.NET, VBA) in the following GitHub repository:
https://github.com/rclab-auth/Project-Omega
Fig. 2 shows the typical source code of one of these functions, together with a provided
spreadsheet that facilitates their use in everyday practice.

Fig. 2: Function code (Python) and spreadsheet format (Excel)
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5

ISSUES / VALIDATION / BENCHMARK

In order to prevent invalid user input, all input variables were limited to the aforementioned ranges on which the respective functions were trained for; however, this could not be
applied for normalized bending moments (ȝx, ȝy), since their limit values were not known in
advance, depending mainly on the axial load level (Ȟ). This led to unpredictable function behavior for unreasonably high user input for bending moments, which, due to the high nonlinearity of design functions, may wrongly predict values for (Ȧ) in the valid range of [0, 0.7]
(extrapolation issues, Fig. 3a). To remedy this problem, suitable boundary functions were introduced using small ANNs trained on a fixed value of Ȧ = 0.75, in order to successfully control invalid user input (Fig. 3b). A detailed description of this procedure can be found in [6].

(a)

(b)

Fig. 3 Extrapolation issues and boundary functions

The accuracy of the suggested design functions was further tested against well-established
uniaxial and biaxial design charts [7,1] using millions of moment and axial load combinations
that were directly overlaid on charts together with the calculated mechanical reinforcement
ratio (Ȧ), as shown in Fig. 4. In all cases, correlation was excellent.

(a)

(b)

Fig. 4 Design function tests against (a) uniaxial [7] and (b) biaxial design charts [1]
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Finally, for evaluating the computational performance of the proposed design functions,
one million rectangular solid section configurations were calculated, and execution time was
compared against an identical run with a classic fast biaxial design iterative algorithm [8]. It
was measured that the execution time for the ML-based functions was about 120 times faster
(5 s compared to 600 s on an average PC). Since the proposed design functions produce
closed form (i.e., non-iterative) solutions, it is claimed that these will always outperform by a
large margin any iterative design method based on stress integration.
6

CONCLUSIONS

In this paper, novel closed-form design functions are proposed for the rapid and accurate
design of R/C columns and bridge piers under biaxial bending with axial load, based on relatively large Artificial Neural Networks. The use of these functions outperforms any known
iterative design methods by orders of magnitude and it is immune to any numerical instabilities. Moreover, improved features not available in classic design charts, such as constant concrete cover thickness, hollow rectangular sections and constant reinforcement per unit length
along the perimeter have been implemented.
All functions are available in a public repository in multiple programming languages,
ready to be integrated into design software with minimal effort. It is believed that similar
ANN-based regression procedures can effectively substitute traditional programming approaches in many engineering problems, providing the desired accuracy with unprecedented
computational performance.
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Abstract
The fundamental period of a structure is one of the key parameters utilized in the design phase
to compute the seismic-resistant forces. Although the importance of seismic-resistant buildings
is well understood it has been found that the current design code formulae, which are used to
predict the fundamental period of reinforced concrete (RC) buildings are quite simplistic, failing to accurately predict the natural frequency, raising many concerns with regards to their
reliability. The primary objective of this research project was to develop a formula that has the
ability to compute the fundamental period of an RC structure, while taking into account the
soil-structure interaction phenomenon. This was achieved by using a computationally efficient
and robust 3D detailed modelling approach for modal analysis obtaining the numerically predicted fundamental period of 475 models, producing a dataset with numerical results. This dataset was then used to train a machine learning algorithm to formulate three fundamental
period formulae using a higher-order, nonlinear regression modelling framework. The three
newly proposed formulae were evaluated during the validation phase to investigate their performance using 60 new out-of-sample modal results, where, in this work, additional validation
models are created and used to test the predictive abilities of the proposed fundamental period
formulae. The findings of this research report suggest that the proposed fundamental period
formulae exhibit exceptional predictive capabilities for the under-study RC multi-storey buildings, where they outperform all existing de-sign code fundamental period formulae currently
in effect.
Keywords: Fundamental Period Formula, Soil-Structure Interaction, Machine Learning Algorithms, Modal Analysis, Finite Element Method, Reinforced Concrete.
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1

INTRODUCTION

The importance of seismic resistant design of structures and the ability thereof to capture the
dynamic response of structures is crucial, especially in areas prone to seismic activity. One of
the most important dynamic characteristics is the fundamental period, as it has a significant
influence on the calculation of the seismic loads. During a seismic excitation, the interaction
between the superstructure (building) and the substructure (soil) can become important as it
starts to affect the stress-strain distribution within the superstructure, altering the initial expected results [1-3]. In general, it has been found that soil-structure interaction (SSI) can increase the fundamental period and the overall damping of the system, thus it is important to
consider it in order to eliminate unsafe designs and unexpected damage development [4-5] during an earthquake excitation.
Numerous codes worldwide foresee their own methodology of computing the fundamental
period of reinforced concrete (RC) structures. However, it is well documented that the current
design codes all fail to consider the effect that SSI has on the fundamental period of a structure
[3]. There are also some shortfalls with respect to the stiffness distribution of the structure, as
the effect of the shear walls is not properly taken into considerations especially in the current
Eurocode 8 [6], amongst others as presented in [1]. Thus, establishing design tools that would
be able to predict the dynamic properties of RC buildings is of significant importance.
The methodology foresees the use of a computationally efficient and robust 3D modelling
technique known as the HYMOD approach [7-9] in order to perform modal analysis to investigate the effect that SSI has on the fundamental period of RC structures. The overall approach
foresaw the creation of a dataset comprising out of all the modal analysis results obtained from
the various numerical models [1].
Thereafter this research work foresaw [1] the development of fundamental period formulae
that were validated through an out-of-plane dataset and were found to have high accuracy. A
number of machine learning (ML) and artificial intelligence (AI) algorithms were used to develop predictive models (including closed-form formulae), where it was found that the ability
to predict the fundamental period of RC structures through a validation out-of-sample dataset
was significantly high. This research work aims to further validate the proposed fundamental
period formulae [1] through the use of additional fundamental period results that were developed for the needs of this manuscript.
2

MACHINE LEARNING ALGORITHM

The fundamental principles of the ML model are based on the formation of nonlinear terms
consisting of various combinations of independent variables, up to the third degree [10]. The
algorithm is able to automatically select nonlinear features, corresponding to the minimum prediction error. The data is normalized by subtracting the mean value from it as to eliminate any
irregular outliers.
The algorithm was programmed to use 85% of the data to analyses the trends, by identifying
relative relationships used to train the algorithm. The remaining 15% of the data is then used to
evaluate the proposed fundamental period formulae. The algorithm presented in the next page
represents the procedure for the generation of the formula which is developed by the various
authors of Julia programming language [11]. Based on the numerical investigation performed
for the needs of this work, it was confirmed that the proposed algorithm is efficient providing
with the necessary tools in developing the predictive formulae.
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Algorithm: Higher Order Regression
Input: XX1, YY2, nlf3
Output: Prediction Formulae
1. Create all nonlinear features4 (anlf)
2. For i=1:nlf do
3.
For j=1:anlf do
4.
Add j to the model
5.
Calculate Prediction Error
6.
End
7.
Keep in the model the jth feature which yields the minimum prediction error
5. End
Return: Prediction Formula
1

Independent Variables, 2Dependent Variable, 3desired number of nonlinear features, 4with all combinations
up to the 3rd degree.

3

NUMERICAL MODELS AND DATASET DEVELOPMENT

To develop a design formula through training, requires a relatively large number of models
that will be analyzed under a modal analysis thereof. The HYMOD approach was used to generate models of RC structures founded on soft, medium and hard soil. This was achieved by
extending the work performed by Gravett et al. [7] to add more models to the existing database
that was used for the investigation of the SSI effect on RC buildings [1].
The models all originated from the 4-storey RC building studied by Markou et al. [12] with
two parallel frames connected by four out-of-plane central beams and a continuous slab of
150mm resulting in a plan area consisting of 3 bays (see Fig. 1). The total span of each parallel
frame was 8.9m and had a perpendicular distance of 6.25m between the two frames. Each floor
is vertically spaced 3m center-to-center with the central bay infilled with an RC shear wall of
2.9 x 0.25 m section as shown in Fig. 2. It should be noted that the frame of the RC building
was designed based on the old Cyprus code [13] and then retrofitted with RC infill shear walls.
The reinforcement details for the in-plane beams, columns and shear walls are shown in Fig. 2.
The 475 modal results were generated from models that were modified geometrically, where
different soil domains were also assumed. Table 1 shows the minimum and maximum dimensions of the models based on the research work presented in [1]. Fig. 3 shows the case of a 2storey RC frame with multiple openings, which was then modified to 4, 6, 8 and 10-storey
buildings. For more information related to the models’ geometries, one may refer to [1].

(a)
(b)
Figure 1. Single span RC mesh of a 2-storey structure with shear walls (a) flexible-base SSI mesh (b) fixed-base
with raft foundation mesh.
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Figure 2. Reinforcement details of the (B)eam section, (C)olumn section and (SW) Shear Wall section respectively [9].

(a)
(b)
Figure 3. Double span mesh of a 2-storey RC structure without SSI (a) with shear walls (b) without shear walls.

Variables
Soil Depth (m)
Soil E (kPa)
H (m)
L (m)
B (m)
ρ (%)

Minimum
3
65 000
6
6.25
6.25
0

Maximum
60
700 000
30
18.25
18.25
82.9

Table 1: Minimum and maximum values of the HYMOD meshes.

In order to further investigate the performance of the proposed formulae, a new set of additional validation models were created for the needs of this paper. A diverse set of 15 random
models were created which yielded a total of 30 numerically derived fundamental periods. The
aim of this validation set was to create random models that have geometries that significantly
deviate from the typical geometries used to generate the dataset which was used to extract the
proposed formulae.
These models were analyzed by assuming a fixed or flexible base (with and without considering the effect of SSI), which then yielded a total of 15 new models. This was done in order to
investigate the proposed formulae to predict the fundamental mode of out-of-sample models
since these additional models differ substantially from those in the original validation set [1]. It
is important to note that all of the additional validation models fall within the range of values
as set out in Table 1. Fig. 4 shows the layout of the five additional validation models, where the
model in Figs 4d and 4e foresee the analysis of asymmetric frames in-terms of the shear wall
positioning. This type of geometries was not assumed within the dataset that was used to train
the models and derive the proposed fundamental period formulae. It is also important to note
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here that, the newly developed models foresaw the discretization of a 5m deep soil when the
SSI was accounted for, where the soil Young modulus was equal to 300 and 700 MPa. Therefore, 5 fixed models, 5 models with 300 MPa soil and another 5 with 700 MPa soil.

(α) 8.9x12.5x9m – ρ = 42.03%

(b) 8.9x12.5x15m – ρ = 42.03%

(c) 12.25x17.4x9m – ρ = 69.05%

(d) 6.25x8.9x6m – ρ = 54.72%

(e) 6.25x8.9x9m – ρ = 54.72%

Figure 4. RC building models with soil. (a) 3-storey and (b) 5-storey with a shear wall in the middle, (c) 3storey shear walls at the perimeter and (d) 2-storey and (e) 3-storey with a single shear wall (asymmetric cases).

4

PROPOSED FUNDAMENTAL PERIOD FOMULAE

Upon successful completion of the ML implementation, three design formulae were generated. The proposed formulae are currently only valid for the range of values shown in Table 1,
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as previously discussed. The accuracy of the design formulae is directly related to the correlation between the numerically predicted period and those of the formulae. This in return depends
on the number of features used within the design formulae.
Therefore, three individual features were considered (3, 5, and 20) to develop and parametrically investigate the numerical response of the developed formulae. It is important to note
herein that the building features that were accounted for, during the training process are the
following:
H the building’s height (m)
ρ the percentage of shear walls (%)
L the length of building parallel to the oscillating direction (m)
B the width of the building perpendicular to the oscillating direction (m)
Es the soils’ modulus of elasticity (kPa)
D the soil depth (m)
The three different assumptions in terms of the number of features within each formula yielded
three different formulae as shown below:
3-Features Formula:
ܶ ൌ ሺͲǤͲ͵͵ʹʹͲͷ ή  ܪሻ െ ሺͲǤͲͲͲͳʹ͵ͳͲͳ ή ߩ ή  ܪሻ  ሺͳǤʹ ିͲͳݔή  ܮή ܤଶ ሻ െ ͲǤͲʹͷʹͻ (1)
5-Features Formula:
ܶ ൌ ሺͲǤͲ͵ʹͶͻͳ͵ ή ሻ െ ሺͺǤͲͶͺͳͲି ή ɏ ή ሻ  ሺʹͲǤͳͲͷͳͲି ή  ή  ଶ ሻ
െ ሺʹͺǤͳͳͳͲିଵସ ή ɏ ή  ή ܧ௦ ሻ െ ሺͷ͵ǤͳͲି ή ɏ ή ሻ െ ͲǤͲͳ͵ʹͶͳ
(2)
20-Features Formula:
ܶ ൌ ሺͲǤͲ͵ʹͺ  כሻ െ ሺͳͶ͵ǤͶͷͳͲି ή ɏ ή ሻ െ ሺͻǤͻʹͳͳͲି଼ ή  ή  ଶ ሻ
െ ሺͳͲǤͶͷͺͳͲିଵସ ή ɏ ή  ή ܧ௦ ሻ െ ሺͷͷǤͲͳͳͲି ή ɏ ή ሻ
െ ሺͳǤʹͳͶͳͲିଵଶ ή ܧ௦ ή ଶ ሻ  ሺͷǤͲͳͳͲି ή  ή ή ሻ
െ ൫ʹǤͻ͵ͳͲିଵ଼ ή  ή ܧ௦ ଶ ൯  ሺǤͳʹͳିͲͳݔଵ ή  ܤή ܧ௦ ሻ  ሺͺǤͲʹ ିͲͳݔή  ܮή  ܪଶ ሻ
 ሺͻ͵Ǥʹͳ ଼ିͲͳݔή  ܮή ߩ ଶ ሻ െ ሺǤͲͻ͵ ିͲͳݔή  ܮή  ܪή ߩሻ  ሺ͵Ǥ͵ͷͳ ߩ ିͲͳݔή  ܪଶ ሻ
 ሺͲǤͷͶͻିͲͳݔଵଶ ή  ܤή ܧ௦ ή  ܦሻ  ሺͳǤͻͺʹିͲͳݔହ ή ܤଶ ሻ െ ሺͶǤͺͻ ିͲͳݔή  ܪଶ ሻ
െ ሺͻǤିͲͳݔଵଶ ή  ܪή ܧ௦ ή  ܦሻ  ൫ͳǤͶିͲͳݔଵ ή  ܪή ܧ௦ ଶ ൯
െ ሺͶͶǤͳͳͳିͲͳݔଵ ή  ܪή ܧ௦ ሻ െ ሺʹǤͺͻͳ ିͲͳݔή  ܪή  ܦή ܤሻ  ͵ǤͺͶିͲͳݔସ (3)
Each formula was compared against the numerical results from the modal analysis in order
to evaluate the average absolute error which resulted in 9.04%, 7.86% and 5.35% for the 3-, 5and 20-feature period formulae, respectively [1]. An additional set of 60 out-of-sample modal
results were developed [1], where the proposed formulae managed to predict the results with a
high accuracy and outperform any existing fundamental period formula that can be found in the
international literature. However, the ability of these formulae to predict out-of-sample cases
should be further investigated through the use of more unconventional in-terms of geometry
buildings as it is going to be presented in the next section.
5

ADDITIONAL VALIDATION RESULTS

Numerically computed periods derived from the additional validation models that were developed herein (30 additional modal results) were compared against those obtained from the
formulae for each case. The numerically predicted periods were plotted against those obtained
from the formulae for each case along with their correlation as can be seen in Figs 5 – 7.
By evaluating the correlation between the relationships of the numerically calculated periods
against those obtained from the formulae for each case, it is easy to observe that a high correlation was achieved for each formula. The relationship obtained from the 20-feature correlation
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indicates that the formula yields a very good prediction deriving a prediction error of 8.5% (see
Table 2). The 5- and 3-feature formulae have less accuracy given that their complexity and
ability to account for the contribution of each feature of the building and its soil is not as high
as that of the 20-feature formula. It is also interesting to note at this point that even though the
newly developed validation models vary substantially from the original models used to train
the formulae [1], the proposed formulae were still able to accurately predict the fundamental
periods (Figs 5 – 7) demonstrating their ability to predict out-of-sample results.
Formulae Predicted Period (s)
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0
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Figure 5. Extra validation data. Correlation of the 3-feature formula.
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Figure 6. Extra validation data. Correlation of the 5-feature formula.
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Figure 7. Extra validation data. Correlation of the 20-feature formula.
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Table 2 shows the comparison between the proposed formulae and the design formulae of
Eurocode [6] and NEAK [14]. It is easy to observe that the Eurocode 8 formula derives the
highest mean absolute error, while the 20-feature formula the lowest, which is a finding further
supporting the research findings of [1].
Description
3-Feature Formula
5-Feature Formula
20-Feature Formula
NEAK

Formula

Mean Absolute Error

Eq. 1
Eq. 2
Eq. 3

13.0%
11.4%
8.5%

ࢀࡺࡱࡷ ൌ Ǥ ૢ

ࡴ

ࡴ
ඨ
ࡴ

࣋ࡸ
ࡸ
ξ

17.7%

EC 8

ࢀࡱ ൌ ࢀ ࡴǡૠ ǡwith: ࢀ = 0,075
62.0%
Table 2: Fundamental Period Formulae predictions on the additional validation data.

6

CONCLUSIONS

The parametric investigation of three newly proposed fundamental period formulae was performed on 30 additional out-of-sample modal results and their ability to predict the fundamental
period of RC buildings was performed. The 3-, 5- and 20-feature formulae displayed minimal
errors when compared to the validation sets, concluding in very promising results thus verifying
the findings reported in [1].
It was also found that the 20-feature formula exhibited a higher overall accuracy due to its
high number of features, a finding that is in line with the work presented in [1]. The 3-feature
formula had the highest error as it was not able to include the SSI related parameters, where the
5-feature formula was found to provide an improved predictive ability. It was also observed
that, even though the out-of-sample models that were used to generate the additional validation
modal results were dissimilar to the models used to generate the training dataset in-terms of
geometry, the proposed formulae managed to derive good predictions with high accuracy. This
highlights the extendibility of the proposed fundamental period formulae.
It is also interesting to note at this point that the 20-feature formula is not “elegant”, consisting of numerous features, but according to the authors’ foresight, this will be the future of Civil
Engineering design, where ML and AI-generated models will be directly integrated within software tools that will be used to design our structures. Finally, future work foresees the development of additional models that will extend the spectrum in terms of the geometry of RC
buildings, developing new formulae that will be able to predict the fundamental period of structures of various shapes. The case of steel structures will also be investigated in a similar project
that is currently active.
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Abstract
This paper focusses on the ongoing discussion of developing a single relationship that can accurately predict the shear capacity of slender, reinforced concrete (RC) beams without stirrups.
To date, the main approach used to predict the shear capacity of RC beams, has been based on
the derivation of a formula from experimental data. In this study, the approach uses the development of RC FEM models without stirrups, where the beam width is larger or equal to the
section height and tested under three-point bending. The models were created and analysed by
using Reconan FEA software, where the obtained results from the nonlinear analyses were used
to construct a large database of 10,000 beams with varying material and geometric properties.
Artificial Intelligence (AI) training was performed by using machine learning algorithms on
the numerically generated database to develop predictive models and to develop an improved
formula for predicting the shear capacity of RC beams without stirrups. The proposed predictive formula was validated against an available ACI database of RC beams that were assembled
by using experimentally tested, physical beams without stirrups. The predictive formula was
also compared with the design code formulae proposed by ACI 318-19 and Eurocode 2. According to the numerical findings of this research work, the proposed formula outperformed
both design formulae demonstrating significant potential in replacing the current design approach.
Keywords: Shear Strength Prediction, Artificial Intelligence Algorithms, Design Formulae,
Finite Element Method, Reinforced Concrete.
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1

INTRODUCTION

Shear failure of Reinforced Concrete (RC) beams takes place due to insufficient shear resistance in the web of the beams. It is important to sufficiently understand the shear capacity of
beams in civil engineering applications to avoid catastrophic, brittle failures that occur suddenly,
with little to no warning.
The behaviour of RC in shear has been a topic of discussion for numerous years, but the
challenge of accurately predicting the shear capacity of RC beams remains an unresolved problem. The main approach so far has been to derive formulae using physical experiments and
extrapolating the relevant values. This method is unfavourable, as a major disadvantage is insufficient available experimental data. It is impractical and infeasible to conduct enough physical experiments to cover all possible beam geometries, concrete and steel reinforcement
properties, load cases and boundary conditions. The existing formulae are based on a limited
number of physical experiments and do not consider other cases, such as the use of deep beams
experiencing arc action, or different material types of reinforcement rebars. Therefore, the use
of the current design formulae is in need of improvement and expansion.
With the rise of Artificial Intelligence (AI) and Machine Learning (ML) in the past 20 years,
researchers and engineers have explored the use of ML algorithms on experimental data sets to
predict the shear capacity of beams more accurately. To an extent, this method improved the
predictive abilities for certain geometries of RC beams, but the restriction of available experimental data sets still limits the prediction capabilities. These studies were also numerically constrained and the accuracy of predicting the shear capacity of beams is unsatisfactory.
In this research paper, the approach originally introduced by Bakas et al. [1] is ex-tended.
Instead of using the results obtained from limited experimental data sets, this newly developed
procedure focusses on generating a large numerical database by using Finite Element Method
(FEM) software and then using these models to train ML algorithms in order to predict the shear
capacity of slender RC beams with no shear reinforcement. The proposed new formula will
therefore solely be based on 3D nonlinear Finite Element Analysis (FEA). It is important to
note that no physical experiments were used to generate or train the developed formulae. The
physical experiments were used for validation purposes only.
This paper aims to more accurately predict the shear capacity of RC beams without stirrups
that have smaller geometries, when compared to existing design formulae.
2

NUMERICAL INVESTIGATION

A numerical procedure was developed for a database of twenty different geometrical RC
beams. The characteristics for each of these beams were then increased by a random generation
of 500 material property combinations to produce a database containing 10,000 unique beams.
The 3D approach presented in [2-4], was used in the modeling and nonlinear analysis of the
beams.
2.1 Development of Numerical Campaign
The simply supported, slender, RC beams that were generated for the purpose of this research project used 20-noded isoparametric hexahedral finite elements to model the concrete
and the steel plates that act at the supports, as well as 2-noded rod elements for the steel reinforcement bars.
Fig. 1 depicts how the typical generated model looked like. The simply supported, slender
RC beam had the smallest mesh of all the constructed beams and spans 1,500 mm. The beam
has a 300x150 mm rectangular cross-section that was discretized by using hexahedral elements
that are 150x150x75 mm in the x, y and z directions, respectively.

3811

Zelda Spijkerman, Nikolaos Bakas, George Markou and Manolis Papadrakakis

A total of 76 hexahedral elements were used of which 4 were for the steel base plates at the
supports, 48 for the concrete hexahedral elements and 24 for the steel reinforcement bars. In
Fig. 2 the tensile longitudinal reinforcement bars at the bottom of the beam are embedded rod
elements and the applied force at midspan is also visible.

Figure 1. Hexahedral element mesh of a simply supported slender RC beam that has a net span of 1,500 mm and
a 300x150 mm cross section.

Figure 2. Embedded rod element mesh of a simply supported RC beam that has a net span of 1,500 mm and a
300x150 mm cross section with loads shown.

The largest mesh that was developed for this research project consisted of 450 hexahedral
elements, where 10 elements were used for the steel support plates, 400 for the hexahedral
elements and 40 for the steel rebars. The beam has a geometry of 750x350 mm and spans 2,700
mm. The concrete cover for all the beams depended on the height of the section. Beams with a
height smaller or equal to 250 mm had a concrete cover of 20 mm and beams with a height
larger than 250 mm were modelled to have a concrete cover of 30 mm.
Parameter Minimum
L (mm)
b (mm)
h (mm)
L/h
h/b

1,500
300
150
6
0.33

Maximum
2,700
750
350
10.8
0.83

Table 1: Minimum and maximum beam geometries used in generating the 20 new models.

Twenty new beam geometries were constructed to generate the database. Only beam geometries where the width is greater or equal to the height were constructed. Table 1 shows a
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summary of the constructed models. The first model was generated with the minimum span,
height and width values from Table 1 as can be seen in Fig. 1 and the subsequent models were
generated by modifying the first model to get the needed geometries and spans. The span values
start at a minimum of 1,500 mm and increase with 300 mm up until 2700 mm. Span over section
height (L/h) and the section height over the width (h/b) is also given in Table 1 with minimum
and maximum values of 6 and 0.33 as well as 10.8 and 0.83, respectively.
2.2 Analysing Multiple Finite Element Beams
To generate a database with sufficient input files, a certain level of automation is needed.
Without automation, the required time to generate and analyse the input data would be a major
disadvantage. The manual effort required to create the data would reduce the possible scope
and negatively impact the resulting benefit of the research project. It was thus important to use
automation code for data creation and entry. To minimise the time spent on producing and
analysing the various FE models it was advantageous to use the previously developed automation tools from [1], Reconan Multirun v1.00.
A random generation of material properties combinations, consisting of f c (kPa), Ec (kPa), ft,
β, Es (kPa), fy (kPa) and As (m2), was performed and used to generate the corresponding input
file for each individual model. Each model’s parameter input file included the node ID that had
to be monitored, the direction in which the deflection was monitored, maximum deformation,
the beam span as well as the section geometry with section height and section width. In all the
generated models the node that was identified for monitoring was chosen as the nodal point at
the centre of the total span, at the bottom of the beam’s height and in the middle of the width.
The Reconan Multirun software was developed to modify each of the 20 model meshes that
were generated to have the required material property assumptions and reinforcement ratios as
described herein. The Reconan FEA [5], which was also algorithmically modified to read and
analyse these FE input files to return the maximum capacity of the beam as well as the maximum deflection. It must be noted that, Reconan Multirun can also read the generated output
files with the purpose of continuing the analyses if it was interrupted. This is a useful feature as
unplanned power failures or system interruptions, such as operating system up-dates, would
otherwise result in substantial delays and rework.
For each of the 20 models constructed as described in section 2.1, 500 different material
properties and reinforcement ratio combinations were used, thus resulting in 10,000 analysis
results that were used in training the AI algorithm.
The personal computer (PC) used for this research project had a 12-core i7-8700K CPU @
3.70 GHz and 64.0 GB RAM and had the capability to run 10 Multirun analyses at the same
time. As the model meshes became larger, with a larger span and geometry, the computational
time to run the analyses increased. The entire analyses of all 10,000 models completed in
roughly 36 hours, highlighting the computational efficiency of Reconan FEA [5] in performing
nonlinear analysis using 3D detail models.
3

DEVELOPMENT OF THE PROPOSED FORMULA

For the second phase, the data was prepared by selecting, pre-processing and transforming
the data to apply ML algorithms. The AI training proceeded by extracting the material features
and predicting the shear strength of the beams. ML algorithms learn from data, so it was crucial
that the right, quality data is fed into the system. The results achieved by the ML algorithms are
directly related to the quality and volume of data used during the training stage.
Data selection for this project entailed generating a database that consisted of ten independent variables, which were split into two groups. The first group involved the variables that were
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used during the meshing of the models. These variables included the net span, L (mm), effective
depth, d (mm) and width, b (mm). The second group of variables were strength-and material
related properties and consisted of: uniaxial compressive strength of a cylindrical specimen (f c
in MPa), concrete tensile strength ratio (ft), steel yielding stress (f y in MPa), Young’s modulus
of steel (Es in MPa), Young’s modulus of concrete (Ec in MPa), remaining shear capacity
strength factor (β) and the tensile longitudinal reinforcement ratio (ρ).
The above-mentioned independent variables are presented in Table 2 with the statistical
characteristics and minimum and maximum values of the database.
X̄
σ
Median
Minimum
Maximum
cv

L
d
b
fc
2100 242 537.5 41
424.3 59.5 170.2 11.3
2100 230
500 40.9
1500 130
300 20.1
2700 320
750 59.9
0.202 0.246 0.317 0.277

ft
0.061
0.023
0.061
0.02
0.1
0.377

fy
500.8
58.5
499.2
401.2
598.5
0.1117

Es
200045.8
5602.2
200070.1
190000
210000
0.028

Ec
30024.9
2952.9
30072.1
25000
35000
0.098

β
0.034
0.008
0.034
0.02
0.05
0.247

ρ
0.0110
0.0053
0.0111
0.0016
0.0199
0.479

Table 2: Statistical values of independent variables.

3.1 Model Training
The training process of any ML algorithm model can be split into 3 major phases: Pre-processing, Feature Selection and Extraction and Prediction.
Pre-processing of the assembled dataset was conducted by normalising the data by dividing
each variable in the set by the standard deviation. The normalisation of the dataset was required
because the features of the set have different ranges and consists of some outliers. The ranges
were however not distorted, and the values of the different variables were changed to fit to a
shared scale. Normalisation reduces duplicates in the database and increases the validation accuracy of the model. It also allows the optimization of the ML model to be more robust, as the
convergence rate of the gradient descent is reduced.
Feature (or variable) selection then uses a process of dimensionality reduction to decrease
the initial set of normalised data to more manageable groups. It greatly improves the ML algorithm’s performance and reduces the computational power needed to perform the training. Following on from the feature selection is feature extraction. When a number of features in a
dataset become similar or too large, the ML model can suffer from overfitting where the model
fits the data too well and is no longer able to fit additional data or predict future observations
in a consistent way. Feature extraction is the method for combining certain variables into features, reducing the number of values in the dataset without losing an accurate representation of
the original data. The relevance and optimisation of the ML model is also considered during
feature selection and extraction.
The algorithm chosen for the prediction phase of the ML and AI process is the NLR (nonlinear regression) model. Regression models are used to predict unknown values which are
gathered from continuous (regression) variables and the NLR model is consequently beneficial
to the research project and produces a closed-form solution. The prediction developed by the
NLR model is presented as a formula in section 3.2 of this manuscript.
It is important to note that 85% of the generated database was used to train the algorithm,
and the remaining 15% used for testing purposes. The test data proved that the prediction model
that was created is accurate. The robustness of the model will be discussed in the next section.
In addition, a set of physical RC beams was used for validation purposes, after the testing was
performed. This step, which is considered to be the most important, was performed so as to
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check whether the proposed formula is able to predict the shear capacity of real beams that were
experientially tested.
3.2 Proposed Predictive Equation
The formula developed during this research project, used to predict the ultimate characteristic shear strength Vc, utilized the NLR ML algorithm and was mainly dependent on L, d, b, fc
and ρ. Formulae using 10, 100 and 500 terms were generated and investigated for robustness
and accuracy. The higher order NLR that was implemented in this research project consists of
a combination of variables that were created up to 3rd order. The methodology uses the RFalgorithm (random forests) and the analyses was run on the Julia programming language as
written by Dimopoulos and Bakas [6].
During the comparison of the three initially developed formulae, the mean absolute error
(MAE) of the ten-term formula was 5.1% higher than the 100 and 500 term formulae, and the
MAE for the 100 and 500 term formulae was the same and equal to 6.89%.
The proposed formula to calculate Vc, was obtained as output from the ML algorithm. The
formula with ten-terms and the variables L, d, b, fc, ft, ρ, β, Es and corresponding weights are
given in Eq. 1. The 10, 100 and 500 term formulae have been validated against the experimental
data to determine the most accurate formula.
ܸ ൌ ͲǤʹͷ͵ͻ͵ͻ  כɏ  ݀ כଶ െ ͲǤͲͷͳͺʹ  כ ܮ כ ݀ כɏ  ͲǤͲͻͻͷͶ  כɏ ݀ כ ܾ כ
 ͲǤͲͲͲͲͲͲͲͳͻ͵͵͵Ͷ ܧ כௌ ݂ כ  ݀ כെ ͲǤͲͲͲͲͲͲʹ͵ͶͳͲ ݂ כ ܮ כଶ  ͲǤͲͲ͵ʹͶ
 כɏ ܮ כଶ െ ͲǤͲͲͺͲͻͻͻ  כɏ  ܾ כ ܮ כ ͲǤͲͲͲͲͲͷ͵ͺͶͶ ݂ כ  ݀ כ ܾ כ ͵Ͷ͵Ͷ͵
 כɏ ݂ כ௧  ߚ כെ ͵ͺǤͳ  כɏଶ  ݀ כ ͲǤͻͷͲͺʹ
(1)
4

VALIDATION OF PROPOSED EQUATION THROUGH EXPERIMENTAL
DATA

The validation of the predictive model was conducted using 36 experimentally tested beams
that were taken from the ACI database [7] of shear tests on slender reinforced concrete beams
without stirrups. The 36 beams were specifically selected to fall within the range of the 20
different beam geometries that were developed for the needs of this research project. The material properties were also within the boundaries of the generated database of the 10,000 models.
Any experimental results from the ACI database that had incomplete data, were removed and
not included in the validation beams.
It is necessary to mention that the ACI experimental database did not include values for f t
and β. To include these parameters, the average value of f t of the training set was taken. β was
chosen as a random percentage of less than 5%. This selection was made to optimise the results
from the predictive model and to enhance the performance and accuracy. It is also important to
note that all the validation beams were out-of-sample cases, given that the values of material
properties and geometrical features differed in comparison to the values adopted for the generation of the 10,000 numerical results.
An additional observation related to the validation data is that, from the 36 beams in the ACI
database [7] of experimentally tested beams, there were instances where beams with exactly
the same beam geometry, reinforcement ratio and material properties resulted in different ultimate shear capacities. This finding highlights the level of uncertainty when discussing the physically tested beams and confirms that experimental results typically include noise because of
uncontrolled factors during the testing phase.
It is noteworthy that the predictive model was successfully constructed without the use of
any physical experimental data. By removing the dependency on physical beam data, it was
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possible to work with a much larger data set and avoid the inconsistencies inherent in physically
collected data. The predictive formula, and the resulting accuracy, is purely based on the results
obtained from the FEA. The experimental data used in this section was for validation purposes
only.
Two industry-standard formulae were compared with the new proposed model, namely the
ACI 318-19 [8] and Eurocode 2 [9]. The data in the experimental data set, with 36 RC beams
without stirrups, were used to calculate a predicted shear capacity strength using the industrystandard formulae. The same data were used with the new model and the results were compared
against the standard design formulae.
The ACI formula is expressed in imperial units so the data were first converted to the correct
metric unit before calculations were made. Eq. 2 is the newly developed ACI 318-19 predictive
formula that was published in 2019 and it is more similar to the design code suggested by Eurocode 2 [9]. In the case of this research project, no axial force was present, and Nu is irrelevant
(Nu = 0). In the ACI formula, the beam geometry and concrete strength plays an important role.
The reinforcement ratio (ρ) also has an impact on the shear capacity of the RC beam. The formula in Eurocode 2 (Eq. 3), dependents on the reinforcement ratio, strength of concrete and the
beam geometry.
ܸ ൌ ͺߣ௦ ߣሺߩ௪ ሻ

ଵൗ
ଷඥ݂ Ԣ

ܸோǡ ൌ ܥோǡ ݇ ሺͳͲͲߩ݂ ሻ
 ݄݇ݐ݅ݓൌ ͳ   ඨ

ே

 ೠ ൨ ܾ௪ ݀


ଵൗ
ଷܾ௪ ݀

(2)
(3)

ܣ௦
ʹͲͲ
  ʹǤͲሺ݀݅݊݉݉ሻܽ݊݀ߩ ൌ 
݀
ܾ௪ ݀

Both formulae were developed based on the results obtained from physically constructing
and testing several beams, therefore, they are both semiempirical. The obtained results are
graphically displayed in Fig. 3 to 5. In each figure, the physically tested, experimental results
are displayed on the horizontal x-axis and the shear capacity at which the beams were predicted
to fail, using different formulae and models, is displayed on the vertical y-axis.

Figure 3. Experimental Shear Strength vs ACI 318-19 Prediction.

The influence of the longitudinal reinforcement ratio, ρ, impacts the outcome of the shear
capacity, providing the ACI 318-19 formula with some accuracy. However, the ACI formula
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tends to over-predict the ultimate shear capacity of the beams, meaning that a much higher shear
strength was calculated than the actual shear strength that the beam could resist.
The accuracy of the Eurocode 2 prediction of the ultimate shear strength of RC beams without stirrups is higher than the ACI formula, with a MAE of 1.1298, thus tt is considered more
accurate than the 2019 version of the ACI code when implemented on the validation set of
beams. From Fig. 4 it is seen that for experimental values of Vc less than 50 kN, the prediction
calculates a much larger value and is less accurate, whereas values of Vc larger than 50 kN are
close to the predicted values.
Fig. 5 compares the experimental shear strength of the RC beams with the new, improved
predictive ten-term formula developed by using NLR. When compared to Figs 3 and 4, and
looking at the newly calculated MAE, the new ten-term formula is found to be more accurate
and best predicts the shear capacity of the beams which fail at a higher ultimate force.

Figure 4. Experimental Shear Strength vs EC 2 Prediction.

Figure 5: Experimental Shear Strength vs NLR prediction formula with ten-terms.

For the new formula the overall distribution of the datapoints is closer to the x = y line, when
compared to the ACI 318 and Eurocode 2 predictions. The proposed predictive formula results
look visually similar to those presented in Figs 3 and 4, however, there is a closer and more
accurate prediction when looking at ultimate forces smaller than 50 kN.
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The forces larger and equal to 50 kN appear slightly less accurate when compared to the
Eurocode formula predictions in Fig. 4. The proposed formula yields a more conservative numerical response to the problem by predicting forces smaller than the actual force at which the
RC experimental beams fail.
The new 10-, 100- and 500-term formulae were compared by looking at their respective
MAEs. The new 10-term formula was the most accurate by far, with a MAE of only 0.4703.
Thereafter the 100-term formula with a MAE of 0.6408 and the 500-term formula follows
closely with a MAE value of 0.6616. The MAEs of the different predictive models are shown
in Table 3, with the lowest error resulting from the new 10-term NLR predictive model generated in this study.
Interestingly, although the model was trained on a dataset with different beams’ width-height
ratios, it exhibited high accuracy, compared to the Eurocode and ACI building codes. All three
of the new NLR formulae composed in this study yield more accurate results than the existing
industry-standard design formulae when used to predict the shear capacity of the 36 validation
RC beams. The ten-term formula provides the best fit and has the lowest error. Although overfitting is present with both the 100- and 500-term formulae they also provide a lower MAE
when compared to the existing industry-standard formulae.
Predictive Model
10-term NLR
100-term NLR
500-term NLR
Eurocode 2
ACI318-19

MAE (%)
47.03
64.08
66.16
112.98
145.51

Accuracy
Best

Worst

Table 3: MAE of predictive models.

5

CONCLUSIONS

Non-linear regression algorithms were used to train and test a database that consisted of
10,000 shear strength results. Removing the requirement for physical beam data enabled the
creation of a much larger data set, which made it possible to use Machine Learning techniques.
The shear strength results from the physical experimental data were only used to validate the
results obtained from the combination of the FEA and ML algorithms.
The proposed predictive formula with 10-terms for computing the shear capacity of slender
RC beams without stirrups presented in this research project outperformed the existing available design code formulae (ACI 318-19 and Eurocode 2). The new formula was shown to be
more accurate and better predicted the shear capacity of RC slender beams without shear reinforcement. FEA used in conjunction with advanced ML was shown to provide a reliable approach in developing a predictive formula for estimating the capacity of RC beams without
stirrups.
The proposed predictive formula can be further improved by extending the current generated
database with a larger variety of beam geometries, spans, and material properties that fall outside of the current range. Further research can be done on different design codes, such as the
Canadian code, and formulae used around the world to compare the accuracy of currently used
design formulae.
Furthermore, it is recommended to build on this research by looking at slender beams with
shear reinforcement, beams with compressive longitudinal reinforcement bars, deep beams,
slabs and RC beams with fibre reinforced polymer rebar as well as RC beams with fibres. Additionally, columns, shear walls and joints should be investigated under monotonic and cyclic
loading conditions.
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Abstract. Advanced machine learning algorithms, such as neural networks, have the potential
to be successfully applied to many areas of system modelling. Several studies have been already conducted on forecasting structural damage due to individual earthquakes, ignoring the
inﬂuence of seismic sequences, using neural networks. In the present study, an ensemble neural
network approach is applied to predict the ﬁnal structural damage of an 8-storey reinforced
concrete frame under real and artiﬁcial ground motion sequences. Successive earthquakes consisted of two seismic events are utilised. We considered 16 well-known ground motion intensity
measures and the structural damage that occurred by the ﬁrst earthquake as the features of
the machine-learning problem, while the ﬁnal structural damage was the target. After the ﬁrst
seismic events and after the seismic sequences, both actual values of damage indices are calculated through nonlinear time history analysis. The machine-learning model is trained using the
dataset generated from artiﬁcial sequences. Finally, the predictive capacity of the ﬁtted neural
network is accessed using the natural seismic sequences as a test set.
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1

INTRODUCTION

In recent years advanced Machine Learning (ML) algorithms, such as Artiﬁcial Neural Networks (ANN), has been successfully applied to many areas of system modelling. Their success
is based on the thorough processing of data that captures the behaviour of a system. By detecting patterns in the collected data, valuable information can be extracted and predictions can be
made that automate the decision-making process. That fact arrives ML as an advanced tool in
modern engineering modelling.
The object of the present research is the application of neural networks to predict the structural damage under seismic sequences. The recent disaster held on March 2021 in TyrnavosElassona region, Thessaly of Greece due to a pair of compatible magnitude (Mw=6.3, Mw=6.1)
[1, 2] shallow earthquakes with more than 1800 damaged or non-serviceable buildings, indicate
the critical role of seismic sequences in the ﬁnal damage state of buildings again. In the ﬁeld
of seismic sequences have been conducted many kinds of research to access the contribution of
repeated ground motions on the post-seismic performance state of a building so far, which concluded that aftershocks increase the ductility demands. Amadio et al. [3] studied the inﬂuence of
repeated shocks on the response of nonlinear Single Degree of Freedom (SDOF) systems using
different hysteretic models. Hatzigeorgiou and Beskos [4] conducted an exhausting parametric
study on SDOF systems and proposed an empirical relation to calculate inelastic displacement
ratio under repeated earthquakes. Hatzigeorgiou and Liolios [5] examined the nonlinear behaviour of Reinforced Concrete (RC) frames subjected to multiple shocks considering a set of
eight frames that varied both at height regularity and dimensioning practice. Hatzivassiliou and
Hatzigeorgiou [6] studied the accumulation of damage and ductility demands due to seismic sequence on three dimensional RC structures. Hosseinpour and Abdelnaby [7] studied the impact
of different aspects, as earthquake direction, aftershock polarity and the inﬂuence of the vertical
component, on the nonlinear response of RC frames under successive earthquakes. Also, more
recently, Kavvadias et al. [8] and Zhou et al. [9] investigated the correlation between aftershock
related Intensity Measures (IMs) and ﬁnal structural damage indices.
Previous several studies have been conducted on forecasting of structural damage due to individual earthquakes, ignoring the inﬂuence of seismic sequences. De Latour and Omenzetter
[10] investigated the efﬁciency of ANNs on the prediction of seismic damage on numerous RC
frames, Alvanitopoulos et al. [11] also examined regular RC structures and, they incorporate
fuzzy layers in ANN conﬁguration (architecture). Later, Morﬁdis and Kostinakis [12] used feature selection methods in a dataset of 3 dimensional RC buildings to found the more damage
correlated set of seismic IMs. More recently, the same authors [13] examined the effectiveness of ANNs on the prediction of damage of non-regular at height structures. Applications
of Recurrent Neural Networks (RNNs) on Earthquake Engineering made by González et al.
[14] and Mangalathu and Burton [15], also Zhang et al. [16] developed a LSTM (Long-Short
Term Memory) network to predict structural response. Convolutional Neural Networks (CNNs)
applied by Li et al. [17] and Oh et al. [18] for the same purpose.
In the present study, ANNs are applied, considering real and artiﬁcial sequences of double
seismic shocks, to predict the amount of ﬁnal structural damage on an already damaged 8-storey
RC frame after a ﬁrst shock. We use 16 well-known ground motion IMs and the established
damage from the ﬁrst earthquake as the features of the ML problem, while the ﬁnal structural
damage (after sequence) employed as the target. Both damage indices after the ﬁrst seismic
event and after the sequence are calculated through Nonlinear Time History Analysis (NTHA).
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2

SELECTION OF PRIMITIVE DATA

In this section, the primitive data of the problem is described. Speciﬁcally, the selection of
the ground motion records and the examined RC frame is presented.
2.1

Ground motion records

Both artiﬁcial and natural seismic sequences are considered to take into account, the phenomenon of multiple shocks. After the random combination from a suite of 318 acceleration
records from several earthquakes, the set of artiﬁcial sequences determined. More speciﬁcally,
every record of the above 318 records suite is combined randomly three times with another
record from the same dataset. As a result, 954 pairs of ﬁrst and second shock are constructed,
which are utilised as a training set for the speciﬁc ML problem. As a test set, we employed
119 natural pairs of sequential shocks, which occurred from 1972 to 2020. The training and
test sets are completely independent with no common record. Both sequential and individual
records are selected and downloaded from ESM [19] and PEER NGA West [20] databases.
The criteria according to the selection of natural sequences conducted are the time gap between
the occurrences of successive shocks which are considered smaller than three months and that
the sequential events are recorded by the same station. As a result of this process collected
119 pairs of successive ground motion acceleration records from 41 real seismic sequences,
recorded by 65 stations. The occurrences time and Peak Ground Acceleration (PGA) data of
the natural sequences listed in Table 1. Every pair concatenated in the same array to compose
the sequential ground acceleration time history. In addition, an intermediate zero ceasing time
gap of 20 seconds added to eliminate the overlap between the building oscillations due to successive earthquakes. This process is implemented in Python [21], and the new ﬁles containing
the seismic sequence acceleration signals are exported.
2.2

Reinforced concrete structure

Existing buildings designed and constructed without earthquake provisions comprise the majority of structures both in Greece and worldwide, which causes particular concern about their
response to a potential earthquake. As an example, in this study we examined an 8-storey planar regular RC frame (Figure 1) designed only for gravity loads by Hatzigeorgiou and Liolios
[5], with mean compressive strength of concrete equal to 28 MPa and steel grade S500s. The
ﬁnite element simulation of the frame held in IDARC 2D [22], using spread plasticity concept and three-parameter Park hysteretic model [23]. Every ﬂoor considered to have only one
horizontal degree of freedom to into account the huge plane stiffness of RC slab as a rigid
diaphragm. Sparsely placed stirrups with poor anchor details are assumed in order to be in accordance with obsolete design codes. Thus, a nonlinear deformation-stress model for concrete
without conﬁnement is adopted. As a result, the corresponding concrete curve deﬁned by the
initial modulus of elasticity (E0 = 31.42 GPa), the strain at the maximum stress (εc0 = 2 ), the
ultimate strain in compression (εcu = 3.5 ), the stress at tension cracking σt = 0.0022 GPa,
and the slope of the post-peak falling branch (E f b = −6.2 GPa). Also, the bilinear curve with
hardening employed for steel with yield and ultimate strengths equal to 550 MPa and 660 MPa
respectively and the corresponding strains equal to 2.75 and 45 , according to Eurocode-2
[24] provisions. The initial elastic fundamental period of the structure is equal to 1.27 seconds.

h

h

h
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2.3

Technicalities

The generation of IDARC 2D input ﬁles and the extraction of responses from output ﬁles
implemented through GNU Octave [25, 26] code. Using the same high-level programming language we automated the multiple analysis process and computed the IMs, which are described
in the next section, for the overall dataset of ﬁrst and second seismic shocks.
PGA 1st

PGA 2nd

Region

1st Sh. Date

2nd Sh. Date

Station Code / Name

Stream

cm
s2

cm
s2

Ancona

1972-06-14

1972-06-21

ANP

Friuli

1976-09-11

1976-09-15

BUI

N-S
E-W
N-S
E-W
N-S
E-W
E-W
N-S
E-W
N-S
E-W
N-S
E-W
315
90
N-S
E-W
N-S
E-W
Trans
Logn
90
0
Trans
Logn
Trans
Logn
N-S
E-W
N-S
E-W
Trans
Logn
N-S
E-W
N-S
E-W
Trans
Logn
90
180
360
228
270
90
N-S
E-W
N-S
E-W
Trans
Logn
N-S
E-W
N-S
E-W
N-S

216.17
206.15
229.04
106.41
322.02
293.6
298.18
364.69
353.28
211.32
249.49
277.13
232.34
217.24
411.49
126.96
185.88
220.44
314.41
290.82
235.91
509.27
334.97
264.6
227.84
290.91
212.21
178.23
178.81
188.92
202.05
198.1
116.29
347.84
494.46
403.55
478.36
218.77
107.23
189.38
286.27
424.6
857.45
738.22
593.39
271.52
251.78
387.53
251.0
117.43
116.52
24.08
23.32
397.33
362.48
206.54

402.88
208.0
108.53
91.37
318.58
632.0
87.4
197.33
262.19
65.68
75.05
32.9
30.13
250.07
364.47
30.71
33.32
18.37
31.41
119.32
118.72
664.53
472.1
138.13
232.78
149.6
327.68
142.0
97.63
192.91
213.12
510.79
488.87
204.3
120.01
32.15
39.11
117.3
98.62
136.86
180.75
52.45
519.21
100.1
178.32
193.84
223.46
492.33
415.1
70.44
90.77
23.0
26.16
80.57
90.37
7.39

GMN
Northwestern Balkan Peninsula

1979-04-15

1979-04-15
1979-05-24

PETO
BAR
HRZ
ULO

Imperial Valley
Mammoth Lakes
Irpinia

1979-10-15
1980-05-25
1980-11-23

1979-10-15
1980-05-25
1980-11-24

Holtville Post Ofﬁce
Convict Creek
BGI
STR

Greece

1981-02-24

1981-02-25

KORA

Coalinga

1983-07-22

1983-07-25

Elm (Old CHP)

Southern Greece

1986-09-13

1986-09-15

KAL1
KALA

Spitak

1988-01-07

1988-01-07

GUK

Western Caucasus

1989-01-08

1989-01-08

NAB

Greece

1990-05-17

1995-06-15

AIGA

Western Caucasus

1991-05-03

1991-05-03

SAMB

Turkey

1992-03-13

1992-03-15

AI 178 ERC MET

Southern Greece

1993-03-26

1993-03-26

PYR1

Northridge

1994-01-17

1994-01-17

Moorpark - Fire Sta

1994-03-20

Umbria Marche

1997-09-26

1997-09-26

Pacoima Kagel Canyon
Rinaldi Receiving Sta
Sepulveda Hospital
Sylmar - Olive Med
CLF
NCR

Southern Greece

1997-10-13

1997-11-18

KRN1

Bovec

1998-04-12

1998-08-31

FAGG

Azores Islands

1998-07-09

1998-07-11

HOR

Izmit

1999-08-17

1999-11-12

ARC

Continued on next page
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Region

1st Sh. Date

2nd Sh. Date

Station Code / Name
ATK
DHM
FAT
KMP
ZYT

Greece

1999-09-07

1999-09-07

ATHENS-SEPOLIA B

Chi-Chi Taiwan

1999-09-20

1999-09-20

TCU071
TCU129
TCU078
TCU079

Duzce
Turkey

1999-11-12
2003-05-01

1999-11-12
2003-05-01

AI 010 BOL
AI 049 BNG

L Aquila

2009-04-06

2009-04-07

AQK
AQV

Darﬁeld New Zealand

2010-09-03

2009-04-09
2011-02-21

AVZ
AQA
Botanical Gardens
Cashmere High School
Cathedral College
Christchurch Hospital

Emilia

2012-05-20

2012-05-29

MRN

Northern Italy

2012-06-03

2012-06-12

T0827

Central Italy

2016-08-24

2016-08-24
2016-08-26

AQK
AMT

2016-10-26

2016-10-26

CMI

2016-10-30

CNE
ACC
CIT
CLO
CNE
MMO

Near The Coast Of Western Turkey

2016-10-30

2016-10-31

NOR
T1213

2017-01-18

2017-01-18

PCB

2019-08-08

2020-10-30

GMLD

PGA 1st

PGA 2nd

Stream

cm
s2

cm
s2

E-W
N-S
E-W
N-S
E-W
N-S
E-W
N-S
E-W
N-S
E-W
Trans
Logn
N-S
E-W
N-S
E-W
N-S
E-W
N-S
E-W
E-W
N-S
E-W
N-S
E-W
N-S
E-W
N-S
N-S
S01W
N89W
S80E
N26W
N64E
N01W
S89W
N-S
E-W
N-S
E-W
E-W
N-S
E-W
N-S
E-W
E-W
N-S
E-W
N-S
E-W
N-S
E-W
N-S
N-S
E-W
E-W
N-S
E-W
N-S
E-W
N-S
E-W

130.42
100.31
164.3
88.28
82.92
178.45
158.58
100.59
125.13
116.96
107.05
317.98
335.1
638.91
518.53
390.42
929.28
301.13
438.81
416.3
580.9
804.95
509.25
286.03
346.9
323.84
535.39
644.47
67.71
434.0
186.4
152.43
246.32
190.79
228.91
205.41
149.4
258.89
257.32
481.11
258.35
49.54
368.51
851.09
334.88
707.04
545.76
49.29
88.35
51.02
90.49
189.45
180.02
373.26
164.82
166.99
210.87
850.26
779.54
575.2
400.57
441.94
660.9

7.55
16.25
16.01
17.03
17.24
34.32
23.77
14.43
17.21
21.41
28.88
58.14
69.79
375.02
189.69
612.17
985.77
379.95
261.21
614.35
761.01
59.27
144.45
67.56
80.4
88.45
144.13
127.22
21.44
56.85
443.68
542.17
342.41
376.79
469.24
339.41
356.74
288.73
218.65
574.06
230.4
10.59
329.9
318.84
302.66
638.53
527.19
384.83
426.01
209.24
319.58
571.62
418.76
288.38
185.15
185.39
305.85
182.16
207.93
550.63
380.9
882.26
748.75

Table 1: Seismic Metadata for Natural Sequences (Test Set).
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Figure 1: Reinforced Concrete Frame designed by Hatzigeorgiou and Liolios [5].

3

FEATURES AND TARGET OF THE ML PROBLEM

This work examined a reinforced concrete planar frame subjected to both artiﬁcial and natural sequential acceleration records. The ground motion intensity is evaluated, through scalar
measures which are proposed in the literature. The structural damage is accessed in terms of
well-known overall damage indices. These features are presented and explained below.
3.1

Ground motion IMs

As previous studies in the prediction of seismic damage amount, we use as features wellknown ground motion IMs. The simplest of these are the maximum absolute values of ground
accelerations (ag (t)), velocities (vg (t)), and displacements (dg (t)) signals, which referenced as
PGA, PGV, and PGD [27], respectively. Widely used IMs are the Intensity Arias (IA ) [28] and
the Cumulative Absolute Velocity (CAV) [29]. Based on the evolution of Intensity Arias over
time the Husid Diagram (Hd ) [30] is constructed from which duration parameters calculated.
An inherent feature of signals is the frequency content which varies dynamically against the
time in the case of ground motion records. However, it is often quantiﬁed using the equivalent frequency PGA/PGV [27] as if it was a sinusoid signal. Another quantity that has been
proposed and related to the frequency is the Potential Destructiveness Measure after Araya and
Saragoni (IAS ) [31], resulting from the zero crossings number of the acceleration signal (uo ) per
unit of time.
Various deﬁnitions have been given in the past for the strong motion duration of a seismic
excitation, in order to identify the time interval of the signal in which the vast amount of its
total intensity is released. In this work, the strong motion durations deﬁned by Trifunac and
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Num

Name

Expression

Ref.

Num

1

PGA

max|ag (t)|

[27]

2

PGV

max|vg (t)|

[27]

3
4
5
6
7
8

PGD

max|dg (t)|

IA

π tend
2g 0
tend
o

CAV
PGA/PGV

PGA
PGV

IAS

IA
u2o

SMDT B

[27]

a2g (t)dt

Ref.

9

SMDROG

t(Hd = 97.5%) − t(Hd = 2.5%)

[33]

10

SMDBolt

Δt(a > 0.05g)

[34]

P90

IA (Hd =95%)−IA (Hd =5%)
SMDT B

[27]

12

t95%
1
SMDT B t5%

arms

[27]

13

Ic

0.5
a1.5
rms · SMDT B

[27]

14

IFV F

PGV · SMD0.25
TB

[31]

t(Hd = 95%) − t(Hd = 5%)

Expression

11

[28]

|a(t)|dt

Name

15

[32]

16

a(t)2 dt

[27]

1
3

IRG

PGD · SMDT B

SIH

2.5
0.1 PSV (T, ξ

[27]
[35]
[36]
= 0.05)dT

[37]

Table 2: Mathematical Expressions of IMs.
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max 1465.2 130.4 1314.2 1332.4 3119.3 75.5 41.5 46.8 55.5 58.6 131.1 286.3 13323.4

201.8

4625.5 387.1

Table 3: Descriptive Statistics of 2nd Seismic Shock IMs (Train Set-837 examples).

Brady (SMDT B ) [32], and by Reinoso, Ordaz and Guerrero (SMDROG ) [33] are assumed. Both
of these are based on the time evolution of Arias Intensity according to Husid Diagram. Also,
the bracketed duration as described by Bolt (SMDBolt ) [34], which is deﬁned by the ﬁrst and
last exceedance of the 5 percent of g, is employed.
Combining the above parameters results in more complex measures such as Power P90 [27],
arms [27], Characteristic Intensity (Ic ) [27], the potential damage measure according to Fajfar,
Vidic and Fischinger (IFV F ) [35] and the IM after Riddell and Garcia (IRG ) [36].
Also, we did not use seismic parameters that depend on the fundamental period, like individual spectral values of the structure due to the elongation of the initial elastic period before
the start of the second seismic event. Instead, we employed Housner Intensity [37] (SIH ) which
accumulate spectral pseudo-velocities to a constant range of possible eigenperiods and presents
a high correlation with the structural damage [38, 12, 39]. The calculation of spectrums for the
above purpose implemented using OpenSeismoMatlab [40].
All of the mathematical expressions for employed IMs summarised in Table 2. Tables 3 and
4 present the descriptive statistics of the IMs corresponding to the second seismic shocks of the
training and test datasets, respectively. We observed that the training set covers the major range
of the test set values. From the initially 954 artiﬁcially generated sequences, ﬁnally we hold
837 of them, which the NTHAs did not present convergence problems.
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18.9 108.7 2527.0
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max 985.8 91.8 277.5 1165.6 3354.8 53.0 32.3 37.4 44.2 42.7 170.7 326.2 11393.9

185.6

737.3 304.0

Table 4: Descriptive Statistics of 2nd Seismic Shock IMs (Test Set-119 examples).

3.2

Damage indicators

In the present section, the damage indices considered in this study are described. The structural damage is used both as an input feature to take into account the existing damage due to the
ﬁrst seismic shock and as a target of the ML problem to describe the accumulated damage after
the occurrence of the second earthquake.
3.2.1

Damage index after Park and Ang (DIPA )

The damage index, proposed by Park and Ang [41], results from summing the contributions
of the maximum ﬂexural responses and the hysteretic energy consumed in the plastic hinges
areas and is calculated by Equation (1) modiﬁed by Kunnath et al. (Equation (2)) [42]. The
total damage index [22] is calculated as a weighted average of the sub-factors, weighted by the
percentages of the total energy consumed by each member of the construction, according to
Equation (3). The overall damage index DIG,PA as close to zero as possible implies a complete
damage-free structural system with an elastic response but when tends to unit characterises a
near collapse structure. For abbreviation reason in the next sections DIG,PA referred to simple
as DIPA .

δm
β
+
dE
(1)
DIPA =
δu Qy δu
DIPA, component =
DIG,PA =

θm − θr
β
+
Eh
θu − θr θu My

∑ Ei DIPA,component
∑ Ei

(2)
(3)

where δm is the maximum element displacement response, δu is the ultimate element displacement, β is the model constant parameter for strength deterioration proposed by Park et al. [43],
dE is the cumulative hysteretic energy consumed by the element during its response, Qy is the
yield strength of the element, θm is the maximum element rotation during the time history response, θu is the ultimate capacity of the element, θr is the recoverable element rotation during
unloading.
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3.2.2

Damage index after DiPasquale and Cakmak (DIDC )

During high-intensity seismic events, it is known that the cross-sections in plastic hinges
areas of a building can be severely cracked or even present steel yielding, resulting in a stiffness
reduction and consequently degradation of the overall stiffness of the structure. Therefore, it is
expected that the building will become more ﬂexible and its fundamental period increase. On
the above mentioned increasing of the fundamental period due to inelastic dynamic response of
a building, based the DiPasquale and Cakmak [44] damage index, calculated according to (4):
DIDC = 1 −

T0initial
T0equivalent

(4)

T0initial : The fundamental period before the starting of analysis.
T0equivalent : The fundamental period at the end of the analysis.

3.2.3

Max Inter-Storey Drift Ratio (MIDR)

The Max Inter-Storey Drift Ratio [45] during the seismic response of the construction can
be used as a measure of the performance it has shown against the earthquake it has hit. The
increase in the relative displacements results in an increase of the required ﬂoor ductility with
similar effects for the rotation and curvature ductility in the areas of the plastic hinges of each
component and their cross-sections respectively. So estimating the magnitude of generalised
displacements such as MIDR can indirectly aggregate local damages and quantify the total
degree of structural damage deﬁne by (5).
|u|max
100%
h
|u|max : Max absolute interstorey deformation recorded during the time history response
h: Storey height
MIDR =

3.2.4

(5)

Residual Max Inter-Storey Drift Ratio (RMIDR)

Residual displacements cause an important role in the post-seismic performance state of a
building to indicate the established damage. Also, consist a critical variable for the repairability
of seismic damaged structures [45]. We included it in the problem and evaluate it as the residual
maximum inter-storey drift ratio in the post-seismic state, after the end of building oscillation.
4

APPLICATION OF NEURAL NETWORKS

The most conventional used Neural Network conﬁguration is the Multi-Layer Perceptron
(MLP) [46], which is considered as the simpler learning architecture, consisted from of a few
linear layers which are interconnected successively. Each of them receive input from the previous layer, which is multiplied matricialy by appropriate weights, subsequently a vector of
biases is added. Finally, in every element of the previously deﬁned vector, a nonlinear function
is applied to produce the activations of the following layer. This forward process continues until
the regression is completed by concluding with the target value from the output layer. The ﬁnal
output values are compared with the real ones, and the regression error is calculated using an
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appropriate loss function. The weights of all layers are updated one by one using Stochastic
Gradient Descent to minimise the cost function. Data scientists, based on their assumptions and
experience, tune their numerous parameters by relating them to the speciﬁc problems they need
to solve, making use of the available training datasets. Thus, the application of MLP to realistic
problems is still challenging and specialised for each problem.
4.1

Gaussian kernel functions

Since the problem under consideration essentially involves the prediction of values based on
similar training data samples, kernel function modelling was chosen, which is an appropriate
solution as it allows for accurate modelling of data with complex dependencies between input
features and target data. They are essentially representations of the input vectors x in ℜ, which
have speciﬁc form and properties and are highly generalisable. The appropriate transformation
of the input vectors in order to achieve a more easily generalisable solution to the regression
problem ﬁrst requires the transformation of the input space into a transformed feature space with
a higher dimension and with a nonlinear representation. The transfer of the problem in a higher
dimensional feature space is achieved by the kernel method. In this work, the Gaussian Radial
Basis Function kernel (GRBFk) was used, which is appropriate in cases where the identiﬁcation
or manipulation of real values, which tend to cluster around an average value, is required.
4.2

Extreme learning machines

In this paper, a holistic Single-hidden Layer Feed Forward Network (ShLFFN) shallow architecture approach with N neurons in the hidden layer, randomly chosen input weights and
random values of bias constants on the hidden layer neurons, while the output weights are computed by a single matrix multiplication, which automates and optimally solves the problem, was
used. These ShLFFN architectures, called Extreme Learning Machines (ELMs) [47], used in
complex problems, due to their ability to access any continuous function. Also, the networks
in question can learn N samples with accuracy, while their learning speed can be even thousands of times faster than conventional Feed Forward Network Networks, as their training is
not based on time-consuming repetitive processes such as the algorithm. Back Propagation,
which changes the weights of the neural network by estimating the quadratic error between the
target vectors and the actual network outputs, for all training samples, which are entered into
the network in a random serial manner and for many repetitions (epochs)
Driven by the observation that the ﬁrst stage of the algorithm can be considered as a process
of mapping the training vectors into a higher dimensional vector space, in the hidden layer we
chose a sufﬁciently large number of neurons (at least twice the input parameters) so that the
algorithm has the property of a universal approximator and can train ShLFFN efﬁciently. More
speciﬁcally, the input data are mapped to a random Ñ-dimensional space with a discrete training
set N where (xi ,ti ) with i ∈ [1, N] xi ∈ ℜd and ti ∈ ℜc . The output of the network presented in
Equation (6).
Ñ

fL (x) = ∑ βi hi (x) = h(x)β , i ∈ [i, N]

(6)

i=1

where β = [β1 , . . . , βÑ ]T is the weight matrix between hidden and output neurons h(x) = [g(x1 ),
. . . , g(x2 )] is the output of hidden neurons for the input x, and g(xi ) is the output of ith hidden
node. Based on N length training set {(xi , ti )}N
i=1 , the ELM can solve the learning problem
Hβ = T, where T = [t1 , . . . , tN ]T are the target labels and the output matrix of the hidden layer
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output presented in Equation (7).
⎡

⎤

⎢ g(w1 · x1 + b1 ) · · · g(wÑ · x1 + bÑ ) ⎥
⎢
⎥
..
..
..
⎥
H(W, b, X) = ⎢
.
.
.
⎢
⎥
⎣
⎦
g(w1 · xN + b1 ) · · · g(wÑ · xN + bÑ )

(7)
N×Ñ

Before the training, the weight matrix W and the bias vectors b initialised randomly in the interval [−1, 1], given w j = [w j1 , w j2 , . . . , w jm ]T and β j = [β j1 , β j2 , . . . , β jm ]T .The output weight
matrix of the hidden layer H came up from Equation (8), given the training data and the activation function g.
H = g(Wx + b)
(8)
The hidden layer (Figure 2) is responsible for transforming the input data into a different representation. The transformation is achieved in two steps:
• First Step. The input data is input to the hidden layer using the weights and corresponding
values of the input layer.
• Second Step. The data is transformed based on a nonlinear transformation function.
Finally, the output weights β could compute from Equation (9).
β = H∗ T

(9)

where H∗ is the Moore-Penrose generalised inverse matrix for H.
4.3

Bootstrap sampling and ensemble technique

Bootstrap sampling [48] is adopted so that different subsets of the dataset can train the model
in the most fruitful way, to increase the efﬁciency of the method. Bootstrap sampling is the process of applying progressively larger random samples until the accuracy of the neural network
is improved. Every sample is used to train an individual model and the results of each model are
summarised by “voting”, i.e. for any input vector, each classiﬁer predicts the output variable
and ﬁnally, for every variable the value with the most “votes” is chosen. This methodology,
which belongs to the Ensemble methods, is called Bagging and has many advantages, such as
reducing covariance. The Ensemble technique [49] is used due to the fact that in the speciﬁc
problem, the prediction results show multivariability, which can be attributed to the sensitivity
of the correlation models to the data and the complex relationship that describes them. Also,
an important advantage gained by the proposed system is focused on the fact that it offers more
efﬁcient and stable prediction model, since the overall behaviour of multiple MLP ANNs is
less noisy than a single one, and in any case reduces the overall risk of a particularly inaccurate values. Finally, in order to evaluate the reliability of the implemented bagging method, the
variance of the expected error is checked to be around the mean error value.
5

RESULTS

This section presents both the results from NTHAs in terms of overall seismic damage indices and the neural network testing in terms of correlations between real and predicted values.
In the case of structural damage indices we present both the results of the ﬁrst shocks NTHAs
adopted between the inputs of the ML problem (Figure 2) and the corresponding after the second shocks which employed as targets of the problem.
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Figure 2: An ELM neural network architecture uses as input arguments both damage index from the ﬁrst seismic
event and the IMs of the second event to predict the ﬁnal damage index (after second event).

5.1

Results of NTHAs

The results of NTHAs represented in terms of damage indices after the occurrence of the
ﬁrst shocks and after the sequences (Figure 3). As we compare the distributions of damage
indices after the ﬁrst and second shock, we see a clear increase after the second shock, both in
the training and test set. The increase is higher in the case of DIDC . The maximum value of
this damage index seems to be constant around 0.7 both in the training and test set. The other
damage indices have a smaller increase but a clear offset of the upper-end value both to training
and test set as we shown in Figures 3a and 3b respectively.
5.2

Results of ANN testing

Since the model described in Section 4, trained using the dataset generated from artiﬁcial
sequences, several correlation coefﬁcients calculated between predicted and actual values of the
targets on the test set (natural sequences) to evaluate the effectiveness of the ﬁtted ML model.
The results of three correlation coefﬁcients (Pearson, Kendall and Spearman) and two error
metrics, Mean Absolute Error (MAE) and Root Mean Square Error (RMSE), for the ﬁnal ﬁtted
model are presented in Table 5. We can observe that the damage indices with the best predictive
behaviour are the MIDR and DIPA which display the higher values of Pearson, Kendall and
Spearman coefﬁcients. The relation between predicted and the actual values of DIDC looks to
be quite linear since the values of Pearson and Spearman coefﬁcients are similar and quite high.

DIPA
DIDC
MIDR
RMIDR

Pearson

Kendall

Spearman

MAE

RMSE

0.9104
0.8875
0.8960
0.8316

0.7956
0.7140
0.8277
0.7488

0.9366
0.8898
0.9582
0.9146

0.0574
0.0648
0.3542
0.2956

0.1059
0.0867
0.7933
0.6870

Table 5: Results of correlation between actual and predicted values on the test set.
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(a) Violin plots of damage indicators distributions of the training set (837 artiﬁcial sequences).
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(b) Violin plots of damage indicators distributions of the test set (119 natural seismic sequences).

Figure 3: Violin plots of damage indicators distributions.

6

CONCLUSIONS

In the present study, we used an ensemble neural network methodology to predict the ﬁnal
damage of an 8-storey RC frame under successive earthquakes. For this purpose, we employed
a training dataset of 837 artiﬁcial seismic sequences and a test set of 119 natural seismic sequences. Finally, the main conclusions are summarised as follows:
• In both training and test sets, the structural damage under the sequences is increased in
comparison with the corresponding damage that occurred after the initial shocks.
• In general, the predictive capacity of the conﬁgured Ensemble Neural Network seems to
be quite satisfactory.
• The Ensemble Neural Network presents a higher performance in forecasting the ﬁnal
structural damage in terms of DIPA (damage index after Park-Ang) and MIDR (Maximum
Inter-storey Drift Ratio).
For future machine learning applications in structural damage prediction due to successive
earthquakes enriched dataset of natural seismic sequences may be considered. Moreover, a wide
range of structural systems should be examined in order to incorporate structural attributes as
ML problem input features.
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Abstract
Based on past earthquake events, bridges are the most critical and usually the most vulnerable components of road and rail transport systems, while bridge damage is related to substantial direct and indirect losses. In view of this, the need for direct and reliable assessment of
bridge vulnerability has emerged, and several methodologies have been developed using
probabilistic analysis for the derivation of fragility curves. A new framework for the derivation of bridge-specific fragility curves is proposed herein, introducing machine learning techniques for a reliable estimation of limit state thresholds of the most critical component of the
bridge system (which in standard -ductility based- design is the piers), in terms of a widely
used engineering demand parameter, i.e. displacement of control point. A set of parameters
affecting the seismic capacity and the failure modes of bridge piers is selected, including geometry, material properties, and reinforcement ratios for cylindrical piers. Training and test
sets are generated from multiple inelastic pushover analyses of the pier component, and Artificial Neural Networks (ANN) analysis is performed to derive closed-form relationships for
the estimation of limit state thresholds. The latter are compared with closed-form relationships available in the literature, highlighting the effect of machine learning techniques on the
reliable estimation of bridge fragility curves for all damage states.
Keywords: Bridge fragility curves, Limit state thresholds, Machine learning techniques,
ANN

3848

Sotiria P. Stefanidou, Vassilis K. Papanikolaou, Elias A. Paraskevopoulos and Andreas J. Kappos

1

INTRODUCTION

There is an increasing trend for assessment and retrofit prioritization of existing infrastructure in earthquake-prone areas, as well as investment planning, to be based on reliability analysis results. In this context, numerous methodologies have been proposed during the last 30
years for the derivation of bridge fragility curves, with increasing accuracy and efficiency
over the years, introducing the use of advanced computational methods and probabilistic
framework for the estimation of the probability of damage for different levels of earthquake
intensity and limit states. The majority of the methodologies proposed are analytical, differing
mainly in the quantitative definition of limit states (LS), i.e., the threshold values of LS considered, the type of analysis, the uncertainty treatment, and the probabilistic model used for
the fragility analysis (probabilistic seismic demand model, response surface models, metamodels) [1, 2]. Both generic and bridge-specific fragility curves have been proposed, accounting for the various uncertainties in seismic capacity and demand estimation of critical
components, and a few of them for the effect of case-specific properties on the results.
Very recently [3], the potential exploitation of Artificial Intelligence algorithms and Machine Learning (ML) techniques in earthquake engineering, (i.e., seismic hazard analysis, system identification and damage detection, seismic fragility assessment, and structural control
for earthquake mitigation) has been explored; it is still at a rather early stage, but a promising
development. ML algorithms can be classified into supervised learning and unsupervised
learning type. Supervised learning uses prior knowledge of the labeled data set to learn a
function that best approximates the relationship between input and labeled output in the data.
In contrast, unsupervised learning aims to infer the natural structure from a set of data points
that have no target labels [3].
Several machine learning tools (i.e., classification-based tools like random forest, neural
networks, etc.) have been proposed and applied to assess bridges and derive fragility curves.
The efficiency of ML techniques for the derivation of fragility curves for different bridge
classes and the identification of the effect of parameter uncertainties on the results have been
studied for different bridge types and structural systems [4], [5]. Furthermore, the capabilities
of machine learning techniques have been used to check the validity of assumptions during
fragility analysis of bridges (e.g., the assumption of lognormal distribution of the demand
model, etc.) [6]. Rapid damage assessment of bridges has been proposed based on analysis of
selected bridge classes using the prediction model established via the training set and evaluating the performance of the model using the test set, as proposed in [5]. Based on the above, it
is clear that the use of ML algorithms in the frame of fragility analysis of bridges is a new,
promising approach that could eventually drastically reduce the computational effort and increase the accuracy and the efficiency of fragility analysis. However, since fragility analysis
includes multiple steps and calculations (i.e., capacity, demand, uncertainty, etc.), the use of
ML techniques at several stages should be properly addressed.
In view of the above, a methodology for the derivation of bridge-specific fragility curves
that has recently been proposed by the authors [7], and is applicable to bridge stocks will
serve as the starting point for setting up a ML procedure. The aim of this paper is to develop
and apply ML algorithms (Artificial Neural Networks (ANN)) for a more reliable estimation
of bridge pier capacity and limit state thresholds for all limit states (minor damage to collapse)
considered in fragility analysis. A set of parameters affecting the seismic capacity and the
failure modes of cylindrical bridge piers is initially selected, including geometry, material
properties, axial load and reinforcement ratios. The range of parameters is selected with a
view to representing realistic cases and resulting in training and tests of sufficient size. Analysis at local level (pier section) and global level (inelastic pushover analysis of bridge compo-
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nents) is performed and the results in terms of a widely used engineering demand parameter
(EDP: displacement of control point/drift) are recorded. Test and training sets are generated
from the results of numerous inelastic pushover analyses, and Artificial Neural Networks
(ANN) analysis is performed, resulting in closed-form relationships for the estimation of limit
state thresholds. The latter are compared with closed-form relationships derived through
‘standard’ regression analysis, in the frame of the methodology described in [7], to study the
effect of ML techniques on the accuracy of the limit state threshold definition and, eventually,
its potential for estimating bridge fragility curves for all limit states.
2

COMPONENT-SPECIFIC LIMIT STATE THRESHOLDS AND PROPOSED
CLOSED-FORM RELATIONSHIPS

Utilising the methodology described in [7], component-specific limit state thresholds are
estimated for bridge piers in terms of displacement at the component control point (pier top).
Closed-form relationships relating d/h to the parameters affecting the seismic performance
and ductility of bridge piers, namely geometry, material properties, longitudinal and transverse reinforcement ratios, and axial load, are derived for all limit states (minor damage to
collapse). Limit state thresholds are initially defined qualitatively and subsequently quantitively at local (section) and global (component) level.

Parameters
D (m)
ρl
ρw
fc (MPa)
fy (MPa)
ν
H (m)

1.5
0.005
0.0025
16
220
0.15
2.5

Values for Parametric Analysis
NoPar.
[5]
1.6
1.8
2
2.25

[6]
0.01
0.015 0.02 0.025
0.030
[4]
0.008
0.010 0.015


[5]
20
25
30
35

[3]
400
500



[4]
0.2
0.25
0.35


[5]
5.0
10.0
15.0
20
Inelastic Pushover Analyses Performed 36,000

Table 1: Cylindrical pier section and component parameters considered.

A broad range of different pier section properties described in Table 1 are considered, and
section analysis is performed using an in-house developed software that provides bilinearised
moment-curvature (M-φ) curves [8]. Damage is initially quantified in terms of material strain
limit values, namely εc and εs corresponding to experimentally observed crack widths, and
moment corresponding to loss of bearing capacity for limit state 4 (post-peak M=0.9∙Mmax).
More details regarding local limit state definition are available in [7]. Based on cross section
analysis, moment-curvature curves are derived (and bilinearised) and curvature values corresponding to the aforementioned material strains are defined. Hence, damage is initially quan-
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tified in curvature terms (local EDPs φ1, φ2, φ3, φ4), and M-φ curves, as well as effective
stiffnesses EIeff (My/φy , needed for pushover analysis) are defined. Section analysis results for
all possible parameter combinations (7,200 section analyses), are obtained; a sufficiently
broad range of heights is considered, and parametric setup of an inelastic cantilever model
(Fig.1) is performed in order to perform inelastic pushover component analysis (36,000 pushover analyses, see Table 1). Plastic hinge formation is considered at the pier base (lumped
plasticity model), while the bilinear M-φ curve is used as input. Inelastic pushover analysis is
performed for all sections considered paired with all different pier heights, and the global engineering demand parameter values (d1, d2, d3, d4) are recorded at the analysis step that the
relevant local values (φ1, φ2, φ3, φ4) are exceeded. Check for shear failure, calculating the displacement (dV) when shear strength Vu is exceeded is performed, considering reduced concrete contribution in the inelastic range [1]; dV is compared to the displacement at flexural
failure (dfl) and the minimum value is considered as threshold value for the limit state (Fig.1).

Figure 1: – Inelastic Pushover Analysis of the cantilever model and limit state threshold estimation

G + exp[ E0  E1  ln(D/ H )  E 2  ln(v)  E3  ln( f c / f y )  E 4  ln U w  E5  ln Ul ]
E0

E1

E2

E3

E4

E5

G1 H

-6.524

-0.876

-0.018

-0.688

+0.086

+0.292

G2 H
G3 H
G4 H

-6.016

-0.674

-0.265

-0.076

+0.030

-0.072

-3.872

-0.572

-0.238

-0.470

+0.505

-0.108

-3.663

-0.542

-0.381

-0.518

+0.439

+0.001

Table 2: Closed-form relationships based on regression of analysis results.

The pushover analysis results (d1/h ~ d4/h) of the extensive parametric study are obtained, and
regression analysis (considering the parameters in logarithmic form and performing nonlinear
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fit) is carried out to derive closed-form relationships for cylindrical piers. The proposed
closed-form relationships for the estimation of limit state thresholds (d1~d4) and, eventually,
of seismic capacity, are provided in Table 2.
3

METHODOLOGY FOR THE DERIVATION OF LIMIT STATE THRESHOLDS
USING ML TECHNIQUES (ANN)

An alternative method for the estimation of pier LS threshold values in the context of
bridge-specific fragility analysis is introduced herein, entailing the use of ML techniques,
i.e.,Artificial Neural Networks (ANNs), trained to predict d1~d4 values calculated from inelastic pushover component analysis. The use of ANNs in engineering problems is common;
however issues like high bias (i.e., not enough complexity to describe the input data) and
high variance (i.e., overfitting), should be avoided, as described in [9], where additional information regarding ANNs is provided.
The first part of the methodology is the same as the one proposed in [7] and described in
§2, i.e. a range of parameters is selected and paired in order to perform section and component
analyses and estimate limit state thresholds in displacement terms. The range of parameters,
selected in order to represent realistic cases and result in training and tests of sufficient size, is
presented in Table 3.
Parameters
D (m)

Training & Test Sets
Range
Step
1.5 - 2.3
0.1

Number of
Param.
[9]

ρl

0.005 - 0.03

0.0025

[11]

ρw
ν

0.0025 - 0.015
0.1 - 0.3

0.0025
0.02

[6]
[11]

fc (MPa)

16 , 20 , 25 , 30

[4]

fy (MPa)

220 , 400 , 500

[3]

H (m)

2.5 , 5 , 10 , 15
[4]
Analyses Performed 313,632

Table 3: Parameters considered for section and inelastic pushover analyses for training and test of ANNs

Figure 2: Function code (python) for d1 closed-form relationship
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A total of 313,632 pushover analyses were performed and used for training and testing of
ANNs (half of the total set size used for training and the other half for testing). Different
ANN sizes were examined (i.e. 5-5-5-1, 5-5-5-5, 5-10-10-1, 5-15-15-1) to select the most efficient in terms of recorded MAE (mean absolute error) and MPE/MNE (maximum positive
and negative errors). The 5-10-10-1 (two inner layers of 10 nodes each) was found the most appropriate ANN size, since the recorded errors did not differ significantly from the ones of 5-1515-1 size and were apparently lower than those recorded when 5-5-5-5 was applied. The training procedure produced four closed-form relationships (functions) for the considered pier type
(cylindrical pier) and all limit states. All analyses presented herein have been carried out using
Python / TensorFlow 2.5 and a typical format of the relationship proposed for d1 is provided in
Figure 2. Testing of the relationships for d1~ d4 was performed using the test set described above,
estimating the errors to establish the accuracy of the proposed relationships and their efficiency
towards limit state thresholds estimation.
4

COMPARISON

To evaluate and compare the closed-form relationships proposed herein based on the training/testing of ANNs, with those proposed in [7], derived from regression analysis, the diagrams of
drift (d/h)analysis values and the error resulting from the proposed relationships ((d/h)predicted(d/h)analysis) are calculated for both cases, providing the relevant plots and the fit indicators, i.e. the
MAE, MPE, MNE and the RMSE (Root Mean Squared Error) and R2 (Root Mean Squared Error).

Closed-form relationships calculated from ANN

Closed-form relationships [7]
MAE : 0.00095
MPE : 0.00508
MNE : -0.00844

Figure 3: Comparison of d1 prediction error of the closed-form relationships proposed in [7] and application of
ML techniques (ANN)

Closed-form relationships calculated from ANN

Closed-form relationships [7]
MAE : 0.00110
MPE : 0.00456
MNE : -0.00851
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Figure 4: Comparison of d2 prediction error of the closed-form relationships proposed in [7] and application of
ML techniques (ANN)

Closed-form relationships calculated from ANN

Closed-form relationships [7]
MAE : 0.00345
MPE : 0.09057
MNE : -0.01808

Figure 5: Comparison of d3 prediction error of the closed-form relationships proposed in [7] and application of
ML techniques (ANN)

Closed-form relationships calculated from ANN

Closed-form relationships [7]
MAE : 0.00795
MPE : 0.13163
MNE : -0.07202

Figure 6: Comparison of d4 prediction error of the closed-form relationships proposed in [7] and application of
ML techniques (ANN)

From Figures 3 to 6 it is clear that the values of MAE, MPE, MNE are lower in the case of
the relationships proposed herein based on ANN training, compared to the ones proposed in
[7]. The new relationships show a better fit of data, on the basis of the low RMSE and high R2
values (0.987~0.996 instead of 0.75~0.80 of the new relationships), i.e. better prediction of
the LS thresholds for all LS. The reduction of the prediction to analysis mean absolute error
(MAE) ranges from 2 to 2.85 times, while it is obvious that the error reduction is larger for
the higher limit states (d3 & d4), wherein the data fit based on regression analysis proposed in
[7] was found inadequate.
5

CONCLUSIONS

The effectiveness of ML algorithms (ANN) for the quantitative estimation of limit state
thresholds and the derivation of closed-form relationships (functions) used for seismic capacity estimation in the frame of a bridge-specific methodology proposed by the authors [7] was
investigated herein. The closed-form relationships proposed within the methodology described in [7] which are based on regression of parametric inelastic analysis results of bridge
piers are compared with those estimated based on extensive parametric analysis results used
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for training and testing of ANNs. The parameters considered for both cases are the same (geometry, material properties, axial load and reinforcement ratios), however the approach proposed herein is differentiated regarding the number of parametric analysis performed for the
development of training and test sets and the application of ANNs, instead of typical regression analysis. The most important findings related to the effectiveness of ML techniques and
the increased accuracy achieved during the quantitative limit state threshold definition and,
eventually, the estimation of bridge fragility curves for all damage states, are:
x The relationships derived herein based on ANN training, have lower error (MAE, MPE,
MNE) and high R2 values, indicating better fit of data; i.e. better prediction of the LS
thresholds for all LS, compared to those proposed in [7] derived from regression analysis.
x The reduction of the prediction to analysis mean absolute error (MAE) ranges from 50%
to 65% when ANNs are used for closed-form relationship estimation.
x The error reduction is larger for the higher limit states (d3 & d4), where the data fit based
on regression analysis proposed in [7] was found inadequate. The latter is due to the increased sample size used and the training/testing of ANNs.
x The relationships proposed herein for the estimation of limit state thresholds for cylindrical piers (d1 ~ d4) indicate in general better fit to analysis data, hence providing more accurate and reliable prediction of component capacity and, eventually, seismic fragility.
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Abstract
In this work, quantitative evidence on whether the aesthetic value of architectural design is
associated with its structural response is investigated. The procedure for this study was based
on 170 parametric projects, as well as their structural analysis results. The aesthetic value of
an architectural project is an ambiguous concept, as it is based on each individual’s perception of beauty. This is highlighted in the corresponding literature on parametric design, formfinding, and aesthetics, as well as in an extensive bibliometric analysis of several hundreds of
research papers with respect to aesthetics and structures. Henceforth, a questionnaire was
developed and given for vote to 23 persons from a variety of disciplines such as architects,
engineers, as well as people with profession irrelevant to structures and/or aesthetics. The
mean value of the votes of the questionnaire was considered as the dependent variable of the
mathematical model, while the structural response parameters, internal forces and nodal displacements, were set as the Independent variables of the model. The obtained data were analyzed with regression analysis, utilizing linear and machine learning models, revealing a
significant link between structural response and aesthetics.
Keywords: Building Aesthetics, Structural Behaviour, Structural Analysis, Machine Learning, Regression Analysis.
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1

INTRODUCTION

Architectural design is highly dependent on structural behaviour and a variety of studies
exist in the corresponding literature. Monedero [1] has performed an analysis of the existing
literature on parametric design, stating that in the last few years there has been an evolution in
technology, while architects have started using it to their advantage. In particular, parametric
design is a process of mathematical and programming algorithms, which creates multiple
components and operations, assisting the designer to create any complex artifact from simple
lines and curves to a composite project which is usually difficult to understand, but it’s beautiful aesthetically. By utilizing structural plugins such as Katamba 3D [2]–[6], the creator can
investigate the structural analysis results during the architectural design, and change the project so as the structural configuration will be adequate. Shells have been a frequent object of
research [7] as it is often seen in nature. Santiago Huerta [8], explains that Gaudi had been
using physical models and graphic methods to support his designs. Accordingly, huge columns support the domes of the Sagrada Familia which bring to mind trees. Similarly, by utilizing computer algorithms, Miloš Dimčić [9] demonstrates that by using the same surface
and the same number of points, which can be structural objects, you can create a number of
different batches that have better structural behaviour than other ordinary objects. Furthermore, at the Post Rotterdam, which has been refurbished [10], the redesign of the building had
been done with the aid of Grasshopper3d [3], a software capable for parametric design, in
combination with other software in order to find the optimum structural response based on
form-finding. The author concludes that these types of tools in design help a lot in finding an
ideal figure and furthermore performs excellently in regards to the structural part of the design
by making calculations in a short period of time.
In a review paper [11], John S. Gero refers to the fact that after the 19th century, architecture is not considered only as art but also as a science-based on its evolution at its current
stage. As a conclusion, he states that architecture combines science that doesn’t only create
forms and objects but also adjusts them with reference to the human factor in combination
with its structural analysis. Natural forms are not drawn or created based on aesthetics but on
their structural behaviour in combination with different types of materials [12]. Famous architects like Antonio Gaudi, and to some extend Luigi Nevri and Frei Otto have studied these
natural forms in order for them to conclude and create a more natural and organic architecture.
The conclusion of this study is that if an architect studies organic designs, he discovers a new
world, says the author. To achieve this, one needs a lot of different trials, with different methods, considering environmental issues, materials, engineering and often he refers to pure luck.
Michela Turrin [13], refers to the advantages that arise from the parametric design and how
easy one can find different forms with the same rationale. She continues by explaining that
this is key in the architectural form. Paolo Basso [14] explains that all organic geometric
forms that exist are arranged and can be configured based on the NURBS curves, concluding
that in the fields of both architecture and engineering new methods need to be found in regards to research, analysis and resolution. The approach of parametric design or other software that use NURBS curves gives the user full control over the smoothness of the object that
is being created.
In a statement on Frei Otto [15], Boho Rasch mentions that Frei Otto is fascinated by organic, physical forms (the same happens when we minimize the inclination forces), and
lightweight construction. He also states that the architect uses computer-aided means and the
vast potential they have in order to specify the shape and behaviour of such organic forms. He
concludes that Otto believes in the organic, lightweight form as he believes that it improves
the human health and mood, but also nature itself. Renaud Aleis Pierre Emile [16] refers to
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the current tools of design and analysis, as being highly powerful and that they can allow
someone to produce and analyze any structural form. However, most of them are not allowed
to use such means in the pure design stage of a project. The parametric design allows for a
rapid study of complex geometric shapes and can be combined with an algorithmic analysis
and optimization to design with performance as a parameter as well as objective. In his conclusions, he states that his work reflects that parametric design can be extended by using
ground breaking computer-based ideas in the research for design with an epicenter to perform
in creative ways.
Neri Oxman [17], mentions that the recent development of computer-based geometry and
the expansion of the CAD software packages that support geometrical model design, combined with the research on design, lead to the evolution of analysis tools. Such tools have now
been expanded in order to include complex computerized methods for non-Euclidean geometries, such as the B-spline curves and the NURBS surface. Hence, there will be a new model
that studies the form and the implementation of design at the same time. If such an emersion
is possible, then this knowledge that computerized geometry offers will be one of the most
important forms of disciplined knowledge in computerized design software in architecture.
Allen Carlson [18], mentions that aesthetics and nature are directly linked and that the relationship between science and nature is controversial. He also supports the environment and
the nature we live in has led us to each one of our own aesthetics. The need of nature is to
create something functional and at the same time light [19]; which is a result of constant optimization, that has been going on for millions of years, and which will continue to be as long
as this world exists. Accordingly, the concept of form-finding is a process of optimizing the
static equilibrium of the structure, finding the corresponding structural form, and architectural
synthesis at the same time. The theory of evolution of the species in nature has inspired computer scientists, to develop the so-called evolutionary optimization algorithms [20], [21]. The
purpose of this work was to investigate whether the structural behaviour of an architectural
artifact is linked with the beauty of the design. It was attained, by utilizing 170 parametric
structures, and their structural analysis results, via machine learning techniques.
2

BIBLIOMETRIC LITERATURE REVIEW

In order to investigate the literature related to architecture, computational design and structural analysis, the following bibliometric techniques where implemented. Initially, the Google
Books database [22], based on 25 million books was searched using Architectural design,
parametric design, computational design and form-finding. In Figure 1, it is depicted that in
the last few years, and in particular since 1960, more people have begun to look for and learn
about parametric design and have also begun to deal with computational design and formfinding as well. Additionally, from Figure 1, it is derived there is a proportion in the world
looking for architecture after parametric design and then for form-finding. Interestingly, these
are the steps that an architect can follow to design an organic form.
Growth rates of scientific knowledge correspond to a doubling every 9 years [22]. Hence, a
vast amount of research papers were investigated with respect to their keywords associations,
utilizing a procedure developed in [23], [24]. Figure 2, is the bibliometric map for the keywords of the 1414 documents, obtained from a search in Scopus database [25], comprising the
term aesthetics. The frequency of its keyword is indicated with a number before the text,
while the size of the corresponding circle is proportional to this frequency. Furthermore, the
distances between the circles indicate the number of co-occurrences of these keywords in the
papers’ database. Utilizing this clustering technique, two major clusters are constructed, one
with aesthetics in the center, near with the perception, architecture design and innovation
keywords.
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Figure 1: Google Books results of search terms

Figure 2: Scopus search for aesthetics

Accordingly, Figure 3, was created, by narrowing the search with the specific keywords of
Table 1, as well as limiting the results with the generic keyword stuctur*. Accordingly, tow
clusters are developed, one at the bottom left side relative to the engineering literature with
keywords structural engineering, engineering design, structural design- and another at the top
right region of the map with keywords such as aesthetics, design process, perception etc.
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Figure 3: Scopus search for aesthetics with specific keywords
"Design"
"Architectural Design“
"Aesthetics"
"Structural Design"
"Architecture“
"Engineering“
"Bridges"
"Design Process“
"Esthetics"
"Architectural Textile"
"Buildings“
"Conceptual Design“
"Roofs“
"Computer Aided Design"
"Creativity“
"Engineering Design“
"Structural Analysis“
"Timber“
"Design Theory"
"Structural Systems“
"Cultural Heritage“
"Design Research“
"Historic Preservation“
"Modernism“
"Reinforced Concrete"
"Restoration“
"Structural Engineering“
"Building"
"Civil Engineering“
"Design Activity“
"Design And Construction“

"Design Cognition“
"Esthetic Property“
"Morphology“
"Optimization“
"Philosophy Of Design“
"Symbolism“
"Tall Buildings“
"Arches“
"Architects“
"Architectural Theory“
"Cables“
"Concept Selection“
"Concrete“
"Design Practice“
"Engineers“
"Footbridges“
"Geometry"
"Masonry Construction"
"Metaphor“
"Philosophy“
"Steel“
"Structural Loads“
"Symmetry“
"Topology“
"Brick“
"Bridge“
"Bridge Decks“
"Bridge Design“
"Building Materials“
"Case Studies“
"Case Study“

"Concretes“
"Culture“
"Design Models“
"Design Problems“
"Design Processes“
"Earthquake Resistance"
"Efficiency“
"Empirical Studies“
"Exploratory Studies“
"Form“
"Heritage“
"Historic Building“
"History“
"Housing“
"Imagination“
"Innovation"
"Istanbul“
"Masonry“
"Mathematical Models"
"Membrane"
"Mortar“
"Problem Solving“
"Semantics"
"Space Syntax"

Table 1: Special keywords for the final database construction
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3

STUDIED DATABASE

Seventeen projects have been used, of which all had ten different, parametric variations, by
changing the slider components in the software [2], [3], and have been created mainly by the
third-year students of the school of architecture at Neapolis University Pafos, in their modules,
Computational Design and Advanced Structural Systems. From these ten alterations, we get
sixteen structural analysis results, regarding the maximum and minimum displacements, nodal
rotations, internal axial forces and bending moments. All these results are included in Appendix II, while indicative results are demonstrated in Table 2. These sixteen output values from
each variation of the projects, in combination with a questionnaire which was completed by
architects, engineers and other people, not related to this profession, will be analyzed statistically in order to investigate the hypothesis that structural response is correlated with the aesthetic value of each project. The aesthetic value was considered as the mean value (for each
project) of the participants to this research. The questionnaire was filed by 23 people and the
mean value of the responses was used as the dependent variable, representing an unbiased indicator for aesthetic value.
M(max)

M(avg)

Tx(max)

Tx(avg)

Ty(max)

Ry(avg)

Rz(avg)

001

N (max)
1.6E+00

N(avg)
5.2E-01

2.9E-01

7.8E-02

1.7E-04

4.0E-05

5.5E-05

Tz(avg)
4.8E-05

Rx(max)
6.3E-05

Rx(avg)
1.4E-05

Ry(max)
1.9E-04

5.7E-05

9.3E-06

aesthetics
4.2E+00

002

1.5E+00

4.6E-01

2.4E-01

7.1E-02

1.2E-04

3.7E-05

3.0E-05

4.6E-05

5.0E-05

1.2E-05

1.6E-04

5.5E-05

9.8E-06

3.9E+00

003

1.7E+00

5.3E-01

3.0E-01

7.1E-02

1.7E-04

3.4E-05

6.9E-05

4.2E-05

7.5E-05

1.5E-05

1.9E-04

4.9E-05

1.1E-05

3.9E+00

004

1.7E+00

5.4E-01

3.1E-01

8.2E-02

2.0E-04

4.5E-05

5.1E-05

5.4E-05

9.2E-05

1.5E-05

2.1E-04

6.1E-05

8.8E-06

3.8E+00

005

1.5E+00

4.8E-01

2.6E-01

7.1E-02

1.2E-04

3.2E-05

3.1E-05

3.9E-05

4.2E-05

8.6E-06

1.6E-04

5.1E-05

6.3E-06

3.8E+00

006

1.5E+00

4.4E-01

2.4E-01

5.6E-02

1.0E-04

2.1E-05

3.7E-05

2.6E-05

5.3E-05

8.8E-06

1.4E-04

3.6E-05

8.0E-06

3.8E+00

007

1.4E+00

4.2E-01

1.9E-01

5.1E-02

7.0E-05

1.5E-05

3.1E-05

1.9E-05

3.4E-05

7.6E-06

8.6E-05

2.8E-05

6.5E-06

3.8E+00

008

1.4E+00

4.3E-01

1.9E-01

5.5E-02

6.7E-05

1.8E-05

3.0E-05

2.2E-05

3.1E-05

8.0E-06

8.7E-05

3.2E-05

6.4E-06

3.8E+00

009

1.3E+00

4.0E-01

1.7E-01

5.0E-02

6.2E-05

1.7E-05

2.8E-05

2.1E-05

2.8E-05

8.1E-06

7.9E-05

2.9E-05

6.4E-06

3.7E+00

010

1.5E+00

4.5E-01

2.4E-01

5.9E-02

1.5E-04

2.5E-05

1.1E-04

3.1E-05

7.2E-05

1.7E-05

1.4E-04

3.8E-05

1.5E-05

3.7E+00

Table 2: Structural analysis results for structure 001-010

The numerical procedure was started by creating ten versions of each project by using the
software Rhino [4], and its plugin Grasshopper3d [3] and then save ten renders from a different viewing point of each alteration. For the static solution of these projects the plugin Karamba3d [2], [5] was used, in which we came up with the maximum and minimum internal
forces and also the maximum and minimum displacements. Furthermore, a questioner on
Google docs (Appendix I), was created with all the images, which are included in Appendix
III, in order for people to vote. From this feedback, an excel file was created so as to be analyzed with regression analysis. Furthermore, the top five projects that were voted, are demonstrated in Figure 7. Finally, two examples of the code that was used in Grasshoper3d, and one
example code from Karamba3d are depicted in Appendix III.
In Figure 7 - A, which is a curved hanging bridge, the concept is to rotate around from its
vertical axis to pass the ships under the bridge. Figure 7 - B, is a hanging bridge in a straight
line similar to the previous one. In Figure 7 - C, we still demonstrate a hanging bridge of similar structural rationale, in the simplest form. In Figure 7 – D, we show a parametric shell with
polygonal openings on the roof. Finally, in Figure 7 - E a large-scale enclosure is demonstrated. Accordingly, in, Figure10, the corresponding code in the Grasshopper3d [3] program and
the congruent code is for the project of Figure 7-B. Then the code for the project of Figure 7A is demonstrated in Figure 11 with an optimization tool to the right in order to find a place
where the bridge has the minimum bending moments. Finally, for the same project, we see the

3862

Nikolaos P. Bakas, Neofytos Christofi, John Bellos, Dimitris Antoniou and George Markou

Karamba3d [2] code and the various values we output for moments and displacements (see
Figure 12 in Appendix II).

A-B: Parametric projects 215, 226

C-D: Parametric projects 081, 236

E: Parametric project 107
Figure 4: Highest rated projects

4

HEADINGS

In order to perform the regression analysis, the results of each project were normalized to
have zero mean and unit standard deviation, so as to utilize the same range for the Karamba3d
results for its project and the statistical analysis to be more representative. The projects with
irrational values of internal forces were excluded from the database via anomaly detection
software [26], as they probably had errors in the connectivity of the model. We used three
Machine Learning simulations, in order to construct prediction models, and in particular, Linear Regression [27], Random Forests [28], [29], and Gradient Boosting [30], [31], as developed in Julia [32] programming language. In Table 3, the accuracy metrics indicate a strong
link among the structural analysis results, with the aesthetic value, as computed by the questionnaires. Afterwards, sensitivity analysis [33], [34] was conducted in order to investigate the
influence of each independent variable to the dependent, by keeping all other variables constant at their Median value. In Figure 8, the corresponding results for Aesthetic value vs
Bending Moments over Axial Forces are depicted, exhibiting a decreasing pattern. This is in
accordance with the rationale of Antonio Gaudi [7] and the minimum bending moments of
arches and domes.
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Figure 5: Sensitivity analysis
Methods

Pears. Corr.

MAE

RMSE

MAPE

MAXPE

Alpha

Random Forests

0.8156

0.1460

0.1980

0.0466

0.2065

0.5704

Gradient Boosting

0.9732

0.0183

0.0771

0.0055

0.1761

0.9469

Linear Regression

0.3769

0.2449

0.3155

0.0800

0.3533

0.1154

Table 3: Accuracy Metrics of Machine Learning Models

5

CONCLUSIONS

This research was an attempt to contribute to the question of many architects and civil engineers on whether the structural response of a structure is useful to the stability of the building, or it has another utilization on the architectural synthesis as well. The literature regarding
parametric design and form-finding, although indirectly refer to the aesthetics of the structure,
lack any identification of a numerical link between the structural response and aesthetics of
the structure. This was farther investigated and confirmed with bibliometric analysis of the
literature regarding aesthetics and structural response, where the clusters of the aesthetic related keywords were separated from the engineering related keywords. An adequate amount of
projects (170) were developed and studied in order to construct a database for such an investigation. The regression analysis confirmed numerically that there exists a link between structural response and aesthetics.
6
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Appendix I: Figures, of the studied projects
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Appendix II: Example Codes

Figure 6: Parametric code 226

Figure 7: Parametric code 215

Figure 12: Karamba3d code 215
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044

043

042

041

020

019

018

017

016

015

014

013

012

011

010

009

008

007

006

005

004

003

002

001

1.6E+0
0
1.5E+0
0
1.7E+0
0
1.7E+0
0
1.5E+0
0
1.5E+0
0
1.4E+0
0
1.4E+0
0
1.3E+0
0
1.5E+0
0
5.4E+0
2
5.5E+0
2
5.1E+0
2
5.4E+0
2
4.3E+0
2
5.1E+0
2
6.2E+0
2
5.2E+0
2
6.2E+0
2
4.4E+0
2
5.1E+0
2
4.5E+0
2
4.5E+0
2
3.8E+0
2

N
(max)

2.1E+0
2
2.0E+0
2
1.9E+0
2
2.2E+0
2
2.0E+0
2
2.3E+0
2
2.6E+0
2
1.9E+0
2
2.2E+0
2
1.8E+0
2
7.7E+0
1
9.9E+0
1
6.3E+0
1
5.8E+0
1

4.5E-01

4.0E-01

4.3E-01

4.2E-01

4.4E-01

4.8E-01

5.4E-01

5.3E-01

4.6E-01

5.2E-01

N
(avg)

5.7E+0
1
6.0E+0
1
5.3E+0
1
6.2E+0
1
4.2E+0
1
5.5E+0
1
7.4E+0
1
5.5E+0
1
7.6E+0
1
4.5E+0
1
1.8E+0
2
1.6E+0
2
5.9E+0
1
5.6E+0
1

2.4E-01

1.7E-01

1.9E-01

1.9E-01

2.4E-01

2.6E-01

3.1E-01

3.0E-01

2.4E-01

2.9E-01

M
(max)

2.3E+0
1
2.2E+0
1
2.1E+0
1
2.6E+0
1
1.9E+0
1
2.6E+0
1
3.4E+0
1
2.2E+0
1
2.6E+0
1
1.9E+0
1
1.5E+0
1
1.5E+0
1
1.1E+0
1
6.1E+0
0

5.9E-02

5.0E-02

5.5E-02

5.1E-02

5.6E-02

7.1E-02

8.2E-02

7.1E-02

7.1E-02

7.8E-02

M
(avg)

3.0E-07
4.3E-07
1.5E-07

2.5E-06
3.6E-06
6.9E-07
3.7E+0
0
2.9E+0
0
1.7E+0
0
5.2E-01

7.0E-07

3.6E-06

7.0E+0
0
7.0E+0
0
2.9E+0
0
2.0E+0
0

3.7E-07

2.6E-06

3.9E-07

2.1E-07

2.5E-07

2.7E-07

2.5E-05

1.7E-05

1.8E-05

1.5E-05

2.1E-05

3.2E-05

4.5E-05

3.4E-05

3.7E-05

4.0E-05

Tx
(avg)

1.7E-06

1.5E-06

2.7E-06

1.2E-06

1.4E-06

1.3E-06

1.5E-04

6.2E-05

6.7E-05

7.0E-05

1.0E-04

1.2E-04

2.0E-04

1.7E-04

1.2E-04

1.7E-04

Tx
(max)

7.6E+0
0
7.4E+0
0
2.4E+0
0
1.3E+0
0

1.7E-06

7.2E-06

8.4E-06

4.7E-06

2.7E-06

5.7E-06

6.5E-06

2.7E-06

2.5E-06

2.3E-06

1.1E-04

2.8E-05

3.0E-05

3.1E-05

3.7E-05

3.1E-05

5.1E-05

6.9E-05

3.0E-05

5.5E-05

Ty
(max)
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4.7E-01

2.5E+0
0
1.6E+0
0
8.3E-01

4.9E-07

1.5E-06

1.3E-06

2.0E-06

8.7E-07

9.6E-07

1.3E-06

6.8E-07

7.4E-07

6.7E-07

1.8E-05

6.8E-06

6.8E-06

5.7E-06

8.4E-06

7.1E-06

1.0E-05

1.7E-05

9.4E-06

1.3E-05

Ty
(avg)

1.5E+0
1
1.9E+0
1
7.0E+0
0
4.7E+0
0

6.2E+0
0
6.5E+0
0
2.9E+0
0
1.2E+0
0

1.9E-06

3.3E-06

2.8E-06

5.3E-06

3.5E-06

2.6E-06

3.3E-06

2.3E-06

2.6E-06

2.9E-06

3.1E-05

2.1E-05

2.2E-05

1.9E-05

2.6E-05

3.9E-05

5.4E-05

4.2E-05

4.6E-05

4.8E-05

Tz
(avg)
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7.3E-06

2.0E-05

1.7E-05

2.0E-05

1.0E-05

1.2E-05

1.7E-05

1.0E-05

1.1E-05

1.1E-05

2.4E-04

1.0E-04

1.1E-04

1.2E-04

1.7E-04

1.9E-04

3.2E-04

2.8E-04

2.1E-04

2.7E-04

Tz
(max)

2.0E-01

1.0E+0
0
3.7E-01

9.6E-01

1.2E-06

3.4E-06

3.9E-06

2.3E-06

1.7E-06

2.5E-06

3.0E-06

1.4E-06

1.5E-06

1.3E-06

7.2E-05

2.8E-05

3.1E-05

3.4E-05

5.3E-05

4.2E-05

9.2E-05

7.5E-05

5.0E-05

6.3E-05

Rx
(max)

6.0E-02

9.9E-02

3.4E-01

3.4E-01

3.4E-07

9.1E-07

8.3E-07

7.1E-07

5.0E-07

6.6E-07

8.2E-07

4.5E-07

4.5E-07

3.7E-07

1.7E-05

8.1E-06

8.0E-06

7.6E-06

8.8E-06

8.6E-06

1.5E-05

1.5E-05

1.2E-05

1.4E-05

Rx
(avg)

3.1E-01

4.0E-01

6.5E-01

6.2E-01

2.4E-06

5.5E-06

4.5E-06

5.8E-06

3.8E-06

2.7E-06

4.9E-06

3.1E-06

3.4E-06

3.2E-06

1.4E-04

7.9E-05

8.7E-05

8.6E-05

1.4E-04

1.6E-04

2.1E-04

1.9E-04

1.6E-04

1.9E-04

Ry
(max)

8.4E-02

1.5E-01

2.6E-01

2.2E-01

5.7E-07

1.0E-06

8.5E-07

1.6E-06

9.6E-07

7.3E-07

9.9E-07

7.2E-07

7.7E-07

8.6E-07

3.8E-05

2.9E-05

3.2E-05

2.8E-05

3.6E-05

5.1E-05

6.1E-05

4.9E-05

5.5E-05

5.7E-05

Ry
(avg)

8.3E-02

1.7E-01

4.4E-01

4.7E-01

2.9E-07

1.5E-06

1.4E-06

9.2E-07

6.6E-07

9.8E-07

1.3E-06

4.2E-07

4.4E-07

4.1E-07

7.7E-05

2.8E-05

2.9E-05

3.2E-05

3.5E-05

2.8E-05

5.9E-05

5.3E-05

3.2E-05

4.4E-05

Rz
(max)
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3.5E-02

2.7E-02

1.3E-01

1.4E-01

7.2E-08

2.8E-07

2.4E-07

2.8E-07

1.5E-07

2.0E-07

2.6E-07

1.1E-07

1.2E-07

1.1E-07

1.5E-05

6.4E-06

6.4E-06

6.5E-06

8.0E-06

6.3E-06

8.8E-06

1.1E-05

9.8E-06

9.3E-06

Rz
(avg)

3.6E+00
3.5E+00
3.5E+00

0
0
0

1

1

1

3.5E+00

3.5E+00

3.5E+00

3.5E+00

3.6E+00

0

1

3.6E+00

3.7E+00

3.7E+00

3.7E+00

3.7E+00

3.7E+00

3.7E+00

3.7E+00

3.8E+00

3.8E+00

3.8E+00

3.8E+00

3.8E+00

3.9E+00

3.9E+00

4.2E+00

aesthetics

0

0

0

0

0

0

1

1

1

1

1

1

1

1

1

type
(beams=1,
shells=0)
1

092

091

090

089

088

087

086

085

084

083

082

081

060

059

058

057

056

055

054

053

052

051

050

049

048

047

046

045

2.8E+0
2
2.8E+0
2
2.1E+0
2
1.3E+0
2
4.7E+0
2
7.9E+0
2
3.7E+0
0
6.2E+0
0
3.8E+0
0
2.9E+0
0
3.9E+0
0
3.8E+0
0
7.1E+0
0
4.1E+0
0
3.8E+0
0
3.8E+0
0
4.2E+0
0
4.2E+0
0
5.1E+0
0
3.5E+0
1
7.7E+0
0
1.1E+0
1
1.1E+0
1
1.2E+0
1
5.6E+0
0
6.8E+0
0
1.2E+0
6
1.3E+0
6

3.5E+0
0
1.3E+0
0
1.5E+0
0
1.9E+0
0
2.6E+0
0
1.0E+0
0
6.8E+0
0
3.5E+0
5
3.5E+0
5

2.1E+0
0
1.7E+0
0
4.6E+0
0
2.3E+0
0
1.8E+0
0
1.9E+0
0
1.2E+0
0
1.2E+0
0
9.5E-01

4.1E+0
1
3.6E+0
1
2.5E+0
1
2.1E+0
1
5.3E+0
1
7.8E+0
1
1.9E+0
0
3.9E+0
0
1.7E+0
0
8.5E-01

5.4E+0
0
6.2E+0
0
4.9E+0
0
5.2E+0
0
6.2E+0
0
5.8E+0
0
1.8E+0
1
6.3E+0
1
6.3E+0
1
2.5E+0
2
1.0E+0
3
6.2E+0
2
8.4E+0
1
1.1E+0
2
1.8E+0
1
6.8E+0
0
1.1E+0
7
1.3E+0
7

4.2E+0
1
5.5E+0
1
3.4E+0
1
4.0E+0
1
1.2E+0
2
4.9E+0
2
6.0E+0
0
4.9E+0
0
6.1E+0
0
6.6E-01

1.5E+0
0
1.2E+0
0
1.3E+0
0
1.4E+0
0
1.7E+0
0
1.6E+0
0
2.0E+0
0
4.3E+0
0
3.6E+0
0
2.4E+0
1
2.7E+0
1
4.2E+0
1
1.2E+0
1
2.0E+0
1
2.7E+0
0
6.8E+0
0
2.1E+0
6
2.5E+0
6

7.0E+0
0
9.8E+0
0
8.2E+0
0
6.0E+0
0
1.0E+0
1
3.3E+0
1
1.6E+0
0
1.3E+0
0
1.4E+0
0
9.2E-02

6.8E+0
0
1.6E+0
3
2.2E+0
3
2.6E-01

6.8E+0
0
1.7E-01

3.1E+0
0
1.0E+0
0
5.4E-02

8.1E-01

4.0E-01

8.0E-01

4.3E-02

3.1E-01
2.9E+0
0
8.3E+0
0
4.8E+0
0
1.6E+0
1
1.4E+0
1
3.5E-01

1.5E-02

1.7E+0
0
1.1E+0
1
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
3.0E-02

1.6E-01

3.4E-01

1.1E+0
0
5.7E-01

9.6E-02

4.4E+0
0
2.6E+0
1
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
1.2E-01

1.9E+0
0
1.5E+0
0
2.2E+0
0
6.7E-01

2.4E-01

6.8E+0
0
2.0E-01

3.6E+0
1
6.1E+0
0
3.2E+0
0
3.7E+0
1
4.2E+0
1
3.9E-01

2.9E-01

1.5E-01

2.6E-01

2.9E-01

3.8E-01

1.7E-01

5.8E-02

4.1E-01

2.1E-01

4.2E-03

4.1E-01

7.1E-02

4.2E+0
0
8.7E+0
0
3.5E-01

6.5E-01

2.3E+0
0
7.7E-01

7.3E-01

3.5E-02

6.8E+0
0
3.1E-02

7.6E+0
0
1.6E+0
1
9.4E-02

4.1E-01

1.0E+0
1
5.4E-01

6.7E-02

3.1E-02

7.7E-02

4.2E-02

5.6E-02

2.4E-02

8.3E-03

4.0E-02

3.1E-02

3.2E-04

4.6E-02

1.0E-02

2.0E+0
0
5.0E-02

6.3E-01

2.6E-01

1.0E+0
0
2.0E-01

3.0E-01

4.9E+0
0
1.3E+1
4
1.7E+1
4
2.7E+0
3
1.2E+1
4
4.7E+1
3
1.5E+0
2
1.7E+0
2
1.6E+1
3
6.8E+0
0
1.9E+0
3
2.6E+0
3
2.5E-01

1.0E+1
3
1.3E+1
3
2.7E+0
2
1.3E+1
3
6.0E+1
2
1.6E+0
1
3.3E+0
1
1.0E+1
2
6.8E+0
0
1.8E-01

2.5E-01

6.5E-02

7.3E-02

5.3E-02

4.5E-02

5.2E-02

5.8E-02

3.6E-04

6.1E-02

4.6E-02

3.5E+0
0
2.2E+0
1
7.0E-02

1.3E+0
0
1.9E+0
0
1.2E+0
0
7.1E-01
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3.9E-01

4.4E-01

3.3E-01

2.8E-01

4.7E-01

3.5E-01

3.8E-03

4.6E-01

2.8E-01

3.3E+0
0
5.5E+0
0
3.9E+0
0
2.2E+0
0
1.1E+0
1
5.7E+0
1
4.2E-01

4.2E-02

6.8E+0
0
3.5E-02

2.9E+0
0
8.3E+0
0
4.8E+0
0
1.6E+0
1
1.4E+0
1
3.5E-01

3.1E-01

9.6E-02

1.2E-01

5.8E-02

6.6E-02

4.7E-02

3.8E-02

6.4E-02

5.1E-02

1.5E-03

6.5E-02

3.9E-02

1.7E+0
0
6.3E-02

4.5E-01

1.6E-01

2.0E-01

1.8E-01

2.7E-01

5.0E-03

6.8E+0
0
5.0E-03

3.1E+0
0
1.0E+0
0
5.4E-02

8.1E-01

4.0E-01

8.0E-01

4.3E-02

1.5E-02

3.0E-02

1.1E-02

1.3E-02

9.2E-03

7.7E-03

9.4E-03

1.0E-02

1.8E-04

1.1E-02

7.8E-03

1.2E-02

3.8E-01

2.4E-01

6.8E-02

8.7E-02

5.4E-02

5.2E-02

1.1E-01

6.8E+0
0
8.5E-02

3.6E+0
1
6.1E+0
0
3.2E+0
0
3.7E+0
1
4.2E+0
1
3.9E-01

2.9E-01

1.5E-01

2.3E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
2.6E-01

4.7E-01

1.4E-01

3.1E-01

3.0E-01

2.7E-01

1.6E-02

6.8E+0
0
1.1E-02

7.6E+0
0
1.6E+0
1
9.4E-02

4.1E-01

1.0E+0
1
5.4E-01

6.7E-02

3.1E-02

0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
7.7E-02

9.1E-01

1.3E-01

6.1E-02

9.8E-02

1.3E-01

8.1E-02

3.1E-02

0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
4.9E+0
0
1.3E+1
4
1.7E+1
4
2.7E+0
3
1.2E+1
4
4.7E+1
3
1.5E+0
2
1.7E+0
2
1.6E+1
3
6.8E+0
0
2.4E-02

6.4E-01

1.7E-01

5.6E-02

1.4E-01

1.6E-01

8.5E-02
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3.0E-03

1.0E+1
3
1.3E+1
3
2.7E+0
2
1.3E+1
3
6.0E+1
2
1.6E+0
1
3.3E+0
1
1.0E+1
2
6.8E+0
0
2.0E-03

0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
0.0E+0
0
2.5E-01

2.0E-01

8.2E-02

2.1E-02

3.1E-02

5.5E-02

1.7E-02

3.3E+00
3.3E+00
3.3E+00

1
1
1

1

1

1

1

1

3.3E+00

3.3E+00

3.3E+00

3.3E+00

3.3E+00

3.3E+00

3.3E+00

1

1

3.3E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.4E+00

3.5E+00

3.5E+00

3.5E+00

3.5E+00

3.5E+00

3.5E+00

3.5E+00

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

1

120

119

118

117

116

115

114

113

112

111

110

109

108

107

106

105

104

103

102

101

100

099

098

097

096

095

094

093

1.3E+0
6
1.4E+0
6
1.7E+0
6
2.1E+0
6
1.5E+0
6
1.6E+0
6
2.1E+0
6
1.5E+0
6
4.6E+0
1
3.6E+0
1
3.8E+0
1
4.9E+0
1
5.6E+0
1
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Abstract. Data-driven models employing artiﬁcial intelligence approaches have been increasingly utilized in structural analysis and design problems over the past two decades. The main
applications involve the processing of datasets, which are gathered from experimentally derived records or obtained numerically, in order to develop closed-form formulae or numerical
tools predicting quantities related to structural response and mechanical behaviour. Given that
datasets are difﬁcult to assemble due to the limited available information and the high cost
entailed to enrich them, exhaustively processing the available data to produce the best possible prediction models is an essential task of particular interest. For speciﬁc applications, this
exhaustive computing task involves large numbers of iterations performed to train detailed prediction models with large numbers of parameters. Despite the intense computational demands
of such problems, limited research work exists on the scaling-up of the utilized algorithms on
supercomputers. In this work, a distributed training and hyperparameter tuning algorithm
is proposed for the modelling of the shear strength of slender beams without stirrups. The
training dataset comprises results obtained from the detailed modelling and analysis of several
beams with non-linear ﬁnite elements using the Reconan software. The results presented in
this research work highlight the importance of optimally utilizing computational power for the
solution of such problems. The developed computer code is available on GitHub.
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1

INTRODUCTION

Artiﬁcial intelligence techniques have emerged over the last decades as an effective and
efﬁcient tool to predict analysis outputs for computationally demanding engineering problems.
Application areas requiring multiple analysis runs (design optimization, structural reliability,
etc.) have largely beneﬁted from various computational approaches eliminating the need for
performing actual analyses by providing adequate estimations for the outputs of interest (e.g.
[1, 2, 3, 4]).
The training process of an Artiﬁcial Intelligence model is itself a demanding task in terms
of computational resources. Particularly, an Artiﬁcial Neural Network can comprise millions
of parameters to train via iterative procedures, such as the stochastic gradient descent algorithm. These algorithms yield data structures that frequently cannot ﬁt in the GPU (graphics
processing unit) accelerators’ RAM; hence parallelization is vital for the accomplishment of
the training task, and obtaining accurate results. The optimization algorithms employed during the training process of a deep network can be parallelized by following either of two main
routes. The ﬁrst one is data parallelism [5, 6, 7], which foresees the splitting of the “batch of
samples” (utilized in each iteration) into a number of smaller mini-batches, which are processed
in parallel, depending on the number of available resources (GPUs). Alternatively, we may use
model parallelism [8], by partitioning the deep learning model on distributed GPUs.
Despite the fast-pacing growth of deep learning, along with the vast need for computational
resources, there are rather limited relevant engineering applications reported in the literature
[9, 10, 11, 12, 13], none of which concerns reinforced concrete (RC) structures or slender
beams. The purpose of this work is to investigate deep-learning algorithms for the prediction
of the shear strength of RC beams. For the needs of this research work, detailed 3D ﬁnite
element (FE) modelling of RC structures is adopted [14, 15, 16, 17, 18], in order to develop
a large database of results on slender RC beams without stirrups. The numerically generated
data set is then used to train models to predict the beams’ shear strength. A new algorithm
is designed and programmed, in order to be able to develop multiple input ﬁles (FE models)
and efﬁciently analyze them through the use of the software Reconan FEA [19]. The newly
developed algorithm (Reconan Multirun) and Reconan FEA were used to generate and analyse
approximately 36,000 slender RC beams without stirrups; the obtained results were used for the
training of the predictive models.
2

DATABASE ASSEMBLY

For each beam considered, 10 independent variables (input) and one dependent variable,
which is the load corresponding to the ultimate strength (output), are varied. Particularly, the
basic geometric variables are varied for each beam: the net span L (mm), the width b (mm), and
the effective depth d (mm) of the beam. Apart from these variables that affect the FE meshing of
the beams, strength and material related variables are also varied, and, particularly, fc (uniaxial
compressive strength of a cylindrical specimen in MPa), Ec (concrete Young modulus in MPa),
ft (concrete tensile strength ratio), β (remaining shear capacity strength factor), Es (steel Young
modulus in MPa), fy (steel yielding stress in MPa), and ρ (tensile longitudinal reinforcement
ratio).
Sampling for the 10 independent variables was performed uniformly as per Table 1, with
σ
(standard deviation over mean) being kept within
the variables’ coefﬁcient of variation cv = m
the range 0.2 to 0.5 [20]. Hence, for each group of beams, different values for geometric
and strength variables were generated, and the overall database is ﬁnally constituted of 35,849
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Table 1: Statistical metrics of independent variables.
L
Minimum
Maximum
cv

d

b

fc

1500.0 260.0 200.0
20.0
8700.0 1310.0 600.0 60.0
0.416
0.406 0.228 0.305

Ec

ft

β

Es

fy

ρ

5

400.0
600.0
0.115

0.0010
0.0200
0.627

25000.0 0.020 0.020 1.90 × 10
35000.0 0.100 0.050 2.10 × 105
0.097 0.404 0.252
0.029

observations in total. Out of the total database population, 85% was used as a training set and
the remaining 15% was used for testing.
3

BASELINE AND MACHINE LEARNING MODELS

The predictive modelling of the database was implemented by utilizing four machine learning (ML) methods, and in particular Linear Regression (LR), Non Linear - higher order Regression (NLR) [21], Random Forests (RF) [22] as implemented in [23], and Gradient Boosting
[24] (GB) as implemented in [25]. The performance of each ML method varies, and the Mean
Absolute Percentage Error (MAPE) [26] was used as a meaningful metric for engineering applications. The MAPE in the test set for the four methods was 10.843 (RF), 12.178 (GB), 22.036
(NLR), and 32.211 (LR). Random forests exhibit the lowest MAPE for the test set, while LR
the highest, which was expected as it is the simplest (linear) model used. Nonlinear regression
(NLR) exhibits higher error than RF and GB, however, the NLR model is useful due to the
closed-form formula that it generates. The distribution of ML models’ residuals exhibited a
shape close to the Gaussian, for all methods except the linear regression, which was skewed.
This is due to its inability to capture the non-linear behaviour of the variables included in the
model, highlighting the need for more complex ML models.
4

DISTRIBUTED DEEP LEARNING

PyTorch was used herein which is an “imperative style, high-performance deep learning library” [27], distinguished for scientiﬁc as well as industrial projects, due to a straightforward
yet efﬁcient implementation of an automatic differentiation algorithm [28]. For multi-GPU
training, the Horovod [29] was implemented, a library that has been developed at Uber. Particularly, by using Horovod, one may take a single-GPU training script and efﬁciently scale it
to run across many GPUs in parallel. With MPI commands [30], each process is initialized
and is assigned its MPI rank in a straightforward manner, which is achieved with fewer code
changes compared to other approaches. Ultimately, Horovod scripts can run on a single-GPU,
multiple-GPUs, or even multiple hosts without any further code changes. Algorithms on various
experiments were tested for the needs of this research work on the Cyclone Supercomputer1 ,
utilizing PyTorch for computer vision as well as regression tasks2 , highlighting the efﬁciency of
data parallelism, as well as the scaling-up capabilities compared with standard ML platforms,
such as Kaggle and Google Colab.
4.1

Parallel Stochastic Gradient Descent

In Stochastic Gradient Descent, at each iteration, a random data-point i is selected, the Loss
Function for this data-point is differentiated, and then the weights for the entire network are
1
2

https://hpcf.cyi.ac.cy/
https://github.com/CaSToRC-CyI/artiﬁcial-intelligence-hpc
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updated. In mini-batch Stochastic Gradient Descent, i is the current “batch” of data, which is
a subset of all dataset indices. The parallelization is performed at this point, by updating the
weights for all batches in parallel. Hence, in Parallel Stochastic Gradient Descent, for each GPU
(in parallel) a random data-point is selected, for which the gradient is computed and the weights
are mixed. The average for the mixing of the weights can be implemented for this purpose,
or other methods, such as ensembles, AdaSum, etc. Afterwards, the update of the weights for
all GPUs takes place. In order to perform this operation in parallel, the utilization of MPI3
framework is required, so as to gather the results among all GPUs, reduce, and broadcast them
across all available GPUs again. This algorithmic procedure is described in Figure 1.

Figure 1: Parallel Stochastic Gradient Descent.
In general, it applies that, when using larger batch sizes the procedure becomes faster, and
when adopting smaller batch sizes it becomes more accurate. In any case, the batch must ﬁt into
the relevant hardware memory, so the utilization of a larger number of nodes is required when a
GPU cannot handle the batch size. Furthermore, in practice, the weights’ mix causes some accuracy losses. However, all these aspects regarding the computational behaviour of the Parallel
Stochastic Gradient Descent procedure are not always absolutely valid, as the loss function is a
highly non-linear function of the Artiﬁcial Neural Network’s (ANN’s) weights and depends on
the dataset’s particular features, thus the computational procedure’s behaviour cannot be predicted. Therefore, the training of the network has to be performed by investigating a variety of
architectures. In order to effectively treat this issue, hyperparameter tuning is adopted in the
present work, and, ultimately, the training of a very large network on Cyclone supercomputer is
attempted.
4.2

Hyperparameter tuning

In order to investigate the effect of the network’s hyperparameters, the Ray-Tune4 module of
PyTorch is implemented. Particularly, a number of ANNs are constructed by varying the batch
size, the drop-out ratio, the number of Epochs and neurons, as well as the learning rate. Subsequently, the training of the networks is conducted. Accordingly, for each training example, the
time for the training is recorded, while the ﬁnal loss function and the ratio among the validation
and train loss Ratio V-T are computed. The results obtained are presented in the Appendix. This
3
4

https://mpitutorial.com/tutorials/mpi-reduce-and-allreduce/
https://pytorch.org/tutorials/beginner/hyperparameter tuning tutorial.html
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is a time-consuming procedure, therefore, it was found useful to identify an optimal drop-out
region of ratios [31]. As depicted in Figure 2, it can be concluded that, for lower drop-out values, the corresponding values of the loss function are also lower. However, as will be explained
below, the drop-out could not be zero.
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Figure 2: Ray-Tune results.
4.3

Combination of MPI & Horovod

During the training of an ANN, the loss function is automatically recorded, as loss is the
core function that is differentiated to update the weights. In engineering applications, the Mean
Squared Error (MSE) does not offer meaningful information, and the MAPE is being utilized as
a more practical metric. Accordingly, as the best ANN’s architecture is not known in advance,
and given that multiple experiments must be performed, it is necessary to record the MAPE
during training in real-time. However, as the data are split and reside at many GPUs, an operator
should be implemented that gathers the individual predictions to obtain an aggregated metric
for the dataset as a whole.
For this purpose, a mix of Horovod with MPI is proposed. In Figure 3, three code snippets
are depicted describing the implementation of such an operation. The overall operation starts
with the initialisation of vector pred in the code at the upper right part of Figure 3, which is used
later as a container of all results. The code at the upper left part imports the MPI module from
mpi4py and gets the rank of each GPU. Afterwards, as shown in the code at the bottom-left
part of Figure 3, after each step of the optimizer, a barrier is set to wait for all GPUs to ﬁnish
with their numerical processes. Then, the responses y train pred of each GPU are stored in
vector pred i and, with the comm.gather command, all results are placed in pred i. Finally,
an additional barrier is introduced to wait for all GPUs to ﬁnish and concatenate the results in
vector pred only for rank 0. At this stage, vector pred holds the concatenated predictions and
can be utilized to calculate the MAPE.
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Figure 3: Combination of MPI and Horovod.
4.4

Parallel training

Figure 4 demonstrates the learning curves for the model without using a drop-out and with
a 10% drop-out. In the case of no drop-out (Figure 4, left), even though there is in general a
decreasing tendency in MAPE with the number of epochs, a number of signiﬁcant peaks are
evident. This can be interpreted as an effect of the averaging of the weights in parallel, which
is a source of error. However, with the utilisation of a 10% drop-out (Figure 4, right), smoother
learning curves are achieved and the aforementioned phenomenon seems to be not activated.
Furthermore, it should be stressed that the validation curve for 10% drop-out is lower than the
training curve, which is very important for the generalisation of the results.

Figure 4: Drop-out effect on the loss function during training in parallel. The model with
drop-out exhibits a validation loss history with lower values than the corresponding train curve.
It is noteworthy to state that a variety of experiments was performed to attain an optimal dropout ratio. Figure 5 presents results for a drop-out equal to 0.01. As can be seen at the right part
of Figure 5, when the validation curve is higher than the training curve, it practically stabilizes
around a constant value. This is helpful during training, as over-training of the network will not
cause over-ﬁtting of the derived predictive model.
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Figure 5: Results for low drop-out=0.01.
5

CONCLUSIONS

The numerical experiments performed in the present work comprised networks with large
numbers of neurons, and thus, weights. For example, a network with 1000 neurons per layer
and 10 layers corresponds to approximately 10 million weights to be optimised. As the most
suitable network architecture is not known a-priori, several experiments need to be performed
towards establishing the minimum possible error. Hence, computational power is vital for the
best possible accuracy of the predictions.
It was also found that using PyTorch and Horovod as a functional solution for running deeplearning models on Cyclone Supercomputer is a very efﬁcient approach. Furthermore, according to the parametric investigation performed in this research work, deep learning exhibited
high accuracy in comparison to other ML methods. The best loss attained (MAPE) was 5.94%,
while with Random Forests the corresponding loss was 10.7%, with Gradient Boosting 12.7% ,
Non-Linear Regression 24.0%, while Linear Regression had the worst numerical response with
32.3% loss.
The dataset under study comprised values with an increment of 10 kN and an average of
10/2
= 5.091 inevitably occurs on average. Henceforth, any improve98.22 kN, thus an error 98.22
ment of the 5.94% loss attained would be trivial. This highlights the power of deep learning on
one hand, however, the computational demand for training as well as optimising the architecture
of such networks is very expensive. Distributed training made these operations possible herein,
achieving both efﬁcient and accurate results.
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APPENDIX: HYPERPARAMETER TUNING RESULTS

>ŽƐƐ
ϳ͘ϵϮ
ϴ͘ϭϯ
ϴ͘ϯϱ
ϴ͘ϱϬ
ϴ͘ϱϱ
ϴ͘ϲϱ
ϴ͘ϲϴ
ϴ͘ϳϭ
ϴ͘ϳϮ
ϴ͘ϳϮ
ϴ͘ϳϯ
ϴ͘ϳϰ
ϴ͘ϳϴ
ϴ͘ϳϵ
ϴ͘ϴϯ
ϴ͘ϴϰ
ϴ͘ϴϰ
ϴ͘ϴϴ
ϴ͘ϵϭ
ϴ͘ϵϮ
ϴ͘ϵϰ
ϴ͘ϵϳ
ϴ͘ϵϴ
ϴ͘ϵϵ
ϴ͘ϵϵ
ϵ͘ϬϬ
ϵ͘ϬϮ
ϵ͘Ϭϱ
ϵ͘Ϭϱ
ϵ͘Ϭϱ
ϵ͘Ϭϳ
ϵ͘Ϭϳ
ϵ͘Ϭϴ
ϵ͘Ϭϵ
ϵ͘ϭϬ
ϵ͘ϭϭ
ϵ͘ϭϭ
ϵ͘ϭϯ
ϵ͘ϭϯ
ϵ͘ϭϱ
ϵ͘ϭϱ
ϵ͘ϭϱ
ϵ͘ϭϳ
ϵ͘ϭϴ
ϵ͘ϭϴ
ϵ͘ϭϴ
ϵ͘ϭϵ
ϵ͘ϭϵ
ϵ͘ϮϬ
ϵ͘Ϯϭ

ĂƚĐŚƐŝǌĞ
ϰϬϵϲ
Ϯϱϲ
ϱϭϮ
ϮϬϰϴ
ϮϬϰϴ
ϰϬϵϲ
Ϯϱϲ
ϱϭϮ
ϭϬϮϰ
ϮϬϰϴ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
ϰϬϵϲ
ϰϬϵϲ
ϮϬϰϴ
ϰϬϵϲ
ϰϬϵϲ
ϮϬϰϴ
ϱϭϮ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
ϰϬϵϲ
ϮϬϰϴ
ϰϬϵϲ
ϭϬϮϰ
ϭϬϮϰ
ϰϬϵϲ
ϮϬϰϴ
ϱϭϮ
ϮϬϰϴ
ϮϬϰϴ
ϰϬϵϲ
ϭϬϮϰ
ϭϬϮϰ
ϮϬϰϴ
ϮϬϰϴ
ϰϬϵϲ
ϭϬϮϰ
ϰϬϵϲ
ϰϬϵϲ
ϭϬϮϰ
ϮϬϰϴ
ϮϬϰϴ
ϰϬϵϲ
ϭϬϮϰ
ϱϭϮ
ϰϬϵϲ
ϭϬϮϰ

ƌŽƉͲŽƵƚ
Ϭ͘ϬϭϬϯ
Ϭ͘Ϭϭϭϲ
Ϭ͘ϬϭϯϬ
Ϭ͘ϬϬϲϴ
Ϭ͘ϬϬϳϭ
Ϭ͘ϬϬϱϱ
Ϭ͘ϬϬϭϭ
Ϭ͘ϬϬϭϲ
Ϭ͘ϬϭϬϱ
Ϭ͘ϬϬϴϲ
Ϭ͘ϬϬϰϮ
Ϭ͘ϬϭϬϮ
Ϭ͘ϬϭϬϯ
Ϭ͘ϬϬϯϲ
Ϭ͘ϬϬϵϰ
Ϭ͘ϬϬϳϵ
Ϭ͘ϬϭϬϴ
Ϭ͘ϬϭϮϮ
Ϭ͘ϬϬϵϮ
Ϭ͘ϬϬϭϵ
Ϭ͘ϬϬϴϱ
Ϭ͘ϬϭϴϮ
Ϭ͘Ϭϭϰϰ
Ϭ͘Ϭϭϯϳ
Ϭ͘ϬϬϵϱ
Ϭ͘Ϭϭϰϲ
Ϭ͘ϬϭϬϴ
Ϭ͘Ϭϭϯϰ
Ϭ͘ϬϬϯϮ
Ϭ͘ϬϬϭϰ
Ϭ͘Ϭϭϱϰ
Ϭ͘Ϭϭϳϯ
Ϭ͘ϬϬϰϰ
Ϭ͘ϬϬϯϱ
Ϭ͘ϬϬϭϲ
Ϭ͘Ϭϭϴϯ
Ϭ͘ϬϬϱϬ
Ϭ͘ϬϭϭϮ
Ϭ͘ϬϭϬϯ
Ϭ͘Ϭϭϯϳ
Ϭ͘ϬϭϮϯ
Ϭ͘Ϭϭϱϰ
Ϭ͘ϬϬϯϬ
Ϭ͘ϬϬϰϭ
Ϭ͘Ϭϭϰϵ
Ϭ͘ϬϬϮϰ
Ϭ͘Ϭϭϲϯ
Ϭ͘ϬϭϬϰ
Ϭ͘Ϭϭϴϳ
Ϭ͘Ϭϭϱϵ

ƉŽĐŚƐ
ϭϰϭϴ
ϵϬϲ
ϲϴϭ
ϲϳϳ
ϭϭϵϯ
ϭϬϲϱ
ϭϯϱϴ
ϭϬϰϳ
ϭϮϰϰ
ϭϮϳϮ
ϭϱϳϬ
ϳϲϯ
ϴϬϯ
ϲϵϭ
ϭϮϵϭ
ϭϯϭϴ
ϭϮϳϮ
ϭϯϱϮ
ϭϯϮϬ
ϭϬϯϵ
ϲϴϯ
ϵϱϬ
ϳϴϴ
ϵϱϲ
ϲϯϱ
ϳϰϱ
ϲϭϬ
ϭϰϳϯ
ϴϱϰ
ϳϵϲ
ϳϳϬ
ϴϴϴ
ϵϲϯ
ϲϬϰ
ϯϭϳϳ
ϭϮϮϬ
ϭϯϵϯ
ϭϬϲϭ
ϴϱϴ
ϰϰϯ
ϲϴϴ
ϭϰϳϯ
ϭϲϬϬ
ϴϮϭ
ϭϰϳϳ
ϳϳϯ
ϳϳϴ
ϴϬϱ
ϭϮϯϮ
ϯϬϵ

ηŶĞƵƌŽŶƐ
ϭϵϬϲ
ϮϮϴ
ϮϬϭ
ϱϴϬ
ϱϲϲ
ϭϱϭϭ
ϳϱϴ
ϭϱϲϰ
ϱϮϬ
ϳϳϵ
ϭϴϱϮ
ϰϳϵ
ϳϵϰ
ϭϵϲϵ
ϭϯϬϱ
ϭϭϴϰ
ϲϯϬ
ϭϭϭϬ
ϭϬϰϰ
ϱϵϲ
ϭϰϯϱ
ϭϲϲϵ
ϴϴϬ
ϭϮϮϭ
ϭϰϬϯ
ϳϰϰ
ϭϰϲϱ
ϱϯϬ
ϲϴϲ
ϭϮϲϲ
ϭϰϭϭ
ϭϯϵϳ
ϭϮϰϱ
ϭϵϱϱ
ϳϭϭ
ϭϰϳϭ
ϭϰϱϱ
ϵϭϯ
ϭϭϮϬ
ϲϴϬ
ϭϴϴϳ
ϭϭϱϳ
ϭϯϲϯ
ϵϯϭ
ϭϰϭϬ
ϭϮϵϬ
ϰϬϰ
ϵϳϱ
ϭϬϳϲ
ϯϳϲ
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>ĞĂƌŶŝŶŐZĂƚĞ
Ϭ͘ϬϬϬϴϲ
Ϭ͘ϬϬϬϯϰ
Ϭ͘ϬϬϬϯϱ
Ϭ͘ϬϬϬϯϬ
Ϭ͘ϬϬϬϯϴ
Ϭ͘ϬϬϬϳϮ
Ϭ͘ϬϬϬϭϯ
Ϭ͘ϬϬϬϮϭ
Ϭ͘ϬϬϬϭϱ
Ϭ͘ϬϬϬϵϲ
Ϭ͘ϬϬϬϳϱ
Ϭ͘ϬϬϬϱϱ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϴϴ
Ϭ͘ϬϬϬϮϴ
Ϭ͘ϬϬϬϲϰ
Ϭ͘ϬϬϬϵϬ
Ϭ͘ϬϬϬϰϬ
Ϭ͘ϬϬϬϭϬ
Ϭ͘ϬϬϬϮϳ
Ϭ͘ϬϬϬϵϲ
Ϭ͘ϬϬϬϵϴ
Ϭ͘ϬϬϬϭϲ
Ϭ͘ϬϬϬϭϴ
Ϭ͘ϬϬϬϯϵ
Ϭ͘ϬϬϬϰϲ
Ϭ͘ϬϬϬϵϱ
Ϭ͘ϬϬϬϯϳ
Ϭ͘ϬϬϬϯϱ
Ϭ͘ϬϬϬϭϰ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϵϳ
Ϭ͘ϬϬϬϲϲ
Ϭ͘ϬϬϬϵϳ
Ϭ͘ϬϬϬϭϭ
Ϭ͘ϬϬϬϳϵ
Ϭ͘ϬϬϬϰϱ
Ϭ͘ϬϬϬϴϲ
Ϭ͘ϬϬϬϭϴ
Ϭ͘ϬϬϬϬϵ
Ϭ͘ϬϬϬϴϯ
Ϭ͘ϬϬϬϱϮ
Ϭ͘ϬϬϬϵϴ
Ϭ͘ϬϬϬϵϲ
Ϭ͘ϬϬϬϭϱ
Ϭ͘ϬϬϬϮϯ
Ϭ͘ϬϬϬϰϮ
Ϭ͘ϬϬϬϭϬ
Ϭ͘ϬϬϬϭϭ
Ϭ͘ϬϬϬϳϰ

ZĂƚŝŽsͲd
Ϭ͘ϴϰϵ
Ϭ͘ϴϳϮ
Ϭ͘ϳϱϱ
Ϭ͘ϵϰϳ
ϭ͘Ϭϵϴ
ϭ͘ϬϵϮ
Ϯ͘ϳϲϭ
Ϯ͘ϯϭϯ
ϭ͘ϬϬϵ
ϭ͘Ϭϳϳ
ϭ͘ϲϱϮ
Ϭ͘ϵϵϮ
Ϭ͘ϴϰϭ
Ϭ͘ϵϵϴ
ϭ͘Ϭϴϱ
ϭ͘ϬϮϮ
Ϭ͘ϵϯϯ
ϭ͘ϬϬϬ
ϭ͘ϬϲϮ
Ϯ͘Ϭϰϵ
ϭ͘Ϭϳϭ
Ϭ͘ϴϴϵ
Ϭ͘ϵϮϲ
Ϭ͘ϴϵϮ
ϭ͘Ϭϭϵ
Ϭ͘ϳϴϬ
Ϭ͘ϴϴϲ
ϭ͘Ϭϳϰ
ϭ͘ϮϬϮ
ϭ͘ϳϴϰ
Ϭ͘ϵϰϳ
Ϭ͘ϴϯϮ
ϭ͘ϰϲϰ
Ϭ͘ϵϳϮ
Ϯ͘ϱϵϱ
Ϭ͘ϵϱϯ
ϭ͘ϯϬϵ
ϭ͘Ϭϰϲ
Ϭ͘ϵϭϮ
Ϭ͘ϳϰϮ
Ϭ͘ϴϲϮ
Ϭ͘ϵϳϬ
ϭ͘ϴϲϮ
ϭ͘ϯϲϰ
ϭ͘ϬϵϬ
ϭ͘ϰϰϱ
Ϭ͘ϴϰϬ
ϭ͘ϭϯϳ
Ϭ͘ϳϲϭ
Ϭ͘ϳϬϭ

dŝŵĞ
ϵϴϭ
ϲϳϵ
ϯϰϯ
ϮϲϮ
ϰϲϭ
ϲϯϮ
ϭϬϭϳ
ϳϯϬ
ϱϬϬ
ϱϭϬ
ϭϳϮϱ
ϯϬϵ
ϰϭϱ
ϰϵϬ
ϲϵϴ
ϲϬϴ
ϱϵϰ
ϳϭϴ
ϱϲϱ
ϱϬϭ
ϰϰϮ
ϲϵϰ
ϯϭϳ
ϱϮϳ
ϯϮϴ
ϯϱϯ
ϯϰϲ
ϱϴϲ
ϯϴϵ
ϯϴϲ
ϰϳϯ
ϰϰϴ
ϰϰϮ
ϰϰϬ
ϭϭϴϲ
ϲϵϭ
ϳϯϳ
ϰϯϰ
ϰϯϴ
ϭϳϳ
ϰϴϰ
ϳϴϲ
ϴϳϬ
ϯϯϬ
ϳϮϵ
ϰϭϵ
ϯϮϰ
ϰϬϲ
ϲϬϯ
ϭϮϲ
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ϵ͘Ϯϭ
ϵ͘Ϯϯ
ϵ͘Ϯϯ
ϵ͘Ϯϱ
ϵ͘Ϯϲ
ϵ͘Ϯϳ
ϵ͘Ϯϴ
ϵ͘Ϯϴ
ϵ͘Ϯϵ
ϵ͘ϯϬ
ϵ͘ϯϮ
ϵ͘ϯϯ
ϵ͘ϯϰ
ϵ͘ϯϱ
ϵ͘ϯϲ
ϵ͘ϯϳ
ϵ͘ϯϴ
ϵ͘ϯϵ
ϵ͘ϰϭ
ϵ͘ϰϭ
ϵ͘ϰϭ
ϵ͘ϰϯ
ϵ͘ϰϯ
ϵ͘ϰϰ
ϵ͘ϰϰ
ϵ͘ϰϰ
ϵ͘ϰϰ
ϵ͘ϰϱ
ϵ͘ϰϱ
ϵ͘ϰϱ
ϵ͘ϰϲ
ϵ͘ϰϳ
ϵ͘ϰϴ
ϵ͘ϰϴ
ϵ͘ϰϵ
ϵ͘ϰϵ
ϵ͘ϰϵ
ϵ͘ϱϬ
ϵ͘ϱϭ
ϵ͘ϱϭ
ϵ͘ϱϮ
ϵ͘ϱϮ
ϵ͘ϱϯ
ϵ͘ϱϯ
ϵ͘ϱϯ
ϵ͘ϱϯ
ϵ͘ϱϰ
ϵ͘ϱϰ
ϵ͘ϱϰ
ϵ͘ϱϰ
ϵ͘ϱϰ

ϮϬϰϴ
ϮϬϰϴ
ϮϬϰϴ
ϭϬϮϰ
ϮϬϰϴ
ϱϭϮ
ϭϬϮϰ
ϰϬϵϲ
ϱϭϮ
ϮϬϰϴ
Ϯϱϲ
ϮϬϰϴ
ϮϬϰϴ
Ϯϱϲ
ϮϬϰϴ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
ϮϬϰϴ
ϱϭϮ
ϭϬϮϰ
ϭϬϮϰ
ϱϭϮ
ϮϬϰϴ
ϰϬϵϲ
ϱϭϮ
ϭϬϮϰ
Ϯϱϲ
ϱϭϮ
ϱϭϮ
ϮϬϰϴ
ϮϬϰϴ
Ϯϱϲ
ϱϭϮ
ϮϬϰϴ
ϭϬϮϰ
ϰϬϵϲ
ϮϬϰϴ
ϱϭϮ
ϭϬϮϰ
ϱϭϮ
ϭϬϮϰ
ϮϬϰϴ
ϮϬϰϴ
ϰϬϵϲ
ϮϬϰϴ
ϮϬϰϴ
ϭϬϮϰ
ϭϬϮϰ
ϰϬϵϲ
ϭϬϮϰ

Ϭ͘ϬϬϰϴ
Ϭ͘ϬϬϳϭ
Ϭ͘ϬϭϬϭ
Ϭ͘ϬϭϱϬ
Ϭ͘ϬϬϳϰ
Ϭ͘Ϭϭϵϱ
Ϭ͘Ϭϭϯϭ
Ϭ͘Ϭϭϱϴ
Ϭ͘Ϭϭϱϰ
Ϭ͘ϬϬϱϬ
Ϭ͘ϬϬϵϮ
Ϭ͘ϬϬϱϴ
Ϭ͘ϬϬϯϭ
Ϭ͘Ϭϭϵϲ
Ϭ͘ϬϬϵϴ
Ϭ͘Ϭϭϱϭ
Ϭ͘Ϭϭϭϲ
Ϭ͘Ϭϭϰϴ
Ϭ͘ϬϬϮϯ
Ϭ͘Ϭϭϯϲ
Ϭ͘ϬϭϬϮ
Ϭ͘Ϭϭϳϱ
Ϭ͘ϬϬϰϲ
Ϭ͘Ϭϭϵϯ
Ϭ͘ϬϬϰϮ
Ϭ͘ϬϬϲϲ
Ϭ͘Ϭϭϵϴ
Ϭ͘ϬϮϴϭ
Ϭ͘ϬϭϴϬ
Ϭ͘ϬϬϭϵ
Ϭ͘ϬϬϭϰ
Ϭ͘ϬϭϬϬ
Ϭ͘ϬϮϮϱ
Ϭ͘Ϭϭϰϯ
Ϭ͘ϬϭϬϱ
Ϭ͘Ϭϭϲϯ
Ϭ͘Ϭϭϴϵ
Ϭ͘Ϭϭϵϰ
Ϭ͘Ϭϭϯϯ
Ϭ͘ϬϭϭϬ
Ϭ͘Ϭϭϰϱ
Ϭ͘Ϭϭϰϲ
Ϭ͘Ϭϭϭϭ
Ϭ͘Ϭϭϴϳ
Ϭ͘ϬϬϴϵ
Ϭ͘ϬϬϱϭ
Ϭ͘Ϭϭϵϱ
Ϭ͘ϬϭϮϮ
Ϭ͘ϬϬϭϰ
Ϭ͘ϬϬϳϱ
Ϭ͘ϬϬϮϱ

ϱϲϴ
ϴϬϳ
ϭϬϱϵ
ϳϴϴ
ϴϳϵ
ϴϲϬ
ϱϭϲ
ϭϰϬϮ
ϭϯϬϰ
ϭϭϮϵ
ϭϵϬϱ
ϵϵϯ
ϵϱϵ
ϵϲϯ
ϳϭϲ
ϲϱϮ
ϵϬϱ
ϭϭϮϴ
ϭϰϭϯ
ϮϮϵ
ϭϰϭϮ
ϭϰϰϭ
ϭϮϮϱ
ϱϭϯ
ϭϯϲϵ
ϭϯϰϭ
ϭϬϮϱ
ϰϵϱ
ϲϭϵ
ϰϳϭϱ
ϭϮϯϬ
ϳϵϮ
ϮϲϬ
ϭϭϭϰ
ϭϯϱϴ
ϭϮϵϮ
ϭϯϱϱ
ϳϵϮ
ϭϯϮϰ
ϭϬϰϮ
ϭϯϮϰ
ϭϭϱϬ
ϭϰϰϴ
ϭϬϲϱ
ϲϯϯ
ϱϯϮ
ϵϰϭ
ϭϬϳϬ
ϯϱϭϭ
ϭϮϮϳ
ϭϵϲϲ

ϭϴϳϯ
ϳϮϲ
ϭϵϭϳ
ϳϳϮ
ϭϬϯϳ
ϳϮϯ
ϴϮϬ
ϱϱϳ
ϲϰϰ
ϭϰϰϭ
ϱϳϳ
ϳϭϰ
ϭϮϴϴ
ϱϴϵ
ϭϭϵϱ
ϭϳϱϲ
ϴϭϲ
ϭϴϳϴ
ϭϲϱϬ
ϲϵϱ
ϲϭϬ
ϭϭϮϵ
ϭϴϲϲ
ϭϴϰϭ
ϭϲϰϲ
ϭϳϲϳ
ϭϭϭϯ
ϲϱϮ
ϭϴϳϬ
ϱϮϱ
ϳϰϳ
ϭϬϲϯ
ϱϯϯ
ϭϬϲϭ
ϵϰϲ
ϭϴϮϱ
ϭϭϴϳ
ϭϱϲϰ
ϭϱϴϳ
ϭϬϰϰ
ϭϰϮϲ
ϲϲϳ
ϵϯϭ
ϭϴϯϳ
ϭϭϴϭ
ϱϯϬ
ϭϯϱϳ
ϴϴϱ
ϳϵϱ
ϭϳϴϭ
ϭϰϵϱ
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Ϭ͘ϬϬϬϮϳ
Ϭ͘ϬϬϬϰϮ
Ϭ͘ϬϬϬϵϭ
Ϭ͘ϬϬϬϯϭ
Ϭ͘ϬϬϬϵϳ
Ϭ͘ϬϬϬϭϬ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϭϯ
Ϭ͘ϬϬϬϵϯ
Ϭ͘ϬϬϬϳϭ
Ϭ͘ϬϬϬϮϬ
Ϭ͘ϬϬϬϭϵ
Ϭ͘ϬϬϬϰϱ
Ϭ͘ϬϬϬϯϴ
Ϭ͘ϬϬϬϱϬ
Ϭ͘ϬϬϬϴϳ
Ϭ͘ϬϬϬϲϱ
Ϭ͘ϬϬϬϵϬ
Ϭ͘ϬϬϬϳϮ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϱϭ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϰϲ
Ϭ͘ϬϬϬϮϯ
Ϭ͘ϬϬϬϮϳ
Ϭ͘ϬϬϬϲϬ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϰϴ
Ϭ͘ϬϬϬϭϮ
Ϭ͘ϬϬϬϰϭ
Ϭ͘ϬϬϬϲϳ
Ϭ͘ϬϬϬϯϬ
Ϭ͘ϬϬϬϲϲ
Ϭ͘ϬϬϬϱϮ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϯϲ
Ϭ͘ϬϬϬϱϯ
Ϭ͘ϬϬϬϵϱ
Ϭ͘ϬϬϬϱϯ
Ϭ͘ϬϬϬϮϭ
Ϭ͘ϬϬϬϲϯ
Ϭ͘ϬϬϬϰϲ
Ϭ͘ϬϬϬϲϳ
Ϭ͘ϬϬϬϯϴ
Ϭ͘ϬϬϬϯϵ
Ϭ͘ϬϬϬϯϵ
Ϭ͘ϬϬϬϴϮ
Ϭ͘ϬϬϬϮϰ
Ϭ͘ϬϬϬϵϬ
Ϭ͘ϬϬϬϲϯ

ϭ͘ϭϬϭ
ϭ͘ϭϰϯ
Ϭ͘ϵϱϬ
Ϭ͘ϵϱϲ
ϭ͘ϭϴϬ
Ϭ͘ϴϱϱ
Ϭ͘ϳϭϵ
Ϭ͘ϳϳϲ
ϭ͘ϭϬϵ
ϭ͘ϯϲϲ
ϭ͘ϰϵϬ
ϭ͘ϭϯϳ
ϭ͘ϱϲϯ
Ϭ͘ϵϲϬ
ϭ͘Ϭϲϴ
Ϭ͘ϵϳϯ
ϭ͘ϭϳϴ
Ϭ͘ϵϲϳ
Ϯ͘ϭϰϵ
Ϭ͘ϴϯϳ
ϭ͘Ϯϴϱ
ϭ͘ϬϮϲ
ϭ͘ϴϮϵ
Ϭ͘ϳϵϳ
ϭ͘ϰϴϳ
ϭ͘ϱϴϲ
Ϭ͘ϵϱϭ
Ϭ͘ϳϲϯ
Ϭ͘ϵϵϭ
Ϯ͘ϵϯϵ
Ϯ͘Ϭϵϭ
ϭ͘ϬϰϮ
Ϭ͘ϳϱϰ
ϭ͘ϭϴϱ
ϭ͘ϮϮϰ
Ϭ͘ϵϱϳ
Ϭ͘ϴϵϮ
Ϭ͘ϲϳϰ
ϭ͘ϭϵϴ
ϭ͘ϮϲϮ
ϭ͘Ϯϱϯ
ϭ͘Ϭϳϯ
ϭ͘Ϯϯϭ
Ϭ͘ϵϬϰ
Ϭ͘ϵϱϭ
ϭ͘ϭϬϵ
Ϭ͘ϵϯϴ
ϭ͘ϭϵϱ
Ϯ͘ϵϯϴ
Ϭ͘ϵϴϬ
Ϯ͘ϯϴϲ

ϯϴϰ
ϯϮϬ
ϳϮϲ
Ϯϵϳ
ϯϳϴ
ϰϰϯ
ϮϬϯ
ϳϬϮ
ϲϯϵ
ϱϳϲ
ϭϰϰϬ
ϯϱϴ
ϰϰϳ
ϳϭϱ
ϯϭϲ
ϰϵϱ
ϰϰϳ
ϳϴϯ
ϴϮϵ
ϭϭϱ
ϱϯϴ
ϲϴϬ
ϵϴϬ
ϯϯϰ
ϴϲϭ
ϭϬϱϲ
ϰϳϰ
ϯϲϵ
ϱϬϲ
Ϯϰϱϴ
ϰϲϰ
ϯϯϴ
ϭϵϰ
ϱϴϴ
ϱϬϵ
ϵϭϯ
ϳϰϵ
ϰϯϬ
ϵϰϮ
ϰϰϱ
ϴϮϱ
ϰϮϮ
ϱϴϲ
ϳϬϴ
ϯϮϳ
ϭϵϭ
ϰϳϯ
ϰϰϳ
ϭϰϮϯ
ϴϰϭ
ϭϭϬϬ
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ϵ͘ϱϰ
ϵ͘ϱϰ
ϵ͘ϱϱ
ϵ͘ϱϲ
ϵ͘ϱϳ
ϵ͘ϱϴ
ϵ͘ϱϴ
ϵ͘ϲϬ
ϵ͘ϲϭ
ϵ͘ϲϭ
ϵ͘ϲϭ
ϵ͘ϲϮ
ϵ͘ϲϮ
ϵ͘ϲϯ
ϵ͘ϲϰ
ϵ͘ϲϱ
ϵ͘ϲϱ
ϵ͘ϲϱ
ϵ͘ϲϱ
ϵ͘ϲϴ
ϵ͘ϲϵ
ϵ͘ϲϵ
ϵ͘ϲϵ
ϵ͘ϲϵ
ϵ͘ϲϵ
ϵ͘ϳϭ
ϵ͘ϳϮ
ϵ͘ϳϮ
ϵ͘ϳϯ
ϵ͘ϳϲ
ϵ͘ϳϳ
ϵ͘ϳϴ
ϵ͘ϳϵ
ϵ͘ϳϵ
ϵ͘ϳϵ
ϵ͘ϴϬ
ϵ͘ϴϬ
ϵ͘ϴϭ
ϵ͘ϴϭ
ϵ͘ϴϮ
ϵ͘ϴϯ
ϵ͘ϴϱ
ϵ͘ϴϱ
ϵ͘ϴϱ
ϵ͘ϴϱ
ϵ͘ϴϱ
ϵ͘ϴϳ
ϵ͘ϴϴ
ϵ͘ϴϴ
ϵ͘ϴϵ
ϵ͘ϵϬ

ϱϭϮ
ϮϬϰϴ
ϰϬϵϲ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
ϮϬϰϴ
ϱϭϮ
Ϯϱϲ
ϱϭϮ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
ϰϬϵϲ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
ϰϬϵϲ
Ϯϱϲ
ϰϬϵϲ
ϱϭϮ
ϮϬϰϴ
ϱϭϮ
Ϯϱϲ
ϭϬϮϰ
ϰϬϵϲ
ϰϬϵϲ
ϰϬϵϲ
ϰϬϵϲ
ϱϭϮ
ϰϬϵϲ
ϭϬϮϰ
ϱϭϮ
ϰϬϵϲ
ϱϭϮ
ϭϬϮϰ
ϱϭϮ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϱϭϮ
ϭϬϮϰ
Ϯϱϲ

Ϭ͘ϬϮϰϭ
Ϭ͘Ϭϭϭϱ
Ϭ͘ϬϭϴϮ
Ϭ͘ϬϬϱϯ
Ϭ͘ϬϬϮϭ
Ϭ͘ϬϬϮϴ
Ϭ͘ϬϬϯϳ
Ϭ͘Ϭϭϰϰ
Ϭ͘ϬϬϵϴ
Ϭ͘ϬϮϳϰ
Ϭ͘ϬϭϮϴ
Ϭ͘ϬϬϮϳ
Ϭ͘Ϭϭϭϲ
Ϭ͘ϬϬϰϲ
Ϭ͘Ϭϯϯϲ
Ϭ͘Ϭϭϰϭ
Ϭ͘Ϭϭϴϱ
Ϭ͘ϬϬϳϭ
Ϭ͘ϬϮϮϳ
Ϭ͘Ϭϭϳϲ
Ϭ͘ϬϬϳϴ
Ϭ͘ϬϭϬϯ
Ϭ͘ϬϮϳϳ
Ϭ͘Ϭϭϭϲ
Ϭ͘Ϭϭϯϲ
Ϭ͘ϬϭϮϬ
Ϭ͘Ϭϭϳϵ
Ϭ͘ϬϬϮϯ
Ϭ͘ϬϬϮϲ
Ϭ͘ϬϬϱϲ
Ϭ͘Ϭϭϭϴ
Ϭ͘ϬϬϭϯ
Ϭ͘Ϭϭϴϰ
Ϭ͘Ϭϭϭϳ
Ϭ͘Ϭϭϳϲ
Ϭ͘ϬϬϵϭ
Ϭ͘ϬϭϮϬ
Ϭ͘ϬϬϱϲ
Ϭ͘Ϭϭϴϲ
Ϭ͘ϬϬϭϵ
Ϭ͘ϬϬϲϭ
Ϭ͘Ϭϭϴϵ
Ϭ͘ϬϭϯϬ
Ϭ͘Ϭϭϰϳ
Ϭ͘Ϭϭϰϵ
Ϭ͘ϬϭϮϳ
Ϭ͘ϬϭϮϮ
Ϭ͘ϬϬϴϰ
Ϭ͘ϬϮϬϬ
Ϭ͘ϬϭϮϱ
Ϭ͘Ϭϭϳϳ

Ϯϵϱ
ϭϭϱϱ
ϱϴϲ
ϭϰϴϲ
ϭϯϭϱ
ϭϭϯϳ
ϭϯϱϭ
ϵϮϯ
ϭϯϱϰ
ϲϲϴ
ϵϬϱ
ϱϬϯ
ϭϮϯϮ
ϭϭϯϮ
ϰϬϴ
ϳϳϵ
ϲϳϱ
ϭϭϳϭ
ϲϳϰ
ϭϬϯϱ
ϵϲϭ
ϭϭϰϳ
ϲϰϮ
ϭϭϰϴ
ϱϴϱ
ϭϰϵϱ
ϵϳϳ
ϴϲϯ
ϯϲϲϯ
ϭϯϱϴ
ϭϯϵϯ
ϰϬϭϴ
ϴϴϭ
ϭϭϰϱ
ϲϰϲ
ϭϮϵϮ
ϲϯϭ
ϵϳϭ
ϳϯϰ
ϯϰϬϯ
ϳϬϯ
ϭϰϳϴ
ϴϮϴ
ϭϯϮϬ
ϱϭϵ
ϵϯϭ
ϲϱϭ
ϭϯϰϮ
ϭϯϬϬ
ϴϯϭ
ϭϬϯ

ϱϭϱ
ϭϱϵϯ
ϵϰϲ
ϭϬϭϰ
ϭϬϱϴ
ϭϬϵϵ
ϭϯϰϱ
ϴϳϴ
ϱϮϲ
ϵϵϮ
ϭϲϯϮ
ϭϳϳϵ
ϳϱϮ
ϭϳϰϱ
ϳϲϴ
ϭϭϯϮ
ϭϬϱϵ
ϵϭϮ
ϭϵϰ
ϭϲϰϱ
ϭϯϭϳ
ϴϭϭ
ϰϰϵ
ϭϲϬϭ
ϭϮϱϵ
ϵϴϳ
ϴϮϮ
ϳϵϱ
ϴϮϵ
ϭϬϮϰ
ϭϳϴϲ
ϭϯϴϲ
ϭϲϳϯ
ϭϵϭϮ
ϭϰϬϱ
ϭϭϮϲ
ϭϮϯϲ
ϭϮϳϴ
ϭϵϴϱ
ϲϳϮ
ϭϭϯϮ
ϭϵϳϳ
ϭϬϯϵ
ϭϮϱϯ
ϴϵϰ
ϭϮϭϭ
ϭϱϰϱ
ϭϯϱϳ
ϭϰϴϭ
ϵϳϳ
ϵϰϱ
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Ϭ͘ϬϬϬϵϱ
Ϭ͘ϬϬϬϳϬ
Ϭ͘ϬϬϬϴϬ
Ϭ͘ϬϬϬϯϵ
Ϭ͘ϬϬϬϮϰ
Ϭ͘ϬϬϬϱϴ
Ϭ͘ϬϬϬϯϰ
Ϭ͘ϬϬϬϴϲ
Ϭ͘ϬϬϬϲϰ
Ϭ͘ϬϬϬϱϵ
Ϭ͘ϬϬϬϲϬ
Ϭ͘ϬϬϬϱϯ
Ϭ͘ϬϬϬϮϲ
Ϭ͘ϬϬϬϭϲ
Ϭ͘ϬϬϬϰϴ
Ϭ͘ϬϬϬϵϳ
Ϭ͘ϬϬϬϰϭ
Ϭ͘ϬϬϬϰϮ
Ϭ͘ϬϬϬϱϬ
Ϭ͘ϬϬϬϲϴ
Ϭ͘ϬϬϬϲϭ
Ϭ͘ϬϬϬϯϮ
Ϭ͘ϬϬϬϮϱ
Ϭ͘ϬϬϬϵϯ
Ϭ͘ϬϬϬϰϯ
Ϭ͘ϬϬϬϲϰ
Ϭ͘ϬϬϬϭϬ
Ϭ͘ϬϬϬϰϬ
Ϭ͘ϬϬϬϭϰ
Ϭ͘ϬϬϬϲϲ
Ϭ͘ϬϬϬϱϯ
Ϭ͘ϬϬϬϰϬ
Ϭ͘ϬϬϬϮϬ
Ϭ͘ϬϬϬϵϳ
Ϭ͘ϬϬϬϱϴ
Ϭ͘ϬϬϬϲϬ
Ϭ͘ϬϬϬϵϮ
Ϭ͘ϬϬϬϰϬ
Ϭ͘ϬϬϬϱϰ
Ϭ͘ϬϬϬϵϲ
Ϭ͘ϬϬϬϴϮ
Ϭ͘ϬϬϬϰϵ
Ϭ͘ϬϬϬϲϬ
Ϭ͘ϬϬϬϳϬ
Ϭ͘ϬϬϬϱϳ
Ϭ͘ϬϬϬϯϲ
Ϭ͘ϬϬϬϳϯ
Ϭ͘ϬϬϬϮϮ
Ϭ͘ϬϬϬϳϲ
Ϭ͘ϬϬϬϯϵ
Ϭ͘ϬϬϬϰϮ

Ϭ͘ϳϭϯ
ϭ͘ϭϭϳ
Ϭ͘ϳϱϴ
ϭ͘ϴϯϲ
Ϯ͘ϰϭϰ
Ϯ͘Ϭϯϵ
ϭ͘ϵϬϮ
ϭ͘Ϭϳϵ
ϭ͘ϯϱϴ
Ϭ͘ϴϰϯ
ϭ͘ϭϴϯ
ϭ͘ϯϯϳ
ϭ͘Ϯϵϭ
ϭ͘ϵϯϵ
Ϭ͘ϳϬϲ
ϭ͘Ϭϰϰ
ϭ͘ϬϬϴ
ϭ͘ϱϱϳ
Ϭ͘ϳϰϮ
ϭ͘Ϭϯϳ
ϭ͘ϭϵϳ
ϭ͘Ϯϴϳ
Ϭ͘ϳϵϯ
ϭ͘ϯϬϬ
ϭ͘ϭϭϲ
ϭ͘ϭϬϳ
ϭ͘Ϭϲϴ
ϭ͘ϯϲϰ
Ϯ͘ϲϳϬ
ϭ͘ϱϭϯ
ϭ͘ϯϳϰ
ϯ͘ϰϳϱ
ϭ͘ϬϲϬ
Ϭ͘ϳϵϳ
Ϭ͘ϴϮϱ
ϭ͘ϭϱϰ
Ϭ͘ϵϮϬ
ϭ͘ϲϰϱ
Ϭ͘ϴϬϵ
Ϯ͘ϵϴϯ
ϭ͘ϱϮϵ
Ϭ͘ϵϱϭ
ϭ͘ϭϵϲ
ϭ͘ϮϮϳ
ϭ͘Ϭϰϯ
ϭ͘ϭϵϬ
ϭ͘ϭϰϳ
ϭ͘ϱϲϳ
ϭ͘ϭϬϮ
ϭ͘ϭϳϯ
Ϭ͘ϳϮϰ

ϭϱϭ
ϲϲϬ
Ϯϴϰ
ϳϲϬ
ϳϭϰ
ϱϮϯ
ϳϯϯ
ϯϳϴ
ϲϳϵ
ϯϰϱ
ϱϰϬ
ϯϮϮ
ϲϯϯ
ϭϭϰϳ
Ϯϭϱ
ϯϰϳ
ϯϯϵ
ϱϳϬ
ϯϰϭ
ϲϲϲ
ϱϱϭ
ϰϱϰ
ϰϳϲ
ϳϬϱ
ϯϮϴ
ϳϭϵ
ϳϯϴ
ϰϭϴ
ϭϴϳϲ
ϱϲϬ
ϭϬϴϲ
ϯϰϯϲ
ϱϲϭ
ϴϬϭ
ϯϱϬ
ϲϰϳ
ϯϮϱ
ϱϱϵ
ϱϰϰ
ϭϯϵϬ
ϯϲϴ
ϭϬϴϳ
ϰϮϲ
ϲϴϳ
Ϯϲϵ
ϰϳϬ
ϯϴϰ
ϳϮϰ
ϴϱϴ
ϯϱϲ
ϳϴ
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ϵ͘ϵϰ
ϵ͘ϵϱ
ϵ͘ϵϱ
ϵ͘ϵϳ
ϵ͘ϵϳ
ϵ͘ϵϴ
ϭϬ͘ϬϮ
ϭϬ͘Ϭϱ
ϭϬ͘Ϭϱ
ϭϬ͘Ϭϲ
ϭϬ͘Ϭϳ
ϭϬ͘Ϭϴ
ϭϬ͘ϭϭ
ϭϬ͘ϭϮ
ϭϬ͘ϭϯ
ϭϬ͘ϭϰ
ϭϬ͘ϭϰ
ϭϬ͘ϭϰ
ϭϬ͘ϭϱ
ϭϬ͘ϭϲ
ϭϬ͘ϭϴ
ϭϬ͘ϮϮ
ϭϬ͘ϮϮ
ϭϬ͘Ϯϴ
ϭϬ͘ϯϭ
ϭϬ͘ϯϰ
ϭϬ͘ϯϲ
ϭϬ͘ϰϲ
ϭϬ͘ϰϴ
ϭϬ͘ϱϭ
ϭϬ͘ϲϬ
ϭϬ͘ϲϮ
ϭϬ͘ϲϮ
ϭϬ͘ϲϯ
ϭϬ͘ϲϲ
ϭϬ͘ϲϴ
ϭϬ͘ϲϵ
ϭϬ͘ϳϮ
ϭϬ͘ϳϱ
ϭϬ͘ϳϴ
ϭϬ͘ϳϵ
ϭϬ͘ϴϴ
ϭϬ͘ϴϵ
ϭϬ͘ϵϬ
ϭϬ͘ϵϭ
ϭϭ͘Ϯϳ
ϭϭ͘ϯϬ
ϭϭ͘ϰϲ
ϭϭ͘ϳϲ
ϭϭ͘ϳϲ
ϭϭ͘ϳϴ

ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
Ϯϱϲ
ϰϬϵϲ
ϮϬϰϴ
ϱϭϮ
ϮϬϰϴ
ϮϬϰϴ
ϰϬϵϲ
ϭϬϮϰ
ϱϭϮ
ϰϬϵϲ
Ϯϱϲ
ϰϬϵϲ
ϰϬϵϲ
ϮϬϰϴ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
Ϯϱϲ
ϭϬϮϰ
ϰϬϵϲ
Ϯϱϲ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
ϰϬϵϲ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϰϬϵϲ
Ϯϱϲ
ϱϭϮ
ϮϬϰϴ
ϰϬϵϲ
ϭϬϮϰ
ϱϭϮ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
ϮϬϰϴ

Ϭ͘Ϭϭϱϳ
Ϭ͘Ϭϭϴϱ
Ϭ͘ϬϬϰϳ
Ϭ͘Ϭϭϰϭ
Ϭ͘Ϭϯϲϭ
Ϭ͘ϬϭϮϱ
Ϭ͘ϬϬϰϵ
Ϭ͘ϬϯϬϵ
Ϭ͘ϬϭϯϬ
Ϭ͘Ϭϭϭϭ
Ϭ͘ϬϬϱϮ
Ϭ͘Ϭϭϲϰ
Ϭ͘Ϭϭϭϲ
Ϭ͘ϬϬϳϳ
Ϭ͘Ϭϭϯϱ
Ϭ͘ϬϭϬϵ
Ϭ͘Ϭϭϴϱ
Ϭ͘ϬϭϮϳ
Ϭ͘ϬϭϲϮ
Ϭ͘ϬϬϭϱ
Ϭ͘Ϭϭϰϴ
Ϭ͘ϬϮϯϰ
Ϭ͘Ϭϭϲϱ
Ϭ͘Ϭϭϲϲ
Ϭ͘ϬϰϬϮ
Ϭ͘Ϭϭϰϴ
Ϭ͘Ϭϯϴϴ
Ϭ͘ϬϭϴϮ
Ϭ͘Ϭϭϳϰ
Ϭ͘ϬϬϮϵ
Ϭ͘ϬϭϵϬ
Ϭ͘ϬϯϬϱ
Ϭ͘ϬϬϴϲ
Ϭ͘ϬϬϱϲ
Ϭ͘Ϭϭϴϭ
Ϭ͘Ϭϭϲϵ
Ϭ͘Ϭϰϲϰ
Ϭ͘Ϭϭϵϵ
Ϭ͘Ϭϭϳϯ
Ϭ͘Ϭϰϱϭ
Ϭ͘ϬϬϵϱ
Ϭ͘Ϭϭϴϱ
Ϭ͘ϬϰϮϳ
Ϭ͘ϬϰϬϲ
Ϭ͘Ϭϭϭϲ
Ϭ͘Ϭϭϴϱ
Ϭ͘Ϭϰϲϭ
Ϭ͘ϬϮϵϬ
Ϭ͘ϬϱϱϬ
Ϭ͘Ϭϰϵϲ
Ϭ͘Ϭϭϵϱ

ϭϰϮϬ
ϴϳϱ
ϭϯϬϴ
ϭϯϱϭ
ϲϱϲ
ϱϮϰ
ϱϬϯ
ϲϬϳ
ϵϱϮ
ϴϮϳ
ϭϭϬϱ
ϭϯϮϳ
ϭϰϲϯ
ϵϮϯ
Ϯϲϯϱ
ϭϮϮϳ
ϴϮϮ
ϵϮϯ
ϭϰϳϵ
ϰϯϵϳ
ϱϬϵ
ϭϱϬ
ϯϵϵϲ
ϴϬϲ
ϮϮϮ
ϭϯϮϵ
ϮϬϱ
ϮϰϬ
ϭϰϴϲ
ϰϱϳϯ
ϭϮϲϴ
ϵϳϴ
ϳϮϰ
ϰϳϴϰ
ϮϮϰϮ
ϳϳϭ
ϵϲϬ
ϱϰϯ
ϱϵϰ
ϰϮϱ
ϲϱϬ
ϱϴϲ
ϵϮϰ
ϲϲϯ
ϲϬϳ
ϯϳϵϱ
ϴϳϳ
Ϯϴϱ
ϴϭϬ
ϰϱϱ
ϳϲϰ

ϭϳϬϲ
ϭϭϵϴ
ϭϮϬϴ
ϭϵϲϰ
ϲϯϴ
ϭϲϴϬ
ϭϴϬϴ
ϮϮϱ
ϭϮϰϮ
ϭϲϵϳ
ϭϬϱϳ
ϭϲϬϬ
ϭϵϳϮ
ϭϱϰϵ
ϭϮϮϭ
ϭϴϲϳ
ϭϴϵϳ
ϭϰϲϰ
ϭϲϳϱ
ϭϲϲϲ
ϯϴϮ
ϰϭϯ
ϴϮϲ
ϭϭϯϮ
ϳϵϰ
ϭϰϲϱ
ϱϵϭ
ϰϮϮ
ϭϯϰϱ
ϭϱϰϬ
ϭϴϬϵ
ϳϲϲ
ϭϮϵϰ
ϭϬϳϵ
ϭϲϬϳ
ϭϮϰϯ
ϰϮϯ
ϭϳϳϲ
ϯϲϲ
ϱϯϯ
ϭϯϲϵ
ϳϱϮ
ϵϯϴ
ϵϯϱ
ϱϮϳ
ϭϰϳϮ
ϳϬϮ
ϴϳϱ
ϲϮϳ
ϰϰϯ
ϭϵϲϱ
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Ϭ͘ϬϬϬϮϬ
Ϭ͘ϬϬϬϳϱ
Ϭ͘ϬϬϬϲϲ
Ϭ͘ϬϬϬϭϮ
Ϭ͘ϬϬϬϬϱ
Ϭ͘ϬϬϬϯϲ
Ϭ͘ϬϬϬϳϲ
Ϭ͘ϬϬϬϭϲ
Ϭ͘ϬϬϬϳϱ
Ϭ͘ϬϬϬϱϴ
Ϭ͘ϬϬϬϲϯ
Ϭ͘ϬϬϬϮϭ
Ϭ͘ϬϬϬϭϲ
Ϭ͘ϬϬϬϲϱ
Ϭ͘ϬϬϬϰϰ
Ϭ͘ϬϬϬϱϴ
Ϭ͘ϬϬϬϴϭ
Ϭ͘ϬϬϬϳϯ
Ϭ͘ϬϬϬϲϯ
Ϭ͘ϬϬϬϰϬ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϭϰ
Ϭ͘ϬϬϬϭϴ
Ϭ͘ϬϬϬϴϱ
Ϭ͘ϬϬϬϭϱ
Ϭ͘ϬϬϬϯϰ
Ϭ͘ϬϬϬϴϴ
Ϭ͘ϬϬϬϭϲ
Ϭ͘ϬϬϬϮϳ
Ϭ͘ϬϬϬϮϳ
Ϭ͘ϬϬϬϭϴ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϴϮ
Ϭ͘ϬϬϬϰϯ
Ϭ͘ϬϬϬϮϰ
Ϭ͘ϬϬϬϵϰ
Ϭ͘ϬϬϬϮϭ
Ϭ͘ϬϬϬϴϮ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϴϳ
Ϭ͘ϬϬϬϴϭ
Ϭ͘ϬϬϬϵϲ
Ϭ͘ϬϬϬϱϴ
Ϭ͘ϬϬϬϯϳ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϯϬ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϬϲ
Ϭ͘ϬϬϬϮϵ
Ϭ͘ϬϬϬϮϬ
Ϭ͘ϬϬϬϳϬ

ϭ͘Ϯϲϴ
ϭ͘ϬϮϰ
ϭ͘ϳϵϵ
ϭ͘ϯϭϱ
Ϭ͘ϲϳϰ
Ϭ͘ϵϭϯ
ϭ͘ϬϮϮ
Ϭ͘ϲϰϵ
ϭ͘Ϭϰϰ
ϭ͘Ϭϳϳ
ϭ͘Ϯϵϱ
ϭ͘ϮϮϴ
ϭ͘ϰϵϬ
ϭ͘ϭϯϱ
ϭ͘ϰϳϳ
ϭ͘ϭϳϱ
Ϭ͘ϳϴϲ
ϭ͘ϬϯϬ
ϭ͘Ϯϰϰ
ϯ͘ϲϵϵ
Ϭ͘ϲϴϬ
Ϭ͘ϲϰϴ
ϭ͘ϰϴϵ
Ϭ͘ϵϮϲ
Ϭ͘ϲϮϳ
ϭ͘ϯϭϲ
Ϭ͘ϲϱϯ
Ϭ͘ϲϴϬ
ϭ͘ϯϬϰ
Ϯ͘ϵϯϬ
ϭ͘ϮϮϳ
Ϭ͘ϳϮϴ
ϭ͘ϬϮϭ
Ϯ͘ϱϲϵ
ϭ͘ϰϲϱ
Ϭ͘ϴϴϴ
Ϭ͘ϲϲϰ
Ϭ͘ϴϯϮ
Ϭ͘ϲϳϵ
Ϭ͘ϲϵϬ
ϭ͘Ϭϳϵ
Ϭ͘ϴϴϵ
Ϭ͘ϳϵϱ
Ϭ͘ϳϴϬ
Ϭ͘ϳϰϲ
ϭ͘ϴϭϳ
Ϭ͘ϳϬϯ
Ϭ͘ϲϲϴ
Ϭ͘ϳϯϰ
Ϭ͘ϲϳϬ
Ϭ͘ϵϯϴ

ϵϭϴ
ϰϱϯ
ϲϰϱ
ϭϬϯϰ
ϰϴϰ
ϯϯϳ
ϯϮϭ
ϯϭϱ
ϰϱϲ
ϰϵϵ
ϱϳϮ
ϴϬϬ
ϭϯϭϳ
ϱϳϮ
ϮϭϮϭ
ϴϰϱ
ϱϳϰ
ϱϬϭ
ϵϲϬ
ϯϮϰϰ
Ϯϱϭ
ϭϭϯ
ϭϱϲϰ
ϯϵϰ
ϭϲϱ
ϳϱϬ
ϭϱϲ
ϵϵ
ϵϭϯ
ϰϯϬϯ
ϴϲϱ
ϰϵϲ
ϯϵϯ
ϮϬϬϳ
ϭϯϲϱ
ϰϬϮ
ϯϴϬ
ϯϱϭ
ϰϱϴ
Ϯϭϲ
ϯϯϭ
ϮϲϬ
ϰϬϰ
ϯϰϰ
Ϯϯϳ
Ϯϱϴϳ
ϰϱϳ
ϭϮϯ
ϰϬϳ
ϮϮϲ
ϱϱϬ
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ϭϭ͘ϳϵ
ϭϮ͘ϲϴ
ϭϮ͘ϳϲ
ϭϯ͘Ϭϭ
ϭϯ͘ϰϲ
ϭϯ͘ϲϭ
ϭϰ͘Ϯϵ
ϭϰ͘ϰϲ
ϭϰ͘ϴϰ
ϭϰ͘ϴϲ
ϭϱ͘Ϭϰ
ϭϱ͘Ϭϵ
ϭϱ͘ϭϴ
ϭϱ͘ϮϮ
ϭϱ͘Ϯϳ
ϭϱ͘ϯϵ
ϭϱ͘ϲϭ
ϭϲ͘ϭϮ
ϭϲ͘ϭϳ
ϭϳ͘ϬϬ
ϭϳ͘ϭϲ
ϭϳ͘ϰϵ
ϭϳ͘ϳϳ
ϭϴ͘Ϯϴ
ϭϴ͘ϱϬ
ϭϴ͘ϳϰ
ϭϴ͘ϴϮ
ϭϵ͘Ϭϳ
ϭϵ͘Ϯϰ
ϭϵ͘Ϯϴ
ϮϬ͘ϵϯ
Ϯϭ͘ϲϴ
Ϯϭ͘ϳϳ
ϮϮ͘ϰϮ
ϮϮ͘ϱϱ
ϮϮ͘ϴϵ
Ϯϯ͘ϴϮ
Ϯϰ͘ϭϬ
Ϯϰ͘ϮϮ
Ϯϱ͘ϱϴ
Ϯϱ͘ϲϭ
Ϯϲ͘ϯϮ
Ϯϲ͘ϳϴ
Ϯϳ͘ϯϰ
Ϯϳ͘ϯϲ
Ϯϴ͘Ϭϴ
Ϯϴ͘ϮϮ
Ϯϴ͘ϯϵ
Ϯϵ͘ϯϮ
Ϯϵ͘ϴϰ
ϯϭ͘ϭϳ

ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
Ϯϱϲ
Ϯϱϲ
Ϯϱϲ
ϱϭϮ
ϭϬϮϰ
ϱϭϮ
ϭϬϮϰ
Ϯϱϲ
ϱϭϮ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
ϭϬϮϰ
Ϯϱϲ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
Ϯϱϲ
ϭϬϮϰ
ϭϬϮϰ
Ϯϱϲ
Ϯϱϲ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
ϱϭϮ
Ϯϱϲ
Ϯϱϲ
ϭϬϮϰ
Ϯϱϲ
Ϯϱϲ
ϭϬϮϰ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϱϭϮ
ϭϬϮϰ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ

Ϭ͘ϬϮϯϴ
Ϭ͘ϬϮϱϮ
Ϭ͘Ϭϭϰϵ
Ϭ͘ϬϰϲϬ
Ϭ͘Ϭϳϱϴ
Ϭ͘ϬϯϬϱ
Ϭ͘ϬϮϯϰ
Ϭ͘ϬϴϯϬ
Ϭ͘ϬϰϮϳ
Ϭ͘ϬϴϬϱ
Ϭ͘ϬϭϴϬ
Ϭ͘ϬϴϬϯ
Ϭ͘Ϭϭϭϯ
Ϭ͘Ϭϯϳϳ
Ϭ͘Ϭϴϴϰ
Ϭ͘Ϭϲϴϳ
Ϭ͘Ϭϰϳϰ
Ϭ͘ϬϰϬϳ
Ϭ͘ϬϵϬϬ
Ϭ͘ϭϬϯϳ
Ϭ͘ϬϭϬϬ
Ϭ͘Ϭϭϴϰ
Ϭ͘Ϭϵϱϵ
Ϭ͘Ϭϵϱϵ
Ϭ͘ϭϭϱϳ
Ϭ͘Ϭϲϴϯ
Ϭ͘ϬϯϰϬ
Ϭ͘Ϭϱϰϰ
Ϭ͘ϬϮϭϵ
Ϭ͘ϭϬϳϰ
Ϭ͘Ϭϵϱϴ
Ϭ͘ϭϮϳϬ
Ϭ͘ϭϮϯϬ
Ϭ͘Ϭϵϯϯ
Ϭ͘ϬϳϮϮ
Ϭ͘ϬϱϲϮ
Ϭ͘ϭϭϱϭ
Ϭ͘ϭϬϮϯ
Ϭ͘ϭϰϭϱ
Ϭ͘ϭϱϭϯ
Ϭ͘Ϭϲϯϱ
Ϭ͘ϭϱϴϴ
Ϭ͘ϭϬϯϳ
Ϭ͘ϭϭϱϵ
Ϭ͘Ϭϴϱϯ
Ϭ͘ϭϮϲϴ
Ϭ͘Ϭϱϭϴ
Ϭ͘Ϭϵϵϱ
Ϭ͘ϭϬϭϯ
Ϭ͘ϭϲϬϮ
Ϭ͘ϭϯϳϲ

ϭϱϲ
ϲϯϵ
Ϯϴϵ
ϲϲϲ
ϰϳϳ
ϴϭϳ
ϱϮϬ
ϯϲϴ
Ϯϵϱ
ϮϬϯ
ϭϴϭ
ϴϭϵ
ϭϰϵ
ϳϲϲ
ϯϵϵ
ϵϮϱ
ϯϳϳ
ϲϳϯ
ϰϴϴ
Ϯϭϯ
ϰϳϬ
Ϯϰϭ
ϴϲϴ
ϴϰϲ
ϳϳϯ
ϲϰϲ
ϱϴϱ
ϭϱϲ
ϴϯϯ
ϰϬϰ
Ϯϴϰ
ϱϲϰ
ϱϱϱ
ϳϬϭ
ϵϯϰ
ϰϮϭ
ϱϬϰ
ϴϱϮ
ϮϬϯ
ϳϰϴ
ϱϯϮ
ϱϲϱ
ϲϬϰ
ϴϬϱ
ϱϯϮ
ϵϮϮ
ϭϬϬ
ϴϲϰ
ϱϲϭ
Ϯϭϵ
ϭϴϳ

ϲϵϭ
ϭϵϯ
ϲϴϭ
ϵϵϮ
ϲϲϮ
ϭϰϬ
ϭϮϵ
ϰϬϴ
ϯϱϬ
ϱϮϱ
ϳϳϵ
ϳϲϯ
ϯϮϲ
ϯϬϵ
ϵϴϰ
ϲϰϱ
ϲϰϲ
ϭϲϭ
ϴϮϵ
ϱϴϮ
ϭϬϮ
ϭϵϯ
ϰϬϭ
ϯϲϴ
ϱϱϲ
ϭϴϯ
ϭϱϲ
ϳϮϲ
ϭϮϱ
ϱϭϰ
ϱϮϵ
ϴϬϯ
Ϯϱϳ
ϮϬϱ
ϯϭϯ
ϭϭϵ
ϰϭϬ
ϭϲϲ
ϱϲϬ
ϯϭϮ
Ϯϭϯ
ϵϮϲ
ϮϬϮ
ϳϵϳ
ϮϳϮ
ϭϵϵ
ϯϵϯ
ϯϮϮ
ϱϬϳ
ϴϮϳ
ϰϭϯ
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Ϭ͘ϬϬϬϱϰ
Ϭ͘ϬϬϬϮϭ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϭϵ
Ϭ͘ϬϬϬϱϳ
Ϭ͘ϬϬϬϬϱ
Ϭ͘ϬϬϬϭϲ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϰϰ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϮϲ
Ϭ͘ϬϬϬϬϵ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϭϴ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϭϱ
Ϭ͘ϬϬϬϮϰ
Ϭ͘ϬϬϬϳϯ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϬϵ
Ϭ͘ϬϬϬϬϲ
Ϭ͘ϬϬϬϴϲ
Ϭ͘ϬϬϬϯϲ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϯ
Ϭ͘ϬϬϬϰϵ
Ϭ͘ϬϬϬϭϬ
Ϭ͘ϬϬϬϰϰ
Ϭ͘ϬϬϬϰϯ
Ϭ͘ϬϬϬϬϵ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϬϵ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϬϱ
Ϭ͘ϬϬϬϱϱ
Ϭ͘ϬϬϬϰϭ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϬϴ
Ϭ͘ϬϬϬϬϴ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϭϭ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϵ
Ϭ͘ϬϬϬϬϱ

Ϭ͘ϳϰϭ
Ϭ͘ϴϭϭ
Ϭ͘ϳϲϮ
Ϭ͘ϳϬϵ
Ϭ͘ϲϴϭ
Ϭ͘ϵϬϯ
Ϭ͘ϳϵϳ
Ϭ͘ϲϱϬ
Ϭ͘ϲϲϴ
Ϭ͘ϲϰϭ
Ϭ͘ϳϳϯ
Ϭ͘ϳϵϭ
Ϭ͘ϴϬϵ
Ϭ͘ϳϬϮ
Ϭ͘ϳϬϬ
Ϭ͘ϳϱϵ
Ϭ͘ϲϵϯ
Ϭ͘ϴϯϭ
Ϭ͘ϳϮϰ
Ϭ͘ϳϬϭ
Ϭ͘ϴϭϲ
Ϭ͘ϴϬϬ
Ϭ͘ϳϱϰ
Ϭ͘ϳϲϴ
Ϭ͘ϳϴϯ
Ϭ͘ϴϲϵ
Ϭ͘ϳϳϬ
Ϭ͘ϳϯϴ
Ϭ͘ϳϳϮ
Ϭ͘ϴϭϵ
Ϭ͘ϳϯϵ
Ϭ͘ϴϰϴ
Ϭ͘ϴϲϲ
Ϭ͘ϴϬϳ
Ϭ͘ϴϬϭ
Ϭ͘ϴϲϵ
Ϭ͘ϴϰϮ
Ϭ͘ϴϳϱ
Ϭ͘ϴϰϯ
Ϭ͘ϴϵϰ
Ϭ͘ϴϬϮ
Ϭ͘ϵϬϳ
Ϭ͘ϴϳϰ
Ϭ͘ϵϬϲ
Ϭ͘ϴϯϲ
Ϭ͘ϵϰϭ
Ϭ͘ϳϵϭ
Ϭ͘ϴϲϳ
Ϭ͘ϴϴϲ
Ϭ͘ϴϳϱ
Ϭ͘ϴϮϲ

ϲϭ
Ϯϰϰ
ϭϭϭ
Ϯϴϵ
ϯϳϱ
ϯϮϯ
ϯϴϴ
Ϯϴϰ
ϮϮϮ
ϭϬϯ
ϳϬ
ϰϮϳ
ϲϭ
ϱϲϴ
ϮϭϮ
ϯϲϲ
ϭϰϲ
Ϯϱϴ
ϮϬϯ
ϭϲϬ
ϯϱϮ
ϵϰ
ϰϬϵ
ϲϭϵ
ϯϭϳ
Ϯϰϵ
ϰϰϯ
ϭϭϳ
ϯϮϯ
ϯϬϮ
ϭϭϯ
ϮϮϱ
ϰϮϰ
Ϯϲϵ
ϰϳϴ
ϮϬϳ
Ϯϱϭ
ϲϰϱ
ϭϱϮ
Ϯϵϰ
ϯϵϭ
ϰϯϯ
Ϯϰϰ
ϯϯϮ
ϯϵϬ
ϯϲϮ
ϱϭ
ϯϱϭ
ϮϮϬ
ϭϭϱ
ϵϬ
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ϯϮ͘ϬϮ
ϯϯ͘ϭϯ
ϯϯ͘ϴϲ
ϯϰ͘Ϭϳ
ϯϱ͘ϯϬ
ϯϱ͘ϯϯ
ϯϲ͘ϲϴ
ϯϵ͘Ϭϯ
ϰϬ͘ϵϳ
ϴϳ͘ϵϱ

ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϭϬϮϰ
ϱϭϮ
ϱϭϮ
ϭϬϮϰ
Ϯϱϲ
ϭϬϮϰ
ϮϬϰϴ

Ϭ͘ϭϬϮϭ
Ϭ͘ϭϵϱϭ
Ϭ͘ϬϳϵϮ
Ϭ͘ϭϰϱϰ
Ϭ͘ϭϲϵϭ
Ϭ͘ϭϴϵϵ
Ϭ͘ϭϵϯϬ
Ϭ͘ϬϬϭϲ
Ϭ͘ϭϲϲϴ
Ϭ͘ϬϬϯϭ

Ϯϯϱ
ϮϮϱ
ϮϬϬ
ϴϴϬ
ϮϮϮ
ϴϲϲ
ϰϭϱ
ϯϰϰϰ
ϭϬϴ
ϭϰϮϮ

ϭϬϬ
ϵϮϵ
Ϯϭϳ
ϲϰϴ
ϯϲϳ
ϯϭϭ
ϳϵϭ
ϭϵϭϳ
ϰϲϯ
ϭϮϰϭ
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Ϭ͘ϬϬϬϭϳ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϬϭ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϲϮ
Ϭ͘ϬϬϬϬϳ
Ϭ͘ϬϬϬϭϳ
Ϭ͘ϬϬϬϬϮ
Ϭ͘ϬϬϬϰϰ

Ϭ͘ϴϴϵ
Ϭ͘ϵϮϴ
Ϭ͘ϴϭϰ
ϭ͘Ϭϯϳ
Ϭ͘ϴϵϮ
ϭ͘ϭϰϯ
Ϭ͘ϵϵϰ
Ϭ͘ϱϰϲ
Ϭ͘ϴϴϵ
Ϭ͘ϳϱϳ

ϵϭ
ϭϳϬ
ϳϵ
ϯϱϴ
ϭϭϬ
ϰϮϵ
ϭϲϴ
ϭ
ϰϯ
ϭ
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Abstract
The study of multi-degree of freedom (MDOF) systems is essential to evaluate and understand
the seismic response of buildings. Through a MDOF idealization, the dynamic properties of
the building such as its natural frequencies and modal shapes can be approximated. These
properties are then used to determine the final design of the structural system of the building.
A shear building MDOF system consists of an idealized model of the building in which the
masses are concentrated at the floor levels and each floor is connected to other adjacent
floors with elements that provide stiffness and only allow horizontal displacements. The dynamic properties of the idealized system are obtained by numerically solving a generalized
eigenvalue problem which is a computationally expensive operation. In this paper, we propose a methodology to replace the required solution of the generalized eigenvalue problem
with a Machine Learning NN-based approach. Two shear building models with 3 and 5 stories are considered, where the mass and the stiffness are held constant for every story. For
every model, a database with the solution of several idealized models with varying mass and
stiffness is created using a small number of samples (m, k pairs). Finally, an Artificial Neural
Network is trained with the database to predict the eigenperiods of other similar models
avoiding the computation of the eigenvalue problem. The results show a high level of accuracy in the predictions and a significant reduction of the computational time compared to the
hard-computing mathematical approach. Furthermore, the approach demonstrated in this
study can be easily expanded to be applied to more complex dynamic systems for future research.
Keywords: Structural Dynamics, MDOF system, Eigenperiod, Natural frequency, NN, prediction.
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1

INTRODUCTION

The field of structural dynamics covers the behavior of structures subjected to dynamic
loading. Such loads include wind, waves, traffic, earthquake, blasts and others. In practice, the
dynamic response of buildings is obtained by applying a series of assumptions and simplifications that attempt to capture the most relevant dynamical properties of the system. In structural engineering, it is common to use the finite element method (FEM) to perform this kind of
analysis [1]. In this case, the structure, which is essentially a continuous system, is idealized
into a series of lumped masses interconnected by elements acting as springs and providing
stiffness.
Using FEM, there are various methodologies that can be used to perform the dynamic
analysis of a building against earthquake loading, such as explicit step-by-step integration of
the coupled equations of motion [2], explicit step-by-step integration of the full (or a partial)
set of uncoupled equations, response spectrum modal analysis (RSMA) [3] and the simplified
equivalent lateral force (ELF) method [4]. Although RSMA and ELF are both approximate
methods, they can give good results that can be used in engineering practice, especially if certain conditions are met. RSMA is widely used today as the standard procedure for designing
earthquake resistant structures.
Both RSMA and ELF require the calculation of the natural periods (or eigenperiods) of the
structure, i.e. the periods at which it will naturally resonate. These periods of vibration are
very important in earthquake engineering and in structural dynamics in general. In structural
design against earthquake loading, it is imperative that the natural frequency of the building
does not match the frequency of expected earthquakes in the region the building is to be constructed. If the two frequencies match, resonance will occur, and the structure can experience
severe damage. Determining the natural frequencies, or equivalently the eigenperiods of
buildings, is of great importance in earthquake engineering.
The types of equations arising in FEM-based modal analysis are those seen in algebraic eigensystems. The physical interpretation of the eigenvalues and eigenvectors which come from
solving the system is that they represent the frequencies and the corresponding mode shapes
of the structure. In practical applications, the main desired modes are the lowest frequencies
(or highest eigenperiods) because they represent the most prominent modes at which the
structure will vibrate, dominating all higher frequency modes. In other words, the first (greatest) eigenperiods are the most important for determining the dynamic response of a structure.
The ELF method is particularly based on the very first eigenperiod and the corresponding first
eigenmode, only, while RSMA usually takes into account a limited number of eigenperiods
and eigenmodes.
ANNs have been successfully employed in the structural engineering field to replace complex and time-consuming mathematical procedures and give predictions of analysis results,
among others. Plevris and Asteris [5, 6] proposed a novel method with applying ANNs to approximate the failure surface for brittle anisotropic materials. Afaq et al. [7] created a novel
knowledge-based structural analysis system based on ANN to predict the load-carrying capacity of RC members, reducing substantially the computational time compared to traditional
Nonlinear finite element analysis. ANNs have also been used for the dynamic analysis of
structures. Oh et al. [8] proposed a model to predict the seismic response of buildings based
on the correlation of the ground motion and the structure using ANN. Worden and Green [9]
developed a machine learning approach for the inversion of the modal transformation in nonlinear modal analysis. Gu and Oyadiji [10] presented an innovative approach using diagonal
recurrent neural networks for the control of vibration in structural systems overperforming
conventional control strategies such as the linear quadratic regulator for linear MDOF systems.
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Bojórquez et. al [11] employed a Neural Network approach to obtain the transformation factors from single-degree of freedom (SDOF) to multi-degree of freedom (MDOF) to predict
the seismic response of steel framed buildings, reducing considerably the computational effort.
Payán-Serrano et al. [12] investigated the prediction of maximum story drift of MDOF structures subjected to dynamic wind load using ANNs through the combination of several structural and turbulent wind parameters. Chakraverty et al. [13] used ANNs to simulate and
estimate the structural response of a two-story shear building by training the model for a particular earthquake. Lagaros and Papadrakakis [14] proposed a new adaptive scheme to predict
the structural non-linear behavior when earthquake actions of increased severity are considered.
In this paper, a methodology is developed to replace the numerical procedure used for the
calculation of the eigenperiods of MDOF shear buildings with an Artificial Neural Network
(ANN). Two models with 3 and 5 stories are examined, where the mass and the stiffness are
held constant for every story. For every model, a database with the solution of several idealized models with varying mass (m) and stiffness (k) is created using a number of (m, k) pairs.
Finally, an ANN is trained with the database to predict the eigenperiods of other similar models avoiding the direct computation of the eigenvalue problem. The remaining of this paper is
organized as follows: In Section 2, a brief description of dynamic modal analysis is given
with the definitions of SDOF and MDOF systems and the relevant equations. In section 3, the
concept of ANNs for regression problems is explained, together with the introduction of some
error metrics that can be used for NN predictions. Section 4 presents the methodology and the
numerical results followed by section 5 where the conclusions and future research directions
are discussed.
2

DYNAMIC MODAL ANALYSIS

Modal analysis is based on using the mass and stiffness of a structure to find the various
periods at which it will naturally resonate. The RSMA method requires the calculation of the
natural mode shapes and frequencies of a structure during free vibration as the method is
based on the superposition of the responses of the structure and the use of a response spectrum. Instead of solving the time history problem for each mode, the method uses the response spectrum to compute the maximum response in each mode. Then the maximum modal
responses are combined using some statistical technique, such as square root of the sum of the
squares (SRSS) or complete quadratic combination (CQC).
2.1 Single-degree of Freedom System
An idealized shear building resulting in a SDOF system is depicted in Figure 1, where m is
the mass of the system and k is its stiffness, provided by the column(s).
u
m
m

k/2

k

k/2

Figure 1: A SDOF dynamic system.

The dynamic equilibrium of the system at any instant of time t can be expressed as follows:
mu
u((t )  cu (t )  ku (t )
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where u , u and u are the acceleration, velocity, and displacement, respectively, c is the
damping of the system and F is the externally imposed dynamic loading. Eq. (1) is referred as
the equation of motion and its solution is a well-known problem that has been studied thoroughly by many authors [15]. For a SDOF system without damping (c=0), the circular frequency ω of the system is given by the formula

Z

k
m

(2)

f

Z
2S

(3)

The cyclic frequency f is given by

and the natural period of vibration, or eigenperiod T, is given by

1
f

T

2S

Z

2S

m
k

(4)

2.2 Multi-degree of Freedom System
The number of degrees of freedom for a vibrating system depends on the number of inertial elements (masses or rigid bodies) and the number of constraints imposed on the motion. A
shear building idealized into a MDOF system with 3 degrees of freedom is depicted in Figure
2.
m1
u1
m1

k1/2

k1/2

k1

m2
k2/2

k2/2

k2

m3
k3/2

u2

m2

u3

m3
k3/2

k3

Figure 2: A MDOF dynamic system with 3 degrees of freedom (shear building).

The dynamic equilibrium of a MDOF structure at any instant of time t can be expressed
with the following equation of motion:
Mu(t )  Cu(t )  Ku(t )

F (t )

(5)

where M is the mass matrix; K is the stiffness matrix; C represents the damping matrix, u , u
and u are the acceleration, velocity and displacement vectors, respectively, and F is the external force vector.
In the case of free vibration without damping, Eq. (5) becomes
Mu(t )  Ku(t )

3897

0

(6)

Vagelis Plevris and German Solorzano

In free vibration without damping, the system will oscillate in a steady-state harmonic
manner. The resulting motion will be a mixture of modes, each having its own circular frequency ωi so that
Zi2 u(t )

u(t )

(7)

By substituting Eq. (7) on Eq. (6), the following expression is obtained
(K  Zi2 M)  u(t )

0

(8)

The n circular frequencies ωi (i=1, 2, …, n) of the system can be found using Eq. (8),
where the trivial solution is obtained when u(t)=0. For a non-trivial solution, the term inside
the first parenthesis in Eq. (8) must be equal to zero, such that

K  Zi2 M

0

(9)

After having found the circular frequencies ωi, we can now substitute those values back into Eq. (8) and solve for the vector u which corresponds to the i -th modal shape. Each modal
shape or eigenvector is denoted as Φi (n×1) so that Eq. (8) can be rewritten as

K  Zi2M )i

0

(10)

Eq. (10) represents a classic problem in Mathematics referred as generalized eigenvalue
problem [16] and its solution involves a series of matrix decompositions which can be computationally expensive, especially for large systems.
For the special case of a MDOF shear building with n degrees of freedom (stories), like the
one of Figure 2 (shown there for the case n=3), the mass matrix M is a n×n diagonal matrix
given by

M

ª m1
«0
«
«0
«
¬0

0
m2
0
0

0
0
0

0º
0 »»
0»
»
mn ¼

(11)

where mi is the mass of every story starting numbering from the top to the bottom, according
to the notation used in this manuscript. The stiffness matrix K is a n×n square matrix calculated as

K

ª k1
« k
« 1
« 0
«
¬ 0

k1
k1  k2
k2
0

0
k2
kn 1

0 º
0 »»
kn 1 »
»
kn 1  kn ¼

(12)

where ki is the stiffness of each story, with numbering again from top to bottom.
3

ARTIFICIAL NEURAL NETWORKS

An Artificial Neural Network is a collection of interconnected units referred as artificial
neurons that resembles the basic structure of biological neurons that constitute animal and
human brains. It is known that when a biological brain receives an input signal such as the
desire to move a limb, the signal is processed through the interconnected neurons inside the
brain to produce a corresponding output signal as a response [17]. In the case of moving a
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limb, the response is a signal that contracts the required muscles to move it. The connectivity
of the neurons inside the brain is the fundamental key to make that happen. Through the experiences of the individual, the connections of the neurons are constantly self-adjusting to
improve the quality of the response. This process is what we, humans, know as learning.
An ANN tries to mimic the functionality of biological brains using an analogous but much
more simplistic model. The ANN receives a set of numeric input values that are processed by
the artificial neurons to produce a numeric response. To obtain the desired or “correct” response, the ANN is trained with known data containing numerous examples of inputs with
their matching output values. Then, by using a mathematical optimization algorithm, the network parameters are adjusted so that the ANN learns to map the inputs to their corresponding
outputs. Therefore, a properly trained ANN can be used to accurately predict the output values of new inputs that were not used in the training data [18].
3.1 Back Propagation Neural Networks
For this study, the selected ANN type is a backpropagation neural network (BPNN). The
BPNN is composed of several layers and each layer has a specific number of neurons. The
neurons of the first layer are connected to the neurons of the second layer, which in turn are
connected to the neurons of the third layer, and so on. The very first layer and the last layer
are known as the input and output layers respectively, while the other layers are called “hidden layers”. The notation used to denote the layer composition is generally as follows:
N – H1 – H2 – … – HL-1 – M,
where N denotes the number of neurons in the input layer (number of inputs), Hi stands for
the number of neurons in the i-th hidden layer, M is the number of neurons in the output layer,
and L is the total number of layers, including the output layer but excluding the input layer.
For example, a 2-3-3-2 BPNN consists of an input layer with 2 neuron, 2 hidden layers with 3
neurons each, and an output layer with 2 neurons, as shown in Figure 3.

Figure 3: A 2-3-3-2 BPNN.

To obtain the output values from the ANN, the input values are fed to the network by a
feedforward process. It starts by setting the input values at the first layer N, and then, moving
forward to the next layer, the values of all the neurons at that layer are computed. The process
is repeated until the output layer M is reached and the output values are obtained. At each
neuron, a weighted summation of the values coming from the other connected neurons and an
additional bias neuron is performed, see Figure 4.
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Figure 4: Detail of a single neuron connected to 3 other neurons from the previous layer. The picture shows the
process on how the numerical output value is obtained in a neuron.

For the case of Figure 4, the operation can be written in matrix form as follows
z W  pb

(13)

W

> w1

w2

w3 @

p

> p1

p2

p3 @

O V z

(14)
T

(15)

V W  pb

(16)

where O is the output of the output neuron, p is a column vector with the values of the neurons at the previous layer; W is the weight row vector that connects this output neuron with
the previous layer; and b is a bias neuron that is added to the weighted summation to form the
input for the activation function σ.
Activation functions are used to add non-linearity into the neural network and to facilitate
the training process in which the gradient of the model parameters is computed. Additionally,
they help to restrict the neuron values to a certain limit providing stability to the network.
Therefore, the activation functions are usually simple, continuous, and differentiable. Among
the most commonly used are the Linear, ReLu and Sigmoid activation functions. Figure 5
presents the Relu and the Sigmoid activation functions.

(a)

(b)

Figure 5: ReLu (a) and Sigmoid (b) activation functions, plotted from -10 to 10.

3.2 Training Process
The training process consists of adjusting the initial random weights of the network to fit
the given training data. The weight updating process starts by feeding a set of input values
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through the network and obtaining the corresponding outputs. The obtained values are then
compared with their known values from the training dataset and an error is estimated using a
predefined error function. The idea is to determine the gradient or the rate of change of the
error function with respect to the model parameters (i.e. all the weights). Thanks to the network architecture, the computation of the gradient is possible using a chain rule of partial derivatives with the known quantities. Then, by using the back propagation scheme, the
gradients computed at the output neurons are propagated back through the hidden layers so
that a gradient value is defined at each one of the weights in the model. Finally, the weights
of the model are updated by a small quantity obtained by multiplying the gradients with a factor called learning rate. This weight-update scheme is an optimization method known as gradient decent (GD) which attempts to minimize the error function.
To properly train the BPNN, the full training dataset must be processed by the network
multiple times. In other words, the weights must be updated with the GD scheme for every
data point in the training set. Every time that the full training set has been processed with the
GD scheme is called an Epoch. However, at every Epoch, the data must be fed in different
order as it turns out that if the full training data is presented multiple times in a random order,
the overall fluctuations of the gradient update path will average out and converge to a good
solution. Such random reordering of the training dataset at every Epoch is known as stochastic gradient decent (SGD) and it is one of the most popular weight-optimization schemes for
ANNs.
The training process can be quite demanding in terms of computational effort for large NN
models with large training data sets. Nevertheless, in this paper that is not the case as the investigated problem can be solved with a relatively simple BPNN architecture and a small
amount of training data. The stopping criteria of the training process is usually monitored by
having a separated validation set of data which is not used for training. At every Epoch, the
error of both the training and the validation sets are measured. Naturally, the error of the training set reduces with every Epoch due to the optimization scheme. However, if the error on the
validation set suddenly starts to increase, while the training set error keeps reducing, it is a
clear indication of an unwanted characteristic called overfitting in which the NN loses its generality. Therefore, the stopping criteria is set to the last Epoch before the overfitting was detected. Alternatively, the stopping criterion can be set for a fixed number of Epochs.
3.3 Prediction error metrics
The NN predictions are never completely accurate as each prediction always contains a
small error. There are various metrics that can be used to measure the prediction error. Let p
(N×1 vector) be the predicted values and x (N×1 vector) be the real values of a quantity calculated (or measured) a number N of times. For example, for predicting the fundamental period
of a MDOF system, we ask the NN to predict it N times using different pairs of m and k parameters. The following metrics can be defined for calculating the prediction error.
The prediction error values Err (or residuals) can be expressed as the difference between
the predicted values and the real values, as follows:
Err

p x

(17)

The absolute value of the residuals (or absolute error) AbsErr is a measure of how far from
the regression line data points are. Each element AbsErri of the vector AbsErr is given by

AbsErri

Erri

pi  xi

The mean absolute error (MAE) is the average value of the absolute error, given as
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N

N

¦ AbsErri

¦ p x

N

N

i

i 1

MAE

i

i 1

(19)

The squared error SqErr is the squared value of the error, with its elements given by
2

pi  xi

SqErri

(20)

The mean squared error (MSE) is the average value of the squared errors, given by
MSE

N

1
N

1
N

¦ SqErri
i 1

N

¦

pi  xi

2

(21)

i 1

The root mean squared error (RMSE) is the square root of MSE, given by

RMSE

MSE

(22)

The relative error values RelErr is the absolute error divided by the real value, provided that
the real value is not equal to zero. It is given by

RelErri

pi  xi
xi

Erri
xi

(23)

The mean relative error (MRE) is the average value of the relative errors, given by

MRE

1
N

N

1
N

¦ RelErri
i 1

N

¦
i 1

pi  xi
xi

(24)

The Pearson correlation coefficient (R) is a measure of linear correlation between two sets of
data, in our case the predicted values and the real values. It is the covariance of two variables,
divided by the product of their standard deviations. Thus, it is essentially a normalized measurement of the covariance, such that the result always has a value between −1 and 1. If there
is no error in the prediction, then the predicted values coincide with the real values and R=1.
R is given by the formula
N

R

¦

pi  p xi  x

i 1

N

¦

pi  p

2

i 1

N

¦

(25)

xi  x

2

i 1

In the above formula, p and x are the mean values of p and x, respectively:
p

x

4

N

1
N

¦p

1
N

¦x

i

(26)

i

(27)

i 1
N

i 1

NUMERICAL RESULTS

Two models have been examined, a 3-DOF shear building and a 5-DOF shear building.
For both models, the parameters m (mass) and k (stiffness) are the same for all stories, as
shown in Figure 6. This limits the input parameters of the Neural Network to 2 in every case.
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The output parameters are the eigenperiods of the system, which are 3 for the 3-DOF system
and 5 for the 5-DOF system. The mass m varies from mmin=2 ton to mmax=20 ton while the
stiffness k varies from kmin=20,000 kN/m to kmax=200,000 kN/m.
We use standard intervals of m and k for the generation of the data used for training. The
mass and stiffness intervals are set to 6, which means that we have 7 values of mass and 7
values of stiffness which makes 7×7=49 pairs of (m, k) for each structure. 70% of the database
is used for training (35 pairs), while the rest (30%) of the database is used for validation (15%,
7 pairs) and testing (15%, 7 pairs).
For both cases, we use a simple NN architecture of one hidden layer with 10 neurons. In
the 3-DOF system, the network architecture is 2-10-3 while for the 5-DOF system, the network architecture is 2-10-5.
u1

m
k

u2

m
k
u1

m
k

k

u2

m

u4

m

k

k
u3

m

u3

m

u5

m

k

k

(a)

(b)

Figure 6: (a) 3-DOF shear building, (b) 5-DOF shear building.

4.1 Three DOF system
The first numerical example is a 3-DOF system where the NN is asked to predict the three
eigenperiods of the system, i.e. T1, T2, T3 where T1>T2>T3. The NN architecture used is 2-10-3.
The maximum number of validation increases is set to 6, i.e. if the error in the validation set
increases for 6 times then the training is stopped. Given this criterion, training is stopped in
Epoch 110, as shown in Figure 7.
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Figure 7: Example 1, Final NN Train State.

The performance of the NN is depicted in Figure 8, where the three lines show the error
obtained for the training set (blue line), the validation set (green line) and the test set (red line).

Figure 8: Example 1, NN Training Performance.

The training regression of the NN data is depicted in Figure 8, where the three colored
lines correspond again to the three different sets and the fourth black line contains all the data
sets together. The R values reported correspond to the normalized data.
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Figure 9: Example 1, NN Training Regression (for the Normalized Data).

Figure 10: Example 1, NN Error Histogram (for the Normalized Data).

In order to test the NN results, we generated 100 random (m, k) pairs within the training
region and we calculated the errors in the NN predictions. The results are presented in Table 1.
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Metric
MSE
RMSE
MAE
MRE
R

T1
4.33E-06
2.08E-03
8.46E-04
4.10E-03
0.999745

T2
5.52E-07
7.43E-04
3.02E-04
4.10E-03
0.999745

T3
2.64E-07
5.14E-04
2.09E-04
4.10E-03
0.999745

All periods
1.72E-06
1.31E-03
4.52E-04
4.10E-03
0.99986

Table 1: Example 1, Error metrics for the independent test with 100 random (m, k) pairs..

It is shown that the error of the NN predictions is very small. The mean relative error is only 0.41% for all the NN predictions together (T1, T2 and T3). As an example, for m=5.52 ton
and k=137,000 kN/m, the real values of the eigenperiods are T1=0.0896 s, T2=0.0320 s and
T3=0.0221 s, as shown in Figure 11 together with the three corresponding eigenmodes. The
corresponding NN predictions are T1=0.0898 s, T2=0.0320 s and T3=0.0222 s. The NN manages to give very accurate results, although the data set used contains only 49 (m, k) pairs, of
which only 35 (70%) have been used for the NN training itself.

Figure 11: Eigenmodes of a 3-DOF shear building with m=5.52 ton and k=137,000 kN/m
(uniformly, at every story).

4.2 Five DOF system
The second numerical example is a 5-DOF system where the NN is asked to predict the
five eigenperiods of the system, i.e. T1 to T5, where T1>T2>T3>T4>T5. The NN architecture
used is 2-10-5, with 10 neurons in the hidden layer. The maximum number of validation increases is again set to 6. This time training stops earlier, in Epoch 30, as shown in Figure 12.
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Figure 12: Example 2, Final NN Train State.

The performance of the NN is depicted in Figure 13, where the three lines show the error
obtained for the training set (blue line), the validation set (green line) and the test set (red line).

Figure 13: Example 2, NN Training Performance.

The training regression of the NN data is depicted in Figure 14, where the three colored
lines correspond again to the three different sets and the fourth black line contains all the data
sets together. The R values reported correspond to the normalized data.
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Figure 14: Example 2, NN Training Regression (for the Normalized Data).

Figure 15: Example 2, NN Error Histogram (for the Normalized Data).

In order to test the NN results, we generated 100 random (m, k) pairs within the training
region and we calculated the errors in the NN predictions. The results are presented in Table 1.
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Metric
MSE
RMSE
MAE
MRE
R

T1
1.52E-05
3.90E-03
2.02E-03
7.95E-03
0.999678

T2
1.78E-06
1.34E-03
6.94E-04
7.95E-03
0.999678

T3
7.18E-07
8.47E-04
4.40E-04
7.95E-03
0.999678

T4
4.35E-07
6.60E-04
3.43E-04
7.95E-03
0.999678

T5
All periods
3.34E-07
3.69E-06
5.78E-04
1.92E-03
3.00E-04
7.60E-04
7.95E-03
7.95E-03
0.999678 0.999859

Table 2: Example 2, Error metrics for the independent test with 100 random (m, k) pairs.

It is shown that the error of the NN predictions is again very small. The mean relative error
is only 0.79% for all the NN predictions together (T1 to T5). As an example, for m=5.52 ton
and k=137,000 kN/m, the real values of the eigenperiods are T1=0.1401 s, T2=0.0480 s,
T3=0.0305 s, T4=0.0237 s, T5=0.0208 s, as shown in Figure 16. The corresponding NN predictions are T1=0.1384 s, T2=0.0474 s, T3=0.0301 s, T4=0.0234 s, T5=0.0205 s. The NN manages
to give very accurate results for all five eigenperiods.

Figure 16: Eigenmodes of a 5-DOF shear building with m=5.52 ton and k=137,000 kN/m
(uniformly, at every story).

5

CONCLUSIONS

In the present study, a methodology to predict the dynamic properties of a MDOF idealized
model using a machine learning oriented strategy is implemented. An Artificial Neural Network is trained to accurately predict all the eigenperiods of MDOF shear buildings with a uniform distribution of mass and stiffness at every story. The goal of the study has been to reduce
the computational effort of the complex mathematical process that is required to solve the
generalized eigenvalue problem that arises from the modal analysis. It is noted that to train the
ANN, a training database of previously solved eigenvalue problems is required, which is itself
also a computationally expensive operation. However, the creating of the training set and the
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training procedure are one-time processes, only. After the ANN is trained, it can be used to
predict the behavior of any system (within the domain of the training data) with a very low
computational effort.
The methodology has been tested for two different MDOF models, a 3-DOF system and a
5-DOF system. The results show highly accurate predictions reaching mean relative error values of 0.41% and 0.79%, respectively. All the error metrics used show a highly accurate prediction. This research has shown that for this type of problems, a relatively small database can
be used to train highly accurate BPNNs. The developed framework is going to serve as a base
for further research into more complex dynamic systems, for example systems with more degrees of freedom and also multi-story shear buildings with independent values of m and k for
every single story. Having independent values of mass and stiffness at each story dramatically
increases the complexity of the problem as the input parameters increase from 2 to 3×2=6 and
5×2=10 for the 3-DOF and the 5-DOF system, respectively.
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Abstract
Over the years, the buckling restrained braces (BRBs) have more and more become one of the
best solutions for retrofitting or upgrading many existing reinforced concrete framed buildings located in areas with a high seismic hazard. The present investigation studies the effectiveness of BRBs used to seismically retrofit a reinforced concrete (RC) building in L’Aquila
defining an advanced non-linear 3D model in OpenSees. The seismic performance of the investigated building is assessed developing the following comparisons: before and after the
retrofit through BRBs. Adopting a hysteretic model specific for the BRBs, both non-linear
static analyses and incremental dynamic analyses under a set of real ground motion records
are carried out to build the seismic demand hazard curves. The numerical results highlighted
the influence of the BRBs on the seismic performance of the system components also in relation to the effectiveness of the retrofit.

Keywords: Seismic Demand Hazard Curves, Buckling Restrained Braces, Capacity, Reinforced Concrete Frame, Masonry Infill Walls.
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1

INTRODUCTION

Among the different solutions available to enhance the performance of existing structures,
a great variety of passive energy dissipation systems [1]-[3] have been proposed in the last
decades. These systems are usually classified as hysteretic dampers, viscoelastic dampers,
viscous fluid dampers [4] and friction dampers [5]. Buckling restrained braces (BRBs) are
hysteretic dampers that constitute one of the most efficient system for adding stiffness,
strength and energy dissipation capacity to a structure [6]-[8]. The effectiveness of these devices has been proven by many experimental tests and numerical simulations, and numerous
applications to existing buildings have been documented in the literature (e.g., [9]-[12]).
BRBs consist of a steel core placed inside a steel tube filled with a concrete material [13]-[14].
According to numerous experimental tests, BRBs exhibit a stable hysteretic behaviour with a
high-energy dissipation capacity, up to ductility levels higher than 20 [15]-[16].
Many studies in the literature have proposed methodologies for the design of BRBs for retrofitting existing frames and have evaluated the performance of the retrofit with deterministic
approaches (e.g., [17]-[19]). However, very few works have analyzed the performance of
buildings retrofitted with BRBs by employing probabilistic approaches accounting for the effect of the uncertainties inherent to the seismic input. Among these, Guneysi [20] investigated
the application of BRBs for seismic retrofitting of steel moment resisting framed buildings.
Fragility curves were developed using the maximum interstorey drift ratio as engineering demand parameter (EDP), and were used to compare the performances of the bare frame, the
frame retrofitted with conventional braces, and the frame retrofitted with BRBs. Freddi et al.
[7] proposed a probabilistic framework, based on the use of component and system fragility
curves, to evaluate the effectiveness of BRBs for retrofitting reinforced concrete (RC) frames
with low ductility capacity. Moreover, important EDPs, such as the absolute accelerations,
were disregarded. Adding stiffness and strength to a frame through the BRBs often leads to an
increase rather than a decrease of absolute accelerations, due to the reduction of the vibration
period, and this may affect the performance of acceleration-sensitive non-structural building
components. Furthermore, it is widely acknowledged that the main drawback of BRBs is their
low post-yield stiffness, which may result in excessive residual inter-storey drifts in structures
equipped with them [21]-[23]. Thus, an assessment of the effectiveness of the retrofit should
also account for the response in terms of these two EDPs.
Finally, previous studies on the performance of buildings retrofitted with BRBs have employed simplified models of the BRBs with essentially elasto-plastic behaviour and kinematic
hardening. However, more sophisticated constitutive models should be considered to properly
account for the specific features of the behaviour of these devices that emerged in numerous
experimental tests [13], [24]-[25]. These include the significant role of isotropic hardening
and the asymmetry in the yield force in compression with respect to that in tension [13], [24].
The cumulative plastic deformations in the BRBs, that may control the failure of these devices
due to low-cycle fatigue, need also to be monitored [26]-[31].
The aim of this work is to evaluate the effectiveness of buckling restrained braces for retrofitting an existing RC building, by employing an advanced model of BRBs and a wide range
of EDPs for monitoring the performance of the building components and of the BRBs. For
this purpose, an existing RC building located in L’Aquila, damaged by the 2009 earthquake,
is used as case study. First, a non-linear three-dimensional model of the existing RC building
is defined in OpenSees [32]. A widely employed procedure based on pushover analyses and
N2 method [33] is employed to design the braces. Specifically, the bracing system is designed
by disregarding the effect of infill walls and with the target objective of achieving a maximum
interstorey drift ratio of 1.5% under the life safety limit state design seismic action [34] for the
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site (return period of 475 years). Successively, the seismic performance of the retrofitted
building is evaluated by performing both non-linear static analyses and incremental dynamic
analyses under a set of real ground motion records. Seismic fragility and demand hazard
curves of the building are derived considering multiple EDPs. These include the maximum
interstorey drifts together with the absolute accelerations.
The capability of the dissipative bracing system in enhancing the performance of structural
and non-structural components of the frame is assessed by evaluating the results in terms of
seismic demand hazard curves, providing the annual rate exceeding different demand levels.
2

CASE STUDY: DESCRIPTION AND MODELLING

The case study (Figure 1) is a reinforced concrete frame built in 1984 that is representative
of many RC structures built in Italy before the introduction of modern seismic codes and designed for gravity loads only, without any seismic detailing. The building is composed of five
stories with a height of 2.8 m at the ground storey and of 3 m at the other storeys. Figure 1
describes the plan configuration of the frame, with an overall length of 25.30x10.85 m along
the horizontal (X) and vertical (Y) directions, respectively. A reinforced concrete staircase is
located centrally in the lower part of the building. The frame columns have a rectangular cross
section with dimensions 35x60 cm at the ground floor and 30x60 cm at the other floors,
whereas the columns that support the stair landing have the same rectangular cross section of
25x60 cm at each floor. The beams along the Y direction are deep beams with various rectangular sections: 35x50 cm, 30x50 cm and 25x50 cm. The properties of materials used for the
structural components of the frame have been evaluated via a campaign of destructive in-situ
tests. In particular, the concrete material behavior was evaluated based on 16 compressive
tests on concrete cores extracted from the RC frame elements, while the steel properties were
evaluated based on tensile strength tests executed on rebar samples. Table 1 reports the average mechanical properties for unconfined concrete and reinforcement steel. With regards to
concrete, f c denotes the compressive strength, Ec the elastic modulus, H c and H cu the peak
and ultimate deformations, and f cu the ultimate strength. With regards to steel, f sy is the
yield stress, E s the elastic modulus, and b the post-elastic to elastic stiffness hardening ratio.

Y

X

Figure 1. Schematic plan configuration of the building. (Dimensions in cm)
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Unconfined concrete

Steel

fcm [N/mm ]

Hc [-]

fcu [N/mm ]

Hcu [N/mm ]

Ec [N/mm ]

fsy [N/mm ]

Es [N/mm2]

b [-]

21.6

0.018

21.6

0.0035

27717.8

430.7

206000

0.01

2

2

2

2

2

Table 1. Mechanical properties of unconfined concrete and steel reinforcement.

The building is located in L’Aquila (Italy), with geographical coordinates Lon. = 13.394°
and Lat. = 42.36°, on a soil of class D and topographical category T1, according to [34]. Figure 2 shows the code elastic response spectra in terms of accelerations and displacements for
different limit states and relevant return periods (i.e., Operational – 30 years, Damage – 50
years, Life Safety – 475 years, Near Collapse - 975 years) assuming an inherent damping factor of 5%, respectively.
1.2

0.6

a)

b)

OLS (30 years)

1

OLS (30 years)

0.5

DLS (50 years)

DLS (50 years)

LSLS (475 years)

LSLS (475 years)

0.4

NCLS (975 years)

Sd [m]

Sa [g]

0.8
0.6

0.3

0.4

0.2

0.2

0.1

0

0

0

0.5

1

1.5

2

T [s]

2.5

3

3.5

4

NCLS (975 years)

0

0.5

1

1.5

2

T [s]

2.5

3

3.5

4

Figure 2. Code elastic response spectra in terms of accelerations a) and displacements b).

Figure 3 shows the numerical model of the RC frame developed in OpenSees [32], which
employs “beam with hinges” elements [35] to describe the nonlinear hysteretic response of
beams and columns. The beam-column joints are described by beam elements with very high
stiffness whereas the in-plane rigid floor slab is described by a diaphragm constraint at each
floor. In the “beam with hinges” elements, the inelastic behaviour is concentrated over specified hinge lengths Lpi and Lpj at the two element ends while, a linear elastic behaviour is assigned to the central portion. The lengths of the plastic hinges are defined as a function of the
shear span LV , assumed equal to the half element length, and of the product between the bar
yield strength and diameter f sy db [36]:
Lp

0.12 LV  0.014D sl f sy db

(1)

where D sl is a variable that can assume the value 1 if the slippage of the reinforcement bars
from the anchorage zone beyond the end section is possible or 0 if is not.
In the plastic hinge zone, the behaviour of concrete is described by the nonlinear degrading
Concrete02 material model [32], with tensile strength set to 0.1fcm and a linear tension softening.
The effect of the confinement of the concrete core fibers of beams and columns is taken into account by modifying the concrete constitutive law as suggested by [37]. The compressive
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strength of the confined concrete increases thanks to the compressive effect provided by the
stirrups and the longitudinal reinforcement and can be evaluated as:
f cc'

§
7.94 f l '
f' ·
f cm ¨ 1.254  2.254 1 
2 l ¸
¨
f cm
f cm ¸¹
©

(2)

where f cm is the compressive strength of the unconfined concrete (Table 1) and f l ' depends
on the geometry of the section and of the reinforcements as explained in [37]. The ultimate
compressive strain, H cu , corresponds to the rupture of the first hoop and can be found based
on an energy balance approach [37]. The confinement differs for each section, since it depends on the dimensions, and amount of longitudinal bars and stirrups. Thus, different values
of f cc' , crushing strength and H cu are obtained for the various sections.
The behaviour of steel reinforcement is described by using a uniaxial bilinear constitutive
law with kinematic hardening (Steel01 in OpenSees [32]). Concrete cracking is taken into account by considering an effective flexural stiffness for the elastic part of each beam and column element. This stiffness is evaluated by means of moment-curvature analysis of the
sections at the extremes of the elements, for the axial force level induced by the dead loads
(zero axial load in case of beams).

Figure 3. Numerical model of the RC building in OpenSees (with no infills).

Using the function “MinMax material” of OpenSees [32], material failure can be simulated
in the fibers of the RC sections by setting the stresses to zero once a prefixed strain threshold
value is attained. Conservatively, the same threshold of H cu equal to -0.012 is set for all the
concrete fibers with the confined properties. For the unconfined concrete of the cover of the
cross sections, the strain threshold was set to -0.0035. The rupture of the reinforcement bars,
with a drop of the stress to zero, is assumed to occur at a strain of 0.075. The system nonlinear
geometrical behaviour is taken into account by considering second-order P-delta effects.
3

DESIGN AND MODELLING OF THE HYSTERETIC DEVICES (BRBS)

The method proposed by Dall’Asta et al. [17] is employed in this study to design the dissipative bracing system. According to this method, the dissipative bracing system and the existing frame are described as two elastic-perfectly plastic single-degree-of-freedom (SDOF)
systems acting in parallel. The properties of the SDOF system equivalent to the existing frame
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are derived by performing a pushover analysis under a distribution of forces corresponding to
its first vibration mode [33]. The capacity curve of the frame is replaced by an elastic perfectly-plastic one, which is obtained based on an energy equivalence criterion and is described by
the initial stiffness Kf, the base shear capacity Vf, and the ductility capacity Pfc (Figure 4a).
The properties of the bracing system depend on the properties of the diagonal braces at
each storey. It is worth to recall that the diagonal dissipative braces considered here consist of
two members in series, namely the BRB device and the over-strengthened brace. Only the
first one undergoes plastic deformations, whereas the second is designed to remain elastic.
The distribution of the stiffness of the braces along the building height is assumed equal to
the one of the frame in order to obtain a coupled system with the same first mode shape.
Moreover, the braces are assumed to yield simultaneously when the structure vibrates according to the first mode.
The design ultimate displacement of the diagonal brace system can be assumed equal to
that of the frame, in order to ensure simultaneous failure of both the frame and the braces. The
capacity curve of the bracing system is idealized as an elastic-perfectly plastic curve, and described by few parameters that are the design variables: the initial stiffness Kd, the base shear
capacity Vd, and ductility capacity Pdc, equal to that of the diagonal braces under the assumption of simultaneous yielding of the diagonal braces at all the storeys. It is noteworthy that the
BRBs, and thus the bracing system, exhibit a more complicated behaviour, which however is
simplified in the design stage.
In this study, only the retrofit of the frame along the X direction is considered, since this
corresponds to the weak direction of the bare frame. The results from the modal analysis of
the bare frame for the first five vibration modes are summarized in Table 2. The coupling between the modal responses along the two directions is very low, and the mass participation
factor of the first mode along the X direction is very high (i.e., 80.8%).
Mode

Type

ω [rad/s]

T [s]

1

Translational X

7.388

0.850

2

Rotational

9.371

0.670

3

Translational Y

9.496

0.662

4

Translational X

23.432

0.268

5

Rotational

30.300

0.207

Table 2. Vibration modes of the bare frame.

The design procedure of the bracing system requires the evaluation of the bare frame capacity curve along the X direction by means of a nonlinear static (pushover) analysis. The lateral load pattern for the pushover analysis is determined for a distribution of the loads
proportional to the first vibration mode of the structure. The control node is the centre of mass
of the top floor. Figure 4a shows the capacity curve of the equivalent SDOF system and its bilinearization according to the Italian code [34]. These curves are expressed in terms of d* and
V*, which are obtained dividing the displacement of the control node and the base shear of the
MDOF system by the modal participation factor * ¦ mi ui ¦ mi ui2 of the first vibration

mode. The ductility capacity of the frame is Pfc =3.73, corresponding to a maximum interstorey drift ratio of 2.3%.

3917

P. Castaldo, E. Tubaldi, and L. Gioiella

Figure 4b compares, in the acceleration-displacement plane, the elasto-plastic capacity
curve of the bare frame and the seismic demand for the life safety limit state according to the
N2 method. The values of the acceleration a * of the capacity curve are obtained by dividing
the forces V * by the equivalent mass m* ¦ mi ui of the SDOF system. It can be seen that
the ductility demand μf=3.55 is quite close to the ductility capacity of the structure. Thus, the
structure needs to undergo significant plastic deformations to withstand the seismic demand,
leading to extended damage.
In order to reduce the seismic damage, the bracing system is added in parallel to the frame,
and the target ductility demand of the frame under the design seismic input is assumed equal
to μf=2.64, corresponding to a maximum interstorey drift ratio (IDR) of 1.5%.
b)
Vf*=2269 kN
dfy*=0.047

dfu*=0.175
μfc=3.73

a* [m/s2]

V* [kN]

a)

μf=3.55

d* [m]

d* [m]

Figure 4. a) Capacity curve of the SDOF system equivalent to the bare frame and its bi-linearization and b) comparison between the seismic demand and capacity for the bare frame.

The ductility capacity of the BRB devices and of the dissipative system are assumed respectively equal to P0c =15 and Pdc =10. It is noteworthy that the value of Pdc is less than the
value of P0c due to the flexibility of the brace placed in series with the BRB device ([6], [17]).
The base shear capacity of the BRB system must be equal to Vd =900 kN to obtain a design
capacity curve of the coupled system (frame and BRBs system) that intersects the inelastic
demand spectrum (Figure 5a-b). It is noteworthy that the base shear of the bracing system is
only 39% of the base shear of the bare frame. Although a higher value could be chosen, by
reducing the ductility demand of the frame, this would result in excessive forces transmitted
to the columns adjacent to the bracing system, and an increase of their vulnerability [6].
Moreover, higher values of this ratio are generally associated with excessive interstorey residual drift levels, impairing reparability after major earthquake events.
Given the properties of the bracing system, the characteristics of the BRB devices and of the
elastic braces at each storey can be determined by following the procedure described in
Dall’Asta et al. [17] and they are reported in Table 3. It is worth to recall that the design properties of the braces (initial stiffness K di , yielding force Fdi and ductility capacity Pdci where i
denotes the storey number) depend on the properties of the BRB device (initial stiffness K 0i ,
yield force F0i and ductility capacity P0i c ) and on the properties of the elastic brace (length Lib
and stiffness Kbi ). The brace length Lid is equal to the sum of the BRB length Li0 and the elastic brace length Lib .
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In order to limit the axial forces transmitted to the columns adjacent to the braces, four diagonal braces are employed at each storey. The brace arrangement is shown in Figure 6.
a)

b)
a* / Sa [m/s2]

V* [kN]

Vc*=3204 kN

Elastic demand spectrum
Inelastic demand spectrum (bare frame)
Inelastic demand spectrum (coupled system)

Vf*=2304 kN

μc=3.22

Vd*=900 kN

μf=2.64

d* [m]

d* / Sd [m]

Figure 5. a) Design bilinear capacity curve of the SDOF system equivalent to the retrofitted frame and b) comparison between the seismic demand and capacity for the retrofitted frame.

Braces
Storey

Fc

[-]

[kN]

4

i

BRBs
i

i

Elastic braces

K0

F0

A0

L0

Kb

Fb

Abi

tbi

Lbi

[kN/m]

[kN]

[kN/m]

[m2]

[m]

[kN]

[kN/m]

[m2]

[mm]

[m]

152

91404

142.18

152.05

608.19

898.3

142.18

152.05

608.19

10

898.3

3

235.6

91793

142.79

235.56

942.23

1385.7

142.79

235.56

942.23

10

1385.7

2

299

95200

148.09

299.04

1196.14

1696.2

148.09

299.04

1196.14

10

1696.2

1

338

105238

163.7

337.99

1351.97

1734.3

163.7

337.99

1351.97

10

1734.3

0

343.8

188593

293.37

343.78

1375.14

984.4

293.37

343.78

1375.14

10

984.4

Kc

i

i

i

i

i

Table 3. Dissipative braces, BRBs and elastic brace properties at each storey.

Figure 6. Modelling of the BRB by means of two elements (truss + elastic beam).

The dissipative braces are modelled by using two elements (Figure 6): an elastic beam element for the elastic brace and a truss element for the BRB. The BRB is assigned the constitutive law of Zona et al. [30]. The parameters that influence the hardening and hysteresis of the
elasto-plastic model can be calibrated based on experimental characterization tests carried out
on BRB prototypes. In this study, the parameters reported in Zona et al. [30] and calibrated on
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the experimental tests of Tremblay et al. [38] are considered. Figure 7 shows the capacity
curve evaluated by performing the nonlinear static analysis of the retrofitted structure, and the
corresponding equivalent bilinear curve. The capacity curve is truncated at a value of the displacement equal to 0.15 m, corresponding to an IDR of 1.5% for the frame and a ductility capacity μc=3.22. The ductility of the coupled system is much higher than that of the frame
(μf=2.64), thanks to the addition of the BRBs. Figure 7b compares the elastic and inelastic
seismic demand with the capacity of the coupled system. The seismic design action induces a
ductility demand of 3.13 (Figure 7b) in the system.
It is noteworthy that the design of the dissipative bracing system has been carried out disregarding the contribution of the infill walls.
b)

a)
dc*=0.135
μc=3.22

a* / Sa [m/s2]

V* [kN]

Vc*=3276 kN
dcy*=0.042

d* [m]

μc=3.13

d* / Sd [m]

Figure 7. a) Capacity curve of the SDOF system equivalent to the retrofitted system and its bi-linearization and b)
comparison between the seismic demand and capacity for the retrofitted frame.

4

SEISMIC PERFORMANCE AND RETROFIT EFFECTIVENESS EVALUATION

The seismic performance assessment of the system and the evaluation of the effectiveness
of BRBs for the retrofit are based on the development and comparison of seismic demand
hazard curves for different EDPs describing the seismic response of structural and nonstructural components, as well as of the BRBs. Coherently with the performance-based earthquake engineering (PBEE) approach [39]-[41], the uncertainties related to the seismic input
intensity are separated from those related to the characteristics of the record (i.e., record-torecord variability) by introducing an intensity measure (IM). In particular, the randomness in
the seismic intensity is described by a hazard curve, whereas the record-to-record variability
for a fixed intensity level is modelled by selecting a set of natural ground motion records
characterized by a different duration and frequency content, scaled to the assumed intensity
level [42].
It is worth to note that, in general, the IM's choice should be driven by criteria of efficiency,
sufficiency and hazard computability [43]-[45]. In this study, the spectral acceleration,
S a [ , T , at the fundamental period of the system, T 2S / Z and for the damping ratio

[ =5%, is assumed as intensity measure. This is a structural dependent IM that changes with
the structural model. Table 4 reports the periods of the four models considered, together with
the corresponding IM values at the life safety limit state (LFLS) and near collapse limit state
(CLS).
Incremental dynamic analysis (IDA) [46] are carried out to investigate the response of the
different systems for increasing intensity levels. The set of 30 ground motion records employed in IDA are derived from 19 different seismic natural events, selected within the ground
motion database of PEER (Pacific Earthquake Engineering Research Center) [47], of ITACA
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(Italian Accelerometric Archive) [48] and of ISESD (Internet-Site for European StrongMotion Data) [49]. The characteristics of the selected ground motion records are reported in
Table 5. Their source-to-site distance, Rs, is greater than 8.7 km, and their moment magnitude,
M, is in the range between 6 and 7.6. Figure 8 shows the acceleration elastic response spectra
of the unscaled records of Table 5.
Bare frame

Retrofitted frame

Infilled frame

Inf. retrofitted frame

T [s]

0.850

0.637

0.836

0.632

Sa,LSLS [g]

0.787

0.909

0.799

0.909

Sa,NCLS [g]

0.851

0.959

0.865

0.959

Table 4. Periods of the four models.

#

Year

1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30

1994
1994
1994
1999
1999
1979
1979
1995
1995
1999
1999
1992
1992
1989
1989
1990
1987
1987
1987
1992
1999
1999
1971
1976
1980
1979
1997
2000
2000
2003

Earthquake
Name
Northridge
Northridge
Northridge
Duzce, Turkey
Hector Mine
Imperial Valley
Imperial Valley
Kobe, Japan
Kobe, Japan
Kocaeli, Turkey
Kocaeli, Turkey
Landers
Landers
Loma Prieta
Loma Prieta
Manjil, Iran
Superstition Hills
Superstition Hills
Superstition Hills
Cape Mendocino
Chi-Chi, Taiwan
Chi-Chi, Taiwan
San Fernando
Friuli, Italy
Irpinia
Montenegro
Umbria Marche
South Iceland
South Iceland (a.s.)
Bingol

Recording Station
Name
Beverly Hills - Mulhol
Canyon Country-WLC
LA-Hollywood Stor
Bolu
Hector
Delta
El Centro Array #11
Nishi-Akashi
Shin-Osaka
Duzce
Arcelik
Yermo Fire Station
Coolwater
Capitola
Gilroy Array #3
Abbar
El Centro Imp. Co.
Poe Road (temp)
Westmorland Fire Stat.
Rio Dell Overpass
CHY101
TCU045
LA - Hollywood Stor
Tolmezzo
Bisaccia
ST64
ST238
ST2487
ST2557
ST539

Vs30 [m/s] Fault Type
356
309
316
326
685
275
196
609
256
276
523
354
271
289
350
724
192
208
194
312
259
705
316
425
496
1083
n/a
n/a
n/a
806

Thrust
Thrust
Thrust
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike Slip
Thrust
Thrust
Thrust
Thrust
Thrust
Thrust
Normal
Strike Slip
Strike Slip
Strike Slip

M [-]

Rs[km]

PGA [g]

6.7
6.7
6.7
7.1
7.1
6.5
6.5
6.9
6.9
7.5
7.5
7.3
7.3
6.9
6.9
7.4
6.5
6.5
6.5
7.0
7.6
7.6
6.6
6.5
6.9
6.9
6.0
6.5
6.4
6.3

13.3
26.5
22.9
41.3
26.5
33.7
29.4
8.7
46.0
98.2
53.7
86.0
82.1
9.8
31.4
40.4
35.8
11.2
15.1
22.7
32
77.5
39.5
20.2
21.3
21.0
21.5
13
15.0
14.0

0.52
0.48
0.36
0.82
0.34
0.35
0.38
0.51
0.24
0.36
0.22
0.24
0.42
0.53
0.56
0.51
0.36
0.45
0.21
0.55
0.44
0.51
0.21
0.35
0.94
0.18
0.19
0.16
0.13
0.30

Table 5. Selected ground motions for the time history analyses.

3921

P. Castaldo, E. Tubaldi, and L. Gioiella

The EDPs considered for monitoring the seismic response are the peak values, among the
various storeys, of the interstorey drift ratio (IDR) and the absolute acceleration (ACC).
8
Record spectrum
Average spectrum

7
6

Sa [g]

5
4
3
2
1
0

0

1

2

T [s]

3

4

5

6

Figure 8. Acceleration elastic response spectra for the seismic records. The dashed lines indicate the structural
periods of the various models.

Figure 9 shows the IDA curves in terms of IDR obtained for the various models considered.
It is noteworthy that for high IM values, some convergence issues arise due to the failure of
some fibers in critical sections and nonlinear geometrical behaviour of the model. Thus, plotted in the figure are only the numerically-converging dynamic analysis points. It can be observed in the plot that in the case of the bare frame, the IDR of 1.5% is reached at an IM =
0.3g for the bare frame model and at 0.7g for the retrofitted model. This results already shows
the benefit of the use of the BRBs in terms of drift reduction, which is only partially impaired
by the seismic demand increase due to period reduction (see Table 4).
a)

IDR [-]

IDR [-]

b)

Sa ([ , T ) [g]

Sa ([ , T ) [g]

Figure 9. IDA results in terms of IDR: a) Bare frame; b) Bare frame with BRBs.

For each EDP considered, the conditional exceeding probability GEDP IM (d im) is evaluated
for the different models at the various IM levels considered. Both the collapse (and convergence) and not-collapse results are taken into account by applying the total probability theorem [50]-[53], according to the following expression:
GEDP IM (edp im) GEDP IM (edp im, NC ) 1  P ª¬C IM º¼  P ª¬C IM º¼
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where GEDP IM (edp im, NC ) is the probability of exceedance of the EDP conditional to the IM
and to not-collapse, the probability of collapse P ¬ªC IM ¼º is evaluated numerically for each IM
level by dividing the number of analyses for which collapse occur by the total number of
analyses.
Figure 10 shows the conditional exceedance curves for the IDRs, which are fitted by
means of lognormal distributions. Five different demand thresholds are considered, namely
0.5%, 1%, 1.5%, 2% and 2.5%. These values correspond to increasing levels of seismic damage of the frame [50], [51], [54]. Obviously, the median value of the spectral acceleration corresponding to the threshold of 1.5% increases due to the retrofit and slightly decreases if the
infill frames are considered in the models.
b)

0.5%
1.0%
1.5%
2.0%
2.5%

PLS

0.5%
1.0%
1.5%
2.0%
2.5%

PLS

a)

Sa ([ , Tretrofitted bare frame ) [g]

Sa ([ , Tbare frame ) [g]

Figure 10. Conditional probability of exceedance vs. IM for the IDR: a) Bare frame; b) Bare frame with BRBs.

Figure 11 illustrates the conditional exceedance curves for the other EDP. In general, the
exceeding probabilities decrease for increasing values of the threshold and increase for higher
IM levels, as expected. The systems with added BRBs exhibit lower conditional probabilities
compared to the ones without BRBs, for the same IM and threshold levels, for all the monitored EDPs. Quite interestingly, also the probability of exceedance of the absolute accelerations slightly reduces due to the addition of the BRBs, whereas the infills have a minor effect
on this probability.
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Figure 11. Conditional probability of exceedance vs. IM for the ACCs: a) Bare frame; b) Bare frame with BRBs.
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It is noteworthy that the curves plotted in Figure 10-Figure 11 have been derived by considering different IMs for each of the models analysed. Thus, they could not be directly compared to each other. While in Freddi et al. [7] the concept of safety margin is used to compare
fragility curves developed for a RC frame before and after the retrofit with BRBs, in this
study seismic demand hazard curves, that are not conditional to the IM, are employed.
5

SEISMIC DEMAND HAZARD CURVES

Figure 12 shows the seismic hazard curves, expressing the mean annual rate (MAF) of exceedance Oof the various IMs considered in this study. These curves, plotted in semilogarithmic scale, have been derived for the site in L’Aquila, where the structure is located,
by following the procedure described in [34]. It can be observed that for the same level of the
MAF of exceedance, the spectral acceleration is higher for the retrofitted frame than for the
unretrofitted frame.

λ [1/year]

Bare frame
Retrofitted frame

Sa [g]
Figure 12. Seismic hazard curves for the unretrofitted frame and the frame retrofitted with BRBs obtained by
neglecting the infill wall contribution.

The seismic demand hazard curves for the various systems and EDPs of interest are obtained by convolution of the conditional probability of exceedance (Figure 10 to Figure 11)
with the relevant seismic hazard curve (Figure 12). The demand hazard curve for the generic
EDP can be estimated as follows:
OEDP (edp)

f

³G

EDP IM

(edp im)

0

d OIM (im)
d im
d im

(4)

where d () denotes the differential operator.
Figure 13 shows the demand hazard curves of the various EDPs of interest obtained for the
structural models considered.
With regard to the IDR, it can be observed that the BRBs are effective to reduce the seismic demand to more acceptable values. In particular, the MAF of exceedance of the 0.5%
threshold, commonly associated to onset of nonlinear behaviour of the frame, reduces from
0.0164 1/year to 0.0249 1/year, whereas the MAF of exceedance of the 2% threshold, associated to significant damage to the frame, reduces from 0.0037 1/year to 0.0001 1/year. Thus,
the performance improvement is higher for high drift levels. It is also interesting to observe
that the MAF of exceedance of the 1.5% limit, which is considered for the design of the BRBs,
is equal to 6·10-4 1/year for the case of the retrofitted frame. This value is lower than the MAF
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of exceedance of the design seismic input, which is 2.1·10-3 1/year. The discrepancy may be
due to the simplifying assumptions of the design procedure, particularly the fact that the isotropic hardening behavior of the BRBs is neglected when evaluating the pushover curve of the
retrofitted frame. Nevertheless, the MAF of exceedance is higher than the reference MAF of
collapse that is targeted by the risk-based design approaches in the US [55]. In Europe, lower
values of the MAF of collapse are sought for new structures, (about 10-5-10-6 1/year [51], [55].

a)

100

b)
Bare frame
Retrofitted frame

Bare frame
Retrofitted frame

10-1

OEDP (1/year)

OEDP (1/year)

10-1
10-2
10-3
10-4

0.0025 0.005

100

0.01

0.015

IDR [-]

0.02

10-2
10-3
10-4

0.025

0

3

6

9

ACC [m/s2]

12

15

Figure 13. Demand hazard curves of the EDPs for the different structural models considered.

In Figure 13b, it is interesting to observe that the curve of the MAF of exceedance of the
absolute accelerations is very similar for all the models for low acceleration values, below
9 m/s2. This is because adding the BRBs and the infills to the frame results both in a decrease
of period, which would increase the acceleration demand, but also in an increase of energy
dissipation, which on the other hand reduces the acceleration demand. Thus, this type of retrofit is not very effective in improving the performance of acceleration-sensitive non-structural
components. Some improvements in terms of acceleration demand reduction can be observed
for acceleration value higher than 9 m/s2. More details may be found in [56].
6

CONCLUSIONS

In this work, a performance-based approach is employed to evaluate the efficiency of the
retrofitting of an existing RC building with buckling restrained braces (BRBs). In particular,
an existing reinforced concrete building located in L’Aquila is used as case study. An advanced non-linear three-dimensional model of the existing RC building is defined in OpenSees, and a widely employed procedure based on pushover analyses is used to design the
braces. Specifically, the bracing system is designed to obtain a retrofitted bare structure that is
able to withstand the seismic demand associated to the life safety limit state design spectrum
(return period of 475 years) experiencing a maximum absolute interstorey drift index of 1.5%.
Successively, the seismic performance of the retrofitted bare building is evaluated by performing both non-linear static analyses and incremental dynamic analyses under a set of real
ground motion records scaled to increasing seismic intensity levels. Seismic demand hazard
curves are estimated for the interstorey drifts and other engineering demand parameters. The
spectral acceleration at the fundamental period of the bare or infilled structure for a damping
factor of 5% is used as intensity measure.
Based on the study results, the following conclusions can be drawn:
- Adding a relatively light BRB brace system to the existing frame results in notable performance improvements. In fact the use of the BRBs provides not only an increased ductility
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capacity to the system, but also a reduction of the softening behavior following the attainment of the peak resistance, as shown by the capacity curves of the analysed models. The
benefit in terms drift reduction due to the use of BRBs are also evident by observing the
demand hazard curves for the IDRs. The MAF of exceedance of the 1.5% limit, which is
considered for the design of the BRBs, is equal to 6·10-4 1/year for the case of the retrofitted frame with no infills, and it is about 1/10 of the corresponding MAF level for the case
of the bare frame with no BRBs.
- The retrofit with BRBs does not reduce significantly the risk of exceeding absolute acceleration demands less than 9 m/s2, but it more effective for higher acceleration levels. Thus,
alternative retrofit measures may have to be employed if the seismic performance of acceleration-sensitive non-structural components has to be minimized.
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Abstract
Seismic isolation bearings are one of the most widely used seismic protection systems for
bridges. Taking advantage of improved energy dissipation and flexibility, Lead Rubber Bearings (LRB) have emerged as a popular solution for seismic protection of bridges. Over the
last few decades, LRBs have been studied significantly both experimentally and numerically,
resulting in different numerical modeling approaches of LRB. Since the seismic response of a
base-isolated bridge largely depends on the modeling technique adopted for the bearing element, it is essential to identify an appropriate modeling scheme for LRBs. The objective of
this study is to investigate the seismic response sensitivity of an isolated bridge when different
LRB modeling techniques are adopted. In this study, a three-span curved steel girder bridge
isolated with LRB is considered as the reference bridge that was tested in a shake table at the
University of Nevada, Reno. The validated numerical model of the reference bridge is first
developed using OpenSees. Three different LRB modeling techniques available in OpenSees
are used to model the isolation bearings. Using the ElastomericX, LeadRubberX, and KikuchiAikenLRB modeling techniques, the seismic response of the bridge is compared against the
experimental results. The performance of the isolated bridge is evaluated in terms of isolator
force-deformation relationship and fragility curves. The analysis results show that LRB modeling approach has a noteworthy impact on the seismic response of base-isolated bridge and
requires careful selection of modeling parameters.
Keywords: Lead rubber bearing, Seismic response, Curved Bridge, Numerical modeling,
Dynamic analysis.
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1

INTRODUCTION

Bridges are one of the vital infrastructures of any country's transportation network. Bridge
damage due to a strong earthquake leads to the cessation of the function of these vital infrastructures at critical times, which are needed to provide emergency services or help evacuating a damaged area. The use of seismic isolators is one of the effective methods to improve
the seismic performance of bridges. With seismic isolators, ductility increases, and forces applied to the bridge structure due to earthquakes decrease. The behavior and performance of
seismic isolation systems are highly nonlinear and more complex than other structural elements (such as girders, cap beams, columns) and can be affected by several factors.
Behavioral characteristics of nonlinear seismic isolators are a function of the dynamic responses of seismic isolators during an earthquake, and this poses severe challenges for modeling the response of these seismic isolators. To overcome these challenges, several main
aspects of isolation bearing modeling, are: (a) bidirectional motion coupling in the horizontal
plane, (b) the relationship of vertical and horizontal motion of the seismic isolator, (c) cavitation behavior and post-cavity seismic isolator in tension, (d) decrease in tensile cyclic loading
resistance during cavitation behavior, (e) changes in critical buckling load capacity due to lateral displacement [1].
The flexibility of seismic isolators increases the fundamental period of base-isolated bridges and reduces the seismic forces applied to them. Although this reduction may be associated
with large horizontal displacements of the seismic isolators, lateral flexibility plus horizontal
displacements result in a significant reduction in the critical buckling load capacity of the
seismic isolator [2-5].
An experimental study by Buckle et al. [6] on a set of seismic isolators showed that the
critical loading capacity decreases with an increasing horizontal displacement or shear strain,
and the horizontal stiffness decreases with increasing axial load and horizontal displacement
[2]. Recent studies and experience of past earthquakes have shown that the impact of considering the vertical component of ground motions is significant for the analysis and design of
structures.
Shekar et al. [7] investigated the effect of dampers and design standards on the response of
highway bridges. They developed a three-dimensional model for this purpose. A significant
vulnerability of the non-seismic bridge designed with a bearing could be observed because of
the bridge pier's non-ductile failure. With the modern seismic design, the vulnerability of the
bridge was significantly reduced.
The objective of this study is to investigate the seismic response sensitivity of an isolated
bridge when different LRB modeling techniques are adopted. In this study, a three-span
curved steel girder bridge isolated with LRB is considered as the reference bridge that was
tested in a shake table at the University of Nevada, Reno [8]. The distinguishing feature of
this study is that conventional simplifications are not used in seismic isolator modeling techniques, and instead, the main aspects of modeling and the factors affecting the behavior of
isolators are fully included in the modeling. For this purpose, Lead Rubber Bearing (LRB) is
studied using different modeling techniques available in OpenSees, and by performing Incremental Dynamic Analysis (IDA) and fragility analysis, different bridge responses under nearfault ground motions are studied.
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2
2.1

MODEL OF BRIDGE
Description

The bridge considered in this study was designed and experimentally tested at the University of Nevada, Reno [8]. The bridge is a three-span composite steel I-girder bridge. Fig.1 indicates the plan of the bridge model and shows the location of abutments and piers. The
design and geometric details of the scaled bridge can be found in [8]. This bridge superstructure has three composite steel I-girders with an 83mm concrete deck. The lengths of the spans
are 12.8, 18.6, and 12.8 m, respectively (total length 44.2 meters), and the centerline radius is
24.4 m. The width of the deck is 3.66 m and the distance between the girders is 1.37 m. The
height of the columns and their diameters are 2.44 and 0.61 m, respectively.
Fig.2 shows the detailed numerical model of the bridge used in this study. The piers are
mono-column with 1% longitudinal and transverse steel rebar ratios. The concrete compressive strength is 44 MPa and the steel reinforcement is A706 grade with a yield strength of 490
MPa. The total bridge model weight is 1486 kN that is spread along with the longitudinal
nodes of the deck.
In the numerical simulation with OpenSees, the confined and unconfined concrete behavior
is considered and calculated according to the Chang and Manders [28] model (Concrete07).
The reinforcing steel properties are simulated using steel02 model. The superstructure elements are assumed as elastic element and the piers and LRB are considered as nonlinear elements. The effect of soil-structure interaction is ignored in this study.
2.2

Lead rubber bearing systems

Three modeling techniques are used for modeling LRB as a seismic base isolation system.
The LRB characteristics such as, shear modulus, modulus of elasticity, and characteristic
strength are 0.41 MPa, 1.24 MPa, and 6.27 (Abutment), 9.03 (Pier) kN, respectively. More
details about designing the LRB can be found in [8]. Three techniques are used for modeling
LRB in Opensees: (a) KikuchiAikenLRB material with the zero-length element, (b) ElastomericX element, and (c) LeadRubberX element. The fundamental period of the base-isolated
bridge with three LRB modeling techniques is found to be 0.66, 0.68, and 0.68 sec, respectively.

Figure 1: Bridge Plan.
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Figure 2: Numerical model of the bridge details.

3

MODEL VERIFICATION

The 2/5th scale bridge model was tested in shake table at the University of Nevada, Reno
under the Sylmar station motion from the 1940 Imperial Valley earthquake as the Design
Earthquake (DE). The tests were conducted at increments of 10% to 300% of the DE. To validate the numerical modeling approach adopted in this study, the test results obtained from the
100% DE is considered in this study. The hysteretic response of the LRB obtained from the
shake table results are verified with the KikuchiAikenLRB, ElastomericX, and LeadRubberX
modeling techniques. Fig.3 shows the hysteresis curves of the LRB at the pier location. According to this figure, the shape of the hysteresis curves is similar to the experimental hysteresis curve. In Table 1, the experimental responses in terms of the maximum shear force,
displacement along the x-direction, both in positive and negative, and the energy dissipation
are compared with the three mentioned techniques. For maximum shear force, all three models over predicted the force in the positive direction while under predicted in the negative direction. Similar observation can be made from the comparison of maximum bearing
deformation. In terms of energy dissipation, the difference between the experimental and numerical results using KikuchiAikenLRB, ElastomericX, and LeadRubberX modeling techniques are 13%, 14%, and 9%, respectively.
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Figure 3: Hysteresis curve verification for LRB modeling techniques (a) KikuchiAikenLRB, (b) ElastomericX,
and (c) LeadRubberX with Experimental result.

Parameters
Max. Shear force
(kip)
Max. Displacement
(in)
Energy Dissipation
(kip.in2/s2)

+
+
-

Experimental
64.89
-62.67
2.10
-1.78

KikuchiAikenLRB
78.80
-59.33
2.23
-1.59

ElastomericX
76.86
-61.75
2.29
-1.89

LeadRubberX
75.24
-56.41
2.32
-1.63

243.18

212.36

210.12

222.04

Table 1: Verification of LRB techniques with Experimental results.

4

GROUND MOTION SELECTION

After validating the numerical models, the sensitivity of the three modeling techniques is
compared by conducting seismic fragility analysis of the isolated bridges. To develop fragility
curves, appropriate ground motions according to FEMA P695 [29] are selected. Table 2
shows the characteristics of the selected 14 non pulse near-field ground motions for increment
dynamic analysis (IDA). The ground motions are extracted from the Pacific Earthquake Engineering Research (PEER) earthquake database [9]. The recorded primary orientations (provided by PEER (NGA)) of selected ground motions are rotated to strike-parallel and strikenormal orientations. Individual response spectrum variation of selected records and mean and
mean ± standard deviation are illustrated in Figure 4.
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Earthquake
Recording Station
ID M
Year Name
Name
No.
No Pulse Records Subset
1
6.8
1976 Gazli, USSR
Karakyr
2
6.5
1979 Imperial Valley-06 Bonds Corner
3
6.5
1979 Imperial Valley-06 Chihuahua
4
6.8
1985 Nahanni, Canada
Site 1
5
6.8
1985 Nahanni, Canada
Site 2
6
6.9
1989 Loma Prieta
BRAN
7
6.9
1989 Loma Prieta
Corralitos
8
7.0
1992 Cape Mendocino
Cape Mendocino
9
6.7
1994 Northridge-01
LA – Sepulveda VA
10 6.7
1994 Northridge-01
Northridge – Saticoy
11 7.5
1999 Kocaeli, Turkey
Yarimca
12 7.6
1999 Chi-Chi, Taiwan
TCU067
13 7.6
1999 Chi-Chi, Taiwan
TCU084
14 7.9
2002 Denali, Alaska
TAPS Pump Sta #10

PGA
(g)
0.864
0.777
0.270
1.201
0.519
0.502
0.645
1.494
0.932
0.459
0.322
0.499
1.009
0.333

Rrup
(km)
5.460
2.660
7.290
9.600
4.930
10.72
3.850
6.960
8.440
12.09
4.830
0.620
11.48
2.740

Table 2: Selected non-pulse ground motions according to FEMA P695.

Figure 4: Response spectra of selected non-pulse ground motions, also, to mean and mean ± standard deviation.

5

ENGINEERING DEMAND PARAMETES (EDPs)

Bridge piers and base-isolation systems of the bridge typically govern the response of the
bridge system over other elements. Diverse sorts of EDPs such as pier displacement, bridge
pier ductility, isolation bearing displacement, bearing shear strain (%), etc., have been used by
different researchers to quantify the damage in bridge pier and isolation bearing. Shear strain
(%) or bearing displacement is usually used to define the damage states [10, 11] for the baseisolation system. In this research, damage states are defined in terms of base-isolation system
shear strain (%) and bridge pier displacement ductility (μd). The experimental observations
are considered to determine the damage states for the base-isolators resulting in pounding and
unseating. Lead rubber bearing can take shear strain up to 400% before failure. Total deformation of bridge deck-girders and unseating issues in the whole bridge system are raised from
such high strain. So this value is limited to 250% [12]. Limiting values for different damage
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states are taken from Hwang et al. [13] and Zhang and Huo [14]. Outline of distinctive damage states' physical appearance and criteria are displayed in Table 3.
Damage
→
State
Bridge
Physical
components phenomenon →

Slight

Moderate

Cracking
and
spalling
μd > 1.0

Bridge pier Displacement
ductility μd
LRB
Shear strain γ (%) γ > 100

Extensive

Collapse

Ref

Moderate
Degradation
cracking and without collapse
spalling
μd > 1.2
μd > 1.76

Failure
leading to
collapse
μd > 4.76

FEMA [15]

γ > 150

γ > 250

γ > 200

Hwang et al
[13]
Zhang and
Huo [14]

Table 3: Damage states of bridge components.

6

SEISMIC FRAGILITY ANALYSIS

The fragility curve expresses the probability of damage corresponding to a given damage
state at several levels of seismic events. In fact, the fragility curve describes the relation between the intensity measure and the level of possible seismic damage. In order to accurately
develop fragility curves, it is important to choose an appropriate earthquake intensity measure
for structure under study. Intensity measures that indicate the severity of the earthquake as
appropriate for fragility analysis include Sa, PGA, PGV, and PGD. Fragility curves can be
obtained from logical regression analysis of real or simulated damage information or numerical solution methods.
Fragility curves distribute the failure between slight, moderate, extensive, and collapse
states according to HAZUS-MH [15]. These curves are plotted separately for each damage
state for a set of ground motions and are used as input to the structural damage calculation.
Researchers have previously used various methods to obtain fragility curves [16]. Billah
and Alam [16] have surveyed diverse methods and proposed a technique to obtaining a hybrid
fragility curve. The research examined the preferences, shortcomings, and imperatives of all
the strategies in assessing seismic vulnerability of bridges. The fragility function is a probabilistic method that portrays the probability of damaging a structure beyond a specific damage
level for a certain ground motion intensity [17]. The fragility of a structure, is expressed as the
conditional probability of a damage state (DS) occurring given a specific intensity measure
(IM), which can be expressed mathematically as [18]:
Fragility DS ( y )

P>DM t DS IM

y@

(1)

The relationship of the engineering demand parameter (EDP) and the IM is set up by a
probabilistic seismic demand model (PSDM) in this research. By utilizing the incremental
dynamic analysis (IDA) on the bridge system, the PSDM is formed. There are two methods to
create the PSDM: the scaling approach [10, 14] and the cloud approach [19, 20, 21, 22]. The
cloud method is utilized in assessing the seismic fragility function of the bridge piers and lead
rubber bearing systems in this study.
The shear strain (%) of the LRB and pier displacement ductility are selected as the EDPs,
and the spectral acceleration at the fundamental period of the bridge (Sa, T1) of each ground
motion is taken as the IM. Regression analysis is performed to obtain the mean and standard
deviation of each damage condition by assuming the power-law function [23] in the cloud
method. The logarithmic relationship between IM and median EDP is expressed as follows.
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EDP

b

a IM or , ln( EDP )

ln(a)  b ln( IM )

(2)

In this correlation, a and b are coefficients that can be estimated from a regression. The
lognormal distribution is recommended for the EDPs by Gradoni et al. [24]. In order to obtain
adequate data for the cloud approach, IDA is carried out rather than the nonlinear time history
analysis. The ground motions are scaled from a very low IM to a high IM for the IDA. The
time history analysis and scaling are repeated until dynamic instability in the shape of large
drifts occurs, demonstrating structural collapse. This reduced the computational time and provided adequate damage data for generating fragility curves. Each intensity level of a specific
ground motion can be considered as a one-time history analysis. Hence, it was possible to
generate adequate damage data corresponding to a diverse ground motion intensity levels. The
logarithmic standard deviation (dispersion) of the demand parameters, βEDDP|IM conditioned
upon the IM is estimated using the following equation [25].
N

¦ ln EDP

E EDP IM

 ln aIM b

2

i 1

(3)

N 2

In this equation, N is the number of simulation cases.
Fragility curves are created utilizing the following equation from Padgett [26].

ª ln IM  ln IM n º
P>DS IM @ M «
»
E comp
«¬
»¼

(4)

In this equation, Φ [ ] is the standard normal cumulative distribution function and
ln IM n

ln S c  ln a
b

(5)

IMn is characterized as the median value of the intensity measure for the chosen damage
states. The following equation presents the dispersion [26].

E comp

2
E EDP
 E c2
IM

(6)

b

In this equation, Sc and βc are the median and dispersion values for a specific damage state
of the bridge components (bridge pier and isolation bearing), respectively. The coefficient of
variation (COV) is related to each damage state for related uncertainties. COV is assumed to
be 0.25 for slight and moderate damage states and 0.5 for the extensive and collapse damage
states [18]. The following equation is used to calculate the dispersion value [27].

Ec

ln 1  COV 2

(7)

The total bridge system fragility function is more conceivable than the individual component fragility function [14, 19, 21, 22]. The global damage likelihood can be simply assessed
utilizing the series system and first-order reliability theory. Moreover, the upper and lower
bound of failure likelihood of the bridge can be determined utilizing Eq. (8). Both bounds
present a conservative and un-conservative estimation of damage likelihoods, respectively.
max in 1 >P Fi @ d P Fsystem d 1  3 in 1 >1  P Fi
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In this equation, P(Fi) represents the probability of exceeding the prescribed bound of the
component's actual damage state. Moreover, P(Fsystem) is for the whole bridge system.
7

RESULTS

Fragility functions are developed for the based-isolated curved bridge considering the fragilities of the pier and LRB for various modeling techniques. The fragility functions, assuming a lognormal distribution with respect to the median of seismic intensity (Sa, T1), are
generated using Eq. (4), and calibrated with the damage states as shown in Table 3. To evaluate the effect of LRB modeling techniques on the relative fragility of each component, fragility curves are developed for the piers and isolation bearings at abutments and piers. However,
the fragilities of the pier and abutment bearings are not provided here due to space limitations.
Fig. 5 compares the fragility curves for the LRB at four damage states. Fig. 5 shows that the
when LRB is modeled using KikuchiAikenLRB technique, independent of the considered
damage level, LRB is less vulnerable during a seismic event. As the damage level changes
from slight to collapse, the contrast between the relative vulnerability of KikuchiAikenLRB
and other techniques increase and become more visible. This interpretation is also accurate for
the LeadRubberX and ElastomericX techniques, but its value is less obvious.

Figure 5: Comparison of fragility curves of LRB.

As the collapse of bridge components (column and/or bearing) will lead to the collapse of
the bridge, the fragility curves of each component should be combined to get a system fragility curve. After obtaining the bridge component fragility curves, the bridge system fragility
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curves are determined according to Eq. (8). Fig. 6 shows the system fragility curves of the
bridge with various modeling techniques. The same observation can be seen as a bearing isolation system for the bridge system, as utilizing KikuchiAikenLRB can lead to a reduced
damage compared to the other techniques. The bridge fragility curves of ElastomericX and
LeadRubberX techniques are very similar. The bridge system fragility demonstrates that system fragility is generally influenced at the extensive and collapse damage level due to the using KikuchiAikenLRB techniques. It is also observed that the ElastomericX and
LeadRubberX have almost identical fragility curves.

Figure 6: Comparison of fragility curves of Bridge System.

8

CONCLUSIONS

In this paper, various bearing isolation modeling techniques are assessed in terms of pier
displacement and LRB deformation. Increment dynamic analysis is implemented to derive the
appropriate data for fragility analysis. Then, seismic fragility curves are obtained for each
bridge component as well as the bridge system. According to the results of the numerical
analysis, the following conclusions are drawn:
x KikuchiAikenLRB is susceptible to lower shear force as compared to ElastomericX and
LeadRubberX significantly.
x The influence of modeling techniques on the fragility of LRB shows increased susceptibility of exceeding different damage states in ElastomericX and LeadRubberX techniques compared to the KikuchiAikenLRB technique.
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x Extensive and collapse damage states of the bridge system fragility considering the
KikuchiAikenLRB technique is mostly affected than the other two techniques.
x The likelihood of an isolated bridge exceeding collapse damage level is highly dependent
on the adopted modeling techniques. The higher probability of the bridge experiencing
collapse is mainly attributable to the fragility of the bearings arising from the LeadRubberX and ElastomericX LRB modeling techniques.
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Abstract
Fluid viscous dampers have proven to be a very efficient solution for reducing the seismic
demand on structural and non-structural components, for both new and existing structures.
Nowadays, the topics, which need to be further investigated, deal with the reliability and robustness of such kind of energy dissipating devices. Damper failures are generally brittle mechanisms, which can compromise the capacity of the structure to withstand the seismic action,
leading to a lack of robustness of the overall system.
In this study, an advanced model, which is able to describe the fluid viscous damper brittle
failure, has been developed in OpenSees and is discussed. The failure of a damper is related to
the exceedance of its strength capacity and can be attained because of the forces arising related
to the end-stroke impact or can be due to excessive piston velocity (over-velocity). The effect of
damper failure on the seismic performance of the structural system is investigated by performing multi-stripe analyses and monitoring different global and local demand parameters. The
proposed model for the damper is applied to a benchmark structure, consisting on a 3-storey
steel moment resisting frame.

Keywords: Viscous Dampers; End-stroke; Over-velocity; Brittle Failure; Seismic Risk; Reliability.
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1

INTRODUCTION

Fluid viscous dampers (FVDs) are devices widely used for seismic passive protection of
both new and existing structures. They are widely employed for reducing displacements and
interstorey drift demands in newly-designed structures as well as in existing ones by using both
external and internal configurations [1]-[8].
Several approaches are to date available for designing both size and location of viscous
dampers within a building frame based on direct procedures [1][9][10][11][12] or optimization
methods [13][14]. These design approaches generally allow to control the seismic performance
of buildings under the design seismic intensity level. However, the reliability under extreme,
low-probability earthquake events may be characterized by low robustness and inadequate
safety levels because dampers usually exhibit a brittle collapse behaviour and their failure may
trigger the collapse of the whole system. As a consequence, more accurate studies simulating
the effect of the device failure should be carried out to provide a better evaluation of the structural reliability under strong earthquakes.
In order to shed light on this aspect, the present paper introduces a model able at describing
the brittle failure of FVD devices and its influence on the structural reliability. The collapse is
due to the attainment of the force capacity of the damper, related to the over-velocity or to the
achievement of the end-stroke. In particular, it is assumed that a brittle failure occurs in the
device once the maximum force is attained, consistently with the viscous damper numerical
model proposed in [15]. This way, the proposed model can be suitable to describe the consequences of the failure of the devices on the seismic performance of structural systems and also
to evaluating the probability of collapse of structures equipped with dampers, through risk analyses performed by using probabilistic approaches [16]-[24].
Recent probabilistic analyses, indeed, have already investigated some specific issues, such
as the effect of ground motion variability on the response of systems equipped with either linear
and nonlinear viscous dampers [19][20][21]; the influence of the degree of nonlinearity of the
dampers [20][22], and the effect of the damper parameters variability [22][23][24] stemming
from the device manufacturing process, as acknowledged by the main international Standards
for seismic structural design [25][26][27][28]. However, in these studies the device failure was
not explicitly taken into account.
The proposed model is firstly described in the following section and then it is applied to a
three-storey steel building case study, already considered as benchmark structure in previous
studies (SAC Phase II Steel Project, [29]). For consistency with the adopted benchmark case
study, the seismic hazard is also assumed equal to the one of [29]. The dissipative system is
dimensioned to provide an added damping equal to 30%, using both linear and nonlinear devices, by varying their degree of nonlinearity among two boundary values. The capacity of the
dampers (stroke and strength) is evaluated at the design condition, corresponding to a seismic
action with Mean Annual Frequency (MAF) of exceeding equal to 2ͼ10-3.
Some preliminary results under increasing harmonic load histories are reported to illustrate
the model capabilities and the sequence of failures triggered by the damper failure. Subsequently, few selected results from Multi Stripe Analysis (MSA) are also presented to illustrate
overall the problem of damper failure and related effects on the structural performance of the
case study. Finally, a preliminary evaluation of the overall probabilistic response is provided.
Results obtained by considering the failure of the dampers are compared with those achieved
with two limit cases, that is the condition of no failure, where no damper’s failure is permitted
and the bare frame, which represents the building without FVDs.
Further details regarding fragility curves and demand hazard curves, where the structural
performance is analysed considering MAF of exceeding up to 10-5 1/yr, can be found in [30].
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2

FLUID VISCOUS DAMPERS MODELLING

The constitutive law of a fluid viscous damper (FVD) can be described through the following
relationship [15][31]:
ܨௗ ሺݒሻ ൌ ܿȁݒȁఈ ݊݃ݏሺݒሻ

(1)

where  ݒis the relative velocity between the device ends, ܨௗ is the damper resisting force,
ȁݒȁis the absolute value of ݒ,  ݊݃ݏis the sign operator, ܿ and ߙ are two constitutive parameters:
the former is an amplification factor, while the latter describes the damper nonlinear behaviour.
It is worth noting that viscous dampers can be produced with Į values ranging from 0.1 and
2. Devices with Į > 1 are not dissipative and are used as shock transmitters. Devices with 0.1 
Į  1.0 are all potentially suitable for seismic energy dissipation, among these values, the range
0.3  Į  1.0 is the most widespread [32][33][34][35].
A fluid viscous damper generally consists of a steel cylinder filled of a silicone fluid, within
which a steel piston with small orifices on its head can move. In case of seismic events, the
fluid is forced to pass through the orifices, moving from one side to the opposite side of the
cylinder, thus dissipating into heat the input mechanical energy. The higher is the velocity of
the movement, the greater is the dissipated energy. The cylinder is equipped with spherical
hinges at its ends to avoid device bending. FVDs are generally connected to the structure by a
stiff connection, consisting in a driver brace, dimensioned using an over-strength factor with
respect to the viscous device. The stiffness of the driver brace is an important feature, because
it needs to be sufficiently high to allow the device to be effective in dissipating energy. Further
details on the damper components and their behaviour can be found in [15].
The failure of a damper is related to the exceedance of its strength capacity and can be attained because of the forces related to the end-stroke impact or can be due to excessive piston
velocity. According to the described behaviour, dampers are generally classified and tested with
reference to two characteristic parameters: the maximum values of stroke οௗǡ௫ , and the maximum transmissible force ܨௗǡ௫ .
The end-stroke can be attained both in tension (maximum elongation of the device) and in
compression (maximum shortening of the device). During a seismic event with an intensity
higher than the design level of the device, it may happen that the device exploits the entire
available stroke, resulting in an impact. At the instant of the impact, the velocity becomes null
and the force notably increases, however, the attainment of the impact does not strictly imply
the damper failure because the impact force may be lower than the device strength.
The second mechanism refers to the attainment of the maximum viscous force due to an
excessive value of the velocity of the piston (over-velocity with respect to the design value).
This extreme value of the force can induce a leak of the fluid or can damage the damper components, resulting in the failure of the device. It is noteworthy that once the maximum capacity
൫ܨௗǡ௫ ൯ is attained, the resulting failure mechanisms is brittle, thus making the device ineffective, with no residual ability to sustain loads or dissipate energy.
The model, proposed hereinafter, aims to describe the two aforesaid mechanisms using the
damper model, depicted in Figure 1. It is composed of three elements: a dashpot, describing the
dissipative behaviour; a hook and gap element, set in parallel to the dissipative device, which
simulate the impact due to either excessive shortening (െοௗǡ௫ ) or elongation (οௗǡ௫ ); and
a third element, set in series with the others, simulating the failure due to the attainment of the
force capacity. In this paper, the strength capacity is assumed to be the same in traction and in
compression and the failure occurs when the modulus of damper force attains the limit value
ܨௗǡ௫ .
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The damper model discussed above is implemented in OpenSees [36] using two-node link
elements simulating each of the three components, while various material properties are used
to describe the different behaviours. A “Viscous material” is used for the dissipative element,
by assigning the values of the constitutive parameters ܿ and ߙ. An “ElasticMultilinear material”
depicts the force-displacement relationship related to impacts occurring both for elongation and
shortening. Finally, a “MinMax material” is used to simulate the brittle failure, assigning the
value of the strength capacity ܨௗǡ௫ . The stiffness of the “MinMax material” can be used to
model the overall deformability of damper, connections, and brace. However, once the strength
capacity is reached, the element fails and does not provide any more contribution in terms of
reaction force.
End-stroke: - ȴd,max

Dissipative device: c Į

Brittle failure:
Fd,max

Elastic stiffness

End-stroke: + ȴd,max

Figure 1: Dissipative device model encompassing the failure mechanisms.

3

CASE STUDY

In this section, the case study, dealing with a steel moment-resisting frame structure representative of low-rise buildings is introduced together with the considered seismic scenario. The
frame is equipped with FVDs with both linear and non-linear behaviour that is values of the
damper exponent ߙ corresponding to 1.0 and 0.3.
3.1 Benchmark structure and hazard scenario

W24x68

W21x44

W30x116

W30x116

W30x116

W21x44

W33x118

W33x118

W33x118

9.15 m

9.15 m

9.15 m

W21x44

W14x68 (weak axis)

W24x68

W14x257

W24x68
W14x311

W14x257

The three-storey building selected as case study is a steel moment resisting frame designed
within the SAC-FEMA project with reference to gravity, wind and seismic load in compliance
to the code requirement. It has been also widely used as benchmark structure in several studies
concerning structural response control (e.g., [2][29][20]). The structural system of the building
consists of perimeter moment-resisting frames and internal gravity frames with shear connections. The finite element model of the building (Figure 2) is a two-dimensional model representative of the weak and short direction of the building and has been developed in OpenSees
following a non-linear fiber distributed approach, whose details can be found in [30].
3.96 m
3.96 m
3.96 m

9.15 m

Figure 2: Building model descriptions: locations of the dampers (in red) and cross-sections of the members.
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For consistency with the adopted benchmark case study, the hazard model and the related
IM hazard curves are taken from [29]; however, the curves have been slightly extrapolated to
make sure that the system failure probabilities can be accurately estimated, by following the
recommendation of [37] about the optimal IM curve truncation for an accurate risk estimation
via MSA analysis. The spectral pseudo-acceleration ܵ ሺܶଵ ሻ of a linear elastic SDOF system
with 2% damping ratio and fundamental vibration period equal to that of the structure ܶଵ is
considered as intensity measure (IM). MSA is performed at 20 IM levels, with a set of 30 ground
motions per each intensity level taken from the 60 records used in the SAC project [2].
For what concerns the FVDs design, this is carried out by considering the set of 30 records
corresponding to a MAF of exceedance ߥ design =ߥ IM(imdesign) = 0.0021 1/yr. Further details and
features of these records can be found in [30].
3.2 Damping system
The design of the FVDs is carried out to enhance the performance of the building under a
seismic scenario with a 10% probability of exceedance in 50 years (ULS scenario according to
Eurocode 8). To this aim, a target value ߦௗௗ ൌ ͵ͲΨ has been chosen for supplemental damping. In the present study, the damping coefficients of the linear devices have been distributed
proportionally to the storey shear of the first mode of the bare frame.
Once determined the damping coefficients of the devices for the linear case, the viscous
coefficients for the nonlinear FVDs corresponding to given value of the exponent ߙ, are evaluated following the approach outlined in [9][38][39] and based on the equivalence of the energies
dissipated by the linear and nonlinear FVDs. It is noteworthy that the maximum interstorey drift
along the building height without dampers, averaged over the 30 records considered, is equal
to 3%, while with the addition of the dampers, it becomes 1.2%.
Table 1 and Table 2 report, respectively, the damping properties and the design parameters
of the FVDs of the three elevations of the building for both the values of the constitutive parameter Į. Further details concerning the dissipative devices design can be found in [30].
Į
1
0.3

ܿଵ
ܿଶ
ܿଷ
ఈ
ఈ
ሾ݇ܰ ݏΤ݉ ሿ
13,780 11,914 7428
4669 4037 2517

Table 1: Damping properties for different levels of damper nonlinearity.

Į
1.0
0.3

οௗǡଵ
[mm]
35.4
29.6

οௗǡଶ
[mm]
44.5
39.7

οௗǡଷ
[mm]
37.1
35.7

ܨௗǡଵ
[kN]
3109
3044

ܨௗǡଶ
[kN]
3336
2796

ܨௗǡଷ
[kN]
1956
1712

Table 2: FVD design parameter at the design condition.

3.3 Amplification factors for the FVD control parameters
Modern seismic codes prescribe that anti-seismic devices shall be dimensioned starting from
the values of the control parameters evaluated for seismic design actions having an assigned
probability of exceedance. Then, the capacities of the devices are assigned amplifying these
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control parameters, which are stroke and force for the FVDs, by means of amplification factors,
or reliability factors, in order to ensure a target level of safety.
The amplification factors proposed by Codes are two and aim to control the two failure
mechanisms discussed above. The former, here denoted by ߛο , amplifies the maximum stroke
measured at design condition. The amplified stroke must not exceed the damper capacity
οௗǡ௫ . The latter, here denoted by ߛ௩ , amplifies the maximum velocity measured at design
condition. Damper force is obtained by Eqn. (1) and must not exceed the damper capacity
ܨௗǡ௫ .
Per each value of the constitutive parameter Į, five combinations of amplification factors
relevant to damper stroke and strength are considered, ranging from 1.0 up to 3.0, considering
also, the prescriptions of European codes [26][27] and American Standards [28]. Moreover, for
comparison purposes, two more limit cases are considered: “No Failure” that is the case where
no dampers’ failures are permitted, and “Bare Model”, which represents the frame without
FVDs. Further details concerning the combinations of amplification factors can be found in
[30].
4

SYSTEM RESPONSE UNDER AN INCREASING SINUSOIDAL INPUT

In this section, the results obtained for a sinusoidal ground motion of increasing intensity are
presented. The FVDs response parameters at the design condition refer to linear devices ሺߙ ൌ
ͳሻ without amplification factors, that is ߛ௩ ൌ ߛο ൌ ͳǤͲ.
The choice of an increasing harmonic input motion is motivated by the fact that it allows to
easily identify the attainment of the damper strength capacity through one of the two mechanisms, impact and over-velocity and the related consequences on the frame undergoing a more
general time-history input motion.
Figure 3 shows the sinusoidal input having a period of 0.9 seconds and an initial magnitude
of ͳ ݉Τ ݏଶ . The amplitude of the motion is constant for five cycles, after that it is increased with
a coefficient equal to 1.5 and remains again constant for five cycles. The magnification of the
motion amplitude is repeated four times, resulting in a motion that has five different amplitudes,
with a maximum equal to ͷ ݉Τ ݏଶ , and that lasts 22.5 seconds. At the end of the input, there are
few seconds, which are useful to understand how the case study restores its rest condition.

Figure 3: Sinusoidal incremental dynamic input.

Figure 4 a) and b) illustrate the time-history of the damper forces ܨௗǡ recorded along the
height of the building. The black solid line refers to the device installed between the ground
and the first floor, the red one refers to the intermediate device at the second storey, while the
blue one represents the damper at the top storey. At the beginning of the third increment of the
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sinusoidal input (between 14.4 and 14.5 seconds), graphs show some small ripples, which are
more evident for the intermediate and top-storey devices (Figure 4 b), and they are caused by
small impacts due to the end-stroke attainment. In this case, the impact occurs but it does not
lead to the attainment of the damper strength capacity. At the time instant 14.6 s the damper
placed at the first level reaches its force capacity due to over-velocity and its force drops to zero.
Few instants later, also the other devices fail for over-velocity.

)G>N1@

Small impacts

(a)
(b)
Figure 4: Time-history of the damper forces along the height of the building.

The effects of the damper failure can be deeper investigated through Figure 5 a) - c), where
the stroke-force relationship (οௗǡ -ܨௗǡ ) of each device is shown. In particular, by observing
these stroke-force relationships it is evident that at the beginning of the third increment of the
input motion, all the three dampers experience the end-stroke attainment without failure, with
impacts that are more evident for the intermediate and top-storey devices. After these impacts,
occurred without consequences, the FVDs restore their behaviour as pure dissipative devices.
Few instants later, suddenly, the damper located at the ground floor fails due to over-velocity
(Figure 5 a), triggering the sequence of damper failures at the upper elevations. The sequence
is highlighted by a series of ripples in the stroke-force relationship of the intermediate (Figure
5 b) and especially top-storey device (Figure 5 c). The ripples begin when the first device fails
and last until all the devices fail for over-velocity.
ǻd - Fd cycle

ǻd - Fd cycle

Fd3

Fd2

Fd1

(a)

ǻd - Fd cycle

(b)
Figure 5: Stroke-force relationships of the devices.
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Figure 6 a) - c) shows the time-histories of the parameters strictly related to the frame response, that is floor displacements ݑ , floor relative velocities ݒǡ and floor absolute accelerations ܣ , highlighting the consequences of the damper failures on the frame itself. Generally,
all the responses are significantly amplified by the impacts occurring in the dampers and by
their failure. The absolute accelerations (Figure 6 c) are more affected than the displacements
(Figure 6 a). It is worth to note that the peaks in terms of absolute accelerations, recorded between 14 and 15 seconds, are mainly related to the impacts experimented by the devices before
their failure.
Floor displacements
floor 1
floor 2
floor 3

(a)

5

Floor relative velocities

Floor absolute accelerations
floor 1
floor 2
floor 3

floor 1
floor 2
floor 3

(b)
(c)
Figure 6: Time-histories of the response parameters of the frame.

SYSTEM SEISMIC RESPONSE

,'5>@

To shed further light on the consequences of FVDs failure, this subsection shows few selected information from MSA analyses to illustrate overall the problem of damper failure and
related effects on the structural performance of the case study. The results refer to both low (IM
level 5) and high (IM level 15) seismic intensities and for a single time-history (TH) analysis
(TH 25).
Figure 7 a) and b) compares the time-histories of the interstorey-drift ratio (IDR) response
of the bare model and of the system with linear and nonlinear dampers designed without amplification factors ሺߛ௩ ൌ ߛο ൌ ߛ ൌ ͳǤͲሻ at both the seismic intensity levels. The response in
terms of IDR at floor 1 is only discussed, given the high similarity of the response at all floors.

(a)
(b)
Figure 7: Time histories of the IDR at IM level n. 5 (a) and (b) IM n. 15. Comparison between the bare model
and the model with linear and nonlinear dampers (without amplification factors).
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As already shown for the incremental harmonic input, it is confirmed that at lower seismic
intensities FVDs are effective in damping the response, while the beneficial mitigation of the
response provided by the dampers vanishes at higher IMs, due to their failure. At IM level 5,
indeed, the response of the frame with FVDs is damped over the whole earthquake duration,
since no device failure is observed at this intensity level. From the inset of Figure 7 (b), instead,
it can be observed that dampers fail at around 2.5 seconds since the beginning of the timehistory of IM level 15, therefore the IDR response is damped until that time instant, while later
on the response tends towards the bare-frame response.
To deeply understand the FVDs behaviour along the height of the building, Figure 8 compares the time histories selected from the IM level 15 (higher intensity) of the force on dampers
at all the three elevations of the building. Here dampers failure occurs quite simultaneously at
2.5 s, when the forces suddenly drop to zero and the dampers become ineffective.

Figure 8: Failure time-lag among dampers at different floors.

For sake of completeness, the dampers force-stroke cyclic responses corresponding to the
cases plotted in Figure 7 are shown in Figure 9 (IM level 5) and Figure 10 (IM level 15). In
each figure a comparison is made between the responses of the linear (red dashed line) and
nonlinear dampers (blue dotted line) at the first (figure a) and third storey (figure b). It is worth
to observe that at IM level 5 (Figure 9 a) and b) there is no evidence of impact and the failure
is never attained, thus complete cycles can be observed.

(a)
(b)
Figure 9: Damper response at IM levels 15. Comparison between linear and nonlinear dampers (without amplification factors) at (a) first and (b) third floor
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In Figure 10 a) and b), instead, the attainment of the maximum force capacity (hence the
failure), for both linear and nonlinear dampers, is due to over-velocity because the force suddenly becomes null and the hysteretic cycle is sudden interrupted, without any impact.

(a)
(b)
Figure 10: Damper response at IM levels 15. Comparison between linear and nonlinear dampers (without amplification factors) at (a) first and (b) third floor.

5.1 Preliminary evaluation of the overall probabilistic response

,'5>@

$>PV@

This section provides a preliminary evaluation of the overall probabilistic response of the
analysed case study in terms of global engineering demand parameters (EDPs). First, the median response of the building at different IM levels is presented, then the demand hazard curves,
with respect to the mean annual rate of exceedance, ߥ , of the same EDPs are introduced. The
monitored parameters are the maximum interstorey drift (IDR) and the maximum absolute acceleration (A) recorded among the various storeys.
The median response of the building at different seismic intensities for the case of linear
dampers (ߙ ൌ ͳǤͲ) is compared in Figure 11. The comparison involves the following three
cases: 1) bare model (black line); 2) building with dampers designed without amplification factors ሺߛ௩ ൌ ߛο ൌ ͳሻ (blue line); 3) building with no dampers’ failure permitted ሺߛ௩ ൌ ߛο ൌ λሻ
(red line).

(a)

(b)

Figure 11: Building response at different IM levels for the case with linear dampers (α=1.0) in terms of (a)
IDR and (b) A. Comparison between damped (with and without failure) and bare model.
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Based on the results depicted in Figure 11 a) and b), it can be observed that the case of FVDs
without failure notably reduces the response in terms of IDR up to the highest seismic intensities,
while the beneficial effect in terms of acceleration mitigation is lower. On the other hand, in
the case of FVDs that can fail, the IDR response of the damped systems tends to be almost that
of the bare building once the devices are no longer effective (for IM levels higher than 10). The
response in acceleration A, instead, shows peaks higher than the undamped frame system, due
to the impacts induced by the devices end-stroke attainment.
Finally, Figure 12 a) and b) provides a first insight regarding the demand hazard curves of
the maxima IDR and A among the storeys, with respect to the mean annual rate of exceedance
ߥ , for the linear dampers only ሺߙ ൌ ͳǤͲሻ.
The demand hazard curves compare the results achieved when accounting for different values of the amplification factors, previously introduced in section 3.3. The analysed cases are:
dampers without amplification factors ሺߛ௩ ൌ ߛο ൌ ͳǤͲሻ (blue solid line) and dampers designed
with differentߛ factors, that is ߛ௩ ൌ ͳǤͷ and ߛο ൌ ͳǤͲ (brown solid line); ߛ௩ ൌ ߛο ൌ ͳǤͷ (yellow solid line); ߛ௩ ൌ ߛο ൌ ʹǤͲ (violet solid line); ߛ௩ ൌ ߛο ൌ ͵ǤͲ (green solid line). Moreover,
the two limit cases of the bare frame model (black dashed line) and the damped model without
damper failure (i.e., with ߛο ൌ ߛ௩ ൌ λ) (red solid line) are also analysed for comparison purposes. Two horizontal dotted lines are also depicted in the charts, one identifying the design
hazard level 0.0021 yr-1 (black dotted line) and the other (red dotted line) denoting the target
risk level desired for the structural systems (2x10-4 yr-1) [40][41].
With reference to Figure 12 a), it is worth to observe that when the dampers are designed
with amplification factors larger than 1.0, the rate of exceeding of the target drift performance
(IDR=0.012) is around 0.0021 yr-1, the hazard level of the design action, with some slight deviations that can be justified by the probabilistic nature of the analysis. Once damper rupture is
attained, the building response tends to that of the bare model (black dashed line) and the magnitude of the amplification factors governs the “rapidity” of the transition from the damped to
the bare frame curve.
For what concerns the response in terms of absolute accelerations, instead, (Figure 12 b)
they are lower than those of the bare frame until the dampers are effective, while they become
even higher than that of the bare frame due to end-strokes impacts experienced by the dampers,
before their failures for almost all the values of the amplification factors higher than 1.0. In this
case also, the magnitude of the amplification factors determines the annual rate probability at
which the response tends to become higher than that of the bare frame. Further details concerning the probabilistic analyses results can be found in [30].

(a)
(b)
Figure 12: Demand hazard curves of (a) IDR and (b) A for different damper amplification factors. Case of
building with linear dampers ሺߙ ൌ ͳǤͲሻ.
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CONCLUSIONS

The present paper introduces an advanced model which is able to describe the brittle failure
of FVDs. Such kind of collapse occurs when the internal force of the device attains its strength
capacity and this may occur for two reasons: impact when end-stroke is attained, or attainment
of excessive velocity. Both these failure modalities are considered in the analyses.
As a general result, it is observed that combined effects of impacts and extreme velocities
may induce a global brittle behaviour that cannot be perceived by models neglecting these phenomena. More specifically, the following conclusions can be drawn:
• The consequences of the damper failure on the performance of a structural system
depend on the number of dampers remained active. If all dampers fail together, then
the system response in terms of IDR tends to that of the bare building, while the one
regarding absolute accelerations may be higher or even worse than that of the bare
frame, as a consequence of impacts and dissipation concentrated at some storeys
only.
• The magnitude of the amplification factors (ߛο , ߛ௩ ) adopted for damper stroke and
velocity, governs the “rapidity” of the response transition from damped, or partially
damped.
• If no amplification is provided ሺߛ௩ ൌ ߛο ൌ ͳǤͲሻ, the dampers probability of failure is
higher than the design hazard level (assumed in this work equal to 0.0021 yr-1), thus,
dampers experience failure at intensity levels lower than the design one.
• The use of amplification factors higher than 1.0 allows attaining lower failure probabilities, and this beneficial effect is more significant for largerߛ−factors.
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Abstract
Buckling Restrained Braces (BRBs) represent an effective strategy for the seismic retrofit of
existing steel Moment Resisting Frames (MRFs), as they contribute to increase the strength,
stiffness and energy dissipation capacity of the frame. Nonetheless, the design choices made
during the retrofit process have a significant impact on the performance of the structure. For
example, the inclusion of ‘large’ BRBs (i.e., high yielding strength and stiffness) may contribute
to limit the deformation demands in the MRF; nonetheless, it may also induce large forces in
the beams and columns of the existing structure. On the other hand, the inclusion of ‘smaller’
BRBs (i.e., low yielding force and stiffness), while allowing reaching the required safety requirements, may not be able to protect the MRF from damage. Additionally, the sizing of the
BRB elements has an influence on the seismic demand parameters affecting the global performance of structural and non-structural components (i.e., peak and residual drifts, as well as
storey accelerations). The present study investigates the impact of the design choices in the
seismic performance of a retrofitted three-storey case-study frame by considering three retrofit
options. The case-study MRF for the bare frame and the three retrofit configurations are modelled and numerically investigated in Opensees by monitoring local damage states (e.g., damage in BRBs, beams, columns, panel zones). First, a comparison is made in terms of non-linear
static analyses to identify the deficiencies of the structures. Then, a fragility analysis is carried
out through Incremental Dynamic Analyses (IDAs) accounting for the influence of the recordto-record variability. Finally, a comparison is made in terms of local and global Engineering
Demand Parameters, by developing fragility curves for the components, for storey drifts and
accelerations.
Keywords: Buckling-restrained braces; Seismic retrofit; Design strategy; Local engineering
demand parameters; Fragility curves.
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1

INTRODUCTION

Buckling Restrained Braces (BRBs) have proven to be effective in improving the seismic
performance of existing and new Moment Resisting Frames (MRFs) [1–3]. Such devices can
be included within diagonal steel bracing connected to the existing frame contributing to the
strength and stiffness of the existing structures by providing a parallel truss-like force path for
the seismic lateral load imposed on the building hence forming a dual system [4]. In addition,
the stable hysteretic behaviour provided by the BRBs largely contributes towards the increase
of the energy dissipation capacity of the structure [2,5]. Similarly to other yielding devices,
BRBs rely on the passive dissipation of elasto-plastic energy through the yielding of a steel
core, which is surrounded by an unbonded buckling-restraining sleeve that allows the development of significant compression capacity, thus generating nearly symmetrical hysteretic loops
[6,7]. In addition, BRBs require low maintenance and can be easily replaced after a strong
earthquake, if required.
Regardless of the multiple advantages of BRBs, several aspects require further investigation.
For example, the use of BRBs as a retrofit measure for existing steel MRF is followed by a
redistribution of load paths and deformation mechanisms, which may induce larger seismic
demands on the existing elements [2]. In addition, while the high ductility of BRBs may provide
the structure with large energy dissipation capacity, their low post-yielding stiffness may result
in large Residual Inter-storey Drift Ratios (RIDRs) [8], hence jeopardising the operativity and
repairability of such structures [9–11]. Besides, residual deformations, together with the device’s cumulative damage, may also increase the collapse risk under future earthquakes [12].
When properly designed, the MRF can provide restoring forces to counteract the residual
drifts related to the yielding of BRBs [4]. Additionally, the Buckling Restrained Braced Frame
(BRBF) can contribute towards the reduction of the floor accelerations arising from higher
modes effects [4,13] and can limit the damage in the MRF [8]. Nonetheless, the efficiency of
this dual system (i.e., MRF + BRBF) is function of the relative properties of the MRF and the
BRBF; therefore, the sizing of the bracing system plays a significant role in the effectiveness
of the retrofitting scheme.
The present study aims at evaluating the influence of the design choices in the fragility of
steel MRFs retrofitted by means of BRBs. First, the assessment of the un-retrofitted case-study
structure is performed by comparing deformation-based local Engineering Demand Parameters
(EDPs) (i.e., rotations in beams and columns, distortion in panel zones and ductility demand in
the BRBs), with the Acceptance Criteria (AC) corresponding to Performance Levels (PLs) as
outlined in the ASCE 41-17 [14]. Successively, the design of three retrofitting schemes is carried out considering different design objectives. Then, the bare and retrofitted structures’ seismic response is compared by performing both non-linear static and dynamic analysis in an
Incremental Dynamic Analyses (IDAs) [15] fashion. The IDAs are performed considering 30
Ground Motion (GM) records allowing the definition of fragility curves. A few preliminary
considerations and insights are provided on the influence of the design objectives in the different parameters characterising the seismic performance of structures retrofitted with BRBs.
2

CASE-STUDY STRUCTURE AND RETROFITTING SCHEMES

The Boston 3-storey, pre-Northridge MRF designed within the SAC Steel Project [16] has
been selected for case-study purposes. This structure is representative of low-code preNorthridge steel MRFs, as it was designed according to the 12th edition of the National Building
Code. In this study, the structure is considered to be representative of buildings designed for
low seismic demands, which often require retrofitting due to an update in the structural design
regulations (i.e., their performance does not comply with new regulations) or those structures
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located in regions where design seismic demand was increased as a result of new data on the
seismic hazard of the site. The case-study structure was designed assuming stiff soil (Soil Class
D in modern standards, e.g., [14,17]), office occupancy, and regular plan distribution and with
no considerable irregularities along with the height. In addition, only the perimeter frames are
considered to withstand lateral loads (i.e., internal frames are connected as gravity frames only),
as it was a common practice in the early 1990s in the United States. Details of the case-study
frame are shown in Figure 1.
A 2-D non-linear Finite Element (FE) model of the north-south direction frames is developed
in OpenSees [18]. Only this frame is considered in the present study, as the structure is fully
symmetric (i.e., torsional effects are negligible). Additional details on the modelling strategy
are extensively detailed in Gutiérrez-Urzúa et al. [19].

(a) Elevation view

(b) Plan view

Figure 1: Description of the case-study structure: (a) elevation view of the MRF and location of braces in the retrofitting schemes; (b) plan view of the typical storey floor.

2.1 Assessment of the case-study structure
The first and second periods of vibration are T1 = 1.88 sec and T2 = 0.52 sec, which is in
agreement with previous studies (i.e., [16]). The mode-shape corresponding to the first mode
(i.e., [0.29 0.66 1.00]) shows a relatively uniform distribution of mass and stiffness along with
the height. Non-linear static analyses, with lateral loads proportional to the first mode-shape
and story mass distribution, are performed to evaluate the local components’ capacity hierarchy
for each PL and to identify the structure’s deficiencies. Figure 2 shows the pushover curves for
the Inter-storey Drift Ratios (IDRs), including markers for each local component type (i.e., columns, beams and panel zones), to indicate at which points each AC is overpassed. The PLs and
AC used in the present study are those defined in the ASCE 41-17 [14]. The green, yellow and
red symbols in Figure 2 are related to the Immediate Occupancy (IO), Life Safety (LS) and
Collapse Prevention (CP) PLs, respectively. As observed in Figure 2, the failure of the panel
zones (square markers in Figure 2) is the first mechanism to occur at all storeys and PLs. For
the IO PL the failure of the panel zones is followed by the columns (circle markers in Figure 2)
at the first storey and the beams (triangle markers in Figure 2) at the third storey. The system
overpasses the IO PL at a roof drift of 0.11 m (corresponding to IDRs of 0.82%, 1.04% and
0.94% for the first, second and third storeys, respectively). Similarly, the LS and CP PLs are
reached simultaneously at a roof drift of 0.44 m (corresponding to IDR of 3.61%, 3.96% and
3.46% for the first, second and third storeys, respectively), as the AC for the panel zones is the
same in the LS and CP PLs.
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Figure 2: Pushover curves for the un-retrofitted structure. Grey lines relate the IDR at each storey to the roof displacement at every 0.05 m.

2.2 Buckling Restrained Braces (BRBs) retrofitting design
Three retrofit schemes are designed to comply with different design objectives, expressed in
terms of target roof displacements (du). The first retrofit scheme (R-A) is designed to match the
roof displacement at which the first element reaches the CP PL in the MRF structure (panel
zones in the first storey, as observed in Figure 2). This represents the design choice where all
the resources of the structure are exploited to satisfy the CP requirements. The second retrofit
scheme (R-B) is designed based on the roof displacement at which the IDR reaches 2% in any
of the storeys, as this is one of the prescribed design limit established by the AISC 341-16 [20]
for BRBFs. Finally, the third retrofit scheme (R-C) aims at avoiding damage in the MRF; therefore, the roof displacement is limited to the step at which any of the MRF elements overpasses
the IO PL, based on the AC defined by the ASCE 41-17 [14]. Nowadays, there is considerable
interest in the definition of seismic-resilient structures (e.g., [11,21,22]) and this third retrofit
option aims at limiting the damage to the BRBs only at the CP PL hence allowing an easy and
quick repairability of the structure. Table 1 summarises the design limits for the three retrofitting schemes.
Retrofit
scheme
R-A
R-B
R-C

Target roof displacement, du

Design objective
Avoid the CP PL in the MRF
(according to ASCE 41-17 [14])
Limiting the IDR to 2% in all storeys
(according to AISC 341-16 [20])
Avoid the IO PL in the MRF
(according to ASCE 41-17 [14]

0.44 m
0.21 m
0.11 m

Table 1: Target roof displacements (du) for the considered design objectives.

The design process is carried out by considering an equivalent Single-Degree-of-Freedom
(SDoF) system approximation [23], based on the bi-linearised (system base shear vs. roof displacement) capacity curves from the original bare frame, with an initial stiffness (k0) equivalent
to the ratio between the 60% of the maximum base shear (Fu), and its corresponding roof displacement. The yielding force and displacement (Fy, dy) are calculated by considering an equal
energy approach (i.e., equal areas under the pushover curves; therefore, defined consistently
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TC = 0.632 sec

Sa [ g ]

with k0 and du), and the equivalent SDoF capacity curves are compared to the seismic demands
in the acceleration-displacement response spectrum (ADRS) plane.
The seismic demands are calculated considering Seattle as case-study region (corresponding
to a moderate seismic region) and following the approach suggested by the ASCE 41-17 [14].
Seismic Risk Category II and stiff soil (Type D) are considered. All the retrofit schemes are
designed by considering the BSE-2E hazard provisions (i.e., 5% probability of exceedance in
50 years); nonetheless, the BSE-2N hazard is also considered, as the code requires to use this
hazard level as an upper boundary in those cases in which BSE-2E results in higher demands.
The response spectra are built aided by the SEAOC’s online tool [24], and further modified to
consider a 3% damping ratio (i.e., spectra are multiplied by a factor B1 for BSE-2E and BSSI for
BSE-2N, as specified in ASCE 41-17 [14] and ASCE 7-16 [25], respectively). Figure 3 shows
the response spectra for the BSE-2E and BSE-2N hazard levels for the 3% damping ratio. As it
can be observed, BSE-2N results in lower demands in all periods; therefore, this spectrum is
used for the retrofit design in the present study.

Figure 3: Elastic response spectra for the design of retrofit schemes, corresponding to the BSE-2E and BSE-2N
hazard levels. BSE-1E and BSE-1N hazards shown for reference purposes.

Figure 4 shows the comparisons between the seismic demand and capacity for the MRF (i.e.,
the red lines) by considering the three target roof displacements. The comparison shows the
inadequacy of the bare frame and hence the need for retrofitting. At the same time, the figures
show the seismic demand and capacity for the retrofitted frames (i.e., the dual system) designed
such that the capacity is able to meet the demand (i.e., the blue lines). The retrofitted capacity
line is the bilinearised form of the trilinear curve composed by the addition of the MRF capacity
line and the BRBF capacity line (i.e., the purple line).The ductility-reduced demands [23] are
obtained after bi-linearisation of the systems.
The MRF ductility (μMRF) is equal to 3.32, 1.74 and 1.17 for the R-A, R-B and R-C schemes,
respectively, while the BRBF ductility (μBRBF) is designed as 18, 14 and 8. The resulting system
ductility (μDS), defined as the ratio between the ultimate and yielding displacements in the dual
system bilinearised curve (du/dy), is equal to 4.74, 4.28 and 4.40. In order to match the BRBF
stiffness and ductility requirements, the SDoF is de-coupled by considering the original mode
shape of the structure, therefore, defining the design requirements at each storey. Finally, the
area and length of the BRBs is defined in accordance to the force and ductility requirements for
the storey, while the area in the complementing elastic brace is defined in accordance with the
stiffness requirements of the storey (i.e., with the elastic brace and BRB working in series). For
a more in-depth discussion on the design method, the reader is referred to Freddi et al. [26].
The nominal material yield strength (fy) considered for the BRBs, correspond to steel ASTM
A36 (fy = 248 MPa), which is further increased by 30% for the design, to represent the expected
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yield strength (fye) of the material, based on the ratios provided by the AISC 341-16 [20]. The
design ductility (μBRB) of the BRB material is 20, which is within (and consistent with) the
ranges observed in previous experimental work [27]. The elastic braces are made in steel ASTM
A500 Grade C (fy = 317 MPa).
The BRBs are modelled in Opensees [18] by using the SteelBRB material [5], while the
elastic braces are modelled by considering the Elastic material, as they are not expected to yield
at any point due to the lower strength in the connected BRBs. Table 2 shows a summary of the
BRB properties for each retrofitting scheme.
(a) R-A

1.2

MRF
BRBF
Dual system

0.9

(b) R-B

1.2
0.9

= 3.32
= 18
BRBF
= 4.74
DS

(c) R-C

1.2
= 1.74
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= 4.28

= 1.17
=8
= 4.40

MRF
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Figure 4: Bi-linearised pushover curves of the equivalent SDoF bare and retrofitted structures, in comparison
with the demands, presented in the displacement-acceleration response spectrum (ADRS) plane.

Model
R-A
R-B
R-C

Storey
1
2
3
1
2
3
1
2
3

BRB device
Area
Length
[ mm2 ]
[m]
1301
2.96
1115
3.75
693
3.47
5204
1.41
4460
1.78
2771
1.08
11710
0.70
10034
0.58
6236
0.54

Elastic brace
Area
Length
[ mm2 ]
[m]
11542
3.09
5813
2.30
4385
2.58
37167
4.64
23109
4.27
16017
4.97
52383
5.35
34204
5.47
23280
5.51

Table 2: Characteristics of the BRBs and elastic braces in the different retrofitting schemes.

3

ASSESSMENT OF THE RETROFITTED CASE-STUDY STRUCTURES

After the retrofitting of the case-study building, the structure’s fundamental period is reduced
from 1.88 s, for the bare frame, to 1.06 s, 0.60 s and 0.50 s for R-A, R-B and R-C, respectively.
Non-linear static analyses are performed on the retrofitted structures, and the AC thresholds for
all the structural PLs established in ASCE 41-17 [14] are monitored and shown in Figure 5. For
BRBs, the AC is expressed in terms of plastic deformations and the CP PL is increased from
13.3 to 19 times the yielding deformation, as this value is consistent with the design ductility
of 20.
In the case of R-A, shown in Figure 5a, the structure’s improvement allows reaching base
shear values over 2000 kN, with PLs that are first overpassed by the BRBs at all storeys. However, the PLs for the panel zones in the IO and CP PLs, closely follows, highlighting the
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adequacy of the design strategy in terms of the distribution of the devices stiffness and strength.
In addition, when the structure reaches a CP PL, columns in the bottom storey are considered
to experience structural damage, as their IO PL is overpassed. In the case of R-B, , shown in
Figure 5b, the pushover curves show higher post-yielding stiffness due to the hardening of the
BRBs, which provide a larger base shear contribution in this configuration. BRBs control the
system failure for all PLs; nonetheless, panel zones reach the IO PL when the BRBs overpass
the LS PL, which suggests that the MRF exhibits damage whenever the BRBs overpass this PL.
Finally, the case R-C, is shown in Figure 5c. In this case the strength and stiffness contribution
of the BRBs is significantly higher, while the BRBs reach the CP LS almost as the panel zones
reach the IO LS, which suggests that the MRF remains undamaged while the BRBs reaches its
considered failure. It is worth mentioning that the damage scenario observed is consistent with
the design objectives which are also represented by the lines for the design displacement du (i.e.,
the blue dotted lines) in Figure 5.
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Figure 5: Pushover curves for the retrofitted structures. Grey lines relate the IDR at each storey to the roof displacement at every 0.05 m.

3.1 Fragility of the case-study structure and retrofitting schemes
The fragility of the bare and retrofitted structures is derived based on IDAs [15] by considering a set of 30 GM records selected from the PEER NGA-West2 database [28]. These GMs
are selected to be in agreement with the BSE-2N spectrum (see Figure 3), with no further discrimination (all types, with no distinction for distances, wave velocities nor significant duration). Only the acceleration in the x-direction is considered.
Based on the results of the IDAs, fragility curves are derived. These provide the probability
of the Damage State (DS) exceeding a specific PL in a component (or in the system), conditional to the value of the intensity measure (IM), i.e., P(DS ≥ PL | IM). DSs are defined by the
the seismic deformation demands and compared to the capacity (i.e., the element-based AC
related to a PL) for all the considered components. The spectral acceleration corresponding to
the structure’s fundamental period Sa(T1) is considered as IM [29] in the present study.
The fragility curves for the bare and retrofitted case-study structures are shown in Figure 6.
These curves are derived for each element type (e.g., BRBs, columns, beams and panel zones),
while the system fragility is defined by considering a series arrangement of the components,
i.e., corresponds to the first element (of any kind) to overpass the AC for the considered PL. In
addition, fragility curves are built for those cases in which the numerical model does not reach
convergence due to excessive deformation (i.e., collapse cases, as defined by Jalayer et al.) [30].
Nonetheless, these cases occur once the element-based AC is overpassed in all PLs, therefore,
they are simply treated as collapse cases.
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Consistently with the observations from the pushover analyses, the panel zones define the
system fragility for the bare frame, while the BRBs define the system fragility in the retrofitted
cases, i.e., they represent the most fragile components for the whole range of IM values. The
direct comparison of fragility curves for the different retrofitting schemes allows to synthetically contrast the capacity of the retrofitting schemes, however, it should be noted that it does
not allow to consider the demand changes due to the period shifting, therefore, a comprehensive
comparison requires site-dependent hazard considerations.
As it can be observed, the increase of capacity is reflected in the shifting of the fragility
curves to higher IM values, accordingly with the retrofitting level. The median intensity values
(IM50) of the retrofitted structures are increased by 136%, 255% and 445% for the R-A, R-B
and R-C retrofitting schemes for the IO PL; by 54%, 80% and 100% for the LS PL; and by
159%, 184% and 207% for the CP LS. The effect of the record-to-record variability is more
noticeable in the retrofitting scheme R-A when compared to R-B and R-C, as reflected by the
lognormal standard deviation β values. This effect may be related to the larger ductility of the
BRBF in the R-A retrofitting scheme, as highlighted by Freddi et al. [4]. It is relevant to highlight that all force-controlled failures (e.g., compression/tension in columns, shear in beams)
occur after all the PLs are overpassed, therefore, they do not influence the fragility curves.
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Figure 6: Element-based fragility curves for the IO, LS and CP PLs. The parameters IM50 and β are shown for
each system fragility curve.
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Finally, for comparison purposes only, Figure 7 shows the fragility curves for the monitored
global EDPs, which include the Peak Inter-storey Drift Ratios (PIDRs), the Residual Inter-storey Drift Ratios (RIDRs) and Peak Storey Accelerations (PSAs). The AC thresholds for the
PIDR of 0.5%, 1.5%, and 2%, suggested by the ASCE 41-06 [31] for braced frames, respectively for IO, LS and CP PLs have been assumed in this study. For the RIDR, an AC thresholds
of 0.5% is used, in accordance with McCormick et al. [9], which was defined with the aim of
controlling building repairability. Finally, the AC thresholds for PSA have been assumed based
on the limits used by the Hazus-MH MR4 Technical Manual [32] for moderate-code structures,
corresponding to 0.5g, 1.0g and 2.0g for the Moderate, Extensive and Complete PLs.
As shown in Figure 7, the median (i.e., IM50) values for the PIDR and the RIDR fragility
curves are increased as the stiffness of the structure is increased, as expected. In the case of the
IM50 for the PSA fragility curves, all the retrofitting schemes exhibit similar values for the first
two thresholds (i.e., 0.5g, 1.0g); however, when the largest acceleration threshold (i.e., 2.0g) is
considered, the stiffest structures exhibit larger IM50 values. Similarly to the element-based
fragility curves, the β parameter is larger in the retrofitting schemes with larger ductility in the
BRBF. Also, the dispersion is observed to be larger for the RIDR and PSA fragility curves.
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Figure 7: Global fragility curves for the peak inter-storey drift ratios -PIDR- (top), residual inter-storey drift ratios -RIDR- (middle) and peak storey accelerations -PSA- (bottom), for different performance limits (PLs).
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4

CONCLUSIONS

This paper presented the fragility assessment of a case-study steel Moment Resisting Frame
(MRF) retrofitted with Buckling Restrained Braces (BRBs). Three retrofit configurations were
considered which aimed at achieving different performance levels (PLs): R-A was designed to
protect the MRF elements from reaching the Collapse Prevention (CP) Performance Limit (PL);
R-B was designed to avoid a Peak Inter-storey Drift Ratio larger than 2% at any storey; while
R-C was designed to protect the MRF elements from reaching the Immediate Occupancy (IO)
PL. The assessment of the bare frame and of the three retrofitting solutions was carried out both
by pushover analyses and by Incremental Dynamic Analyses (IDAs). IDAs were performed by
using a set of 30 Ground Motion (GM) records, and fragility curves were successively derived
by considering limits for element-based and global Engineering Demand Parameters (EDPs).
The following conclusions can be drawn:
x The R-A fragility was controlled by the BRBs in all PLs, closely followed by the panel zones
in the IO and CP PLs. In the R-B scheme, the BRBs were capable of protecting the MRF
from damage (i.e., overpassing the IO PL) up to a Life Safety (LS) PL in the BRBs. Finally,
the R-C scheme was capable of protecting the MRF from damage up to a CP PL, as originally
intended during the retrofitting design. These observations are made based on both the nonlinear static and the fragility assessments.
x In the case of the global EDPs, the retrofitted structures exhibited a lower probability of
exceeding the PLs for all the values of intensity measure (IM), when compared to the bare
frame. The stiffer retrofitting schemes were capable of reducing the Peak and Residual Interstorey Drift Ratios (PIDR and RIDR) for all the values of IM. Conversely, for Peak Storey
Acceleration (PSA), the fragility curves derived by considering low acceleration limits (e.g.,
0.5g and 1.0g) is similar for all retrofitting schemes. For larger limits of acceleration (e.g.,
2.0g), the probability of exceedance is reduced for all values of IM in the stiffer retrofitting
schemes (i.e., R-B and R-C).
x In all fragility curves, the dispersion of the distribution (represented by the lognormal standard deviation, β) is increased in structures with larger ductility (e.g., R-A) while it is reduced
in structures with lower ductility (e.g., R-C). In all cases, the fragility curves for the RIDR
and the PSA exhibit larger β values, in comparison to other EDPs. This is consistent with
other studies present in the literature.
x Despite the increase of axial demands in the column and beam elements due to the trussing
effects provided by the braces, none of the retrofitting schemes exhibited force-controlled
failures in these elements earlier than any of the deformation-controlled acceptance criteria
(AC) defined.
x In general, the median capacity (represented by IM50) of the retrofitted structures was benefited from larger retrofitting options, in particular, when large PLs are considered as limits
(e.g., CP). The dispersion of the fragility distribution (β) generally increased when considering higher PLs, as well as when considering the RIDR and PSA in comparison with other
EDPs. In addition, larger values of β were observed when the Buckling Restrained Braced
Frames (BRBFs) within the dual systems were designed for larger ductility targets (e.g. RA).
It is noteworthy that the comparison in terms of fragility only does not provide information
on the retrofit’s effectiveness, as it considers the variation of the capacity alone. Future work is
required toward the inclusions of considerations related to the seismic demand variation for the
different retrofit options (e.g., risk definition).
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Abstract
Seismic isolation is a mature and effective method of reducing earthquake-induced building damage.
However, applications of this technology are limited to special and important structures, predominantly in the developed world, due to the associated high costs.
An experimental study of a spherical rubber seismic isolator is presented herein. The cost of these devices is sufficiently low that their wide-spread application in low-income countries seems economically viable. Using a closely spaced grid of such spheres may require only a thin, lightly-reinforced
diaphragm slab above the isolation level, further reducing construction costs. Avoiding the cost of this
extra slab is crucial to make seismically isolated low-rise buildings economically feasible in poor regions of the globe.
The examined seismic isolation bearings are based on rolling, with rubber spheres rolling on concave
(spherical) or flat concrete surfaces. Concave concrete surfaces provide restoring force to the isolated
structure through gravity. In contrast, in the case of flat concrete surfaces, no restoring force is applied. Rubber spheres offer increased damping and better stress distribution in the contact areas than
spheres made using stiffer materials. This work investigated the effects of the geometry of the rolling
surface (i.e., flat or concave), the diameter of the rolling sphere (i.e., 50 or 100 mm), and the applied
compressive load on the seismic behavior of these isolation bearings. Initially, the rubber isolators
were subjected to monotonic uniaxial compression to examine their behavior under vertical loading.
Subsequently, cyclic tests were performed to obtain the lateral force-displacement diagram of the isolation system. It was found that the coefficient of rolling friction depends on the axial load, and the
diameter of the spheres. The governing parameter for the design of the rubber spheres is not material
failure, but excessive compressive deformation that leads to undesirably high rolling friction. Overall,
experimental results proved the efficiency of the investigated system in terms of decreasing the inertia
forces transmitted to the superstructure.

Keywords: seismic isolation, rolling bearings, cyclic testing, low-cost construction, rubber
bearings
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1

INTRODUCTION

Seismic isolation [1,2] is a seismic response modification technique, which uncouples the
motion of the structure from the ground shaking. This is achieved by placing a low-stiffness
or slippery layer at the base of the structure. This elongates the dominant eigenperiod of the
structure, reducing the applied accelerations and, thus, the inertial forces. The main drawback
is that it leads to increased displacements; however, these displacements are localized at the
isolation level, with the interstory drifts maintaining low values. The three key concepts that a
seismic isolation scheme should fulfill are: i) Sufficient bearing capacity under vertical (gravity) loads, ii) sufficient flexibility in the horizontal direction to uncouple the motion of the
structure from the ground motion, iii) energy dissipation [3]. An important design consideration is that, when seismic isolation is used, the superstructure should be designed to remain
essentially elastic. Previous studies [4,5] proved that this is not a conservative design, but a
necessity, emerging from the dynamics of base-isolated structures.
Modern applications of rolling seismic isolation systems focused on isolation of precious
equipment, where the supported mass is expected to be low. The rolling spheres were mainly
made of steel or rubber, and the supporting plates were made of concrete or steel [6-10]. The
geometry of the supporting plates was either conical or concave, providing restoring force
through gravity. Even though the efficiency of isolation devices is acknowledged, the implementation of these technologies is limited due to the associated high cost. The high cost originates from a) the cost of the isolation devices and b) the cost of the extra slab required at the
isolation level. Finally, the high weight of these devices (can reach 1 ton per device) demands
the use of lifting equipment, further increasing the complexity of the construction [11]. There
have been numerous attempts to reduce the cost of seismic isolation devices [12-27, among
others].
This work focuses on the recently published work by Cilsalar and Constantinou [28-30],
who essentially suggested a Friction Pendulum System (FPS bearing) based on rolling instead
of sliding (Figure 1). It comprises two concrete surfaces and a stiff rubber sphere (with or
without a steel core) that rolls in between. The system is indeed low-cost, as the rubber balls
can be obtained for low price. However, it still requires an extra slab above the isolation devices – hence, the overall cost still remains prohibitive for low-rise buildings in low-income
countries. This paper suggests the use of a grid of closely-spaced rubber spheres. Using a grid
could allow the construction of a thin, lightly reinforced diaphragm, reducing the construction
cost (Figure 2). Moreover, since several spheres are used, each sphere supports a lower vertical force (weight); therefore, one could use spheres with smaller diameter, made of rubber
material of lower stiffness, and without a steel core.

Figure 1: Low-cost rubber rolling isolator, tested by Cilsalar and Constantinou [28-30].
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Figure 2: Schematic representation of the low-cost seismic isolation proposed in the present study.

This study presents the compressive and cyclic behavior of low-cost rolling rubber isolators.
The cyclic behavior is quantified using a half-scale system of four isolators, capped with a
slab. Parameters of investigation are the diameter of the rubber sphere (i.e., 50 mm or 100
mm), the geometry of the concrete plate (i.e., flat or concave), and the supported weight (i.e.,
2.08 kN, 3.23 kN or 4.74 kN).
2
2.1

EXPERIMENTAL SETUP
Testing equipment and instrumentation

Cyclic tests were performed using the shake table of the ETH [31] as an actuator. The
shake table is a stiff steel box with dimensions of 1 x 2 m, operated by a servo-hydraulic actuator of 100 kN, which acts only in one direction. The stroke, maximum velocity, and maximum payload is 240 mm, 220 mm/second, and 7.5 tons, respectively. Before testing, the
accuracy of the shake table was assessed by performing preliminary tests and comparing the
applied to the expected motion, with the two being closely correlated.
The experimental setup is shown in Figures 3 and 4. Four isolators (i.e., four pairs of concrete plates) were placed on top of the shake table. A 30mm-thick steel slab was mounted on
the top plates, and weight was placed on top of it. The slab was connected to a stiff column
via two rigid struts to constrain its motion along the table axis (x) and around the vertical axis
(z). Side stoppers and a rail in the middle prevented the slab from moving out of plane. Variable weight in the form of steel beams was placed on top of the structure to apply vertical load
on the bearings. In all configurations, the bottom concrete plates were flat. In some configurations, hereafter characterized as “concave,” the top rolling surfaces were spherical.
The plates were made of unreinforced concrete with fine aggregate since steel reinforcement increases cost and construction time, making implementation harder in developing countries. The geometry of the plates is shown in Figure 5.
The radius of curvature of the concave concrete plates (R) was R = 750 mm. In plan view,
the diameter of the concave concrete plate was 350mm. A commercial low-cost M15 concrete
mix was selected, with a maximum aggregate size of 4 mm. The mean compressive and flexural strength was equal to 27.62 MPa, and 4.63 MPa, respectively, tested according to EN
1015-11 (1993) [32]. The utilized rubber spheres were made of natural rubber (NR), with a
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shore hardness of 85A. The cost of the 50 mm and 100 mm diameter spheres was 3 $ and 17$,
respectively [33].

Figure 3: Schematic representation of the utilized experimental setup

Figure 4: View of the experimental setup
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Figure 5: Schematic representation of the utilized concave concrete plates (dimensions in mm); a) Plan and side
views, b) 3D view

2.2

Tested configurations and similitude laws

Walls of modern unconfined masonry houses in Cuba weight 2.80kN/m2. Assuming a wall
height of 2.8m, gives an unfactored weight of the masonry wall of 7.8kN/m. A 10 cm roof
slab at a typical 5x5 m room would add 3kN/m to each wall, giving a total weight of 11kN/m.
Assuming isolators placed every 1 m, the vertical load of each isolator is 11kN.
The tests were designed assuming a geometrical scaling of SL=1:2=0.5. Therefore, to preserve similitude of stresses the force scaling factor is SF=SL-2=4 [34].
Rubber spheres of 50 and 100mm diameter were tested. Three compressive loads (2.08 kN,
3.23 kN or 4.74 kN per sphere in the model scale) under 2 rolling surface geometries (flat/flat
and flat/concave) were planned. This corresponds to a total number of 12 configurations.
However, due to a limitation of the experimental setup, the spheres with a diameter of 50 mm
were tested only with flat concrete plates and with the lower two weight configurations (2.08
kN and 3.23 kN per sphere). A summary of the tested configurations appears in Table 1. Table 2 summarizes the relevant quantities in the model and prototype scale.

Weight per sphere (kN)
2.08
3.23
4.74

Geometry of Concrete
Plates
Flat
Concave
Flat
Concave
Flat
Concave

Table 1: Summary of the tested configurations

3974

Diameter of Rubber
Spheres (mm)
100

50

Tested
Tested
Tested
Tested
Tested
Tested

Tested
Not tested
Tested
Not tested
Not tested
Not tested

A.A. Katsamakas, G. Belser, M.F. Vassiliou, M. Blondet and B. Stojadinovic

Quantity

Model Scale

Prototype Scale

Radius of concave concrete plates
750 mm
1500 mm
Eigenperiod of concave concrete plates
1.74 sec
2.46 sec
Plan view diameter of the concave isolator
350 mm
700 mm
Diameter of large rubber spheres
100 mm
200 mm
Diameter of small rubber spheres
50 mm
100 mm
Vertical load
2.08, 3.23, 4.74 kN 8.32, 12.92, 18.96 kN
Amplitude of cyclic test
±100 mm
±200 mm
Table 2: Summary of the main quantities of the experimental model and the corresponding prototype structure

3
3.1

TEST RESULTS
COMPRESSION TESTS

The first part of the experimental investigation comprised monotonic uniaxial compression
tests to characterize the response of the rubber spheres under vertical loading (Figure 6). The
compression tests were conducted using displacement control. This corresponds to a displacement rate of 0.33 mm/sec and 0.167 mm/sec for the rubber spheres with a diameter of
100 mm and 50 mm, respectively. The compression tests revealed that material failure is not a
critical design parameter, since the utilized spheres can sustain very high vertical load, without material failure. The critical design parameter is expected to be the excessive deformation
and the associated shape change. Under high vertical loading, the shape of the rolling rubber
isolators is no longer spherical; thus, the rolling friction coefficient (i.e., the ratio of horizontal-to-vertical force to initiate rolling) reaches high values.

Figure 6. Results of the compression tests of rubber spheres; Left: full view of the tests; Right: Detailed view
for the load levels that correspond to the configurations tested in the cyclic tests

3.2

CYCLIC TESTS

The second part of the experimental procedure comprised cyclic testing of the various configurations of rolling isolators. All configurations were subjected to sinusoidal displacement,
with an amplitude of 100 mm and a frequency of 0.2 Hz. The isolators were subjected to at
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Figure 7. Influence of the vertical load on the cyclic response. Top-left: Spheres with a diameter of 100 mm
and flat concrete plates, Top-right: Spheres with a diameter of 100 mm and one concave concrete plate, Bottom:
Spheres with a diameter of 50 mm and flat concrete plates

least three cyclic loops, whereas in some cases, more cycles were applied to investigate the
possible deterioration of the rolling spheres. All spheres were preloaded for seven days before
testing with a load equal to the load they supported during cyclic testing, so that much of their
creep is completed.
Figures 7 and 8 present normalized force – deformation loops for different vertical loads.
The rolling friction coefficient is defined as μ=Q/W, where Q is the force at zero displacement
and W is the weight carried by the bearings. An increase of the vertical load or a reduction of
the diameter of the sphere leads to an increased rolling friction coefficient. Moreover, the ratio of the horizontal-to-vertical force increases for all levels of displacement, with the isolation system dissipating more energy (i.e., larger area included in the cyclic loops).
During the first cycle, the spheres exhibit slightly stiffer behavior, whereas after the second
cycle, the loop becomes stable, and no further softening is observed. Figure 9 compares the
response of flat and concave bearings. Unexpectedly, they exhibit a similar behavior. A possible explanation is that 7 days of creep have resulted in the rubber spheres taking an oval
shape that is maintained for the loading rate of the tests. Stiffness originates from the rise of
the top plates as the isolator is sheared. It seems that the rise due to the oval shape of the rubber is more important than the one because of the spherical shape of one of the plates. Note,
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that the applied displacements cause rotations equal to only 57.3o and 114.6o on the 100mm
and 50mm spheres respectively, that is they do not make even half of a full turn. Hence, to
explore the behavior at larger displacements, an extrapolation cannot be performed and more
tests are needed.
It is worth noting that some cyclic plots include negative-stiffness branches, which are either monotonic or alternating with positive-stiffness branches. These observations are consistent with the observations of Cui et al [6], who tested similar isolators under lower vertical
load levels.
Finally, one of the cyclic plots (W = 2.08 kN, D = 100 mm, Flat concrete plates) demonstrated significant fluctuations, with these fluctuations being consistent over the cycles. Similar behavior has been observed by Nikfar and Konstantinidis [35] in tests of equipment
supported on caster tires and is called “flat spotting” and they require further study.
In all cases, the rolling friction coefficient maintained low values, sufficient for seismic
isolation applications. A summary of the rolling friction coefficient for each case appears in
table 3. The coefficient of friction will be reduced if harder rubber is used.
4

CONCLUSIONS

This paper presents an experimental study on the cyclic and compressive response of lowcost bearings comprising balls rolling of concrete surfaces. Placing the spheres below the
walls of the structure at a dense grid would only require the construction of a thin, lightlyreinforced isolation diaphragm, instead of the massive slab that is now required. This is crucial to make seismic isolation affordable in low-income countries.
A half-scale model of prototype bearings was tested, comprising four isolators capped with
a slab. Parameters of investigation were the vertical force on each rolling isolator (i.e., 2.08
kN, 3.23 kN, or 4.74 kN), the geometry of the rolling surface (i.e., flat or concave) and the
diameter of the rolling sphere (i.e., 50 mm or 100 mm).

Figure 8. Influence of the diameter of the spheres on the cyclic response, using flat concrete plates. Left: Vertical load of 2.08 kN, Right: Vertical load of 3.23 kN
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Figure 9. Influence of the geometry of the concrete plates on the cyclic response of spheres with a diameter
of 100mm. Top-left: Vertical load of 2.08 kN, Top-right: Vertical load of 3.23 kN, Bottom: Vertical load of 4.74
kN

Diameter of Rubber
Sphere (mm)

Vertical Load (kN)
2.08

100

3.23
4.74

50

2.08
3.23

Concrete Plate
Flat
Concave
Flat
Concave
Flat
Concave
Flat
Flat

Rolling Friction
Coefficient (%)
6.1
7.1
8.9
8.2
13.7
10.7
13.2
17.6

Table 3: Summary of the rolling friction coefficient of the various tested configurations

Vertical loads up to a representative value for low-rise masonry building in the developing
world were applied. Experimental results proved the efficiency of the investigated system in
reducing the inertia forces transmitted to the superstructure, with the rolling friction coeffi-

3978

A.A. Katsamakas, G. Belser, M.F. Vassiliou, M. Blondet and B. Stojadinovic

cient (i.e., the ratio of horizontal to vertical force at zero displacement) being in the range of
6.1-17.6 %, thus, suitable for seismic isolation applications.
An increase in the vertical load or a reduction of the size of the sphere leads to a more deformed shape of the isolator, hence, to an increased rolling friction coefficient.
For the displacements considered, the influence of the concrete plate (i.e., flat or concave)
is marginal since the deformed shape of the rolling isolator dominates the response. More
tests are needed to understand the behavior of the system at larger displacements.
5
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Abstract
In recent years, post-tensioned timber framed buildings, recognized as one of the most effective sustainable and anti-seismic solutions, are developing throughout the world. Posttensioning (PT) loss in timber framed buildings with post-tensioned beam to column joints is
a crucial aspect which governs the moment capacity of the connection and the global seismic
performance of the frame.
This paper investigates on the variations of the post-tensioning force of a 2/3 scaled, threestorey, post-tensioned timber frame experimental model investigated in three different configurations: bare frame; with dissipative rocking mechanism; with dissipative bracing system.
The variation of post-tensioning during shaking table testing a set of seven spectracompatible earthquakes at increasing PGA levels has been evaluated and the long-term losses
over about four years have been investigated.
Keywords: Post-tensioned timber framed buildings, Energy dissipation systems, Shaking table tests, Post-tensioning variation.
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1

INTRODUCTION

In recent years, Europe Union strategies and worldwide policies are moving towards the
reduction of greenhouse gas emissions and there is an increased trend to reconsider timber as
construction material for multi-storey buildings optimizing the structural concept and the
seismic design, with the dual purpose to obtain more sustainable and anti-seismic constructions. In order to mitigate seismic risk and significantly reduce structural and non-structural
damage avoiding high economic loss, in the last decades research studies focused on low
damage design and technologies.
Recent advancement in earthquake engineering have led to the development of a prestressed laminated (Pres-Lam) technology for timber constructions. The system, originally
conceived by Priestley et al. (PRESSS) [1] for precast concrete frame and wall constructions,
was successfully applied to create timber jointed ductile connections [2]. It consists in the use
of high strength unbounded steel cables or bars to connect timber beams and columns, or
walls to their foundations, providing self-centering capability to the frame. In order to increase the seismic performance additional internal or external dampers could be added to the
joints, to provide additional strength and energy dissipation capability. During the rocking
motion due to earthquake or other horizontal loads, a gap opening (and connection rotation T)
is produced, as shown in Figure 1 for the beam-column joint, activating the elongation of the
unbounded post-tensioned bar (FPT+'FPT) and the yielding of the additional hysteretic dissipation devices (Fy). The introduction of external metallic yielding dampers represents an optimal low-cost solution requiring a little maintenance and easily replaceable in case of damage.
The combination of the moment capacity due to post- tensioning MPT (bilinear elastic response) and to yielding of steel devices Ms (hysteretic response), provide the total moment
capacity Mt = MPT + Ms. This hybrid system allows to obtain damage-avoiding structures
characterized by the typical flag-shaped response with the capability to absorb energy in a
major earthquake while rocking back to an undamaged position after the shaking, resulting in
negligible residual drift.

Figure 1: Undeformed configuration and post-tensioning stresses during the seismic motion of the beam-column
joint.

A crucial aspect in timber building is represented by the long therm rheological effects,
such as creep phenomena due to permenent loads, which can affect serviceability and
structural integrity of the building. The long-term performance of post-tensioned timber
systems is of interest, particularly regarding tension loss in the steel cables or bars, which can
led to reduction of the moment capacity of the connection, affecting recentering capabilities
and the global seismic performance of the frame [3]. Moreover, the relationship with
environmental loads and creep behavior of the timber elements contribute to post-tensioning
loss [4] and the horizontal motions of timber buildings can be monitored to detect residual
drifts after a seismic event. To date, few research study on the post-tensoining losses of this
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recent timber construction system are avaiable in literature. Recent experimental and
analytical studies [5]-[6] on post-tensioning loss deriving from creep phenomena in
compressed timber elements were performed in New Zealand and Switzerland. The results
showed expected losses in the range of 6-50% in 50 years in various real monitored building,
such as the Trimble Navigation Offices (NZ) and the House of Natural Resources
(Switzerland), mainly depending on the ratio between post-tensioning steel and timber and on
the amount of timber loaded perpendicular to the grain [7].
This paper focuses on seismic post-tensioning variations and on long-term losses evaluated
on a 2/3 scaled, three-storey, post-tensioned timber frame experimental model tested at the
structural laboratory of University of Basilicata (Italy), in collaboration with University of
Canterbury (New Zealand) [8]. The experimental model was investigated in different testing
configuration with increasing amount of energy dissipation and the tension losses were monitored over about four years.
2

EXPERIMENTAL MODEL

A three-storey post-tensioned timber frame model was designed and dynamically tested at
the structural laboratory of the University of Basilicata. The prototype model was a 3D, threestorey glulam timber frame, characterized by single bays in both directions. The frame was
designed according to European code [9] for office use at first and second floors (live load of
Q = 3 kPa) and considering a rooftop garden load (Q = 2 kPa). A scale factor of 2/3 was applied to the experimental model obtaining an inter-storey height of 2 m and a scaled footprint
of 4 m x 3 m (Figure 2). Suitable scale factors were used observing mass similitude related to
the Cauchy-Froude similitude laws [10]. The additional masses due to scaling of dead load
and live load were made up of concrete blocks and steel hold downs. The beam-column connection (see Figure 1) was realized by a single unbounded post-tensioned steel bar (of 26.5
mm diameter) crossing the beam. Based on MMBA [11] procedure the tension loading of the
steel bar was 100 kN and 50 kN for the longitudinal and transversal direction, respectively.
The three following testing configurations, with different amount of energy dissipation
[8][12][13], were considered: i) bare post-tensioned frame (F) shown in Figure 3a, representing the free rocking condition with post-tensioning only without energy dissipation; ii) dissipative frame (DF), representing the bare frame (F) with additional dissipative rocking at the
beam-column joints and at the column-foundation connection; and iii) braced frame (BF)
shown in Figure 3b, representing the bare frame (F) with dissipative braces.
The seismic response of the frame was recorded by more than 50 acquisition channels. Different types of sensors were installed on the test frame, providing measurements of horizontal
and vertical accelerations, absolute displacements, strain and force. Among various monitored
parameters, the tendon’s load was recorded by 6 load cells placed at the beam-column joints
(see Figure 2), in both longitudinal and transversal directions of the experimental model in all
configurations. For more information about the experimental model and data acquisition
please refer to Di Cesare et al. [8]. In this study, seismic post-tensioning losses during shaking
table tests and the long-term post-tensioning losses among the various configurations have
been investigated.
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Figure 2: Plan view of timber frame with location of post-tensioned bars.

(a)

(b)

Figure 3: General views of experimental model at the structural laboratory of University of Basilicata: (a) posttensioned timber bare frame (F configuration); (b) post-tensioned model with dissipative bracing systems (BF
configuration).

3
3.1

POST-TENSIONING VARIATIONS
Variations due to seismic motion

The experimental campaign was performed using a set of seven natural earthquake records,
selected from the European strong motion database. The spectra-compatible records were defined according to the current Eurocode [9] considering a peak ground acceleration PGA of
0.44 g and medium soil class (type B) in high seismic zone. To ensure consistency with the
scale of the experimental model, all input accelerations were scaled down in duration by a
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factor of 1/(3/2). In order to match the real acceleration inputs to the Eurocode response
spectrum it was necessary to scale some earthquakes by means of an appropriate scale factor.
The reduced set of three spectra-compatible earthquakes selected in this paper and the
shake table testing program of all experimental configurations are summarized in Figure 4.
The intensity of the ground motion was progressively increased in acceleration for earthquake
cases 1228, 196, 535 from 10% to 100% of average PGA for DF and BF configurations, in
order to provide additional information regarding the frame response at varying damage levels.
PGA
(%)

1228

Seismic inputs
196

535

10

F, DF, BF

F, DF, BF

F, DF, BF

25

F, DF, BF

F, DF, BF

F, DF, BF

50

F, DF, BF

F, DF, BF

F, DF, BF

75

F, DF, BF

F, DF, BF

F, DF, BF

100

F, DF, BF

DF, BF

DF, BF

Figure 4: Testing program for selected seismic inputs of the experimental model and selected seismic inputs.

During shaking table tests the tension load has been recorded and the post-tensioning variation 'FPT = (FPT,max - FPT,initial) for the three testing configurations (F, DF and BF) has been
evaluated. The maximum and mean variation of post-tensioning force 'PT are shown in Figure 5 for all configurations at increasing PGA levels. As can be observed, the introduction of
the bracing system was effective in reducing the post-tensioning of over 50% than F configuration.
Figure 6 shows the time histories of the post-tensioning variation 'FPT of the first storey
beam-column connection and Figure 7 and Figure 8 show 'FPT versus drift for the three selected seismic inputs at 25% and 75% of PGA level of all testing configurations. As can be
observed at low PGA level of all seismic inputs the PT bar was slightly activated with a maximum PT variation of 12 kN in F model configuration due to the elastic response of the frame
model. At PGA 75% the re-centering effect due to the post-tensioning is more evident in all
configurations. It can be observed that increasing amount of energy dissipation introduced in
the frame (from F to DF and to BF configurations) led to a significant reduction of drift and of
post-tensioning force variation demonstrating the effectiveness of the design procedure. In all
cases a complete re-centering of the connection is observed without damages on the structural
elements in all configurations tested.
Seismic post-tensioning losses due to subsequent earthquakes have been also investigated,
considering the complete sequence of shaking table testing at all PGA levels (from 10% to
100%). The post-tensioned bars were tensioned to the design PT force of 100 kN in the test
direction only at the beginning of each test configuration (F, DF and BF model). Figure 9
shows the post-tensioning loss at the end of seismic sequence, defined as the variation between the initial and the final value of the post-tensioning force recorded within the complete
set of ground motion for each testing configuration at all levels both in longitudinal and transversal direction. It results negligible for the cases of bare frame F and of braced frame BF
models and slightly higher than 2% for the dissipative frame DF model along the longitudinal
direction due to the strengthening effect of dissipative angles of the post-tensioned beamcolumn joints. Results highlight the capability of the building to withstand multiple consecutive strong earthquakes. During the experimental campaign over than 100 tests were performed for each configuration without observing any structural damage.
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Figure 5: Maximum post-tensioning force variation profiles at increasing PGA levels for the three selected seismic inputs.

Figure 6: Post-tensioning variation time histories at the first storey beam-column connection for seismic inputs
1228, 196 and 535 at 25% and 75% of PGA levels.
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Figure 7: Post-tensioning variation versus drift for the three selected seismic inputs at 25% of PGA.

Figure 8: Post-tensioning variation versus drift for the three selected seismic inputs at 75% of PGA.
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Longitudinal

Transversal

Figure 9: Seismic post-tensioning losses recorded for the three testing configurations at the three levels in longitudinal and transversal direction.

3.2

Variations due to long term effects

The long-term post-tensioning losses at all levels both in longitudinal and transversal direction of bare frame F and dissipative frame DF configurations are shown in Figure 10 in terms
of post-tensioning force (FPT) recording over a time period of about one year after testing of F
configuration and over about three years after testing of DF configuration. Percentages values
of post-tensioning losses are reported in Table 1.

Figure 10. Post-tensioning losses over time for F and DF configurations at all storey in longitudinal (L) and
transversal (T) directions.

Post tensioning losses [%]
Longitudinal
Transversal
Model
Config.
F
DF

't
[days]
321
1101

1ststorey

2ndstorey

3rdstorey

1ststorey

2ndstorey

3rdstorey

15%
25%

13%
26%

13%
22%

29%
43%

27%
41%

25%
39%

Table 1. Post-tensioning losses recorded over time at all storey for the F and DF configurations.
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As expected, a decreasing trend of post-tensioning force was observed in both F and DF
configurations. It can be pointed out that in case of DF configuration after a period of about 2
years the post-tensioning losses stabilized at around 25% in the longitudinal direction. Highest post-tensioning losses were recorded for both F and DF in the transversal direction. Moreover, by comparing the trend of post-tensioning force recorded for F and DF specimens
during the first year both in the longitudinal and transversal direction, lower post-tensioning
losses were be observed in the frame with dissipative rocking mechanism at the beam-column
connections. During each configuration the bars were not re-tensioned over time and posttensioning losses can be significant when the PT connection is left to transfer the posttensioning load. However, in case of operative timber structures the effect of long-term losses
can be contrasted by using disc springs designed for the initial PT force, characterized by high
load capacity with a small spring deflection, and periodically monitored and/or re-tensioned.
4

CONCLUSIONS

This paper investigates on the long-term and seismic post-tensioning losses of a 3D, three
storey, 2/3 scaled post-tensioned timber framed building designed and tested at the structural
laboratory of Basilicata. The extensive shaking table testing campaign was performed in three
different configurations, considering the bare frame with post-tensioning only, with dissipative rocking mechanisms and with dissipative bracing systems, subjected to different seismic
inputs at increasing PGA levels. During each testing configuration the frame was not retensioned.
The results showed that during the seismic motion, the variation of post-tensioning force at
due to the rocking at the beam-column joints and the gap opening reduced with the introduction of dissipative systems, in DF and BF configurations. Moreover, the post-tensioning losses recorded within the complete set of ground motions for each testing configuration at all
levels both in longitudinal and transversal direction were negligible. The maximum recorded
value was of about 2% in DF configuration due to the strengthening effect of dissipative angles. The long term the post-tensioning force decreased linearly in the first two 2 years, reaching a 25% of losses, after that responded almost constant.
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Abstract
Curved Surface Slider devices have been widely used in last years for the protection of both
building and structural systems. The spherical shape of the implemented sliding surfaces provide a certain recentering capability, which is generally combined to significant amount of
energy dissipation, due to the frictional characteristics of the adopted sliding material. Since
both behaviors act simultaneously during motion, experimental tests could return significantly high force values, especially if large bearings are considered. In some of those cases, the
maximum force capacity of the testing equipment can be even overcome, and consequently
experimental tests can not be performed.
The scope of the present work is to provide experimental evidence of the comparison between
flat and curved sliding motions. Precisely, the outcomes of bi-directional tests performed on
on full-scale Double Curved Surface Slider and Flat Slider devices have been analyzed. On
the former typology the frictional and the recentering behaviors have been numerically decoupled, in order to compare the obtained results to the frictional response of the latter device. Results have shown a good agreement between the considered sliding motions, which
seems to suggest that the experimental evaluation of flat sliding characteristics could be representative of curved sliding motions.
Keywords: Curved Surface Slider, Flat slider, base isolation, Experimental campaign, friction
coefficient.

3992

Alberto Pavese and Marco Furinghetti

1

INTRODUCTION

In last years the research about Curved Surface Slider devices has shown good performance in reducing the structural vulnerability of both buildings and bridge structures ([5] ,
[4] , [12] , [13] ). The overall response can be significantly mitigated, through the energy dissipation induced by the frictional behavior of the sliding motion, together with potentially low
residual displacements, thanks to a properly designed recentering characteristics. In addition,
the growing interest in investigating the experimental response of such devices have highlighted a number of important aspects to account for, such as some dependencies of the friction coefficient with respect to specific response parameters, in terms of sliding velocity,
vertical load/contact pressure and cyclic effect ([6] , [11] ). These dependencies have been
detected, by analyzing the force response of both flat and curved sliding motions, and consequently a certain correlation between these different loading conditions is expected, regardless
the applied loading conditions ([7] , [9] , [2] ). From a theoretical perspective, the lateral force
of a Curved slider can be computed as the summation of a recentering behavior, modeled as a
linear spring with respect to displacements and a frictional response ([3] , [10] ). This relationship can be used to compare the frictional response of flat and curved sliding motions. If
results between the aforementioned sliding conditions were actually comparable, testing possibility of curved devices would increase, since it would be possible to perform tests on the
flat sliding material only, rather than the full curved isolator, and consequently much lower
force demands could be achieved. In this work the outcomes of a wide experimental campaign
on full-scale flat and curved sliders are analyzed, in terms of comparison of the resulting frictional properties. The considered dynamic tests have been performed at the Laboratory of
EUCENTRE Foundation in Pavia, by adopting a special testing setup, in order to apply bidirectional motions.
2

TESTED DEVICES

In order to analyze the differences between flat and curved sliding motions, two individual
typologies of sliding devices have been adopted. Precisely, full-scale isolators have been
adopted, aiming at obtaining more realistic experimental results, as representative of the proper loading conditions of the devices ([6] ).
The former device consists of a Flat Slider, which returns the pure frictional behavior: it
consists of a stainless steel flat sliding surface, which has been polished to mirror finish, by
considering a roughness index Ra 0.2, and a slider with a circular sliding pad. Such a device
can be subjected to bidirectional displacements up to 250mm.
The latter isolator is a Double Curved Surface Slider, which represents one of the most
common technology for isolation bearings. Two spherical sliding surfaces with the same curvature radius have been implemented, both polished to mirror finish in order to achieve the
same roughness index of the Flat Slider: consequently, same frictional properties can be ensured; in addition, since the same radius of curvature has been designed for both the upper and
the lower spherical surfaces, the global horizontal motion applied to the device can be considered as halved in two opposite sliding motions at the sliding interfaces. Within the equal sliding surfaces, a non-articulated slider is installed, which is made up of a unique steel block
(material S355JR): such an element houses two circular sliding pads, having same diameter
(260mm) and same material composition, aiming at considering the same contact pressure and
the same frictional properties at both the sliding interfaces. Both the radii of curvature of the
spherical surfaces are 1600mm each, with internal slider height of 120mm: consequently, the
equivalent radius of curvature of the device is approximately equal to 3080mm.
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In Figure 1 both the adopted isolation devices are shown.

Figure 1: Full-scale Flat (top) & Concave (bottom) Surface Slider devices (FS & DCSS)

Isolation devices have been equipped with an innovative sliding material, which returns a
controlled frictional response. Precisely, a pigmented graded PTFE filled with carbon fibres
has been considered. The chemical formulation, such a material results in a much stiffer material in comparison to ordinary PTFE compositions. For both the typologies of isolation devices, three different sliding pad sizes have been considered, as shown in Figure 2.

Figure 2: Internal sliders for Flat and Curved devices

3994

Alberto Pavese and Marco Furinghetti

Thanks to the adopted sliders it is possible to analyze the comparison between flat and
curved sliding conditions also for different sizes of the sliding pads, which may influence the
distribution of the contact stresses at each interface and, consequently, the frictional response.
3

BIDIRECTIONAL TESTING PROTOCOL

The testing protocol has been defined, by considering bidirectional tests, according to the
cloverleaf orbit, which is ruled by the European standard code UNI:EN15129:2009 for antiseismic devices ([1] ). Tests have been carried out through the Bearing Tester System at the
Laboratory of the EUCENTRE Foundation in Pavia ([8] ), which provides a special equipment for the application of bidirectional horizontal motions to isolation devices. Specifically,
the time series of horizontal displacement along both x and y directions for the cloverleaf orbits can be returned by the following expressions:
D max
 sin(4ft)  sin(2ft) + cos(2ft) 
2
D
y(t) = max  sin(4ft)  sin(2ft) - cos(2ft) 
2

x(t) =

(1)

Such displacement time series have to be applied simultaneously to the device, which is
consequently subjected to a bidirectional motion.

Figure 3: Cloverleaf bidirectional orbit

The aforementioned analytical definition of the displacement input leads to the following
expression of the peak vectorial velocity of the test.
Vmax  4    f  D max

(2)

In order to better characterize the frictional properties of all the investigated devices, by
ensuring a constant value of vectorial sliding velocity, input signals for bidirectional tests
have been modified. Precisely, according to the aforementioned analytical definition of motion, the tangent velocity modulus varies between 50% and 100% of the peak value of the test,
variations which may induce unexpected discrepancies in the overall frictional behavior of the
considered device. Thus, a special resampling procedure has been applied to all tests, in order
to obtain a constant modulus of the tangent velocity for the whole duration of motion. In Fig-
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ure 4 a comparison of the input signals for ordinary and CTV (Constant Tangent Velocity) or-

bits is provided.

Figure 4: Comparison between ordinary and CTV bidirectional orbits

The aim of the present research work is to directly compare the frictional response of both
flat and curved sliding motions, by adopting different diameters of the implemented sliding
pads, under bidirectional motions. In order to obtain to apply to the flat slider the effective
motion of a single sliding interface of the curved isolator, the geometrical characteristics of
the adopted spherical surfaces and the internal slider have been studied. Precisely, since the
Curved Slider has the same radius of curvature for both the sliding surfaces, each sliding interface of the internal slider is subjected to 50% of the global displacement applied to the
curved device; consequently, the velocity at the sliding interface is also halved. Hence, the
testing protocol of the Flat Slider (FS) is obtained by halving peak values of both maximum
displacement and velocity of the curved device.
In Table 1 the testing protocol for all the devices is summarized.
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Table 1. Bidirectional testing protocol for DCSS devices

Test #
1
2
3
4
5
6
7
8
9

Trajectory

Maximum Displacement [mm]
ĭ160
ĭ260
ĭ360

Cloverleaf CTV
(2 repetitions)

150

200

120

Cloverleaf CTV
(2 repetitions)

150

200

90

Cloverleaf CTV
(2 repetitions)

150

200

-

Vmax [mm/s]
20
80
300
20
80
300
20
80
300

P [MPa]
15

33

45

The vertical load of each test has been computed, by applying 15MPa, 33MPa and 45MPa
contact pressures for each sliding pad diameter, and by considering two repetitions of bidirectional CTV cloverleaf orbit for all tests. It has to be noted that 45MPa pressure level has not
been applied to the 360mm sliding pad, due to the high resulting vertical load value.

4

DEFINITION OF THE HYBRID FORCE RESPONSE

The force response of a Concave Surface Slider (CSS) device is generally computed as the
summation of the restoring force, provided by the stepwise projection of the applied vertical
load along the tangent line to the sliding surface, and the curved frictional force, originated at
the sliding interfaces. Thus, in order to compare the force response of the flat and the curved
sliders, a hybrid force signal has been computed for both x and y directions, in terms of summation of an experimental flat frictional force, provided by tests carried out on the Flat Slider,
and a numerical recenetring force, modeled as a linear spring with respect to displacements
along x and y directions.
FHybrid  F f  Flat  Frec  num  F f  Flat 

W
Req

 x
 y
 

(3)

The obtained hybrid forces can be directly compared to the force response of the curved
device, and resulting frictional properties can be studied. To this aim, the same diameter of
the implemented sliding pads for both the tested devices has been considered, and a proper
scaled flat testing protocol has been defined, in order to apply same loading conditions to all
the sliding interfaces.

5

AVERAGE FRICTION COEFFICIENT PER CYCLE

The cyclic behavior of the frictional response has been studied in terms of decay of the
friction coefficient value, by applying an ad hoc analytical definition of the Average Friction
Coefficient per cycle, comparable to the one ruled by the code UNI:EN15129:2009. In order
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to do so, a proper “bi-directional cycle” has to be defined for the adopted cloverleaf orbit,
similarly to what is considered when unidirectional motions are appliyed. Under radial tests,
sinusoidal waveforms are applied, and consequently the device within a single cycle has to
reach the maximum and the minimum displacements respectively starting from the centred
position (the maximum value of the displacement is reached twice along two opposite directions). Consequently, if two lobes of the cloverleaf trajectory are considered, the maximum
vectorial displacement is reached twice along two different (and orthogonal) directions as
well. Thus, a set of two lobes of the bidirectional cloverleaf orbit can be fairly considered as a
bidirectional cycle, as shown in Figure 5.

Cycle #1
x displ.
y displ.

Displ. / Dmax [#]

1
0.5
0
-0.5
-1
0

0.25

0.5

0.75

1

Time / T1 [#]
Cycle #2
x displ.
y displ.

Displ. / Dmax [#]

1
0.5
0
-0.5
-1
0

0.25

0.5

0.75

1

Time / T1 [#]

Figure 5: Definition of the bidirectional cycle

Thanks to this definition of the bidirectional cycle, for each test of the testing protocol of
all devices four individual values of average friction coefficient per cycle can be computed,
since the cloverleaf orbit has been repeated twice (8 lobes). The numerical value of the average friction coefficient per cycle can be computed, as a function of the Energy Dissipated per
Cycle (EDC) and the product between the applied vertical load W and the total length of the
bidirectional travelled path along two lobes (4,844 Dmax).

 EDC 

EDC
4,844 DmaxW
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The EDC value can be computed through the evaluation of the total work, in terms of integral of the scalar product between the force and the differential displacement vectors.
* &
EDC   F  ds
(5)
The computed average friction coefficient per cycle has to be referred to the dissipated energy value which occurs at half cycle point, which corresponds to the zero displacement point
(undeformed configuration), between the achievement of the maximum displacement along
the orthogonal directions (i.e. at the end of the first lobe of the bidirectional cycle).

6

EXPERIMENTAL RESULTS

[#]
EDC

[#]

EDC

[#]

EDC

[#]
EDC

[#]
EDC

[#]
EDC

[#]
EDC

[#]
EDC

[#]
EDC

Vmax = 300mm/s

Vmax = 80mm/s

Vmax = 20mm/s

In Figure 6, Figure 7 and Figure 8 results are shown for all the velocity levels, with a contact pressure equal to 15MPa, 33MPa and 45MPa respectively.

Figure 6: Average friction coefficient per cycle for Curved and Flat sliders, P = 15MPa.
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Figure 7: Average friction coefficient per cycle for Curved and Flat sliders, P = 33MPa.

Results are presented as values of average friction coefficient per each applied bidirectional
cycle, which means four cycles for all the tests. More specifically, values have been computed,
by considering the outcomes of tests performed on the Double Curved Surface Slider devices
and the hybrid lateral response, computed as a combination of a numerical restoring force and
the experimental flat frictional force. For the evaluation of the hybrid frictional characteristics,
the displacement time series has been doubled, in order to consider the proper analogy with
respect to the curved device. Results show a very good agreement between the frictional responses of the DCSS device and hybrid force related to the flat slider. Precisely, it can be assessed that for small-to-medium diameters of the sliding pad (160mm and 260mm) the hybrid
friction coefficient is generally higher than the corresponding value related to the curved device, whereas for large diameters (360mm) flat motions lead to lower friction coefficient values, in comparison to curved isolators, especially for high velocity. In all figures variation
values are reported, in terms of variation of the friction coefficient returned by the hybrid response, with respect to the value related to the curved device. As can be noted, such variation
values are less than 10%, which highlight that the proposed method for frictional characterization provides a very good estimate of the real properties of the DCSS isolator.
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Figure 8: Average friction coefficient per cycle for Curved and Flat sliders, P = 45MPa.

Another aspect which can be noticed by analyzing graphical results is related to the frictional decay and the actual numerical values of the average friction coefficient per cycle. Precisely, it can be assessed that numerical values returned by the different sliding pad diameters
re comparable, and approximately the same decay trend can be detected for all the velocity
and contact pressure levels. This is a very important experimental evidence, which seems to
prove that different diameters of the sliding pad actually lead to the same frictional properties,
characterized by the same cyclic effect, if the proper motion is applied.
7

CONCLUSIONS

The presented experimental research provides the comparison between the frictional response returned by both flat and curved sliding motions. A large number of bidirectional dynamic tests have been performed at the Laboratory of EUCENTRE Foundation in Italy, by
applying different loading conditions (i.e. contact pressure and sliding velocity) to ad hoc designed and realized full-scale devices, in order to provide results more comparable to applications commonly developed in the real practice. Precisely, Flat Sliders (FS) and Double
Curved Surface Sliders (DCSS) have been adopted, by considering three individual sliding
pad diameters. The testing program of the flat devices has been computed, by halving the
peak displacement and velocity of the tests performed on the curved isolators, since both the

4001

Alberto Pavese and Marco Furinghetti

spherical sliding surfaces have the same radius of curvature, and consequently the same sliding motion is originated at each sliding interface. Both the typologies of tested devices have
been equipped with an innovative sliding material, which consists of a graded PTFE filled
with carbon fibres. In order to carry out bidirectional tests, the cloverleaf orbit has been
adopted, as ruled by the European standard code for anti-seismic devices UNI:EN15129:2009;
in addition, displacement time series along both x and y directions have been resampled, in
order to obtain a constant tangent velocity modulus for the whole duration of all tests. Average friction coefficient per cycle values have been computed, according to a proper definition
of bidirectional cycle for the adopted orbit, and Flat and Curved frictional properties have
been compared, by means of a hybrid response: such a force response can be computed as the
summation between the experimental frictional force of the Flat Slider device and a numerical
recentering force, modeled as a linear spring with respect to displacements (displacement time
series have been doubled, in order to consider the actual motion of the curved devices). Results have been analyzed, in terms of average friction coefficient per each bidirectional cycle
(four full cycles for each tests).
According to the presented results, it can be assessed that:
 The proposed hybrid response, computed as a function of the flat slider outcomes,
leads to a very good estimate of the frictional properties of the corresponding
curved device;
 The variation between the hybrid and the curved responses is bounded between
±10%, and in most of cases the average friction coefficient per cycle achieves higher values, when the hybrid force is adopted, especially for small-to-medium diameters of the sliding pads, and for high velocities;
 Different sliding pad diameters seems to lead to approximately same frictional
properties, from both numerical values and cyclic effects (decay trend of the friction coefficient) points of view.
The obtained results look extremely promising, since curved sliding motions for the considered devices can be actually represented by equivalent flat responses, with small variations
of the correspondent frictional behavior. The importance of such a conclusion can be noticed
from both an economic and a technical standpoints: if the recentering contribution can be actually numerically modeled and the frictional response can be tested by considering an
equivalent flat device, the behavior of Curved Surface Slider (CSS) devices can be easily captured by the definition of the hybrid response, and consequently large devices can be fully
characterized, even though large force demands are experienced. Consequently, if the testing
equipment is able to perform tests on the flat slider, the response of the curved isolator can
still be obtained; nonetheless, if the capacity of the testing equipment is not enough to perform tests on the full-scale flat slider, a scaled sliding pad can be considered. Such results
may need further experimental investigations, by analyzing different diameters of the sliders,
rather than other sliding materials, commonly adopted in real practice applications.
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Abstract
This paper deals with the new Research Centre designed for the University of Camerino and
entirely financed by the national Civil Protection Department (DPC), following the seismic
events in Central Italy in 2016. The building consists of a base-isolated steel braced superstructure and r.c. sub-structures able to adapt to the complex morphology of the area. In particular, the first part of the paper illustrates the design choices made to achieve a high level of
resilience and robustness of the building, i.e. to limit damage to structural and non-structural
components and equipment under moderate and design seismic actions and to avoid disproportionate consequences in the event of extreme actions, larger than the design ones. The second part of the paper is focused on static and dynamic tests performed during the construction
phase of the building. At the end of the structural system construction (including sub-structures,
the isolation system composed by elastomeric bearings and flat sliders and the steel superstructure), the building has been tested by means of static and dynamic (snap-back) in-field
tests up to a displacement of the isolation system of 280mm and 220mm, respectively. Displacements have been imposed by means of a properly designed testing mechanism and different
measure instruments have been placed in the building to register the structural response.
Keywords: Hybrid base-isolation system; elastomeric bearings; seismic reliability; seismic robustness; in-field tests; in-field snap-back tests.
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1

INTRODUCTION

The new Research Centre of the University of Camerino, called Chemistry Interdisciplinary
Project (CHIP), is a strategic building intended for high-risk activities of the chemistry and
physics laboratories, whose construction started after the 2016 seismic sequences in the Central
Italy [1]. The building has been entirely financed by the national Civil Protection Department
(DPC) and it will be also used as coordination center for civil protection post-earthquake activities in the case of possible future seismic events. Due to its use destinations, the building has
been conceived by adopting a structural solution able to guarantee a high level of safety, especially with regard to seismic actions, and, at the same time, the speed of execution (and possible
dismantling). To this purpose a base-isolated steel braced structure with pinned joints has been
conceived with r.c. sub-structures able to adapt to the complex morphology of the area. In particular, a hybrid isolation system has been adopted, comprising High Damping Rubber Bearings
(HDRBs) and low-friction Flat Sliding Bearings (FSBs) able to provide a high period of isolation and a moderate damping [2]. This solution is suitable in providing both resilience and robustness to the building. In fact, the hazard of the site does not lead to excessive displacements
for strong earthquakes, which can be faced with a moderate damping. Moreover, for lower displacements the stiffness and damping of this kind of bearings only slightly increase, resulting
in low accelerations of the super-structures and thus no damage (and downtime) of non-structural elements and interior contents. In addition, two complementary strategies have been
adopted to also ensure adequate structural robustness against extreme actions, larger than the
design ones. The first consists of a safety margin adopted for the displacement capacity of both
the devices composing the isolation system and the seismic gaps on the upstream side of the
building. For both of them a capacity limit greater than the maximum design displacement at
the Collapse Limit State (CLS, characterized by a return period of RP = 950 years) has been
required to avoid anomalous behaviours, such as the exit of the sliders out of the sliding surface
or the impact of the building with neighbouring structures. The second strategy consists of
adopting a steel super-structure equipped with elasto-plastic braces characterized by a proper
over-strength, which is important in the case of extreme horizontal actions causing an increase
in the stiffness of the HDR bearings (due to their hardening behaviour for large shear strains)
or the closure of the gaps. Moreover, the robustness under exceptional scenario (such as fire
events or explosions) leading to the loss of vertical bearing of isolators is ensured by adopting
safety supports around the devices. Finally, with the aim of increasing also the reliability of the
building, an in-field experimental campaign has been planned during the design phase of the
building. Many similar tests have been carried out in the past on isolated structure in Italy
[3][4][5][6]. Some of them adopted a releasing device based on a quadrilateral articulated strut
structure with a central fuse [7][8][9], as also used in this work.
In this paper a description of the building is first presented, successively the main design
aspects of the base isolation hybrid system and of the in-field tests (testing device as well as
reaction structure for the contrast) are illustrated in detail. The last part of the paper describes
the static and dynamic in-field tests carried out at the end of the structural system construction
(including sub-structures, the isolation system and the steel super-structure). Preliminary results
are illustrated even in the light of tests carried out during the bearings production. For the interested reader a video description of the video can be found in [10].
2

BUILDING DESCRIPTION AND DESIGN

The upper part of the building (super-structure) is made of steel elements and it is developed
by assuming a 7.2 m x 7.2 m modular system, for a total of 7 modules along each direction,
plus a cantilever zone, which spans 1.9 m, along the entire perimeter of the building (Figure 1).
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The steel elements have been optimized in terms of dimensions and connection systems based
on the single module, resulting in a significant saving on materials and an important reduction
in construction time. The isolation system has been placed at the horizontal level above the r.c.
elements of the sub-structure; this latter has been designed to adapt itself to the ground profile
characterized by a remarkable slope. The characteristics of the soil and the variability of the
thickness of the deformable layer led to the adoption of deep foundations (Figure 1).

Figure 1: Plan view and longitudinal section of the building (red circles represent HDRBs and green squares represent FSBs).

2.1 Design of the base-isolated building
The isolation system has been designed considering a target period of Tis = 3.5 s at the design
intensity earthquake (having an exceedance probability of 2.5% in 50 years), to be able to guarantee a significant reduction of the actions transferred to the super-structure in the case of a
seismic event. The solution adopted to achieve the desired period involves the use of a hybrid
isolation system with HDRBs arranged on the perimeter, in order to maximize torsional stiffness,
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and FSBs in the central part to support higher vertical loads. HDRBs commonly used in Italy
have a damping ratio ranging from 10% to 15% [11]. However, for the design of the isolation
system, the lower limit of 10% of damping and a shear stiffness equal to 0.4 MPa (soft rubber)
were assumed in the design phase, in order to deal with different producers. For what concerns
the FSBs, a dynamic friction coefficient less than 1% was required, to reduce the activation
force and possible activation of superior modes and consequently higher accelerations [2]. In a
preliminary phase, the bearings were dimensioned by assuming rigid both the super-structure
and the sub-structures to obtain a 1-DOF (single degree of freedom system) and by neglecting
the slider friction. Thus, the elastic response spectra have been used, reduced for all the periods
in the range T≥0.8Tis by the equivalent damping of the HDRBs. Figure 2 shows the elastic
displacement and pseudo-acceleration spectra for the considered site (Camerino, soil type B) at
the different limit states, that is the Operational Limit State (OLS), the Damage Limit State
(DLS), the Ultimate Limit State (ULS) and the Collapse Limit State (CLS), characterized by
return periods respectively equal to RP = 60 years, RP = 100 years, RP = 950 years and
RP = 1950 years, according to the national seismic code NTC 2018 [12] for the use class IV.
The design was carried out by deriving the maximum displacement of the isolators from the
displacement spectrum at the CLS corresponding to the isolation period of 3.5 s, which is about
0.27 m. An average design shear strain equal to 1.5 is assumed, ensuring a significant safety
margin against possible shear failure, even in the presence of accidental torsional effects, because significantly lower than the maximum value allowed by the European standard on antiseismic devices EN15129 [13], which establishes a value equal to 2.5.

Figure 2: Elastic pseudo-acceleration and displacement spectra at the different limit states

Based on the total rubber area obtained and on the devices generally available on the national
market, the following types of devices have been chosen: (i) elastomeric isolators with a diameter of 600 mm, total height of rubber 184 mm, with horizontal rigidity 0.62 kN/mm and maximum displacement 350 mm, (ii) sliding supports with a maximum displacement of 400 mm
and friction coefficient lower than 1%. The final choice of devices led to a slightly higher isolation period equal to Tis = 3.60 s. It should be noted that the displacement capacity of both the
devices is larger than the maximum displacement at the CLS accounting also for torsional effects, which can be estimated as 270·1.2 = 324 mm. As already highlighted in the introduction,
larger safety assumption guarantees the absence of anomalous behaviours due, for example, to
the exit of the sliders for actions greater than those considered in the design. The higher value
chosen for the FSBs with respect to the HDRBs is related to the lower robustness of the former
because displacements higher than the sliding surface dimension suddenly lead to a loss of
bearing capacity. On the contrary, rubber isolators can usually sustain displacements larger than
their nominal capacity without a significant loss of performance. An adequate dimension (350
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mm) has also been assumed for the seismic gaps placed in the upstream part of the building at
the road level and proper precautions have been taken with regard to plants and installations,
which must absorb the entire design displacement without damage or loss of functionality. After
the isolation system had been design, the seismic analyses of the building were carried out by
modelling all the structural system components (the super-structure, the sub-structure and the
isolation system) as linear elastic elements, having satisfied the conditions reported in [12] for
the linear modelling of isolation systems. More details about analysis results and safety checks
(stiffness and resistance verifications at the DLS and ULS of the super-structure and detailed
verification at the CLS of the isolation devices) can be found in [1].
2.2 Design of the releasing device
During the building construction, in-field dynamic “snap-back” test and static tests have
been performed in order to verify the actual behaviour and the characteristic of the isolation
system. With this purpose, the design of the releasing device and relevant contrasting structures
has been conducted during the design phase of the building. In particular, a “reaction box” made
by r.c. walls and founded on piles has been arranged in the upstream part of the building to
place the releasing device, as depicted in Figure 1. Figure 3 reports a plan view and a longitudinal cross section of the “reaction box” and of the releasing device. It is worth to note that the
estimated maximum reaction force is about 5000 kN and all the nine piles of the box base slab
collaborate in contrasting it. Moreover, the reinforcements of the building slab, where the releasing device is attached, has been properly designed and detailed according to a strut-and-tie
tall beam model (Figure 4 and Figure 5 a). Similarly, proper steel reinforcement bars have been
located in the r.c. walls, especially near the location of the hydraulic jacks in order to avoid
local punching shear mechanism (Figure 5 b).

(a)

(b)

Figure 3: Lateral (a) and plan (b) view of the testing device and its “reaction box”
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Figure 4: Reinforcement details of the tall beam on the building side (a) and strut-and-tie main mechanism
(strut=grey zones, tie=red solid lines, nodes=dark grey zones) (b).

(a)

(b)

Figure 5: Reinforcement details of the building tall beam (a) and the reaction walls (b).

The tests are carried out using two hydraulic jacks (a maximum force of 5000 kN each and
a maximum stroke of 300 mm) in series with the releasing device and two load cells on the
opposite side (Figure 6 a). This latter is conceptually a quadrilateral articulated steel strut
blocked by the central tie and supported by steel wheels on rails to ensure the longitudinal
displacement with the lowest friction force. A fuse element made of high strength turned rod
(Figure 6 b) is lodged in the middle of the tie element. The strut angle respect to the pushing
direction defines the ratio between the pushing force and the tension force applied to the tie.
The turning geometry and the low plastic deformation of high strength steel used for the fuse
ensure a brittle rupture of the rod and a high accuracy of the release force. A friction dissipative
device (Figure 6 c), similar to the ones used for falling rock protection barrier, have been installed in parallel with the tie element.

Hydraulic jacks
Load cells
(b)

(a)

(c)

Figure 6: Releasing device equipped with hydraulic jacks and load cells (a) and high strength turned rod fuse after the rupture (b), after the rupture and friction dissipative device (c).
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After the fuse rupture, the elastic energy stored in the device is partially dissipated by the
friction dissipative device (Figure 6 c), avoiding damages to both the cylindrical articulations
and the strut elements. The dissipating mechanism is based on a friction clamp applying a calibrated force (controlled by belleville washers) to the looped cable [14]. The loop ensures an
end-stroke of the rope sliding. Finally, to further secure the cell loads from possible impacts
during the release phase, the releasing device was anchored on the building side using ratchet
belts. It is worth to note that both the device mass and the device friction force are negligible
with respect to the building mass and response.
3

STATIC AND DYNAMIC IN-FIELD TESTS

The isolation system of the CHIP building has been tested during the construction phase,
when the structures were completed and no partition, nor external walls, neither equipment
were installed. In particular, a series of Dynamic Snap-Back (DSB) tests and Quasi Static (QS)
tests have been performed, during two different days (3rd and 6th July 2020). The equipment
used to move the building during the QS tests and the first part of the DSB tests has been described in section 2.2, while some measurement instrumentations are illustrated in Figure 7.

(a)

(b)

Figure 7: Sensors for recording vertical (a) and horizontal (b) displacements.

The sequence of the tests, the maximum applied displacements and thrust forces are reported
in Table 1. Residual displacements at long time (immediately before the subsequent test) are
also reported in the last column of the table. The last test (QS7), in which the maximum displacement has been imposed, showed the largest residual drift (31.4 mm) but a large part of it
was recovered after few days from the test (final residual displacement equal to 25 mm).
Test

Date

Pre-test1
DSB2
QS3
DSB4
DSB5
DSB6
QS7

3rd July
3rd July
3rd July
6th July
6th July
6th July
6th July

max displacement max Force Residual displacement
[mm]
[kN]
[mm]
0.0
518
0.0
177.3
2729
15.2
232.4
3206
22.1
109.4
1756
22.1
226.9
3122
22.0
121.8
1786
22.4
284.6
3834
31.4→25
Table 1: Tests sequence

Figure 8 (a) reports results in terms of response curves, i.e. loading force-displacement
curves of some DSBs and the loading and unloading force-displacement curves of the two QS
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tests, showing some characteristic behaviours of hybrid isolation systems composed by HDRBs
and FSBs. The first one is the breakaway friction force of the system. During DSB2 test the
structure is moved for the first time from its initial position and starts to move after reaching a
force of 700 kN, which is higher than the breakaway friction force observed during all the
subsequent tests. The reason is that the trajectory followed by all the tests is almost the same,
thus the lubrification of the sliding surfaces increases at each test. Furthermore, from the unlading branch, the dynamic friction force can be estimated since the vertical drop at the maximum force is theoretically 2 times this force. The obtained values, highlighted in Figure 8 (a),
are approximately equal to 400 kN for both the QS tests, thus the dynamic friction force is
estimated to be nearly 200 kN, which is significantly lower than static friction force. Both the
reduction of the friction due to repeated cycles and the difference between static and dynamic
friction are phenomena already known in specific technical literature [15]. However, it can be
noted that after the tests the building does not restore its initial position, thus the initial force
measured to start the movement is not only related to the friction of FSBs but also to the residual
force of HDRBs. From Figure 8 (a) it is clear that after having performed the DSB2 test, the
succeeding QS3 test starts in a displaced configuration equal to 15 mm and equal to 23 mm for
all the following tests, resulting in a horizontal shifting of the responses.
Another characteristic aspect that can be observed from the tests deals with the viscous behaviour of HDRBs (i.e. the influence of the displacement rate on the response). To better explain
this point the response curves of Figure 8 (a), once deducted the dynamic friction force previously estimated and scaled with respect to a single HDRB, have been compared in Figure 8 (b)
with the response curves of two type tests, carried out according to [13] before the bearings
production. Specifically, such tests are the Horizontal Cyclic test at 150% shear deformation at
third cycle (HC in Figure 8 b) and One Side Ramp test (OSR in Figure 8 b). It can be observed
that the HC test (performed at 0.5 Hz, with a mean speed of 550 mm/s) is stiffer and more
dissipative than all the other tests, which have been carried out with a significantly lower displacement rate (about 5 mm/s the OSR type test and 0.2 mm/s the load branch of in-field QS
tests). A further remark involves the in-field QS tests, whose loading branch is very close to the
OSR test, even though the speed is different. On the contrary, the unloading branches are significantly different due to the different unloading modalities, resulting in a lower energy dissipation and a higher recentring capacity of the QS in-field tests. For what concerns the loading
phase of the DSB2 in-field test, the response significantly differs from the other tests because it
is affected by the first breakaway friction force and by the first cycle effect of the “virgin”
rubber, i.e. the first time that all the HDRBs reach this level of strain [16][17].
150

2 times dynamic
friction force

HC
OSR
DSB2
QS3
DSB5
QS7

100

Breakaway
friction force

Dynamic
component

50

0

0

50

100

150

200

250

300

displacement [mm]

(a)

(b)

Figure 8: Force-displacement curves of the in-field tests (a) and their comparison with type tests with reference
to a single HDRB (b).
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Finally, Figure 9 summarizes the displacement time-histories observed during the DSB tests.
It is worth to note that the isolation period, ranging between 2.5 s and 3.12 s, is lower than the
design period due to the lower mass of the isolated building during the tests with respect to the
design one. Furthermore, it can be observed that the free vibration of the building oscillates
between a non-zero displacement configuration, but a slow recentring displacement can be recognized by looking at the response after 4 s from the release. This confirms the importance of
the viscous component of HDRBs response, which leads to a final residual displacement of
around 22-25 mm (see Table 1).
300
Isolation period range

DSB2
DSB4
DSB5
DSB6

250
200
150

Opposite
maximum
displacement

100
50
0
-2

0

2

4

6

8

10

time [s]
Figure 9: Displacements time-histories of in-field DSB tests.

4

CONCLUSIONS

This paper describes the isolated-building of the new Research Centre of the Camerino University, called CHIP (Chemistry Interdisciplinary Project), with particular focus on dynamic
and static in-field tests carried out during the building construction to characterize the isolation
system response. The design of the in-field experiment campaign has been developed in parallel
with the design of the building. In particular, a quadrilateral articulated steel strut element has
been designed and used as releasing device, furthermore a reaction box has been designed close
to the building and properly dimensioned. A pair of hydraulic jacks, whose force has been monitored through load cells, has been used for the pushing phase, while the displacements of the
isolation system has been recorded thanks to horizontal and vertical transducers. Preliminary
results, in terms of force-displacement response curves of quasi-static tests and displacement
time-histories of dynamic snap-back tests have been showed and discussed. By analysing the
force-displacement response curves of the quasi-static tests, both the static and dynamic friction
force of FSBs has been estimated. The response of HDRBs has been also identified and compared with type tests carried on single bearing devices. Finally, the displacement time-histories
of the snap-back tests have been analysed by estimating the isolation period range and the recentring capacity of the isolation system.
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Abstract
In this paper, the change in response parameters of a seismically isolated bridge, namely
maximum isolator displacement (MID) and shear force (MSF), is studied when the ambient
temperatures drops to (-30⁰C) from 20⁰C. Isolation system of the analyzed bridge is assumed
to be composed of lead rubber bearings (LRBs). First, the LRB was subjected to cyclic
loading after a conditioning period of 24 hours at both temperatures. Test results were used
to validate the success of analytical model used to idealize the deteriorating hysteretic
behavior of the LRB. Then, verified analytical representation of LRB was utilized in nonlinear
response history analyses in order to measure the variation in MID and MSF in the bridge
model under the effect of bidirectional seismic excitations at 20⁰C and -30⁰C. Two distinct
group of ground motions, that constitute characteristics of both near-field and largemagnitude-small-distance records, were used in the analyses. Results showed that MIDs
obtained for LRB properties of 20oC are about 20% larger than the ones obtained for -30oC,
in an average sense. Furthermore, average MSF obtained for near-field ground motions at
20oC and -30oC are identical. However, for large-magnitude-small-distance ground motions,
MSF of -30oC is almost 25% larger than that of 20oC.
Keywords: Seismic Isolation, Ambient Temperature, Nonlinear Analysis, Lead Rubber
Bearing, Strength Deterioration.
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1

INTRODUCTION

Seismic isolation is an earthquake protection system which is used for new and retrofit
construction in many countries such as Japan, Italy, United State and Turkey. Its low
horizontal stiffness enables the natural period of the structure lengthening, hence, in case of
maximum earthquake shaking isolation systems are reduce the force demands and
superstructure remain elastic behavior. Among broad classes of seismic isolation systems,
lead rubber bearing (LRB) is the most popular used seismic isolator type. In these units,
rubber layers reinforced by steel plates and a lead core placed at the center passes through the
height of the bearing. The use of steel plates responsible for reducing the bulge and increasing
the vertical stiffness of the bearing whereas lead core supplies the required strength in
horizontal direction.
The usage area of LRB has been extensively increase around the world since it was
invented, such as bridge, hospital, residential building, data centers. In parallel, several
research has been conducted to understand the change in mechanical properties of LRB
isolators, namely post yield stiffness and characteristic strength, under the effect of different
parameters [1-7]. One of these parameters is the change in ambient temperature in which
either affects rigidity of rubber [8-14] or needs to modify of LRB properties at low
temperatures [15-17] under the effect of cyclic loading. In particular, Hasegawa et al. [15]
tested a LRB which is 250 mm in diameter with a lead core diameter of 38 mm. Displacement
controlled LRB tests were conducted at temperatures of 40, 20, 0 and -20°C for a shear strain
of 100% at 0.3 Hz. Similarly, Constantinou et al. [4] conducted tests with an LRB having
rubber and lead core diameters of 381 mm and 70 mm, respectively. On the other hand, rather
than displacement-controlled test results, seismic performance of bridges, isolated by LRBs,
under the effects of both ground motion excitations and low temperature have also been
investigated. For instance, Billah and Todorov [18] investigated the seismic response of an
LRB isolated bridge in case of subfreezing temperature. Authors performed nonlinear
response history analyses (NRHA) using a bridge model subjected to different ground
motions representative of earthquakes in Eastern Canada. In their study, LRBs were modeled
with two different non-deteriorating bilinear force-displacement curves to idealize hysteretic
behavior of LRBs at “summer” (25°C) and “winter” (-30°C) with properties provided by
manufacturer. Another study that has focused on seismic response of LRB isolated bridge
under low temperature was conducted by Deng et al. [19]. Similarly, in the analytical model,
they used a non-deteriorating hysteretic representation for LRBs where stiffness and strength
of LRB was modified in accordance with an empirical formulation. LRB properties used in
the analyses were computed for temperatures changing from -30°C to 40°C. However, it is to
be mentioned that both Billah and Todorov [18] and Deng et al. [19] neglected the
deterioration in strength of LRBs due to temperature rise in the lead core under cyclic motion.
Thus, presented results are based on bounding analyses where hysteretic properties such as
strength and stiffness of LRB do not change during the applied motion.
Detailed review of the literature for seismic response of LRB isolated bridges at low
temperatures revealed that (i) results regarding the variation in mechanical properties of LRB
isolators are based on either small- or moderate-size bearings (ii) analytical models for
isolator behavior at low temperature do not address the deteriorating hysteretic behavior of
LRBs. Thus, there is a need to revisit the performance of LRB isolated bridges subjected to
ground motion excitations at low temperature.
The objective of this study is to determine the variation in seismic performance of an LRB
isolated bridge considering the change in mechanical properties of LRB when exposed to low
temperature. For this purpose, first, a large-size LRB was tested at both room (20°C) and low
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(-30°C) temperatures under dynamic conditions. Change in mechanical properties of tested
LRB was reported. Then, experimental data is used to verify the success of analytical model
employed to idealize hysteretic response of LRBs. Accordingly, deteriorating hysteretic
behaviors of the LRB obtained from both experiments and analytical models were compared
with each other. Once the use of analytical model to idealize nonlinear hysteretic behavior of
LRBs has been shown to be appropriate for both room and low temperature conditions, a
representative bridge seismically isolated by LRBs, was analyzed under the effect of both
near-field and large-magnitude small-distance ground motions. In the analyses, both
horizontal components of selected ground motions were subjected to structural model
simultaneously. Maximum isolator displacements (MIDs), and maximum isolator forces
(MIFs) were the response quantities used to quantify the variation in seismic performance of
LRB isolated bridge at low temperature.
2
2.1

EXPERIMENT OF A LARGE-SIZE LEAD RUBBER BEARING
Specimen

25mm top plate
25mm end shim

361

436

25 25

The bearing tested in this study is a large-size LRB with rubber and lead core diameters of
1020 mm and 190 mm, respectively. Height of the bearing is 436 mm including the top and
bottom plates together with the end shim at the top. It is composed of 28 layers of rubber each
of which has 10 mm thickness with a total rubber height of 280 mm. Geometrical properties
of the tested LRB is presented in Figure 1.

27@3mm internal shim

25

28@10mm G55 rubber

190 Ø
lead core

25mm bottom plate

980 Ø
internal shims
1020 Ø
rubber isolators

Figure 1- Section cut of test specimen

2.2

Loading Device

Tests were conducted at ESQUAKE Seismic Isolator Test Laboratory of Eskisehir
Technical University. Figure 2.a, b shows the air-conditioned room and test setup used in the
experiment, respectively. The temperature capacity of the air conditioning room is between 40ºC and + 50ºC. In the loading device, vertical actuator has the maximum capacity of
20000kN load. In the horizontal actuator, the maximum capacity of 2000kN load and ±600
mm stroke with 1000mm/s velocity.
2.3

Loading Method

In order to determine the mechanical properties of the specimen, its hysteretic response in
shear was recorded under a constant compressive load. Accordingly, the LRB was subjected
to three cycles of sinusoidal motion with amplitude equals to 280 mm that corresponds to
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100% shear strain. Frequency of the motion was 0.1 Hz where the maximum velocity is 176
mm/s. The LRB was first tested at a temperature of 20°C after conditioning for 24 hours
inside the laboratory and tested again at a temperature of -30°C after conditioning for 24
hours inside the air-conditioned room (Figure 2.a). In all experiments described in this paper,
vertical load is equal to 4500kN (6MPa normal stress).

(a)

(b)

Figure 2 - (a) Air-conditioned room and (b) seismic isolator test setup of ESQUAKE

2.4

Test Results

Mechanical properties of the tested LRB such as post-yield stiffness (Kd), characteristic
strength (Qd), effective stiffness (Keff), energy dissipation capacity (EDC) and effective
damping ratio ([eff) are computed by means of Equations (1)-(4) provied by ISO 22762-1 [20].
In Equations (1) and (2), Q1′, Q1″, Q2′ and Q2″ are the isolator forces at 50% of the maximum
positive and negative horizontal displacements dmax and dmin. Q1 and Q2 of Equation (3) are the
isolator forces at dmax and dmin, respectively (see Figure 3). The calculated test results of LRB
isolator are presented in Table 1 for temperatures of 20°C and -30°C.
Q1

Shear Force

Q1 '
dmin/2

Q1''

dmin

dmax

Q2 ''

dmax /2

Q2'
Q2
Shear Displacement
Figure 3 - Force-displacement definitions for LRBs.
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Kd

ª Q1c  Q1cc
Q2cc  Q2c º

«
»/2
«¬ ( d max  d min ) / 2 ( d max  d min ) / 2 »¼

(2)

ª Q1  Q2 º
«d  d »
¬ max min ¼

(3)

K eff

[

Temperature
-30°C

20°C

Cycle
1
2
3
1
2
3

ª
º
EDC
«S (F D  F D ) »
¬
max max
min min ¼
Qd
(kN)
489
414
372
324
286
260

Kd
(kN/m)
2020
1919
1864
1833
1796
1766

Keff
(kN/m)
3441
3100
2913
2706
2510
2392

(4)
EDC
(kN m)
504
433
382
335
297
264

ξeff
(%)
0.29
0.28
0.26
0.25
0.24
0.22

Table 1: Mechanical properties of LRB at 20°C and -30°C.

According to the test results, it can be revealed that characteristic strength Qd of the tested
LRB increases when the temperature drops down to -30°C. The amount of amplification in Qd
is 50% for the first cycle whereas it is 45% and 43% for the second and third cycles,
respectively. Similarly, post-yield stiffness Kd of the LRB increases 10% as the temperature
decreases for first cycle. On the other hand, energy dissipation capacity (EDC), increases as
the temperature decreases. In parallel, reducing the temperature from 20°C to -30°C
contributes to an increase in effective damping ratio ξeff equal to 17% for the first cycle.
Considering the obtained results, it can be noted that variation in mechanical properties of
LRB is not constant while different air temperatures expose to the bearing.
3
3.1

ANALYTICAL REPRESENTATION OF LRB ISOLATED BRIDGE MODEL
Hysteretic Response of LRB

The analytical representation of the tested LRB were performed by means of OpenSees [21]
structural analysis program. Force-displacement curves obtained from experiments are
compared with the analytical ones for both 20°C and -30°C. Figure 4 shows that hysteretic
response of the tested LRB can be idealized realistically with great success in the analyses
regardless of the ambient temperature. During the LRB model, mathematical representation
proposed by Kalpakidis and Constantinou [22] can be considered to modify the initial
strength of lead as a function of lead core temperature. Their model considers the
instantaneous temperature rise in the lead core and allows calculating the reduction in strength
of isolator via reducing the initial yield stress of the lead, instantly. For detailed information
please refer to Kalpakidis and Constantinou [22].
3.2

Bridge Model

Analyzed bridge model is a cast-in-place concrete box girder bridge with a 30-degree skew.
The length of the bridge is 97.5m and has three spans with lengths of 30.5m, 36.5m and
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Isolator Force (kN)

30.5m. Intermediate bents consist of two 1.22m circular columns and a cap beam with
dimensions of 1.22mx1.83m. The total weight of the bridge above the isolation level is 24956
kN (box girder and each diaphragm weigh 229 kN/m and 657 kN, respectively). The section
at one of the intermediate bents is presented in Figure 5.a.
1200

1200

600

600

0

0
0

-300

300

-600

-1200

-300

0

300

-600

OpenSees
Experiment

-1200

(a)

(b)

Isolator Displacement (mm)
Figure 4: Comparison of experimental and analytical hysteretic curves of LRB tested at a)20°C and b)-30°C.
13.11m

superstructure

Rigid

Rigid

Isolator

1.83m

Isolator

1.83m

M bent
2

Isolator

M bent
2

Cap Beam

1.22m x 1.83m
Cap Beam

6.10m
1.22m Dia.
Column

Column

Column

Y
X

7.93m

(a)

(b)

Figure 5: (a) bent geometry and (b) analytical model of the bent.

As shown in Figure 5.a, seismic isolation system is composed of two LRBs at each
abutment and pier with a total of eight isolators. They are modeled by deteriorating hysteretic
behavior. In order to consider nonlinear bidirectional interaction of LRBs in case of
simultaneous excitations of ground motions in both horizontal directions, bidirectional
hysteretic model developed by Park et al [23] was employed in the model.
The bridge superstructure was assumed to have infinite in-plane rigidity [24-25].
Analytical representation of the bridge bent is given in Figure 5.b where Msuperstructure is
defined based on the tributary weight of the superstructure + the additional weight of the
diaphragm and equals to 850t (isolation period based on the post-yield stiffness of the tested
LRB at 20oC is 3s). Total mass of the bent components, Mbent, is lumped equally at the
column tops. In the analytical model, member rigid end zone matter is also taken into account
to represent the bent stiffness properly. The bridge superstructure and columns are modeled as
elastic based on the assumption that structure remains within the elastic range due to seismic
isolation by means of elasticbeamcolumn element of OpenSees [21]. Accordingly, the elastic
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modulus of concrete is taken as 24820 MPa. Bridge structure is assumed to be fixed at the
foundation level.
4

GROUND MOTIONS

Two sets of ground motions previously used by Warn and Whittaker [24], were considered
in the analyses. Each ground motion set is composed of 10 pairs of record. They were
clustered to represent characteristics of near-field (NF) and large-magnitude small-distance
(LMSD) records. The magnitudes of ground motions grouped as near-field are in between 6.7
and 7.6 with closest distances to the fault rupture less than 10 km. On the other hand, largemagnitude small-distance ground motions have magnitudes greater than 6.5 while closest
distances to fault rupture are in between 10 km and 30 km. Tables 2 and 3 give the
characteristics of the considered ground motions where PGA, PGV and PGD stands for peak
ground acceleration, peak ground velocity and peak ground displacement, respectively.
#

Event

Station

Mw

1

Tabas, Iran

Tabas

7.4

2

Loma, Prieta

Lex Dam

7.0

3

Cape Mendocino

Petrolia

7.1

4

Erzincan, Turkey

Erzincan

6.7

5

Landers

Lucerne

7.3

6

Northridge

Rinaldi

6.7

7

Northridge

Olive View

6.7

8

Kobe

JMA

6.9

9

Chi-Chi, Taiwan

TCU065

7.

10

Chi-Chi, Taiwan

TCU075

7.6

Comp.
FN
FP
FN
FP
FN
FP
FN
FP
FN
FP
FN
FP
FN
FP
FN
FP
West
North
West
North

PGA
0.90
0.98
0.69
0.37
0.64
0.65
0.43
0.46
0.71
0.80
0.89
0.39
0.73
0.60
1.09
0.57
0.81
0.60
0.33
0.26

PGV
109.7
105.8
178.7
68.7
62.9
46.5
119.1
58.1
136.1
70.3
174.2
60.9
122.1
53.9
160.2
72.4
126.2
78.8
88.3
38.2

PGD
55.5
74.9
56.6
25.4
14.1
10.3
42.1
29.5
11.2
184.3
38.3
17.3
30.7
9.1
40.1
15.9
92.6
60.8
86.5
33.2

Distance
1.2
6.3
8.5
2.0
1.1
7.5
6.4
3.4
1.0
1.5

Table 2 - Characteristics of selected near-field ground motions.
#

Event

1

Loma Prieta

Station
Gilroy Array
#1

2

Kocaeli, Turkey

Gebze

3

Loma Prieta

4

Cape Mendocino

5

Landers

6

Loma Prieta

7

Landers

8

Kobe

Abeno

6.9

9

Duzce, Turkey

Bolu

7.1

10

Northridge

Canoga Park
Topanga Can

6.7

Saratoga Aloha
Ave
Rio Dell Over
Pass FF
Joshua Tree
Gilroy Array
#2
Yermo Fire
Station

Mw
6.9
7.4
6.9
7.1
7.3
6.9
7.3

Comp.
0
90
0
270
0
90
270
360
0
90
0
90
270
360
0
90
0
90
106
196

PGA
0.41
0.47
0.24
0.14
0.51
0.32
0.39
0.55
0.27
0.28
0.37
0.32
0.25
0.15
0.22
0.24
0.73
0.82
0.36
0.42

PGV
31.6
33.9
50.3
29.7
41.2
42.6
43.8
41.9
27.5
43.1
32.9
39.1
51.4
29.7
20.7
24.2
56.4
62.1
32.1
60.7

PGD
6.4
8.5
42.8
27.6
16.3
27.6
21.7
19.5
9.5
14.3
7.2
12.1
43.9
24.6
9.1
10.0
23.1
13.6
9.1
20.3

Table 3: Characteristics of selected large-magnitude small-distance ground motions.
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11.2
17.0
13.0
18.5
11.6
12.7
24.9
23.8
17.6
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5

DYNAMIC ANAYLSES RESULTS

Nonlinear response history analyses were performed in OpenSees [21] with due consideration
of deteriorating hysteretic representation of LRBs under bidirectional excitations of ground
motions given Tables 2 and 3 in order to evaluate the variation in response quantities of the
SIB due to change in environmental temperature. Accordingly, maximum isolator
displacements (MIDs) and base shears in the pier are presented in a comparative manner for
20°C and -30°C.
5.1

Maximum Isolator Displacement

This section presents the observations related to variation of MID of the analyzed
structural system due to change in ambient temperature. Figure 6 shows the comparison of
MIDs obtained for 20°C and -30°C for both ground motion sets of NF and LMSD. Averages
of MIDs recorded for all of the considered ground motion records are also given in Figure 6
where MIDs were calculated by taking the maxima of

. Here, Dx and Dy are the

isolator displacements in horizontal x- and y-directions, respectively. Figure 6.a, at which
MIDs for NF ground motions are presented, reveals that MID reduces significantly when the
ambient temperature drops down from 20°C to -30°C. The amount of reductions in MID
ranges from 8% to 53% with an average value of 19%. Similar comparison for LMSD ground
motions is given in Figure 6.b. In this case, the amounts of change in MIDs for individual
ground motion records range from 33% to -52% with an average of -16%.
800

MID (mm)

600

-8
-12

-12

2
-19

-12

-20

-19

-30

-40

-53

400
200

0
1

2

3

4

5

6

7

8

9

10

Ave.

Record #
(a)
300
18

MID (mm)

33
200

5
15
2

100

-30

-23

-16
-33
-52

-30

0
1

2

3

4

5

6

7

8

9

10

Ave.

Record #
(b)
20°C

-30°C

Variation

Figure 6: Comparison of MIDs for (a) NF and (b) LMSD ground motions at 20°C and -30°C.
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5.2

Maximum Base Shear in the Piers

In this section, variation of base shears acting on each column of the bridge is presented in
Figure 7 as a function of ambient temperature and seismicity level. For near field ground
motions, Figure 7.a shows that the amounts of variation in isolator force are in between -13%
to 20% when temperature decreases from 20oC to -30oC. However, it is interesting to observe
that when the averages of base shears are of concern, they are identical for both 20oC to -30oC
with a magnitude of 1248 kN. Although the initial strength and stiffness of isolator increases
due to reduced ambient temperature, the average shear force does not change for both 20oC to
-30oC. Figure 7.b is depicted to investigate the variation of isolator force for large-magnitude
small-distance ground motion set when temperature is reduced from 20oC to -30oC. Figure 7.b
reveals that although the average value of amplification in isolator force is calculated as 23%,
for the selected ground motions it may be up to 60%, individually.
1800

-1

MIF (kN)

1350

-3

9

1

20

8

-3
0

-6

-12

-13

900

450
0
1

2

3

4

5

6

7

8

9

-2

47

10

Ave.

Record #
(a)
1000
60

MIF (kN)
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36

36

20

15

21

11

8

23

500
250

0
1

2

3

4

5

6

7

8

9

10

Ave.

Record #
(b)
20°C

-30°C

Variation

Figure 7: Comparison of MIFs for (a) NF and (b) LMSD ground motions at 20°C and -30°C.

6

CONCLUSIONS

In this paper, variation in response parameters of a seismically isolated bridge is studies under
the effect of low (-30°C) and air temperature (20°C). The major findings showed that MIDs
obtained for LRB properties of 20oC are about 20% larger than the ones obtained for -30oC, in
an average sense. Furthermore, average MSF obtained for near-field ground motions at 20oC
and -30oC are identical. However, for large-magnitude-small-distance ground motions, MSF
of -30oC is almost 25% larger than that of 20oC.
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Abstract
This paper proposes a Stiff Seismic Base Absorber (SBA). An inerter is first implemented,
connecting directly the structure to the ground. This results to the decrease of the natural frequency of the structure, without the decrease of the structural stiffness. Parallel, an extension
of the KDamper is used, in order to increase the apparent damping behavior of the inerter. A
negative stiffness (NS) element connects the additional mass of the SBA to the structure and a
positive stiffness element the additional mass to the base. Also, an artificial damper is placed
in parallel with each stiffness element. The design of the SBA is based on an appropriate optimization approach, which includes the following novel features: i) the SBA foresees variation in all stiffness elements, ii) the optimal system parameters are selected based on
engineering criteria with proper constraints and limitations to the system dynamic responses,
iii) the earthquake input motion is selected according to the seismic design codes, iv) for the
NS element, a displacement-dependent non-linear mechanism is proposed realized by a precompressed leaf spring instead of conventional coil springs. Compared to other vibration absorbers, the SBA presents a number of advantages. An improved superstructure dynamic behavior is observed combined with small base displacements, in the order of a few centimeters.
The drastically reduced base displacements render the implementation of the SBA feasible
using conventional structural elements. As a result, the SBA is a possible retrofitting option
for seismic protection.
Keywords: Inerter, Negative Stiffness, KDamper, Seismic Protection, Damping.
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1

INTRODUCTION

In recent years, seismic codes have been significantly modified with the intention to lead to
robust structures that perform better under seismic loading. To this end, the reduction of structural responses induced by environmental excitations has become a subject of intensive research. Many structural control concepts have been evolved for this purpose, and quite a few
of them have been implemented in practice. They include the mitigation of vibrations in structures due to unexpected large environmental hazards, the retrofitting of existing structures, the
protection of seismic equipment and important secondary systems and the provision of new
principles for structural design against environmental loading. These structural control systems can be broadly classified into active, passive, semi-active and hybrid control systems.
Seismic base isolation is considered perhaps the most efficient design approach of antiseismic protection because it relies on reducing the seismic demand rather than increasing the
structure’s rigidity by adding shear walls or braced frames. It has led to earthquake-resistant
design of building structures [1, 2], bridges [3] and industrial facilities [4-6]. The seismic isolation system is installed between the foundation and the upper structure providing horizontal
isolation and reducing seismic wave propagation into the structure. This way, the fundamental period of the system is significantly longer and thus the structural peak accelerations are
reduced. Over the years, a number of isolation devices such as elastomeric bearings, frictional/sliding bearings and roller bearings have been developed [7-10]. However, this type of isolation is inefficient for high rise structures, cannot be applied partially to structures unlike
other retrofitting and is not suitable for buildings rested on soft oil. Also, under long-period
ground motions large displacements are produced to the base isolated building that can provoke structural pounding leading to a serious risk of damage or even collapse of the building.
Due to these disadvantages, alternative vibration control methods have been developed that
combine the conventional base isolation (BI) scheme with other active or passive control systems, including: (i) Tuned Mass Dampers (TMDs), (ii) Inerters, (iii) Negative Stiffness Devices (NSD) and “Quazi Zero Stiffness” (QZS) oscillators and (iv) Mechanisms combining
Negative Stiffness and Absorbers/KDampers.
A Tuned Mass Damper (TMD) is a device consisting of a mass, a stiffness element and a
damper that is attached to the structure in order to reduce its dynamic response. The natural
frequency of the TMD is tuned in resonance with the fundamental mode of the primary structure, so that when that frequency is excited, the damper will resonate out of phase with the
structural motion. Thus, a large amount of the structural vibrating energy induced by wind
and earthquake loads is transferred to the TMD and then dissipated by damping. TMDs have
been installed in a great number of tall buildings [11-13] in order to reduce vibrations caused
by seismic or wind loading in main systems. Also, during last years a novel control strategy
combining BI and TMD [14-18] has been developed. Although TMDs are effective and reliable, their usage presents a number of drawbacks, including: (i) detuning, caused by environmental influences, which can lead to a significant loss of system’s performance [19], (ii) the
requirement for large additional mass or large space for their installation, (iii) the restriction
of the maximum weight that can be practically placed on the top of the structure and (iv) the
large TMD displacements [20], which in some cases exceed even the base displacements.
A more efficient alternative is a new passive BI control strategy combining the TMD with
an inerter (TMDI) [21, 22]. In this concept, the additional mass of the TMD is connected to
the supporting ground by an inerter device [23]. The inerter is a two terminal element which
has the property that force generated at its ends is proportional to the relative acceleration between them. The TMDI takes advantage of the “mass amplification effect” of the inerter to
achieve enhanced performance compared to the classical TMD. As a result, the proposed
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TMDI configuration can either replace part of the TMD vibrating mass to achieve lightweight
passive vibration control solutions, or improve the performance of the classical TMD for a
given additional mass. Still, to work effectively, all considered devices have to be precisely
calibrated which can be challenging or even impossible in some cases. Moreover, proposed
TMDs with inerters suffer from susceptibility to detuning.
A parallel direction to the various TMD approaches is the concept of negative stiffness (NS)
vibration isolation devices. These devices, due to their promising potentials into the field of
vibration control, they have attracted a significant amount of attention in research areas. They
use a passive mechanical system to generate negative stiffness without the need of any external power supply. Negative stiffness is defined as a force that assists motion instead of opposing it. The concept of negative stiffness elements (or “anti-springs) for vibration isolation was
first introduced in the pioneering publications of Molyneaux [24] and later on, in the milestone developments of Platus [25]. The main feature of these approaches is the significant reduction of the isolator’s stiffness, which consequently leads to the decrease of the natural
frequency of the system (the system’s natural period is increased) even at almost zero levels,
resulting in configurations called “Quasi-Zero Stiffness” (QZS) oscillators [26]. In the field of
seismic protection of structures, QZS oscillators have a wide variety of applications [27-30].
The primary disadvantage of these devices is their requirement for a drastic reduction of the
structure’s stiffness almost to zero levels, limiting its static load capacity.
In an effort to exploit the advantages of TMDs and QZS oscillators, a novel passive vibration isolation, and damping concept, termed as KDamper, has been first introduced in Antoniadis et al. [31]. This device consists of an additional mass, a damper, a spring and is
characterized by the incorporation of a negative stiffness element. The force produced from
this NS element during excitations, increase indirectly the inertia effect of the additional mass,
abolishing the need of a large additional mass unlike TMD in order to work efficiently. The
presence of this mass serves in mitigating the effects of a vibrating load, operating as an energy dissipation mechanism. This oscillator exhibits extraordinary damping properties and is
designed to maintain the same overall static stiffness as a traditional reference original oscillator, contrary to the QZS mechanism. Also it overcomes the sensitivity problems of TMDs as
the tuning is mainly controlled by the negative stiffness element’s parameters. The KDamper
has been examined for the seismic protection of several structural systems, such as bridges
[32–36], wind turbines [37, 38] and buildings [39, 40]. In addition, it has effectively implemented as an Absorption Base (KDAB) in the bases of structures [41–46].
In this paper a Stiff Seismic Base Absorber (SBA) is proposed, that combines an extension
of the KDamper and an inerter, connected in parallel. The Extension of the KDamper, termed
as EKD [47] is an alternative configuration based on the initial design, and aims to further
improve its dynamic behavior. The purpose of the EKD is to increase the damping behavior
of the inerter and to further reduce the structural relative displacements under seismic loading.
In section 2 of this paper, a novel negative stiffness mechanism is proposed for the realization
of the NS element, which includes a pre-compressed leaf spring instead of conventional stiffness elements. The properties, parameters and nonlinear equations of motion of the SBA implemented in a multi-story building are presented in section 3. However, the complexity of the
SBA renders the conventional min-max approaches ineffective for the determination of the
optimal parameters of the device. Therefore, section 4 presents the proposed optimization
procedure of the SBA based on engineering criteria with proper geometrical and constructional limitations. In section 5, the effectiveness of the SBA is compared with a conventional and
a highly damped base isolated structure, through a numerical example of a building subjected
to artificial accelerograms designed to match the EC8 acceleration response spectra. Finally,
an indicative design is proposed for the examined configuration.
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2

REALIZITAION OF THE NEGATIVE STIFFNESS MECHANISM

Negative stiffness in applications concerning vibration isolation is mainly achieved by appropriate mechanical designs involving positive stiffness pre-stressed elastic components,
such as post-buckled beams, plates, shells and pre-compressed springs arranged in specific
geometrical configurations [48-50]. Alternatively to elastic forces, the negative stiffness effect
can also be produced by gravitational [51], magnetic [52] or electromagnetic forces [53].
However, elastic forces tend to be the only viable option when dealing with seismic effects
mitigation on buildings or bridges, where the required values of negative stiffness are very
high.
In this chapter, the proposed configuration for the realization of the negative stiffness is
presented. The novelty of this mechanism is that a pre-compressed leaf spring is involved,
which can withstand huge vertical loads compared to conventional springs. It is an effective
mechanism with simple design and has the ability to easily control the negative stiffness value.
2.1

Proposed configuration

The negative stiffness mechanism under consideration is depicted in Figure (1), where any
other part of the EKD device is excluded. The system comprises a vertical stiffness element
(spring), one end of which is fixed and the other is hinged to a metal rod. The rod has length a
and its upper end is connected with a roller support which allows the horizontal displacement
u during the earthquake.

Figure 1: Schematic representation of the negative stiffness mechanism of the Extended KDamper.

The vertical stiffness element has initial length lHI (Figure (1a)), stiffness kT and reaches its
maximum compression when it’s collinear with the rod (Figure (1b)). This position, termed as
undeformed configuration, is also the unstable equilibrium position where the equivalent negative stiffness value kN is maximized. When the mechanism deforms in one direction, the rod
rotates and creates a force that assists motion (Figure (1d)), generating thereby the negative
stiffness mechanism. In this position the value of the equivalent negative stiffness is decreased and reaches its minimum value when u=umax. The perturbed position is depicted in
Figure (1), along with the necessary notation concerning the various displacements and dimensions of the system.
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From the length a of the rod, the total height b of the mechanism, the initial free length lHI
of the spring and for maximum horizontal displacement u=umax, a dimensionless parameter is
defined as:
cI

b  lHI
a

(1)

a2  u 2

(2)

From the geometry of the mechanism results:

ax

M arctan u / ax
lH u

(3)

b  ax

(4)

where lH(u) is the varying length of the vertical stiffness element during the oscillation of the
mechanism. The potential energy, the exerted force and the equivalent negative stiffness of
the system respectively are given by:
2
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The maximized value of the equivalent negative stiffness which occurs at the equilibrium
position of the mechanism (u=0) and which corresponds to the desired value of kN as calculated from the dimensioning of the Extended KDamper is:

kN u 0

kT 1  cI

(8)

The term (1-cI) by exploiting Eq. (1) becomes
1  cI

1

lHI  b  a
a

b  lHI
a

xT ,max
a

 cI

1

xT ,max
a

(9)

where xT,max is the maximum deformation of the vertical stiffness element. Therefore Eq. (8)
becomes:
kN u

0

kT

xT ,max
a

(10)

By divining Eq. (7) and Eq. (10) and by using Eq. (9), the negative stiffness ratio is defined as:

rk

kN u
kN u 0

§ x
·
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©
¬
¼
xT ,max a
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This ratio expresses the variation in the value of the negative stiffness during the motion from
the position u=0 up to position u=umax. Optimally we aim this ratio to be larger than 0.75.
The vertical and horizontal forces applied to the rod due the oscillation of the system are
given respectively as:
FT
FB

kT xT

(12)

FT tan M

(13)

where xT is the deformation of the spring from its initial free length. The vertical force FT becomes maximum when xT=xT,max, while the horizontal force FB becomes maximum when
u=umax.
2.2

Vertical stiffness element of the proposed configuration

The vertical stiffness element of the mechanism with stiffness kT is realized by a leaf spring
which is composed of several parallel metal leaves (sheets) mounted on top of each other in
multiple layers and groups. These leaves have rectangular section and they held together by
metal clips attached at the center and at either end. Due to sheer amount of metal layered together, the leaf spring can take huge vertical loads due to its tight-knit structure.
Each layer of the leaf spring consists of two metal sheets with length L and can be approximated by a center loaded beam fixed at both ends as depicted in Figure (2).

Figure 2: Center loaded fixed-fixed beam.

The bending area moment of inertia, of the beam’s cross section A wh is defined as:
I

wh 3
12

(14)

The bending stiffness of the beam can be expressed as:
kB

24 EI
L3

(15)

or by substituting Eq. (14):

§h·
2 Ew ¨ ¸
©L¹

kB
From Hooke’s Law, F
as:

3

(16)

k B  xB , the bending deflection at the center of the beam is calculated

xB

FL3
24 EI
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The maximum stress ( y h / 2 ) due to the bending moment M
application of the center loading ( x L ) is calculated as:

V max

FL / 4 resulting from the

3Eh
xB
L2

(18)

which must be lower than the yield stress σy of the leaf spring material.
The overall stiffness of the leaf spring consisting of such leafs/beams connected in various
configurations is defined as:

kT

NB
kB
2 NG

(19)

where NB is the number of parallel leaves/beams and NG is the number of groups connected in
series as depicted in Figure (3). Simultaneously, the resulting range of motion comes as:
xT

2 N G xB

(20)

Figure 3: Schematic representation of a leaf spring configuration (a) undeformed and (b) deformed.

2.3

Implementation example

A theoretical implementation example of this NS mechanism is presented in this subsection.
The general purpose of the proposed SBA is the seismic protection of multi-story building
structures. Therefore, a reference mass of 50 tn (structural mass) is assumed for the design of
the SBA mechanism. This way, multiple SBA device can be implemented with respect to the
total superstructure mass, as SBAs can operate in parallel. The reference values of the NS the
dynamic responses relative to the operation of the SBA used in this example, are obtained
from [47]. Figure (4a) presents the equivalent NS ratio (kN/kN(u=0)) over the dimensionless
relative displacement between the two terminals of the NS configuration (u/umax), obtained by
the proposed mechanism presented previously. It is observed that this mechanism is sufficient
in keeping the NS in acceptable levels (>0.75) for all the operating range. Figure (4b) presents
the ratio of the vertical deformation of the leaf spring, as a function of u/umax. It is observed
that substantial vertical load can be supported due to the properties of the leaf spring.
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(a)

(b)

Figure 4: Numerical analysis of the NS element: (a) equivalent NS, (b) vertical deformation of the leaf spring.

3

SEISMIC BASE ABSORBER CONFIGURATION

In this section the proposed Seismic Base Absorber (SBA) configuration is presented. The
SBA is a seismic isolation device implemented in the base of the structure, composed of an
Extended KDamper (EKD) and an inerter connected in parallel. The EKD is an extension of
the already developed KDamper [32-46], which in previous studies has indicate a significant
improvement in the dynamic behavior of a structure both in terms of absolute accelerations
and relative displacements compared to other base isolation scenarios (rubber bearings, QZS
oscillators, TMDs, etc.). The proposed extension exhibits even a better performance, while it
foresees variation in all stiffness elements, while in the KDamper concept only the negative
stiffness variation is taken into consideration. Furthermore, the negative stiffness element
stroke, which is critical for the design of the whole configuration is dramatically reduced.
Concerning the proposed SBA design, the EKD is used in order to increase the damping behavior of the inerter.
The basic idea behind the proposed SBA configuration is the decreasing of the nominal
frequency of the system achieved with inerter and subsequently the control of the structural
relative displacements with the extraordinary damping properties that EKD offers. Also, the
small base displacements and NS element stroke, render the implementation of the proposed control system feasible, using conventional structural elements, making it the more efficient retrofitting option for horizontal seismic protection.
3.1

Parameters of the SBA

The implementation of the SBA in the base of a multi-story building structure for horizontal seismic protection is depicted in Figure (5a). In the next sections, the performance of the
SBA in seismic isolation will be compared with the performance of Lead Rubber Bearings
(LRB) implemented in the base of the structure (Figure (5b)), which is the most commonly
used seismic isolation system. As depicted in Figure (5a), the SBA consists of a negative
stiffness (NS) element kNS, a positive stiffness (PS) element kPS and two artificial dampers
with damping coefficients cNS, cPS placed in parallel to kNS and kPS respectively. Compared to
the KDamper, the NS element connects the additional mass mD to the structure, instead of the
PS element, which now connects the mD to the ground. The inerter with constant bt (measured
in kilograms), is parallel to the EKD. Finally, the positive stiffness kR works independent from
the other parts of the device and there are numerous alternatives for its realization.
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Figure 5: Multi-story building structure with (a) the proposed SBA configuration and (b) the conventional LRB,
implemented in its base.

The basic requirement of the proposed configuration of the SBA is that the overall stiffness
of the system is maintained:

kR 

kPS kNS
kPS  kNS

k0

(2S f0 )2 mtotal

(21)

where k0 is the equivalent static stiffness of the SBA, f0 the nominal frequency of the SBA and
mtotal the overall mass of the structure including the base and the additional mass. This requirement overcomes the fundamental disadvantage of QZS oscillators, in which the overall
stiffness of the system is reduced, limiting its static load capacity. Theoretically the values of
kNS, kPS and kR, are selected according to Eq. (21) in order to ensure the static stability of the
system. Nevertheless, these values may present significant variations in practice due to a
number of reasons (temperature fluctuations, manufacturing tolerances or non-linear behavior)
which must be taken into account. As a consequence, a simultaneous increase of the absolute
value of kNs by a factor of εNS and a decrease of the values of kPS or kR by a factor of εPS and εR,
respectively, may result in an unstable system. This occurs when:

R u kR 

P u kPS u N u kNS
P u kPS  N u kNS

0

(22)

where R=1-εR, P=1-εPS and N=1+εNS. Assuming the negative stiffness ratio as kn=kNS/k0, or
the absolute value of kNS known, the rest of the stiffness elements result from Eq. (21), (22) as:
kr
kp

b  b 2  4 u a u c
 k R kr u k0
2a
kn  kr u kn
 k PS kp u k0
kr  kn  1
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where the parameters a, b and c are defined as:

a R( P  N )
b kn u N ( P  R)  R( N  P)
c  P u N u kn

(24)

Finally, assuming that the additional mass, mD, and the variations εNS, εPS and εR of the
stiffness elements are known, the unknown parameters of the system are: i) the nominal
KDamper frequency f0, ii) the negative stiffness ratio kn or the value of the negative stiffness
element kN iii) the damping coefficients cNS and cPS and iv) the coefficient bt of the inerter.
3.2

Equations of motion of the system

The structure illustrated in Figure (5) is based on the following assumptions: (i) the total
building’s mass is concentrated at floor level, (ii) the slabs and girders on the floors are rigid
compared to the columns, (iii) the columns are weightless and their axial deformation is neglected providing only lateral stiffness, (iv) the SSI effects are not accounted. Consequently,
the superstructure has n dynamic DOFs, represented by the relative base displacements (ui) of
the n-stories. The structure has 2 more DOFs due to the relative to the ground displacement of
the base (uB) and the additional mass (uD). The vector of displacements is defined as:
T

ª¬u t º¼ ( n  2)u1

ª ªu t º T
¬¬ S ¼n

uB t

T

uD t º
¼ ( n  2)u1

(25)

where ª¬uS t º¼ n >u1 u2 ... un @nu1 . The equations of motion of the system depicted in Figure 5a for ground displacement xG are expressed in a matrix form as:
T

T

> M @>u@  >C @>u@  > K @>u@

 >W @ xG

(26)

where:

> M @( n 2)u( n2)

ª> M S @nun
«
« > 0@1un
« > 0@
1un
¬

> K @( n 2)u( n2)

ª> K S @nun
«
« > 0@1un
« > 0@
1un
¬

k NS  k R
k NS

>C @( n 2)u( n 2)

ª>CS @nun
«
« > 0@1un
« > 0@
¬ 1un

>0@nu1 >0@nu1 º
»
cPS »
cPS
cPS cPS  cNS »¼

>W @( n2)u1

>0@nu1 >0@nu1 º

mB  bt
0

»
0 »
mD »¼
( n  2)u( n  2)

>0@nu1

>0@nu1

º
»
k NS »
k NS  k PS »¼
( n  2)u( n  2)

(27)

( n  2)u( n  2)

ª> M @>1@nu1 º
«
»
« mB »
«¬ mD »¼
( n  2)u1

The terms [MS], [CS] and [KS] are the n-dimensional matrices of mass, damping and stiffness
of the superstructure, respectively.
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4

OPTIMIZATION OF THE PROPOSED SBA

Having established the nonlinear equations of motion Eq. (26), the next objective is to determine the optimal SBA parameters in order to attain the best possible vibration control strategy. Conventional min-max approaches (H∞) [54] are rendered ineffective, due to the
complexity of the SBA configuration, and the limitations imposed by the examined structural
system and NS configuration (e.g., the one proposed in section 2). In this paper, the SBA is
designed based on an engineering-criteria driven optimization procedure. This way, the geometrical and constructional limitations (e.g., large NS element stroke) imposed by the respective structural system are taken into account and the values of its individual components are
retained in reasonable ranges. The optimal parameters of the SBA are evaluated using Harmony Search (HS), a novel metaheuristic algorithm [55], and the excitation input is selected
according to the provisions of the EC8.
4.1

Artificial earthquake motion

In this section, a presentation of the details regarding the generation of artificial accelerograms based on the design response spectra is undertaken. For the purposes of this study, the
approach followed is based on generating a sample of artificial accelerograms with acceleration response spectra in accordance with the EC8 design response spectra. Artificial, spectrum-compatible accelerograms are generated using the SeismoArtif Software [56]. In this
paper, the artificial accelerograms are designed to match the EC8 response spectra with the
following seismic properties: ground type C, spectral acceleration 0.36 g, spectrum type I and
importance class II. A sample of 30 artificial accelerograms, with a mean PGA of 5.19 m/sec2
is generated and plotted in Figure (6), and is compared to the EC8 response spectrum. An accurate match is observed (percentage deviation less than 10%) in the range of periods from
0.2 to 2 sec, which are considered relevant for the structural performance.

(a)

(b)

Figure 6: Generation of artificial spectrum compatible accelerograms. (a) Excitation sample, (b) mean acceleration response spectrum of 30 artificial samples compared to the EC8.Table 1

4.2

Optimization constraints and limitations based on engineering criteria

As stated in section 3.1, the independent design variables of the SBA are: i) the nominal
SBA frequency f0, the value of the NS element kNS, the artificial dampers cNS, cPS, and the inerter coefficient bt, assuming that the additional oscillating mass mD and the variations of the
stiffness elements εNS, εPS and εR are known. The optimization problem is formed for the mean
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of the maximum dynamic responses for the 30 artificial records of the database. The objective
function and the constraints are selected from the geometrically non-linear time domain responses, as described below:
i. Assign values to the known parameters (initial guess).
a) According to previous work of KDamper [46], an additional mass of 5% is efficient. In
this paper, in an effort to drastically reduce the additional mass, mD is selected as 0.1%.
b) The stability factors of the positive stiffness elements kPS, kR are conservatively selected as 10%. The variation of the NS element kNS, is selected according to the proposed
configuration presented in section 2.1. 25% is a realistic value.
ii. Set the objective function (OF) as the minimization of the mean of the maximum relative
to the ground base displacements of the structure.

min : mean ª¬max > abs(uB )@º¼

(28)

(OF)

iii. Set an acceleration filter (AF) as a constraint for the structure floors’ absolute acceleration, expressed as a percentage of the mean PGA.

mean ª¬max > abs(ai )@º¼ d AF u mean( PGA)

(i 1,

, n)

((Constraint 1)

(29)

iv. The NS element value and stroke are set as constraints, indicated from the proposed design of the NS configuration presented in section 2.3:

kNS d 30 kN / m / tn
mean ¬ªmax > abs(uB  uD )@º¼ d 0.07 m

(Constraint 2)

(30)

(Constrain 3)

(31)

v. Set an upper limit for the damping coefficients cNS, cPS with respect to the superstructure
mass. This constraint is based on previous works [47] as well as on manufacturing restrictions:

cNS d 1000 kNs / m

(Constraint 4)

cPS d 1000 kNs / m

(Constraint 5)

(32)

vi. The nominal frequency f0 of the SBA varies in the range [0.1 5] Hz, (Constraint 6).
5

NUMERICAL APPLICATION

A numerical case study has been conducted considering a 3-story typical residential building. The elastic modulus of reinforced concrete (assuming long-term cracked conditions) is
equal to E=26 GPa. The mass of the building is considered to be concentrated at the floor
levels, with mi=80 tn denoting the mass of each one of the 3 stories, while the columns are
assumed to be weightless. Rayleigh damping is assumed (mass and stiffness proportional)
with ζSi=0.02. A 15×15m floor plan-view has been considered with 0.3×0.3m square columns. According to performed modal analysis, the natural periods of the original structure are:
TSi [sec] = [0.495, 0.177, 0.122]. The mass of the base is equal to 60 tn and thus the superstructure total mass is equal to 300 tn. The optimal SBA parameters obtained from the optimization procedure described in section 4.2 with acceleration filter (AF) equal to 85%, and
realized with the proposed nonlinear configuration presented in section 2, are presented in
Table (1).
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Fix parameters
Independent design variables
mD
εNS, εPS, εR
kNS
cNS
cPS
bt
(%mtot)
(%)
(kN/m) (kNs/m) (kNs/m) (%mtot)
5
25, 10, 10 -9000
789
667
0.135

f0
(Hz)
0.808

Resulting stiffnesses
kPS
kR
(kN/m)
(kN/m)
22243
23237

Table 1: SBA set of optimized parameters for AF=70%.

In order to observe the efficiency of the proposed system, SBA, the results of the controlled structure are compared to other seismically protected structures. In particular: 1) a
conventional base isolated structure with ζB=5% and fB=0.4 Hz (BI), and 2) a highly damped
base isolated structure with an increased damping ratio of 20% (BI-HD). Table 2 presents the
main dynamic responses of all the considered structural systems (initial, BI, BI-HD, SBA) for
all the artificial accelerograms of the database (mean of max). It is observed that the SBA-85
manages to greatly improve the superstructure dynamic behavior, retaining the base displacement drastically low (few centimeters). Comparative results: a) of the top floor absolute
acceleration, b) the total base shear and c) the base relative displacement between the initial,
the BI and the SBA-85, are presented in Figure 7 for an artificial sample.

(a)

(b)
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(c)
Figure 7: Comparative results, in terms of (a) superstructure absolute acceleration (top floor), (b) total base shear,
and (c) base relative displacement between the initial, a conventional base isolated structure and the SBA-85
system implemented in the base of the structure.

Initial

BI (5%)

1st floor drift mean(max)
(cm)
reduction (%)

3.42

0.36

0.32

1.15

-

89.5

90.6

66.4

3rd floor abs. mean(max)
acc. (m/sec2) reduction (%)

12.45

1.312

1.566

4.539

-

89.5

87.4

63.5

mean(max)

2220.4

281.86

258.3

953.64

reduction (%)

-

87.3

88.4

57.1

Base displace- mean(max)
ment (cm) reduction (%)

-

14.67

11.6

4.97

-

-

20.9

66.1

NS stroke (cm)

mean(max)

-

-

-

6.77

uD (cm)

mean(max)

-

-

-

3.05

Vbase (kN)

BI-HD (20%) SBA (AF=85)

Table 2: Main dynamic responses of the initial, BI, BI-HD and SBA systems, for all the artificial samples in the
database (mean of maximum values).

5.1

Indicative design of the implemented SBA device

For the seismic isolation of the considered 3-story building with total mass of 300 tn, 6
SBAs are used in total, each supporting a mass of 50 tn. The devices are placed uniformly under the base of the superstructure connecting it with the foundation. In order to design the
components of the SBA, the maximum dynamic responses as emerged from this section are
required. Specifically, the NS element kNS is designed according to the maximum NS element
stroke which is max|uNS|=7cm, the PS element kPS according to the maximum relative displacement of the additional mass which is max|uD|= 3.38cm and the kR according to the maximum relative displacement of the base, which is max|uB|=4.95cm.
The negative stiffness for each one of the 6 SBAs in the equilibrium position is kNSi=9000/6=-1500kN/m. Considering the values of kNSi, max|uNS|, the requirement of NS ratio to
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be r>0.75 and by following the procedure described in section 2, the vertical stiffness element
kT of the NS mechanism (Figure 1) is selected to be realized with a leaf spring. The leaves of
the spring along with its clips are made of steel with elastic modulus E=210GPa, shear modulus G=80GPa and yielding strength σy=250Mpa. In Table 3 are summarized the parameters of
the leaf spring, where h, w and L are the dimensions of each metal leaf, xT is the maximum
deformation and HS is the total height of the spring including the gaps between each leaf and
between each group. In Figure 8 is depicted the realistic representation of the proposed spring
along with its dimensions. Also, from the analysis of the NS mechanism is derived the value
of the dimensionless parameter is cI=0.025 and the length of the rod is a=80mm.
h
(mm)
11

Metal Leaf
w
L
(mm)
(mm)
760
556

Total Configuration
kT
xT
NG
(kN/m) (mm)
4
1544.89
78

NB
5

HS
(mm)
808

Table 3: Parameters of Leaf Spring

Figure 8: Representation of the proposed Leaf Spring (a) 3D design, (b) design drawing

For the realization of the positive stiffness elements, 4 heavy duty compression springs are
implemented in each device. These types of springs are used to undergo some considerable
amounts of load and are usually manufactured with large wire diameters along with the rest of
its dimensions. For kPSi=22243/(6×4)= 926.8kN/m and for maximum deformation max|uD| the
dimensions of the each spring are summarized in Table 4. The springs are made of Hard
Drawn ASTM A227 steel and have closed and squared type of ends.
Wire
Outer
Free Number Number Solid
Diameter Diameter Length of active of total Length
(mm)
(mm)
(mm)
coils
coils
(mm)
30
150
300
5
7
240

Spring
Index

Pitch
(mm)

4

42

Table 4: Physical dimensions of the compression spring kPsi

The artificial dampers are realized with four parallel dampers implemented per device. The
damping values are low, cNS=789/(6*4)=32.875 kNs/m and cPS=667/(6*4)=27.8 kNs/m, therefore linear damping devices are used, LD1110 from ITT Infrastructure catalog. The realization of kR=23237 kN/m is possible with 8 simple elastomeric bearings such as SI-N 500/54
(kH=2910*8=23280 kN/m) from the FIP Industriale elastomeric isolators catalog.
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6

CONCLUSIONS

In this paper, a stiff seismic base absorber (SBA) is proposed, that combines an extension
of the KDamper concept with an inerter device, and is implemented in the base of a multistory building for seismic protection. A novel mechanism is proposed for the realization of
the NS element with leaf springs. The design of the SBA is realistic and its optimal parameters are selected based on engineering criteria. Proper constraints and limitations are posed on
the independent design variables and the system nonlinear dynamic responses. The input
ground motions are artificial ground motions generated to be compatible with the EC8 response spectra. In order to verify the effectiveness of the SBA, a comparison is made with a
conventional and a highly damped base isolated structure. Based on the dynamic analysis and
the results obtained, the following concluding remarks can be made:
1. The leaf spring is a simple, cost-efficient and robust solution to carry not only heavy
vertical structural loads but also transversal forces derived by ground motions.
2. The proposed negative stiffness mechanism is capable of supporting an oscillating
mass of 50tn retaining the negative stiffness ratio to acceptable levels (>0.75).
3. The SBA is realistically designed. A small additional mass of 5% is employed, a variation in all stiffness elements is foreseen (10-25%), and the optimal system parameters are obtained by a constrained optimization procedure.
4. The superstructure dynamic behavior of the examined multi-story building controlled
with SBA is greatly improved. More specifically, the floor accelerations and the interstory drifts are significantly reduced (60-70%), and at the same time, the base displacement is dramatically low, as compared to other base isolation approaches (reductions 65-70%).
5. The design of the SBA devices is realistic and within reasonable technological capabilities.
7
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Abstract
This contribution presents a multi-level optimization procedure of nonlinear viscous dampers
(NVDs) for the seismic retrofit of existing substandard steel frames. The procedure is based
on the concept of uniform damage distribution (UDD) and aims to identify the best characteristics of NVDs to satisfy pre-assigned design requirements. The damper-brace elements are
simulated with a Maxwell model comprising a dashpot with power law force-velocity behavior in series with a linear spring simulating the stiffness of the brace-damper system. The
beam and column members of the steel frames are modelled with a distributed-plasticity fiber-based section approach. The optimization procedure is based on iterative nonlinear timehistory analyses performed in OpenSees interfaced with an external subroutine written in
MATLAB that governs the adjustment of the damper properties. The method is developed with
reference to a set of synthetic and natural earthquakes compatible with the Eurocode 8 response spectrum. The effectiveness of the design procedure is illustrated through examples on
3-, 7- and 12-storey substandard steel frames. It is demonstrated that the proposed procedure
leads to frames with reduced maximum inter-story drift, maximum plastic rotation and global
damage index compared to an equal-cost uniform damping distribution. A slight variant of
the procedure is also capable to comply with multiple performance objectives at different intensity levels of the earthquake excitation, thus realizing a multi-level optimization of the nonlinear viscous dampers. This is of practical importance in view of current performance-based
design guidelines of seismic standards.
Keywords: Optimization; Nonlinear viscous damper; Seismic performance; Performancebased design; Steel frames; Energy dissipation.
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1

INTRODUCTION

Many existing structures do not comply with seismic regulations in force today and need
seismic retrofitting interventions. A convenient strategy to increase the seismic performance
of substandard structures while simultaneously reducing the need (and cost) of extensive interventions or localized repairing actions is to install passive energy dissipation devices [1].
These supplemental devices increase the energy dissipation capability of the structure, thus
absorbing a significant portion of the earthquake input energy. In this way, the vibrational energy transferred from the ground shaking to the structure is considerably reduced, and the
structure itself can remain in an elastic (or at the most quasi-elastic) range of behavior under
the seismic design loads [2]. Among the most popular passive energy dissipation systems, fluid viscous dampers (FVDs) proved to be efficient devices for seismic retrofitting purposes.
Some of the advantages of FVDs include the generation of velocity-dependent forces, whose
peak values occur out of phase with respect to the occurrence of maximum displacements in
the parent frame, and the possibility of increasing the damping features of the structure without affecting the stiffness of the structure. The latter characteristic is a major advantage compared to other hysteretic (e.g., metallic) dampers and, in general, to any displacementdependent device as defined in the UNI EN15129 regulations. Moreover, this characteristic
drastically simplifies the design procedure and the topology optimization of the devices.
The seismic performance of a structure equipped with added FVDs is reasonably affected
by the choice of an appropriate size and position of the dampers. A plethora of analytical and
numerical procedures for the optimal design and placement of FVDs have been proposed in
the literature, as overviewed by De Domenico et al. [3], which range from sequential search
algorithms [4] to gradient-based techniques [5], from evolutionary algorithms [6] to a fully
stressed analysis/redesign procedure [7], stochastic-based approaches [8]-[10] or responsespectrum related procedures [11], [12]. Some of the methodologies presented in the literature
assumed a simplified model of the structure (e.g., linear elastic shear-type behavior [13]) and
of the FVDs (e.g., linear viscous dashpots with a force linearly proportional to the relative velocity at the two terminals [14]). Nevertheless, existing substandard frames requiring seismic
retrofitting interventions may exceed the elastic threshold when subjected to severe earthquake excitations, so that incorporation of material nonlinearity in the model seems more appropriate for the correct design and optimal placement of FVDs. Additionally, the constitutive
behavior of FVDs, particularly of dampers available in the market, is more faithfully described by the following nonlinear power law force-velocity expression [15]:
Fd

D

cd ud sgn
sg ud

(1)

where cd is the damping coefficient; u d is the relative velocity between the two terminals of
the device projected along the axis of the damper; D is a velocity exponent related to the hydraulic circuit used, which ranges from 0.1 to 0.5 for commonly used dampers ( D 1 for the
case of linear damper); sgn  represents the signum function. For a fixed hydraulic circuit,
the exponent D is fixed, therefore the design of the dampers reduces to the selection of the
damper size expressed by the damping coefficient cd .
In this contribution, a multi-level optimization procedure of FVDs for the seismic retrofit
of existing substandard steel frames is presented. The proposed procedure addresses nonlinear
viscous dampers (NVDs) and incorporates the nonlinearity of the parent steel frame through a
distributed-plasticity fiber-based section approach. The design methodology aims at achieving
a state of uniform damage distribution (UDD) in the frame, thus avoiding localized damage
(here quantified by the value of the inter-story drift). The state of UDD is achieved through
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iterative nonlinear time-history analyses performed in OpenSees and interfaced with an external subroutine written in MATLAB that controls the adjustment of the damper properties depending on the profile of inter-story drifts at the current iteration. The proposed procedure is
simple and can be applied to satisfy multiple performance objectives at different intensity levels of the seismic input, thus complying with modern performance-based design guidelines of
seismic standards.
2

REFERENCE STEEL FRAMES AND SEISMIC INPUT

The effectiveness of the proposed design procedure is illustrated through examples on 3-,
7- and 12-storey substandard steel frames. More specifically, 3-bay planar steel frames made
of steel S275 are considered, with bay width of 5.0m and story height equal to 3.2m, designed
according to Eurocode 8. Dead loads and live loads equal to 5.0 and 2.5 kN/m2 are considered
for each story except for the roof level where the values are reduced to 3.5 and 1.0 kN/m2, respectively. For the beams, wide flange profiles (HEA types) are adopted, whereas for columns
square hollow sections are used (as an example, 180x17.5 denotes a square section with
thickness 17.5mm and side equal to 180mm) as listed in Table 1. Plan view and front view of
a representative frame (specifically, the 7-story steel frame) are illustrated in Fig. 1.
Story level
1
2
3
4
5
6
7
8
9
10
11
12

3-story frame
beam
column
HE260A
180x17.5
HE260A
160x17.5
HE220A
140x17.5

7-story frame
beam
column
HE300A
260x17.5
HE300A
240x17.5
HE280A
220x17.5
HE280A
200x17.5
HE260A
180x17.5
HE260A
160x17.5
HE220A
140x14.2

12-story frame
beam
column
HE360A
340x17.5
HE360A
340x17.5
HE280A
340x17.5
HE280A
340x17.5
HE280A
340x17.5
HE260A
320x17.5
HE260A
280x17.5
HE260A
220x17.5
HE260A
220x17.5
HE260A
200x17.5
HE260A
160x17.5
HE220A
140x14.2

Table 1: Steel profiles of 3-story, 7-story, and 12-story substandard steel frames to be retrofitted with NVDs.

The finite element model of the steel frames is realized with the software OpenSees [16],
using force-based nonlinearBeamColumn elements with five Gauss-Lobatto integration points
per element, and discretizing the cross section with a number of fibers ranging from 40 to 52.
Geometric nonlinearity (P-Delta effects) is incorporated in the columns, and the Rayleigh
damping formulation is adopted for the steel frame (damping ratio equal to 5% is assumed for
the first mode and for the mode corresponding to a cumulative participating mass equal to
95% of the total mass). The steel frames are retrofitted with NVDs mounted on diagonal braces in the central bay as depicted in Fig. 1. The NVDs are modeled in OpenSees through
twoNodeLink elements with a ViscousDamper material governed by a Maxwell model (i.e.,
nonlinear dashpot with power law nonlinearity expressed by Eq. (1) in series with a linear
spring, representing an equivalent stiffness coefficient of the damper-brace system). Throughout the examples of the paper, the exponent factor is assumed as D 0.3 .
Nonlinear time-history analyses are performed under a suite of synthetic and natural spectrum-compatible records. The design response spectrum is assumed as the Eurocode 8 elastic

4048

Dario De Domenico and Iman Hajirasouliha

design spectrum with peak ground acceleration (PGA) equal to 0.4g (g being the gravity acceleration), soil type C. Fifteen natural records and six synthetic records (nomenclature
SIM01 – SIM06) are selected to match the EC8 target response spectrum, as illustrated in Fig.
2 where the natural periods of the three steel frames are also marked as T3 , T7 , T12 .

Figure 1: Plan view (left) and front view (right) of reference 7-story steel frame (steel profiles listed in Table 1).

Figure 2: Acceleration response spectra of natural (left) and synthetic records (right) versus EC8 target spectrum.

3

UNIFORM DAMAGE DISTRIBUTION (UDD) DESIGN APPROACH

The proposed design approach aims at achieving a state of UDD in the retrofitted structure,
thus avoiding localized damage. The genesis of the UDD method dates back to around fifteen
years ago, and was extensively applied to performance-based optimization of different structural systems, including steel braced frames [17], truss like structures [18], shear buildings
[19], reinforced concrete structures [20], [21], friction walls [22] and buckling restrained
dampers [23].
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To achieve the status of UDD in a structure equipped with NVDs, the damping coefficients
of NVDs are increased in those story levels in which the inter-story drift (damage indicator) is
higher, and are reduced in those story levels that, in contrast, are associated with a modest deformation demand (damage) according to the following sequential updating/adjustment expression:

cdn,i1

§ ' nmax,i
n
cd ,i u ¨
¨'
© target

J

·
¸¸
¹

(2)

where cdn ,i and cdn,i1 indicate the damping coefficients of NVDs at the ith story level relevant to
iteration n and n+1, respectively, ' nmax,i and 'target represent the maximum inter-story drift
ratio at the ith story level calculated at the nth iteration and the target value (depending on the
performance requirement), respectively, while J denotes a scalar parameter that affects the
rate of convergence of the iterative procedure, which is assumed equal to 2.0 in this study.
The sequential adjustment of the damping coefficient distribution controlled by Eq. (2) is carried on until the inter-story drift ratios tend to a uniform distribution, that is, the value of the
coefficient of variation (CoV) of the inter-story drift values is lower than a fixed threshold.

Figure 3: Effect of different initial damping distributions on convergence rate of total damping coefficient (top)
and final height-wise damping distribution after 20 iterations (bottom) for 7-story and 12-story steel frames.

The application of Eq. (2) to the 7-story and 12-story is illustrated in Fig. 3 with reference
to one synthetic record (SIM01). As initial step (step 0) a uniform damping distribution
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cd0 ,i

cd 0 =cost. is assumed, where cd 0 is the minimum value of damping coefficient satisfy-

ing a pre-defined performance requirement (that is, the damping coefficient such that
' nmax,i d ' target for all story levels i). In this case, the target drift ratio is assumed as

' target 1.5% , which is consistent with the FEMA life safety performance level for braced
steel frames [24].
It is worth noting that assuming a different initial distribution does not lead to a local optimum solution, but to the same global solution. Indeed, to demonstrate the convergence rate
and the efficiency of the proposed methodology, in addition to the uniform distribution, two
alternative uniform damping distributions are analyzed as initial solutions, namely
cd0 ,i 0.3 u cd 0 and cd0 ,i 3 u cd 0 . In all cases, the same final height-wise distribution of damping coefficient is obtained after 20 iterations, which confirms that the final optimum solution
is basically independent from the initial choice of the damping coefficient distribution at the
beginning of the sequential procedure. It is also worth noting that assuming J 2.0 ensures a
rapid convergence of the procedure, as the total damping coefficient tends to stabilize after
just 6-8 iterations.

Figure 4: Comparison of four damping distributions considering different seismic input.

Another interesting point concerns the seismic input considered in the application of the
proposed UDD design approach. Indeed, the optimum damping coefficient distribution is
strictly related to the choice of the earthquake excitation used in the iterative nonlinear time-
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history analyses. To scrutinize this effect and the sensitivity of the optimum solution to the
choice of the earthquake record, in Fig. 4 four damping distributions are compared, namely:
uniform distribution, UDD optimum distribution obtained by considering only the first synthetic record (SIM01 distribution), UDD optimum distribution in which the damping distribution is obtained as mean of the six distributions relevant to each of the six synthetic spectrumcompatible records (mean synthetic optimum) and of the fifteen distributions relevant to each
of the fifteen natural spectrum-compatible records (mean natural optimum).
The four damping distributions compared in Fig. 4 are associated with the same total
damping coefficient ¦ cd ,i 6 target . This can be obtained by scaling (at each iteration) the
damping distribution obtained by the iterative application of Eq. (2) according to:

ª¬cdn,i1 º¼
scaled
so that the sum of the damping coefficient

§ 6
·
target
cdn,i1 u ¨ N n 1 ¸
¨ ¦ cd ,i ¸
© i
¹

¦c

d ,i

(3)

6 target remains unchanged during the itera-

tions and for every distribution analyzed. In the specific case, the value 6target is assumed to be
that of the mean synthetic optimum distribution. The results shown in Fig. 4 demonstrate that
the optimum damping distribution obtained by the proposed UDD procedure considering only
one synthetic record (SIM01 distribution) represents a reasonable approximation of the optimum damping distribution obtained by considering a set of spectrum-compatible records
(mean synthetic and mean natural optimum distribution). However, this is more evident in the
case of 3-story and 7-story steel frames, whereas in the case of 12-story frame higher-order
modes make the optimum damping distribution slightly more dependent upon the considered
seismic input. In other words, the use of a single synthetic records leads to acceptable results
for short-to-medium rise structures in the proposed UDD design procedure but may lead to
higher approximations in the case of taller buildings.
4

SEISMIC PERFORMANCE ASSESSMENT OF FRAMES EQUIPPED WITH
OPTIMUM NVDS

Once the optimum damping distribution of NVDs is identified through the proposed UDD
design methodology, the seismic performance can be assessed by performing nonlinear timehistory analyses of the steel frames equipped with NVDs under the selected fifteen natural
spectrum-compatible records. Hereafter only average max results of some selected response
indicators are reported to quantify the seismic performance of the structure equipped with different distribution of NVDs, namely: NVDs uniformly distributed along the building height
(called “uniform distribution”); NVDs designed according to the proposed UDD methodology
considering a single synthetic record (called “SIM01 distribution”) and the mean of the damping distributions considering the six synthetic optimum distribution (simply called “optimum”). The three distributions share the same total damping coefficient, so that the different
seismic performance of the three structures is uniquely related to the different height-wise distribution of the NVDs. This aims to quantify the effectiveness of the proposed UDD design
philosophy against the uniform (equal cost) damping distribution in terms of seismic performance. Relevant results, in terms of average maximum values of plastic rotation, global damage index (quantified as indicated by Nabid et al. [22]), base shear and floor acceleration are
depicted in Fig. 5 in a normalized fashion, scaled to bare frame results, with standard devia-
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tion values being reported in the superimposed error bars. It can be observed that the proposed
UDD design philosophy leads to frames with reduced maximum inter-story drift, maximum
plastic rotation and global damage index compared to an equal-cost uniform damping distribution. A marked difference is noted in the values of the local (plastic rotation) and global
damage indices, whereas the response in terms of base shear and floor acceleration is rather
comparable in the three analyzed damping distributions, which is reasonable in view of the
fact that the three damping distributions share the same total damping coefficient.

Figure 5: Seismic performance assessment of structures equipped with different distributions of NVDs.

5

MULTI-LEVEL PERFORMANCE-BASED OPTIMIZATION OF NVDS

It has been noted that the proposed methodology is of simple application and requires few
iterations to converge. It is rather easy to incorporate the nonlinearity of the parent frame and
that of the damper behavior. As an additional potential of the proposed approach, a slightly
variant of the proposed UDD methodology makes it possible to address multiple performance
objectives at different intensity levels of the seismic excitation. To this aim, a simple and conservative way to accomplish this objective is to generalize the sequential updating expression
given in Eq. (2) as follows:
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n 1
d ,i
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«¬¨© ' target
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¸¸
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(4)

,K
K
th
where ' nmax,
i and ' target represent the maximum and target inter-story drift ratio at the i story

level, for the nth iteration, and the Kth performance objective, respectively, with K

I , II ,}

including all the performance levels of interest.
To demonstrate the application of the proposed multi-level UDD design methodology, we
extend the procedure previously illustrated for a single performance objective to two (rather
than one) performance levels, namely: I = life safety (LS) performance level under the design
basis earthquake (DBE) (corresponding to a 10% probability of exceedance during the reference life of the structure) and II = collapse prevention (CP) performance level under the maximum credible earthquake (MCE) (corresponding to a 2% probability of exceedance). In this
paper, DBE is defined by PGA = 0.4g, whereas MCE is defined by PGA = 0.56g (that is,
I
1.5% and
MCE = 1.4 DBE). The target inter-story drift ratio is set equal to ' target
II
' target

2.0% for DBE and MCE, in accordance with FEMA guidelines for LS and CP per-

formance levels in braced steel frames [24].
Fig. 6 illustrates the maximum drift ratio along the building height (average results under
the six synthetic records) comparing the UDD design methodology in its single-level and
multi-level variant. It is clearly observed that the multi-level UDD methodology satisfies all
the performance requirements on the maximum drift ratios for both DBE (LS) and MCE (CP).
In contrast, the single-level UDD methodology leads to maximum drift ratios exceeding the
MCE limitations for all the steel frames, in a more marked way in the case of the 3-story and
7-story steel frames, and in a less evident way for the 12-story steel frame. This example
demonstrates that it is rather simple to incorporate different performance requirements in the
proposed UDD design methodology through the adoption of the sequential formula (4).

Figure 6: Maximum drift ratios ' max for single-level and multi-level UDD design procedure under DBE-MCE.
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6

CONCLUSIONS

A simple yet efficient performance-based methodology for the optimum design of NVDs
for the seismic retrofit of existing substandard steel frames has been presented. The proposed
methodology invokes a UDD design philosophy and assumes, for simplicity, that the level of
damage at a specific story is directly related to the value of the drift ratio associated with that
story level. However, the generality of the formulation makes it possible to address other
damage-related measures in a similar fashion and using a similar implementation approach.
The core of the design procedure is based on an iterative adjustment of the damping coefficients of NVDs along the building height in order to achieve a status of uniform damage. In
particular, the damping coefficients of the story levels undergoing larger extent of damage are
increased, whereas the damping coefficients related to those story levels experiencing modest
deformation demand are decreased iteratively. The design procedure entails a sequence of
nonlinear time-history analyses, performed in OpenSees, and interfaced with an external
MATLAB subroutine that governs the iterative updating of the damping coefficients. The
procedure is general and easily incorporates the nonlinearity of the parent steel frame (through
a distributed plasticity fiber-based section approach) and of the damper behavior (through a
Maxwell model comprising a linear spring in series with a nonlinear, power law, dashpot element). The efficiency of the proposed design procedure has been illustrated with reference to
three benchmark structures, namely 3-story, 7-story and 12-story substandard steel frames.
The convergence of the proposed procedure has been investigated with reference to the initial
damping distribution (set at the beginning of the iterations) as well as by considering different
natural or synthetic records (belonging to the same class of spectrum-compatible records) as
representative seismic input. It has been found that the proposed UDD design philosophy
leads to steel frames with reduced maximum inter-story drift, maximum plastic rotation and
global damage index compared to an equal-cost uniform damping distribution. A slight variant of the procedure has also been proposed to comply with multiple performance objectives
at different intensity levels of the earthquake excitation, thus realizing a multi-level optimization of the nonlinear viscous dampers, in line with current performance-based design guidelines of seismic standards.
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Abstract
The seismic vulnerability of existing precast RC buildings not designed against seismic actions
is a well-known issue nowadays, as emerged from the aftermath of the seismic events that affected many productive areas in the Emilia region (north Italy) in 2012. This is a consequence
of the lack of structural redundancy and the widespread adoption of friction-based connections,
which can lead to collapses and significant damage to contents. Thus, the necessity of identifying suitable intervention strategies has been widely recognized by researchers, which proposed
different retrofit techniques. One of the most diffused approaches is to introduce mechanical
connectors between columns and roof elements, resulting in an increase of the base shear and
the need to strengthen the columns. To prevent this phenomenon, dissipative devices based on
Carbon-Wrapped Steel Tubes (CWST) are introduced herein for the retrofit of existing precast
RC structures, aiming at reducing the forces transmitted to columns, and providing a suitable
connection between columns and beams. To this regard, this paper discusses the seismic retrofit
of an existing precast building equipped with CWSTs. Linear and non-linear time history analyses have been conducted on two different models of the structure, one with hinged beam-column connections, and on the one with CWSTs. The yielding and the ultimate rotations of the
plastic hinges at the base of the columns as well as the cyclic shear resistance depending on
the ductility demand on each element, are defined according to Eurocode 8 prescriptions. The
paper discusses the effects of the introduction of the CWSTs in the connections in terms of forces
and proposes equivalent behavior factor values for the two structures.
Keywords: Precast RC buildings, Dissipative devices, Seismic retrofitting, NLTH analysis,
Behavior factor
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1

INTRODUCTION

Since the 1970s, precast Reinforced Concrete (RC) structures have been widely used in
many countries for one-story industrial buildings such as warehouses and factories. The seismic
vulnerability of existing precast RC buildings built without seismic-design criteria is a wellknown issue nowadays, as highlighted by damage occurred after the 2012 Northern Italy earthquakes that affected many productive areas [1, 2, 3, 4, 5]. The main source of vulnerability of
these structures is the lack of effective mechanical connectors between their structural elements,
indeed friction-based connections were widespread [6, 7, 8, 9, 10]. Friction-based connections
are not able to guarantee an effective shear force transmission, causing loss of support failures
and collapses; moreover, the simultaneous effect of the horizontal and vertical components of
the seismic action can increase the probability of occurrence of this type of failure [11]. The
vulnerability of structures characterized by these frictional connections has been confirmed by
numerous numerical simulations [8, 10, 12, 13, 14, 15]. In addition, the failure of beam-column
connections based on friction only, can frequently occur before the development of plastic
hinges at the base of columns, causing undesired non-ductile failure modes, as reported in
Deyanova et al. [16].
Given the high vulnerability of friction-based connections and the economic significance of
prefabricated RC structures, many strengthening solutions have been proposed in the literature
[6, 8, 17, 18, 19]. The reduction of damage and collapses due to seismic events for this type of
structures, becomes even more strategical since a high economic impact due to industrial business interruption has to be taken in account, in addition to the direct economic losses [20, 21,
22]. All the strengthening solutions are typically based on the introduction of steel ties, plates,
or cable restraints, to avoid sliding of the beams and therefore unseating failures. Most of these
solutions aim only at converting friction-based connections into hinged connections with no
focus on energy dissipation, and therefore they often require the strengthening of the base of
columns.
Thus, ad hoc solutions based on different energy dissipation mechanisms have been proposed. For instance, Dal Lago et al. [23, 24, 25] proposed to concentrate energy dissipation in
simple and rather inexpensive elements, such as steel angles connectors. Scotta et al. [26] focused on the dissipative role of cladding panels acting as shear walls; Belleri et al. [27] introduced energy dissipation in hinged connection, suggesting a re-centering dissipative devices
based on rotary friction; Martinelli and Mulas [28] proposed a similar solution involving the
insertion of devices dissipating energy through rotary friction, with no re-centering capacity.
Alternative solutions are based on the introduction of dampers, as suggested by Marinini et al.
[29].
In this context, the present paper refers to a low-damage solution for the retrofit of beamcolumn connections of existing precast RC structures, proposing the introduction of dissipative
fuse devices based on Carbon-Wrapped Steel Tubes (CWST), introduced in Pollini et al. [30,
31]. Pollini et al. [32] presented an analytical simplified approach to estimate an equivalent
behavior factor to be used in design applications with these devices, validated by comparison
with a large number of incremental dynamic analyses (IDAs).
In this paper, the evaluation of the improvement in the seismic behavior of an existing precast RC building retrofitted with CWST devices is proposed, through comparative considerations on the behavior factor calculated for the existing structure, and for the one after the
intervention. The first part of the paper presents the properties of the dissipative fuse devices
adopted for the retrofit intervention of the main frame of the building. Thus, the modelling
strategies are described in detail, as well as the development of the non-linear time history analyses. Finally, the results in terms of behavior factor quantification, for the current structure and
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for the retrofitted one, are proposed and discussed with the aim of evaluating the effects of the
CWSTs in the reduction of the seismic vulnerability of the building.
2

CWST DISSIPATIVE DEVICES

The dissipative fuse devices based on CWSTs [31, 32] considered in the present paper have
two main purposes: (i) to connect beam-column joints in order to prevent the possible unseating
failure of beams, and (ii) to act as dissipative fuses, thus reducing the effects of seismic actions
on structural elements. Specific studies in automotive engineering on structural crashworthiness
[33, 34] showed that metals, combined with composite materials in thin-walled circular tubes,
have excellent capacities of energy absorption under axial compressive loads. From these, the
CWST devices were developed, and an example of a real application can be seen in Figure 1a.

(a)

(b)

Figure 1: (a) Example of a beam-column connection provided with coupled CWST dissipative devices; (b) single
fuse device made of carbon-wrapped steel tubes.

It is worth noticing that, since each CWST (Figure 1b) dissipates energy only under compressive loading, two devices must be positioned at each beam-column joint. A threaded bar is
placed through the CWSTs in order to guide their displacement, and also to ease their connection to structural elements. In this way, standard steel anchoring elements can be used to fix the
threaded bar to the column. Moreover, the anchorage on the beam is guaranteed by a significantly stiff and strong steel element, able to transfer forces from beams to the CWSTs.
The CWST device works firstly in the elastic range, like a fuse restraint avoiding relative
displacement between two structural components, below a certain pre-established force threshold. Above this threshold, the plastic deformation of the device begins (plasticization phase),
as well as the energy dissipation.
In order to understand the behavior of the devices, in Figure 2a the force-deformation diagram of a single CWST in compression is proposed [31]. In the Figure, Feq is the equivalent
plastic force threshold, and Smax is the maximum deformation capacity. The behavior of a connection with a CWST device can be described within three main steps. In the initial branch OA the device remains elastic, and the lateral seismic force is fully taken by the column. As soon
as the force overcome Feq (branch A-B of the curve), the device starts to buckle and the plastic
deformation develops, while a constant value of the force is transmitted to the column. After
point B, when the device attains its maximum deformation capacity, the stiffness boosts significantly. At this step, the device performs as a displacement-limiter between beams and columns,
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thanks to the aforementioned threaded bar, thus, from this point, the columns fully bears the
seismic load and start to deform and yield (typically at the base).
In case of ground motions, and in general under cyclic loading, the two CWSTs positioned
in one joint, work alternatively. Figure 2b represents the force-deformation law of a couple of
devices in case of cyclic loads. In the picture, the red path shows that, when a load reversal
occurs after entering the plastic branch of one of the devices, the connection slides with no force
until the recovery of the entire deformation.

(a)

(b)

Figure 2: Force-deformation behavior of the CWST device: (a) single device behavior under compression; (b)
hysteretic behavior of two devices under cyclic loading.

3

FEM MODELS OF THE PRECAST RC FRAME

The seismic retrofit with CWST devices is herein applied to an existing precast RC building
located in Carpi (MO), in the Emilia Romagna region (Italy). The building was built in the ’70,
and features double span main frames constituted by I-shaped precast beams, simply supported
on rectangular precast columns. After the seismic events of May 2012, the building was subjected to a temporary retrofit solution with steel plates applied at the beam-column joints, aimed
to prevent the unseating of the precast elements. It is worth noticing that the retrofit with
CWSTs discussed in this work, has the purpose of improving the seismic behavior of the building with respect to the current condition.
The roof slab is made by simply supported hollow-clay elements, without a rigid concrete
slab, thus, the structural scheme lacks structural redundancy, consisting in simply supported
beams and cantilever columns [35, 36]. Since the building is simple and regular in plan, and
there is not a rigid diaphragm at the roof level, the seismic behavior of the entire building can
be approximated with the 2D model of one of the internal main frames, in the direction of the
beams. In the orthogonal direction, a different retrofit solution was adopted.
In order to evaluate the effects of the retrofit intervention, two different frames are modelled
with finite elements, with the software Midas GEN [37]:
A) main frame of the building with hinged beam-column connections, representing the
structure in the current condition with the temporary retrofit solution (Figure 3a);
B) main frame of the building with CWST devices placed at the beam-column joints, representing the retrofitted structure (Figure 3b). In this last model, appropriate link elements, i.e. nonlinear springs, are used in order to model the behavior of the dissipative
devices, as explained in the following sections.

4061

Lucia Praticò, Andrea Vittorio Pollini, Devis Sonda and Nicola Buratti

The frames are subjected to seven horizontal recorded ground-motion accelerograms, according to Eurocodes prescriptions for safety verifications of existing buildings with non-linear
analyses [38, 39], as furtherly described in Section 4.1. The vertical seismic action is not considered in this work.

(a)

(b)
Figure 3: Structural FEM models adopted in the analyses: a) model A representing the existing structure; b)
model B representing the frame retrofitted with CWSTs.

The main frame illustrated features two spans of 21.8 m, with precast main beams characterized by sections with depth spanning from 0.8 m at their ends to 1.6 m at mid-span. The three
columns are 5.5 m high, with a rectangular section of 40 x 54 cm. Mechanical steel connectors
are present between beams and columns, allowing to consider a rigid hinged connection between the elements in the existing condition.
The gravity loads are computed in the seismic combination of actions [38] according to the
influence area of each element, and transformed into lumped masses for the dynamic analyses.
The axial load ratio, computed in the seismic combination of loads, is 0.033 for the two external
columns, and 0.063 for the internal. The material properties have been estimated according to
in-situ testing reports, showing a concrete class C32/40 and a steel class FeB44k for the column
reinforcement.
Since the building was built before the introduction of seismic design criteria in the region,
the columns exhibit low seismic detailing and in particular poor transverse reinforcement. Indeed, the columns are reinforced with 4ĭ14 ribbed bars with 2.5 cm concrete cover, and 2
additional ĭ6 located along the height of the section, confined with transversal stirrups ĭ6
spaced 20 cm. The columns are modelled clamped at their base, since, due to the presence of a
rigid industrial floor, the interaction with the foundation is not under analysis in this work. At
the base of columns, non-linear lumped plastic hinges are modelled adopting trilinear momentrotation relationships, defined according to Eurocode 8 formulations for reinforced concrete
structures [39]. The shear resistance of the columns is computed following the expression for
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cyclic shear resistance calculation in Eurocode 8 [39], depending on the ductility demand of
each element. It is worth noticing that, in all models, beams have a linear behavior since no
damage is expected to occur in these elements.
3.1 Properties of the plastic hinges
The non-linear flexural behavior of columns is taken into account by means of plastic hinges
at their base. Trilinear moment-rotation rules are implemented, considering the cracking point
(Ʌ , ܯ ), the yielding point (Ʌ௬ , ܯ௬ ), and the ultimate point (Ʌ௨ , ܯ௨ ), with a perfectly plastic
post-yielding behavior. The hysteresis model considered is a symmetric Takeda rule [40] able
to represent the stiffness degradation of the elements, with an exponent in unloading stiffness
equal to 0.4, and an inner loop unloading stiffness reduction factor equal to 1.
The value of the chord rotation at cracking is calculated as the ratio between the cracking
moment and the elastic stiffness of a cantilever column with a fully reacting section. The yielding and the ultimate rotations at the life safety limit state are defined according to Biskinis and
Fardis formulations [41, 42] adopted in Part 3 of Eurocode 8. The formulas are reported in
Equations (1) and (2), respectively:
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(2)

where: Ԅ௬ is the yield curvature at the end section, ܮ is the ratio moment/shear at the end section, ݄is the depth of the cross-section, ݀ is the mean diameter of the tension reinforcement,݂௬
and ݂ are the steel yield stress and the concrete strength, respectively, ɀ is equal to 1.5 for
primary seismic elements, ɋ is the axial load ratio, ɘ and ɘᇱ are the mechanical reinforcement
ratios of the tension and compression, respectively, longitudinal reinforcements, Ƚ is the confinement effectiveness factor, ɏ௦௫ is the ratio of transverse steel parallel to the direction of loading, ݂௬௪ is the stirrup yield strength, ɏௗ is the steel ratio of diagonal reinforcement, if any, in
each diagonal direction. It is worth noticing that the same materials and sections characterize
the three columns, which differ only because of the axial load. Mean values of the material
properties are adopted to calculate moments and rotations. Moreover, the shear span ܮ is equal
to the full column height. The coordinates of the characteristic points of the trilinear plastic
hinges are reported in Table 1.
It is important to highlight that the expression used for the calculation of Ʌ௨ is defined for
elements with ribbed bars and seismic detailing. The formula can be also adopted for elements
that are not conforming to seismic codes, by applying reduction factors. In particular, empirical
scaling factors are defined based on whether a member i) does not conform to modern seismic
codes (22.9% reduction); ii) is not provided with properly anchored stirrups providing effective
confinement (1.6% reduction); iii) has laps of longitudinal bars inside the plastic hinge region
(from 15% to 66% reduction). This last factor significantly influences the calculation of the
ultimate rotation [43], resulting in a reduction coefficient which increases if the lap is less than
40 diameters (in case of ribbed bars). For the case study frame, the first two empirical reduction
coefficients are taken into account for the determination of Ʌ௨ . Since the columns are prefabricated, with continuous longitudinal bars, it is not possible to consider the third correcting coefficient. All this enhances the necessity to evaluate other types of significant reduction
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coefficients to be proposed in this formula for the specific case of existing prefabricated elements not designed with anti-seismic standards, for which additional research may be required
[44, 45].
In this work, in order to analyse the sensitivity of the results depending on the value of ultimate chord rotation considered, the authors consider the adoption of two alternative values corresponding to 80% and 60% of Ʌ௨ . Thus, the dynamic analyses are conducted with three
different threshold values of rotations for both the models (i.e. model A and B), in order to
evaluate the influence of this parameter on the estimation of the behavior factor. The values
calculated for the case study frame are presented in Table 1.

External column
Internal column

ܯ
(kNm)
70.5
70.5

ܯ௬
(kNm)
236.6
297.5

ܯ௨
(kNm)
236.6
297.5

Ʌ
(rad)
0.00074
0.00074

Ʌ௬
(rad)
0.01412
0.01462

Ʌ௨
(rad)
0.03232
0.03118

80% Ʌ௨
(rad)
0.02586
0.02495

60% Ʌ௨
(rad)
0.01939
0.01871

Table 1: Characteristic points of the moment-rotation relationships adopted for the external and the internal columns of the precast frame.

3.2 Shear resistance
The shear in columns is checked at each step of the analysis with respect to the shear resistance, as prescribed by Eurocode 8, avoiding the modelling of non-linear shear hinges. The
formula adopted for the verification is given in Eurocode 8, part 3 [39]. It accounts for the cyclic
shear resistance which decreases with the increase of the plastic ductility demand Ɋ
ο . This last
parameter is calculated as the plastic part of the chord rotation normalized to the yielding chord
rotation Ʌ௬ . The adopted shear strength formula is reported in Equation (3).
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where: ɀ is equal to 1.15 for primary seismic elements,݄is the depth of the cross-section, ݔis
the compression zone depth,ܮ is the ratio moment/shear at the end section, ܰ is the compressive axial force, ܣ is the cross-section area, ݂ is the concrete strength, Ɋ
ο is the plastic part of
the chord rotation normalized to the yielding chord rotation, ɏ௧௧ is the total longitudinal reinforcement ratio, ܸௐ is the contribution of transverse reinforcement to shear resistance.
In this formula, mean values of the material properties divided by the partial factors are
considered to calculate the shear resistance, in accordance with Eurocode criteria for safety
verifications of brittle failure modes. Moreover, the resistance is updated at each step of the
analysis depending on the actual ductility demand. In addition, if the ductility demand is lower
than 1, the value of shear resistance is calculated with the expression defined for members not
requiring shear reinforcement, given in Eurocode 2, part 1-1 [46].
3.3 CWSTs dissipative devices
The CWST dissipative devices are introduced in frame B (see Figure 3), i.e. the retrofitted
one. The devices are modelled in Midas GEN through the use of two link elements working in
parallel:
x

a non-linear symmetric element with property type SLIP bilinear (link 1 element in
Figure 3b) which simulates the cyclic behavior of the devices before the attainment of
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the maximum deformation capacity. A yielding strength Feq equal to 30 kN and an initial
stiffness is 30’000 kN/m are considered. This element works symmetrically in order to
represent the presence of two CWSTs equipped at each beam-column node;
x

a non-linear symmetric element with SLIP bilinear property defined with an initial gap
of 7.5 cm (link 2 element in Figure 3b), which simulates the behavior of the devices
after the attainment of the maximum deformation Smax capacity. It is modelled with a
symmetric behavior in order to consider the maximum displacement of both tubes. The
yielding strength and the stiffness of this element are set with significantly high values,
so that to model a rigid hinged connection between beams and columns.

A couple of link elements with the aforementioned properties is modelled at the top of each
column, connecting beams to columns, to represent a set of seismic devices working in the
horizontal direction of the ground-motion. At the top of the internal column, an additional horizontal rigid link is modelled in order to connect the seismic devices to both beam ends, as
shown in Figure 3. It is worth saying that a vertical support is guaranteed for each node of the
beams through appropriate settings in the software.
Friction was not implemented in the models because of the uncertainty in the determination
of the parameters that control this mechanism, i.e. the definition of the coefficient of friction,
the combination of horizontal and vertical components of the seismic action, and the energy
dissipation related to friction. Considering a frictional mechanism in the model would imply to
admit the benefits of friction energy dissipation that cannot be considered to be constant, and
on which it is not always possible to rely because of the variations of the axial load in columns,
due to the vertical component of the ground-motion. Furthermore, standard provisions do not
allow to consider friction in the seismic response of structures.
Nevertheless, the contribution of friction in terms of maximum force transferred to columns,
has been take into account in the selection of the yielding strength capacity of the dissipative
devices adopted in this case study. Indeed, the value of the equivalent force of plasticization Feq
(see Section 2) for the CWSTs, was selected to be lower than the maximum value of force that
could be transferred to the top of the columns without yielding their base sections.
Consequently, the column exhibits a certain degree of overstrength in order to guarantee that
the sum of friction threshold force and of forces transmitted by the CWST devices, is lower
than the force that would lead to the formation of a plastic hinge at the base. This is in accordance with the design criterion of this retrofit intervention, aimed at having columns performing
linear elastic until the devices reach their maximum deformation capacity. Therefore, Feq plus
the contribution of frictional forces, has to be lower that the force activating yielding in columns,
i.e. about 43 kN in for the external columns, and 54 kN for the central column, for the frame
under analysis.
4

TIME-HISTORY ANALYSES

The first step of this Section consists in performing linear modal analysis to estimate the first
period of vibration of the existing frame. For this purpose, model A is implemented in a linear
model without the three plastic hinges at the base of the columns, but considering the cracked
stiffness of the columns, following Eurocode 8 prescriptions [38]. In particular, a reduction
coefficient for the moment of inertia of each column has been evaluated, so that to consider the
secant lateral stiffness at yielding of each column. The result of this analysis is a first period of
vibration T1 of 1.561 seconds, for which almost the entire modal mass of the structure is participating. Indeed, precast RC structures are typically simple and strongly dominated by one vibrating mode [31].
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4.1 Selection of the records
The seismic input adopted for the non-linear dynamic analyses is a set of 7 spectrum-compatible ground acceleration time histories. The target spectrum for the selection is the life safety
limit state elastic response spectrum, defined by the Italian building code [47] for the site of
Carpi (MO) in Italy. This spectrum has a return period of 712 years, corresponding, to a nominal
life equal to 50 years and importance class III. Ground type C with no topographic amplification
effects is assumed. The 7 accelerograms used in the analyses were selected from the NGA-West
database developed by PEER [48], with the following ad hoc algorithm: i) only earthquakes
with moment magnitude between 4 and 6 and recording stations with source-to-site shorter than
30 km are considered; ii) pulse-like ground-motions are excluded; iii) recordings not usable for
periods up to 3.0 s are excluded [49]; iv) all spectra of the remaining accelerograms are scaled
to the PGA of the target spectrum; v) response spectra with scaling factors higher than 3.0 or
lower than 0.4 are excluded; vi) the scaled spectra are sorted based on ascending values of the
average root-mean-square deviation of the observed spectrum from the target (DRMS) [49] in
a range of periods from 1.0 s to 3.0 s; vii) all the possible combinations of 7 spectra are considered among the 10 scaled spectra with the lowest DRMS values; viii) for each combination of
7 spectra the DRMS value for the mean spectrum is computed; ix) the 7 spectra with the mean
spectrum with the lowest DRMS value are identified.
The selected scaled spectra are plotted in Figure 4, and the corresponding ground-motion
data are reported in Table 2. In particular, the earthquake name and year are indicated, together
with the name of the recording station, the Joyner-Boore source-to-site distance RJB, the moment magnitude (Mw), the direction of the horizontal component with reference to the NGA
classification [48], the peak ground acceleration PGA, and the scaling factor SF0.
Following Eurocode 8 recommendations [38] when seven ground motions are used, the average result of the response quantities from the analyses is adopted to compute the value of the
action effect.

Figure 4: Scaled response rectum for each of the 7 accelerograms selected (gray lines), average spectrum (red),
and target code spectrum for spectral compatibility in the range of periods spanning from 1.0 s to 3.0 s. The PGA
is indicated with the symbol u. All the accelerograms are scaled to the same PGA.

4066

Lucia Praticò, Andrea Vittorio Pollini, Devis Sonda and Nicola Buratti

N°

Earthquake name, Year
[-]

Station name
[-]

TH1 Chalfant Valley-01, 1986 Bishop - LADWP South St
TH2 Chalfant Valley-01, 1986 Bishop - LADWP South St
TH3
Westmorland, 1981
Brawley Airport
TH4
Westmorland, 1981
Salton Sea Wildlife Refuge
TH5
Coyote Lake, 1979
Gilroy Array #3
TH6
San Salvador, 1986
National Geografical Inst
TH7
Coyote Lake, 1979
Gilroy Array #3

RJB distance Mw Component PGA
[km]
[-]
[-]
[m/s2]
23.38
23.38
15.28
7.57
6.75
3.71
6.75

5.77
5.77
5.90
5.90
5.74
5.80
5.74

H1
H2
H1
H2
H2
H1
H1

1.270
0.926
1.660
1.729
2.242
3.987
2.673

SF0
[-]
1.982
2.717
1.516
1.455
1.122
0.631
0.941

Table 2: Main parameters of the seven accelerograms selected.

4.2 Non-linear analyses
Non-linear time history analyses have been performed on both model A (frame with hinged
connections) and model B (frame retrofitted with CWSTs), with the purpose of estimating, for
each accelerogram, the scaling factor that leads to the attainment of one of the ultimate conditions of the structure. In particular, each record is gradually scaled until one of these collapse
conditions is reached: (i) ultimate chord rotation in one of the three columns; (ii) cyclic shear
resistance in one of the three columns. It is worth saying that the scaling of the time-histories is
performed with factors SF1 on the records already scaled with the SF0 introduced for the spectra
compatibility. The scaling factors SF1 are reported up to the first decimal digit. Therefore, the
i-th accelerogram is actually scaled by SFi = SFi0āSFi1.
The non-linear analyses are carried out with Rayleigh damping, calculated based on the first
and the second periods of vibration (see Section 4.1), considering 5% damping ratio. P-Delta
effects are also taken into account in the analyses, even if not particularly significant for this
frame, since the columns are characterized by low axial loads.
For each analysis, the time histories of the following response parameters are evaluated: the
shear in columns, the displacements at the top of columns, the chord rotations of columns, the
hysteretic behavior of the CWSTs and of the plastic hinges. As mentioned before, the analyses
are conducted considering three different values of the ultimate chord rotations:
x

Rotation Limit RL1 - Ultimate chord rotations calculated with Equation (2);

x

Rotation Limit RL2 - 80% of the values of the ultimate chord rotations adopted in RL1;

x

Rotation Limit RL3 - 60% of the values of the ultimate chord rotations adopted in RL1.

As an example, some significant results are proposed for models A and B, referring to the
accelerogram TH6, for a scaling factor SF1 equal to 1, for the ultimate chord rotations capacity
RL1. Figure 5 shows moment-rotation plots for the left and the central column of the frame, for
the model A (black line) and the model B (red line). In the model A, the rotation in all plastic
hinges exceeds the yielding point, while in the model B, all columns remain elastic. Moreover,
in model B, one of the CWST devices in each couple at the top of the three columns, reaches
the maximum deformation capacity Smax. Therefore, the three link 2 elements (see Section 3.3)
are activated, transferring the full effect of seismic actions from beams to columns. This effect
is visible in Figure 6, which shows the non-linear force-deformation cyclic behaviors of the
three devices in model B. The cyclic behavior link 1 elements are shown in Figure 6a, these
have a deformation capacity Smax equal to 7.5 cm, then the link 2 elements are activated (Figure
6b).
With the subsequent increase of the scaling factor SF1 of time history TH6, the yielding of
the plastic hinges of columns gradually occurs also in model B. However, the three columns in
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model A reach the ultimate rotation values for a SF1 equal to 1.30, lower than the one corresponding to model B, which is equal to 1.70. Furthermore, for all time histories, it can be observed that the plastic hinges of the columns in model B remain elastic until the CWST devices
attain their ultimate deformation capacity. This confirms that the CWSTs in model B, allow to
guarantee a higher performance against the ultimate rotation capacity of columns.

(a)

(b)

Figure 5: Cyclic behavior of columns plastic hinges for model A (black line) and model B (red line), for time
history TH6 and SF1 = 1: a) left column the frame; b) central column of the frame.

(a)

(b)

Figure 6: Cyclic behavior of the three CWSTs at the beam-column nodes in model B, for time history TH6 and
SF1 = 1: a) cyclic behavior of link 1 (see Section 3.3); b) cyclic behavior of link 2 (see Section 3.3).

In order to further evaluate the influence of the CWSTs, the time-histories of the deformations
in the plastic hinge, and the shear in the left column of the frame, are proposed in Figure 7 and
8, for the accelerogram TH2 and the rotation limit RL1. Figure 7a and 8a refer to a scaling
factor SF1 = 1.5 for both models, while Figure 7b and 8b refer to a scaling factor SF1 = 2. In
Figure 7, the positive effect of the devices can be observed in terms of lower deformations in
model B compared to model A. Figure 8a shows that the left column in model A reaches a value
of shear that corresponds to the yielding of the plastic hinge (about 43 kN), while the left column
in model B has lower shear values. Indeed, for a scaling factor SF1 = 1.5, all the columns in
model A are yielded, while all the columns in model B are still elastic.
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(a)

(b)

Figure 7: Time-histories of the chord rotation of the left column for TH2, for model A (black line) and model B
(red line): a) SF1 = 1.5; b) SF1 = 2.0.

(a)

(b)

Figure 8: Time-histories of the base shear for the left column for TH2, for model A (black line) and model B (red
line): a) SF1 = 1.5; b) SF1 = 2.0.

For SF1 =2, Figure 8b, it is possible to observe that the left column reaches the yielding force
both in model A and B. However, in Figure 7b it can be noticed that, even if the left column is
yielded in both models, the deformation of the plastic hinge in model B is lower than in model
A. This is the positive effect of the activation of the CWSTs in the non-linear model B.
As mentioned before, the different values of chord rotations influence also the calculation of
the resistance against cyclic shear. For the left column of the frame with SF1 = 2, that is equal
to 82.3 kN for model A and 135.7 kN for model B. Whereas, for SF1 = 2, they decrease to 80.6
kN and 81.7 kN, respectively. Indeed, due to the fact that the ductility demand is higher in
model A, the shear resistance is lower than the one found for model B, for both scaling factors.
In any case, the shear strength of columns is always higher than the shear value corresponding
to the maximum flexural capacity of the plastic hinges, therefore no shear failure is predicted
by the analyses. Therefore, the base shear at the ultimate condition is equal for systems with
and without CWSTs, so the verifications depend on the value of chord rotations only.
Table 3 summarizes the scaling factors to be used in models A and B in order to achieve the
ultimate rotation of the plastic hinges at the base of columns, considering the three different
rotation limits RL defined at the beginning of the present section. The positive effect of the
CWSTs is generally visible, since the model B reaches the collapse condition for higher scaling
factors compared to model A. However, ground-motion record TH1 has an opposite behavior
for the rotation limit RL1. Anyway, this effect is not observed considering all the other cases.
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This particular behavior can be attributed to the insurgence of dynamic amplifying effects in
model B for this specific record, at scaling factors SF1 higher than 2.8. Indeed, for lower scaling
factors, the positive action of the CWSTs is again evident in model B. As expected, the lowest
scaling factors for both models A and B among the three thresholds considered, are found for
RL3, corresponding to 60% reduction of the ultimate chord rotations.
N°

TH1
TH2
TH3
TH4
TH5
TH6
TH7

SF0

1.982
2.717
1.516
1.455
1.122
0.631
0.941

RL1: Ʌ௨
SF1
model A
3.20
2.80
3.10
3.80
1.80
1.30
3.60

RL2: 80% Ʌ௨

SF1
model B
2.90
3.20
3.90
5.20
3.10
1.70
6.20

SF1
model A
2.70
2.40
2.70
3.40
1.50
1.10
3.00

SF1
model B
2.80
2.80
3.50
4.40
2.30
1.50
5.10

RL3: 60% Ʌ௨
SF1
model A
2.00
1.60
2.10
2.20
1.10
0.90
2.40

SF1
model B
2.30
2.00
2.30
3.00
1.80
1.30
3.60

Table 3: Scaling factors SF1 for each of the seven accelerograms adopted in the time-history analyses, for model
A and model B, corresponding to the three chord rotation limits considered.

5

BEHAVIOR FACTOR ESTIMATION

The evaluation of the behavior factor for the existing structure (Model A), and for the structure equipped with CWSTs (Model B), is discussed out is this section. The behavior factor q is
calculated as:
ݍൌ

ܸǡ
ܸǡ

(4)

where ܸǡ is the maximum base shear calculated from the non-linear analyses described in
Section 4.2, with a ground-motion scaling factor bringing each model to the ultimate chord
rotation, and ܸǡ is the maximum base shear in an equivalent elastic structure with the same
base acceleration. For all the limits of ultimate chord rotation considered, ܸǡ is constant and
equal to 140 kN while the corresponding scaling factor for each accelerogram is reported in
Table 3, with reference to the three different rotation limits RL. The absolute values of ܸǡ
obtained from the equivalent elastic model are reported Table 4. This model is similar to model
A, but it does not have plastic hinges at the base of columns.
N°

TH1
TH2
TH3
TH4
TH5
TH6
TH7

ܸǡ [kN]

140
140
140
140
140
140
140

RL1: Ʌ௨
ܸǡ [kN]
model A
483
493
375
440
318
371
341

RL2: 80% Ʌ௨

RL3: 60% Ʌ௨

ܸǡ [kN]
model B

ܸǡ [kN]
model A

ܸǡ [kN]
model B

ܸǡ [kN]
model A

ܸǡ [kN]
model B

441
558
466
591
528
471
543

412
427
328
395
267
318
289

427
493
421
506
401
422
460

309
289
257
258
197
263
234

354
359
281
350
318
371
341

Table 4: Absolute values of the base shear calculated in the time-history analyses of the linear frame model. See
Table 3 for the corresponding scaling factors for the accelerograms.
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As an example, the time histories of the base shear for the equivalent linear model are reported in Figure 9, for TH7. In particular, Figure 9a concerns RL1 and shows with a black line
the base shear ܸǡ , calculated with a scaling factor SF1 = 3.6 obtained from model A, and with
a red line ܸǡ calculated with SF1 = 6.2, obtained from model B. The value of ܸǡ is also
reported with a dashed line. Clearly, since the model is fully linear, the time histories are simply
scaled. Figure 9b illustrates the same results for RL3, corresponding to the 60% reduction of
the ultimate chord rotation thresholds. The plots correspond to SF1 = 2.4 for frame A, and SF1
= 3.6 for frame B. In this case, with a lower threshold for the ultimate condition compared to
the previously discussed case, the gap between the results of frames A and B is lower. This is
probably due to the aforementioned amplifying dynamic effects observed at higher values of
the scaling factors.

(a)

(b)

Figure 9: Time-histories of the base shear ܸǡ for record TH7, for model A (black line) and model B (red line):
a) results for RL1 with thresholdɅ௨ ; b) results for RL3 with threshold 60% Ʌ௨ .

Table 5 reports the behavior factor values calculated with Equation (4) for each RL, and the
corresponding average values in the bottom row. The same values are plotted in Figure 10,
showing the variability of q for the seven accelerograms adopted, for each model. On average,
the variability of q is consistent with the values observed for the precast buildings analyzed in
Pollini et al. [32].
It is worth noticing that the same behavior factors are obtained for TH5, TH6 and TH7, both
for model A for RL1, and for model B for RL3. These results for the two models are not correlated, and they are probably due to the fact the scaling factors SF1 are calculated up to the first
decimal digit. If additional analyses were performed, considering more refined scaling factors,
the results would likely differ for the two models.
As expected, the adoption of different ultimate chord rotations in columns affect significantly the results, since in RL2 and RL3 there is a consistent reduction in the behavior factors
with respect to RL1. In particular for what concerns the model A, the average behavior factors
for RL2 and 3 are 14% and 36% lower than the value obtained for RL1, respectively. Similarly
for the model B, the behavior factors are 13% and 34% smaller compared to RL1 results.
Eurocode 8 part 1 [38], would recommend to adopt a behavior factor lower than 1.5 for a
newly designed precast structure without seismic detailing. Moreover, Eurocode 8 part 3 [39]
suggests to adopt a behavior factor not higher than 1.5 for an existing reinforced concrete structure for which the available ductility is not specifically justified. Since the columns of the existing frame under analysis are characterized by poor transversal reinforcement and are not
designed against seismic actions, the average behavior factor of 2.88 obtained for model A is
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deemed to have a certain degree of overestimation. The result is considered to be more realistic
for this case study, when a reduction of the ultimate chord rotation is introduced. In particular,
q decreases from 2.88, to 2.49 with a collapse limit 80% of Ʌ௨ , and to 1.84 with a collapse limit
60% of Ʌ௨ . These results clearly depend on the ultimate rotation limits predicted by Equation
(2), which are not specific for existing precast columns, therefore, additional research is necessary in order to find more suitable formulations to be applied to this structural typologies, as
recognized also by Magliulo et al. [45].
RL1: Ʌ௨

N°

TH1
TH2
TH3
TH4
TH5
TH6
TH7
Average
values

RL2: 80% Ʌ௨

RL3: 60% Ʌ௨

q
model A

q
model B

q
model A

q
model B

q
model A

q
model B

3.45
3.52
2.68
3.14
2.27
2.65
2.44

3.15
3.98
3.33
4.22
3.77
3.36
3.88

2.94
3.05
2.34
2.82
1.90
2.27
2.06

3.05
3.52
3.01
3.61
2.87
3.01
3.29

2.21
2.06
1.83
1.84
1.41
1.88
1.67

2.53
2.56
2.00
2.50
2.27
2.65
2.44

2.88

3.67

2.49

3.19

1.84

2.42

Table 5: Behavior factors estimated for model A and model B, for the seven records adopted in the time-history
analyses, for the three ultimate Rotation Limits considered.

Figure 10: Behavior factor calculated for model A and B, for the three RL scenarios considered.

6

CONCLUSIONS

The paper discusses the seismic retrofit of an existing precast RC building equipped with
CWSTs at beam-column joints. Non-linear time-history analyses have been conducted on two
different models of the main frame of the structure, one with hinged beam-column connections
representing the existing condition (model A), and on the one with CWST devices (model B).
The effects of the introduction of the CWSTs in the connections is evaluated in terms of chord
rotations demand on the columns and base shear forces, and equivalent behavior factors are
proposed for the two structures. The sensitivity of the outcomes depending on the ultimate
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chord rotations of columns is analyzed considering three rotation limits. On the basis of the
results of the numerical simulations, the following conclusions can be drawn:
x In general, the maximum chord rotations of columns observed in the frame model with
CWSTs are lower than the maximum values observed in the frame model with hinged
connections, at the same scaling factor of the records, i.e. under the same seismic action;
x The damage mechanism of columns is in fully agreement with the design criteria adopted
for the intervention, since, in all the analyses, the columns in model B do not yield until
the attainment of the maximum deformation of the devices;
x Equivalent behavior factors are calculated for model A and model B, for three threshold
values of ultimate chord rotations;
x The behavior factors estimated for model B are always higher than the ones estimated for
model A, featuring simple hinged connections: the increase of the mean values of behavior
factor is about 30% for model B with dissipative devices;
x The behavior factor depends on the ultimate chord rotation of columns considered, showing that the behavior factor significantly decreases with the decrease of Ʌ௨ ;
x Additional analyses adopting other formulations for the calculation of Ʌ௨ are required in
order to find realistic results for the specific case of evaluating existing precast columns;
moreover, further research may be necessary for the modelling of the non-linear flexural
behavior of precast elements;
x CWST devices are deemed to be a good solution for maintaining a low level of stress and
deformation in the existing columns of the frame, since frame model B is less vulnerable
than frame model A, under the same seismic actions.
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Abstract
Damage incurred in low-ductility reinforced concrete (RC) buildings during recent earthquakes continues to underline their structural vulnerability under seismic shaking. Among the
viable seismic retrofitting procedures, passive control systems such as buckling-restrained
braces (BRBs) have emerged as an efficient strategy for structural damage mitigation through
stable energy dissipation while providing additional strength and stiffness to low-ductility
buildings. Although quantifying the beneficial effects of BRBs for vulnerability reduction
through seismic fragility curves has been suitably investigated in literature, almost all such
studies consider a deterministic description of the BRB device. This study illustrates a metamodeling framework rooted in statistical learning techniques for efficient seismic vulnerability
assessment of BRB-retrofitted low-ductility RC frames. The framework develops multidimensional probabilistic seismic demand models for response prediction of a case study retrofitted
frames as a function of ground motion characteristics as well as the design parameters of the
BRB device. These demand models when compared against damage states capacity estimates
subsequently yields vector-based seismic fragility functions that provide notable advantages
over unidimensional fragility curves in terms of efficiency as well as generality. Additionally,
uncertainties stemming from a multitude of sources can also be conveniently captured and
propagated through the different stages of statistical model development. The proposed study
aims to help researchers, stakeholders, and even device manufactures by providing a convenient tool for vulnerability evaluation of retrofitted structures with reasonable accuracy and
enhanced efficiency of computation.
Keywords: Buckling-Restrained Braces, Reinforced Concrete Frames, Seismic Retrofit, Seismic Devices Uncertainty, Metamodeling.
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1

INTRODUCTION

Many recent earthquakes worldwide have continued to underline the substantial seismic vulnerability of existing reinforced concrete (RC) buildings (e.g., [1][2]) and the urgent need for
reliable retrofit strategies to effectively increase their seismic safety and resilience.
Among the many retrofit strategies available, the use of passive control systems [3] such as
buckling-restrained braces (BRBs) have emerged as an efficient strategy for structural damage
mitigation through stable energy dissipation while providing additional strength and stiffness
to low-ductility buildings (e.g., [4][5][7][6][8][9][10]). BRBs are a type of yielding device
where a sleeve provides buckling resistance to an unbonded core that resists the axial stress. As
buckling is prevented, the BRB’s core can develop axial yielding in both tension as well as
compression, with an almost symmetric hysteretic behaviour and the development of large and
stable hysteretic loops, providing significant energy dissipation capacity [11].
The use of BRBs for seismic retrofitting has been widely investigated in the last few years,
however, while the effect of some uncertain parameters, such as the ground motion record-torecord variability, is often investigated (e.g., [7][8][10]), only a deterministic description of the
dampers’ properties is usually considered.
The seismic reliability assessment of a structural system should consider all the uncertainties
related to the seismic input, the geometry, the mechanical properties of the structure, as well as
the dissipative devices contributing to the lateral load resisting system. Previous studies have
shown that, in conventional structures, the effect of model parameter uncertainty is usually
negligible with respect to the record-to-record variability [12]; however, this is not the case for
structures equipped with dampers since their seismic response heavily depends on the properties of a few numbers of devices (e.g., [13][14][15][16]).
Dampers are produced by the manufacturer in order to meet the design values of some parameters and successively assessed by quality-control tests considering tolerance limits established by seismic and qualification codes (e.g., [17][18][19]). Codes worldwide provide varying
tolerance limits for different types of devices, considering different device properties and the
influence of multiple factors, such as, imperfections related to the manufacturing process, temperature variation, and aging. For example, the EN 15129 [17] requires the control of the devices’ variation with respect to the nominal values introducing upper and lower limits of the
devices’ properties, defined by a tolerance. For ‘displacement dependent devices’, such as
BRBs, the EN 15129 [17] requires performing qualification tests to show that the effective (i.e.,
secant) stiffness Keff,b, and effective damping [eff,b evaluated in correspondence to the design
displacement are in good agreement with the prescribed nominal design values. Tolerances are
set to ±15% to account for variation during the manufacturing process. These two control parameters (Keff,b and [eff,b) exhaustively identify the primary characteristics of the device behaviour. Therefore, the code-based tolerance limits are also implicitly applied to other related
parameters, such as the associated device forces and displacement capacity values. Similar recommendations exist within the ASCE/SEI 7-16 [18] and other seismic codes worldwide. In
particular, the ASCE/SEI 7-16 [18] allows for tolerances that could go up to ±20% from nominal design values and controlling the variation in terms of device’s force Fb and area of the
hysteretic loop Eloop,b measured during the tests wherein the latter parameter allows the control
dissipation capacity variation of the devices.
In a recent study, Freddi et al. [16] investigated the influence of the BRBs’ uncertainty related to tolerance limits used in device qualification control tests by considering a three-story
three-bay RC moment-resisting frame (MRF) as case study. BRBs’ uncertainty was implemented through a two-level factorial design strategy and Latin-Hypercube Sampling technique.
Cloud analysis and probabilistic seismic demand models were used to develop fragility
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functions for the bare and retrofitted frame for four damage states while also accounting for the
uncertainty in the property of BRBs. Risk estimates were successively evaluated for three casestudy regions. The results showed that, for the considered case-study structure, these uncertainties could lead to an increase of fragility up to 21% and a variation in seismic risk estimates up
to 56%. The obtained results underlined the impact of the BRBs' uncertainty and the need for
appropriate safety coefficients for their design as functions of the tolerance limits adopted. Also,
additional studies are required to investigate the influence of BRB device variability on different case study structures, considering different retrofit levels (i.e., different proportions of the
base shear between the MRF and the BRBs) and the influence of different tolerance limits. This
would require modelling a large number of case study structures and performing a large number
of numerical analysis while considering the influence of all the above-mentioned parameters.
However, advanced probabilistic tools allow the study of the influence several parameters
in a simplified and efficient way. In this direction, the present study investigates the use of a
metamodeling framework rooted in statistical learning techniques for efficient seismic vulnerability assessment of BRB-retrofitted low-ductility RC frames accounting for different tolerance limits adopted during qualification tests of BRB devices. The framework develops
multidimensional probabilistic seismic demand models for response prediction of a case study
retrofitted frames as a function of: a) ground motion characteristics, and b) design parameters
of the BRB device. These demand models when compared against damage states capacity estimates subsequently yields vector-based seismic fragility functions that provide notable advantages over unidimensional fragility curves in terms of efficiency as well as generality. The
present study demonstrates the adequacy of such advanced probabilistic tool for vulnerability
evaluation of retrofitted structures with reasonable accuracy and enhanced efficiency of computation and establishes a framework for the inclusion of uncertainties stemming from additional sources.
2

CASE-STUDY RETROFITTED LOW-DUCTILITY FRAME

2.1 Frame Description
The present study selects a benchmark three-story three-bays RC MRF, representative of
non-seismically designed (low-ductility) low-rise RC buildings. This structure is representative
of typical constructions designed before the introduction of modern seismic design codes in
several areas of the mid-west of the USA, many countries in Europe, and several regions in
Asia. Moreover, the availability of laboratory experimental test results from a 1:3 reduced scale
model of the case-study frame [20], as well as frame-subassemblages [21], makes the selected
reference structure as an ideal choice for this study. FE model validation against experimental
results helps in gaining confidence in the numerical approach as well as predicted building
response at both the global- and local-level.
Figure 1 shows the frame layout including the placement of the BRBs. The dissipative braces
(BRBs) employed in RC MRFs are typically made by a series arrangement the BRB device and
an elastic steel brace exhibiting adequate over-strength (see Figure 1). The case-study frame
has an inter-story height of 3.66 m, a total building height of 10.75 m, and constant bay width
of 5.49 m. The building is designed for gravity loads only, without any seismic detailing provisions following the pre-seismic design rules of the ACI 318-89 [22]. Furthermore, negligible
wind loads for low-rise structures, such as the case-study frame, leads to a complete lack of
accounting for lateral loads in the frame design. The building columns are constant square sections of 300 mm × 300 mm, while beams dimensions are 230 mm × 460 mm at each floor. The
concrete compressive cube strength is fc = 24 MPa, and the reinforcing bars are Grade 40 steel
with a yield strength of fy = 276 MPa. Further details on the case-study structure and
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reinforcement configurations within beams, columns, and beam-column joints can be found in
Bracci et al. [20] and Aycardi et al. [21].

Figure 1: Case-study bare-frame layout (adapted from Bracci et al. [20]), placement and arrangement of BRBs.

The design of the BRBs is based on the methodology described in Freddi et al. [8]. The BRB
design procedure is based on the displacement distribution of the first vibration mode and uses
non-linear static analysis of the bare frame and a Single-Degree-of-Freedom (SDoF) simplification for the definition of some design parameters which are related to the retrofit objectives,
such as the design displacement (du); the target ductility of the dissipative braces (Pd) and the
base shear capacity of the dissipative system (Vd,1).
As shown in Figure 1, the retrofitting is performed by introducing the BRBs in the central
bay at each story of the case-study frame. The base shear and the design displacement of the
bare frame, defined based on the pushover analysis, are respectively Vf,1 = 180.72 kN and du =
0.308 m where du, is selected as the maximum lateral displacement capacity of the bare frame
corresponding to the Complete Damage State.
In the present study, the retrofitted configuration investigated is the one where the base shear
of the dissipative system (Vd,1) is selected equal to the base shear of the bare frame (Vf,1), or in
other words, the strength proportion coefficient α =Vd,1/Vf,1 is assumed equal to 1 [10], hence
doubling the base shear resistance of the retrofitted frame. The ductility of the dissipative braces,
i.e., dissipative device plus elastic brace (Pd) is assumed equal to 15. The design method provides properties such as strength Fd,i and stiffness Kd,i of the dissipative braces at each story.
Assuming the ductility of the BRB devices (μBRB = 20), the yielding resistance of the materials
for BRB devices (fy,BRB = 250 MPa) and elastic braces (fy,eb = 355 MPa), and based on strength
Fd,i, and stiffness Kd,i of the dissipative braces, the properties of the components can be easily
derived.
2.2 Modelling Strategy
The FE package OpenSees [23] is used to develop a state-of-the-art two-dimensional model
of the case-study frame. The non-linear flexural hysteretic response of beams and columns is
simulated using the ‘beamWithHinges’ element that consists of a central elastic element and
two plastic hinge regions at the elements ends defined by fiber sections [24]. The effective
flexural stiffness of the elastic portion of the element is evaluated by the ratio of the moment
and the curvature corresponding to the yielding of the first rebar of the section. The plastic
hinge lengths for both beams and columns are evaluated based on Panagiotakos and Fardis [25].
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In these regions, fiber sections are defined that consider the spread of plasticity within unconfined (cover) concrete, confined (core) concrete, and layers of longitudinal reinforcement.
While the core and cover concrete within the fiber sections are modelled using the non-linear
degrading ‘Concrete02’ material model, the ‘Hysteretic’ material model is used to model the
longitudinal reinforcements. For this material, the parameters controlling pinching, damage,
and degraded unloading stiffness are calibrated such that close agreements are attained between
the numerical and experimental results for model validation. The slab is modelled using unconfined concrete material model with an effective width equal to four times the beam's width, as
recommended in the ACI 318-89 [22]. The rigid-floor diaphragm is modelled by assigning high
axial stiffness to the beams. Gravity loads are distributed on the beams while masses are concentrated at the beam-column intersections.
‘ZeroLength’ shear and axial springs are introduced at the top of each column, by assigning
them the ‘LimitState’ uniaxial material accounting for possible brittle failure mechanisms typical of low-ductility RC MRFs. Moreover, a two-node ‘zeroLength’ rotational joint spring and
four rigid offsets are used to model the joint behaviour, including the influence of short embedment lengths of bottom reinforcements of beams within the beam-column joints as done in Jeon
et al. [26]. In this model, beams and columns are continuous, while the joint model controls
their relative rotation. The ‘Pinching4’ material model is used to define the beam-column joint
response.
The dissipative braces are modelled by two elements in series representing respectively the
BRB device and the elastic brace. The ‘steelBRB’ material model [11] is used to describes the
hysteretic behaviour of the BRBs while capturing the kinematic and isotropic hardening, along
with the tension-compression asymmetry that typically characterizes these devices.
The model both at component- and at global-level has been validated against the experimental results provided by Aycardi et al. [21] and Bracci et al. [20]. For the BRB devices a
calibration has been conducted based on the results of the experimental qualification tests performed by a manufacturer. For additional details on the modelling and validation please refer
to Freddi et al. [8][16][27].
2.3 Uncertain Parameters
The present paper investigates the influence of the uncertainty stemming from device-todevice variation by the definition of story- and system-level fragility curves. As previously
discussed, for ‘Displacement-dependent devices’, such as BRBs, the EN 15129 [17] requires
quality-control tests to show that the effective (secant) stiffness Keff,b, and effective damping
[eff,b are in good agreement with the prescribed nominal design values and within prescribed
tolerance limits. Alternatively, the ASCE/SEI 7-16 [18] controls the variation in terms of device’s force Fb and area of the hysteretic loop Eloop,b measured during the tests. In both approaches, the two control parameters exhaustively identify the main characteristics of the device
behaviour. Therefore, the code-based tolerance limits are implicitly applied to other related
parameters.
In the present study, stiffness, force and dissipation capacity variations are numerically reflected within the model by accounting for variations in the area of the BRB devices (ABRB)
while keeping the material yield strength (fy,BRB) as constant. Variation in the BRB device area
(ABRB) has been chosen as opposed to the material yield strength (fy,BRB) as it induces the highest
variation in the device response since alteration of the BRB area affects both stiffness, strength
and the hysteretic energy dissipated. Device-to-device variation is assumed within the limits set
by the codes (i.e., ±15% in accordance with the EN 15129 [17] and ASCE/SEI 7-16 [18]) and
applied independently among the devices at the different stories. The study considers different
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values of the tolerance limits assumed and investigates their influence in terms of fragility estimates.
3

SURROGATE MODELLING AND PARAMETERIZED FRAGILITY
DEVELOPMENT

This section of the paper focuses on the development of parameterized seismic fragility functions for the retrofitted frame that are conditioned on the ground motion intensity measure (IM),
and the BRB areas across the different stories. The following subsections outline the fragility
development procedure that comprises of first constructing an experimental design matrix with
uncertain model parameters, metamodel fitting to the response parameter, and eventual parameterized model development using logistic regression.
3.1 Modelling design of experiments
This study adopts a Latin Hypercube Design of experiments that initiates with discretizing
the domain of each of the input variables ABRB1, ABRB2, and ABRB3 to k intervals, where k is the
number of Latin Hypercube samples to be selected for each variable and eventually resulting in
an experimental design matrix of nൈk. Following the discretization, the set of all possible
Cartesian products of these discretized intervals constitutes the partitioning of the n-dimensional sample space to kn cells. Consequently, a set of k cells are chosen of the possible kn cells
such that the projection of the center of each cell on the respective axes of each parameter
generates k unique points. Consequently, choosing a random point within each selected cell
generates a Latin Hypercube Design.
It is noted that the above procedure to generate sample points may still not guarantee an
efficient exploration of the sample space. This study adopts a maximin based Latin Hypercube
Design which selects design points after maximizing the minimum distance between the sample
points ensuring that two points are not located too close together. For instance, if l is a measure
of distance (based on the L1 or L2 norm), and  is a k-point design, the smallest distance between any two points ABRBi and ABRBj may be given by:
min

ABRBi , ABRBj ,i z j

l ( ABRBi , ABRBj )

(1)

Consequently, a maximin distance design maximizes the minimum distance given in Equation (1) to generate another k-point design M such that the minimum distance between the
points ABRBi and ABRBj now becomes:
min

ABRBi , ABRBj M ,i z j

l ( ABRBi , ABRBj )

max ª«
min
l ( ABRBi , ABRBj ) º»
4 ¬ ABRBi , ABRBj ,i z j
¼

(2)

where, 4 constitutes the n-dimensional design sample space. In addition to the maximin based
Latin Hypercube design, this study also considers experimental design based on quasi-random
sampling. A typical experimental design D of size k ൈ n generate by the Latin Hypercube Design can be represented as shown in Equation (3):

D

ª ABRB1,1
«A
« BRB1,2,
«
«
¬ ABRB1,k

ABRB 2,1
ABRB 2,2,
ABRB 2,k
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where each row of the design matrix provides a unique combination of BRB areas within the
tolerance limits. In addition to these parameters, a critical parameter of interest is the ground
motion intensity IM. Due to the inherent randomness in ground motion time-histories, IM is
treated as an uncontrollable parameter in the experimental design. The uncertainty associated
with ground motions is propagated in this study by pairing each row of the design matrix with
a random time-history record and conducting nonlinear dynamic analysis of k-statistically similar but characteristically different retrofitted building samples. The peak interstory drift ratios
for the overall frame are used next to fit multivariate probabilistic seismic demand models and
fragility functions as described in the next step.
In the present study, the uncertainty affecting the seismic input in terms of variability in
duration, frequency content, and other characteristics of the input expected to act on the system,
is taken into account by considering the set of 240 natural records selected by Baker et al. [28].
3.2 Metamodel fitting to storey level response
Among the various metamodeling strategies, this study adopts the polynomial response surface models to approximate the maximum story and system level response as a function of the
ground motion intensity measure and BRB areas. Polynomial response surface models were
first developed by Box and Wilson [29] and have been widely adopted for predicting the response of complex engineering systems, such as buildings and bridges. The most widely used
response surface models consist of low order polynomial functions. Simpson et al. [30] recommended that first order polynomials shall suffice for responses characterized by low curvatures:
an assumption that is valid for the present case at hand. Consequently, first order response surface polynomials of the form shown in Equation (4) are adopted because of enhanced goodnessof-fit measures in comparison to first order polynomial models.

yˆ

3

E 0  E IM  ¦ Ei ABRBi

(4)

i 1

In this equation, ŷ represents the predicted value of the maximum interstory drift ratio (story
level: IDRmax,i or system level: IDRmax), and β0, βIM, and βi are the regression coefficients obtained using least square principles after fitting the response surface to the response data from
nonlinear time history analyses of the retrofitted frame. Table 1 shows the regression coefficients for the polynomial response surface model for each of the three stories as well as the
overall frame along with the R2 goodness of fit measure indicative of the satisfactory response
prediction at the story as well as system level.
β0
βIM
β1
β2
β3
R2

Story 1
0.802
1.023
-0.079
-0.039
0.075
0.831

Story 2
0.800
0.978
0.021
-0.099
-0.001
0.891

Story 3
0.343
0.877
0.040
-0.013
-0.192
0.895

Whole Frame
0.951
1.005
-0.001
-0.091
0.012
0.860

Table 1: Regression coefficients and R2 estimates corresponding to the polynomial response surface model for
the three stories and the overall frame.

The polynomial response surface model utilized in this study also aids in the identification
of the critical variables other than IM that most affect the interstory drift ratios. These are shown
in Figure 2(a) through (b) using Pareto charts corresponding to maximum interstory drift ratios
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for the individual stories as well as for the overall frame. The left vertical axis of the Pareto
charts represents the absolute t-statistic ratios for the parameters arranged in decreasing order
of importance. This statistic is computed as the ratio between the parameter estimate and the
corresponding standard error. The right vertical axis represents the cumulative sum of the absolute values of the t-ratio (in percentage) and elucidates the aggregated explanatory power of
variables when jointly considered in succession. As Figure 2 reveals, while IM emerges as the
most critical variable across all stories, the story-level BRB areas affect the response of specific
individual stories. In other words, among the three different BRB areas, ABRBi most affects the
response of the ith story. This finding is intuitive and also aligns with the seismic design strategy
used for the BRBs. For the overall frame, the maximum interstory drift ratio (IDRmax) is most
dependent on ABRB2 at the second story as shown in Figure 2(d).

(a)

(b)

(c)

(d)

Figure 2: Pareto Charts depicting the contribution of the ground motion intensity measure and BRB areas on the
maximum interstory drift ratios for a) Story 1, b) Story 2, c) Story 3, and d) Overall frame.

3.3 Parameterized fragility function development
The multidimensional story and system level seismic demand models developed in the previous
section are utilized in this stage to develop parameterized seismic fragility functions after comparing with the capacity estimates. The capacity distributions for the individual stories as well
as the overall frame are obtained using nonlinear static pushover analysis and are directly
adopted from Freddi et al. [16]. Comparison between large number of seismic demand and
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capacity samples help generate binary survive-failure vectors. These binary vectors are then
used to develop time-evolving seismic fragility functions by using the logistic regression approach. Note that other techniques such as naïve Bayes classifier, Probit model, Support vector
machines, among others may be also utilized for fragility development. A brief description of
the steps involved to develop fragility functions using logistic regression is provided herein
[31][32]:
Step 1: For a particular building story or the overall frame, sample a large number (NMC) of
demand estimates from the probabilistic seismic demand models of the maximum interstory
drift ratios as elaborated in the previous step. These samples should ideally reflect substantially
distinct combinations of the ground motion IM and the BRB areas (ABRB1, ABRB2, and ABRB3).
Step 2: Generate NMC capacity estimates from the capacity distribution of individual stories or
the overall frame for the four considered damage states (i.e., Slight, Moderate, Extensive and
Complete).
Step 3: Compare the demand estimates against the capacity samples and generate a binary vector {bin} consisting of 1’s and 0’s, where, 1’s represent a story or system-level failure (demand
greater than capacity) and 0’s represent a story or system-level survival (demand less than capacity).
Step 4: Conduct logistic regression using the binary survival–failure vector to determine the
story or system-level failure probability for particular damage state ds as:
3

T0 T IM ln IM  ¦ T BRBi ABRBi

Pf ds|IM , ABRB1, ABRB 2 , ABRB 3

e

i 1

(5)

3

T0 T IM ln IM  ¦ T BRBi ABRBi

1 e

i 1

where, θ0, θIM, and θBRBi (i = 1 to 3) are the story or system-level logistic regression coefficients
for damage state ds. Table 2 below enlists the logistic regression coefficients that are utilized
in the next section of the paper to derive seismic fragility curves for nominal BRB areas as well
as quantify the effect of uncertainty on fragility estimates.
θ0
θIM
θBRBi
θBRBi
θBRBi

Story 1

Story 2

Story 3

Whole Frame

8.140
6.102
-0.023
-0.582
0.072

2.071
6.014
-0.062
-0.526
0.187

0.405
6.739
-0.010
-0.595
0.133

-3.013
11.942
0.038
-0.538
0.052

Table 2: Logistic regression coefficients at story and system level for seismic fragility development.

4

RESULTS AND DISCUSSIONS

Unlike unidimensional seismic fragility functions as typically adopted for seismic vulnerability assessment of retrofitted frames, the parameterized fragility models developed in the
earlier section offers several advantages. Firstly, for the nominal BRB areas, these fragility
functions provide prompt estimates of individual story and system-level fragilities. For instance,
Figure 3(a) depicts the individual story fragilities, as well for the whole frame corresponding to
the design BRB areas. As expected, the fragility curve for the overall frame emerges
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predominantly more fragile than the individual stories. Additionally, among the different stories,
the second story emerge as the most fragile and lies in close proximity to the system-level vulnerability curve. Secondly, without the need of additional computationally expensive finite element model runs, the parameterized fragility functions help investigate the influence of BRBs’
property variation on retrofitted frame fragility. While Section 3 earlier showed that ABRB2
emerge as a critical parameter affecting the system-level frame response (IDRmax), Figure 3(b)
depicts the variation of retrofitted frame fragility as a function of ABRB2 variation within േ20%
of design estimates for moderate damage state, while holding other BRB areas (ABRB1 and ABRB3)
constant at nominal values. As expected, the figure shows that higher ABRB2 areas tend to reduce
the retrofitted frame fragility, however high BRB areas may not be optimal from the design
perspective.

(a)

(b)

(c)
Figure 3: a) Seismic fragility curves for different stories as well as the retrofitted frame corresponding to the
moderate damage state for nominal BRB areas, b) variation of retrofitted frame vulnerability with ±20% variation of ABRB2, and c) fragility bands depicting the uncertainty in retrofitted frame fragility for the slight and complete damage states due to variations in ABRB1, ABRB2, and ABRB3 within ±20% of design limits.

The parameterized seismic fragility functions also help estimate the bounds of fragility estimates corresponding to independent variation of the BRB areas across the three stories. Figure
3(c) shows the departures from the “mean” fragility estimates of the retrofitted frame for the
slight and complete damage states due to variations in ABRB1, ABRB2, and ABRB3 within േ20% of
design estimates. These fragility bounds also underline the wide variability in retrofitted frame
fragilities as a consequence of potential randomness in the BRB areas within the prescribed
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code limits. The upper and lower values of the median estimates are observed to range from
0.45 g to 0.62 g for the slight, 1.10 g to 1.51 g for moderate, 1.41 g to 1.91 g for extensive, and
1.53 g to 2.10 g for the complete damage states respectively.
5

CONCLUSIONS

Seismic fragility assessment of retrofitted structures typically uses conventional techniques for
vulnerability evaluation that may often emerge as tedious in terms of computer run-time. Moreover, to ascertain the influence of parameter variation on building fragility one may need to
resort to costly re-analysis under dynamic loads. This study focuses on a computationally efficient technique to assess the impact of variation in BRB device parameters on story level as
well as overall retrofitted frame fragility.
To achieve the above objective, first an experimental design matrix is constructed that provides an optimum combination of BRB device areas (chosen as the parameter of interest) within
േ20% of nominal estimates while offering an efficient exploration of the sample space. Next
through the results obtained from the nonlinear dynamic analysis of statistically different yet
nominally identical frame models polynomial response relationships are developed between the
story and system level maximum interstory drift ratios. Comparison of t-statistic ratios indicate
than other than the ground motion intensity measure, individual story level BRB device areas
emerge most critical for response prediction for that specific story. For the overall frame, the
device area at the second story has the most controlling effect. Next, the developed polynomial
demand models are compared with capacity estimates to derive parameterized fragility functions using logistic regression techniques. These functions offer significant advantages over
traditional intensity-measure-only dependent fragility curves and helps prompt assessment of a)
individual and overall frame fragility for nominal BRB area estimates, b) influence of parameter
variation on story and system level fragility, and c) development of uncertainty bands to estimate the departures from “average” fragility estimates when variations in device areas are taken
into consideration. For the retrofitted case-study frame, the upper and lower values of the median estimates are observed to range from 0.45 g to 0.62 g for the slight, 1.10 g to 1.51 g for
moderate, 1.41 g to 1.91 g for extensive, and 1.53 g to 2.10 g for the complete damage states
respectively.
Future work on this topic will investigate the influence of BRB device variability on different case study structures and will consider different retrofit levels (i.e., different proportions of
the base shear between the MRF and the BRBs). In these cases, due to the variation of the
structural vibration period, an alternative intensity measure needs to be evaluated, this representing one of the main challenges for the extension of the proposed methodology.
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Abstract
This study illustrates the development of a modeling strategy for simulating the seismic response of structures mounted on elastomeric bearings with a low shape factor (LSF). These
bearings can be employed to achieve a three-dimensional seismic isolation of structures, due
to their low vertical and horizontal stiffness. The first part of this work investigates the mechanical behaviour of LSF bearings by means of three-dimensional Finite Element (FE) analysis in Abaqus. The FE results provide a numerical evaluation of the horizontal, vertical, and
rotational stiffness of the bearings. These are used in the second part of the study to develop
in SAP2000 a simplified model of a structure with LSF bearings tested experimentally on the
shaking table at University of Naples Federico II. The study results show that the developed
model can be effectively used to simulate the response of the isolated structure under different
earthquake inputs.
Keywords: Isolation system, low shape factor bearing, FE simulation, hyperelastic material.
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1

INTRODUCTION

Elastomeric bearings are among the most common types of isolation system for protecting
structures from earthquakes. They consist of multiple layers of rubber vulcanized to steel reinforcing layers that produce a combination of vertical stiffness and horizontal flexibility [1].
The geometry of these bearing is characterized by the primary shape factor, S, which defines
the ratio of the loaded area to the area free to bulge for an individual rubber layer [2]–[4].
Shape factor values of 10-20 are typically used to guarantee high critical load capacities while
keeping a low horizontal stiffness. On the other hand, bearings with high S values are significantly heavy due to the large number of steel plates and consequently expensive in terms of
production and installation. Moreover, superstructures isolated with high vertical stiffness
bearings are characterized by low vibration periods in the vertical direction, causing problems
for critical facilities such as nuclear power plants or hospitals hosting sensitive equipment
needing protection against the effects of vertical component of earthquake inputs.
The concept of low shape factor (LSF) rubber bearings as a way to achieve an economic
3D isolation has been investigated by other researchers [5] [6]. Recently, it has also been the
object of an extensive experimental campaign carried out by Cilento et al. [7] to demonstrate
the effectiveness of isolating a structure with a very LSF.
The aim of this paper is to present a finite element (FE) modelling strategy for simulating
the seismic response of structures equipped with LSF bearings. The proposed strategy is validated considering the results of the experimental campaign carried out by Tun Abdul Razak
Research Center (TARRC) and University of Naples Federico II on a structural prototype
with LSF rubber bearings made with lightly filled natural rubber [8]. The first part of the paper focuses on the simulation of the bearing behaviour in Abaqus [9], using a threedimensional modelling approach for the LSF bearings, with a hyperelastic constitutive law for
the rubber calibrated using the double shear test results. In the second part of the paper, a simplified model based on a linearized description of the bearing mechanical behaviour is developed in SAP2000 [10]. This model is validated by simulating the shaking table tests
performed on a structure isolated with LSF bearings. The numerical results of the analyses
shed light on the possibility of using simplified device models for the preliminary seismic assessment of isolated structures mounted on LSF bearings.
2

NUMERICAL SIMULATIONS OF MATERIAL AND BEARING TESTS

This section describes the three-dimensional (3D) numerical models developed in Abaqus
[9] to simulate the tests on the double shear testpieces and the elastomeric bearings carried out
at TARRC [7]. The double shear cylindrical testpieces consisted of two rubber layers bonded
to metal parts, as shown in Figure 1a, and were subjected to sinusoidal shear displacement
histories. Figure 1b illustrates the laminated bearing considered in the test, which consists of
three layers of rubber 19mm thick and sides 100x100 mm, designed to achieve a shape factor
S = 1.32. The bearing was subjected simultaneously to static compression and dynamic shear
loading in a double shear configuration. The testing sequence consisted of two cycles of sinusoidal displacement at increasing shear strain amplitudes [8] [11].
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(a)

(b)

Figure 1: (a) Double shear test piece geometry, (b) Elastomeric bearing geometry

In the numerical models, the rubber is described using a hyperelastic constitutive material.
Hyperelastic materials are defined by the strain energy potential W, the strain energy stored in
the material per unit of reference volume, as a function of the strain at that point in the material. Yeoh constitutive relationship is used in this study and the strain energy potential is derived from the reduced polynomial strain energy potential that is a function of only the
deviatoric strain invariant I1 and has the following expression:
N

W

¦C

i0

I1  3

i

(1)

i 1

where Ci0 are material parameters. The Yeoh form is obtained for a number of terms N equal
to 3. The values of material parameters Ci0 in the equation (1) can be obtained from the double shear experiments and are shown in Table 1.
Model parameters
Yeoh

C10
C20
C30
[MPa] [MPa] [MPa]
0.3
-0.005 0.000311

Table 1 Material parameters for Yeoh hyperelastic material model

Rayleigh damping is used in the numerical analysis to describe the damping property of the
rubber material. The coefficients for the Rayleigh damping are calculated using a damping
ratio of 1% for the first and second modes of the isolated system described in section 3. The
coefficient α for the mass matrix and the coefficient β for the elastic initial stiffness matrix are
calculated to be 0.067926 and 0.00080, respectively.
The shear stiffness values obtained numerically for different maximum shear strain have
been compared with the experimental data, as shown in Figure 2a. A good agreement between
simulations and the test is found for all the investigated shear deformation amplitudes, apart
from low values of shear strains.
The estimates of the equivalent damping ratio of the rubber block from FE analysis results
for different levels of strain amplitude are shown in Figure 2b, where they are compared with
the corresponding values obtained experimentally. Although a simple description of the
damping is used, a good agreement is found between numerical and experimental results. It is
noteworthy that more advanced description of the damping, e.g. using a Prony series approach
[13] or the Bergstrom Boyce model [14], would require further tests in order to calibrate the
higher number of model parameters.
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(a)

(b)

Figure 2: Experimental and numerical values of (a) Shear stiffness for different maximum shear strains (b)
Equivalent damping ratio for different maximum shear strains

The LSF bearing FEM model is illustrated in Figure 3. The rubber layers, the intermediate
steel shim plates and end plates are modelled using C3D8H elements that are available in the
Abaqus library [9]. The tie contact between steel and rubber layers of the bearing is expressed
by contact pair option available in Abaqus. The displacement boundary conditions are applied
to the top end plate while performing compression and shearing tests, whereas the bottom anchor plate is fixed in all degrees of freedom.

(a)

(b)
Figure 3: Elastomeric Bearing: (a) Meshing, (b) Details of connections between various layers.

A vertical downward displacement was first imposed at the top plate, until a compressive
load of 19kN is achieved, being the gravity load in the shaking table tests, described in the
next section. Subsequently, two cycles of sinusoidal displacements are applied while preventing vertical motion and rotation of the top plate.
Figure 4a shows the changes with the maximum amplitude of average shear deformation of
the horizontal secant stiffness of the bearing. These have been evaluated both numerically and
experimentally as the ratio of base shear force to the maximum displacement at each incremental step. In general, the experimental and numerical values are very close, except for low
shear strains, for which the numerical model is more flexible. The bearing equivalent viscous
damping has been evaluated numerically and compared with the experimental results, as
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shown in Figure 4b. Both experiment and numerical results show that with the increase of
shear strains, the damping decreases.
Figure 4c compares the estimates of the initial shear stiffness at zero shear displacement
for increasing values of the applied vertical displacement according to the numerical FE model and the experimental results.

(a)

(b)

(c)

Figure 4: (a) Secant shear stiffness-average shear strain relation (b) Equivalent damping ratio at different levels
of shear strain (c) Stiffness vs vertical displacement. Experimental values taken from [11].

The numerical model provides an overall good estimate of the shear stiffness for increasing
of compression levels. In general, the horizontal stiffness reduces with the increase of the vertical load, and the condition of instability is attained when it becomes zero. It is noteworthy
that the observed buckling load is 50% higher than the applied compression load of 19kN and
it is also 3 times higher than the critical load evaluated according to the theory of Gent and of
Koh and Kelly [15] [16]. It is also interesting to observe that the ratio between the initial horizontal and vertical stiffness is about 43, which is significantly lower than the values typical
of high shape factor bearings ([1], e.g. about 800 for S=12 in Tubaldi et al. [17], which deals
with isolation bearings for bridges).
3
3.1

SHAKING TABLE TESTS
Prototype and test description

This subsection describes the shaking table tests carried out at the Department of Structures for Engineering and Architecture of University of Naples Federico II on a prototype
base-isolated building with LSF bearings [8]. The steel superstructure is composed of one
level and has a total height of 2900mm. The plan dimensions of the structure are
2500x2000mm with concrete slab placed on the roof of the structure, having a depth of 25mm,
and concrete blocks added to the base level to achieve a total mass Mtot = 7.7 tons. The columns have a box section 150x150x15mm. The beams of the top floor are pinned to the columns and are hot-formed square hollow sections 120x120x12.5mm. The four perimetric
beams at the base of the frame have HEM 160 profile. The bearings are identical to those tested at TARRC. The same mock-up has been recently used for bi-directional tests on recycled
rubber and fibre-reinforced unbounded isolators [18][19]. Ground motions were applied along
the direction in which the frame span is 2500 mm. The vibration period of the fixed-base
structure is Ts = 0.24 s. The isolation system of the scaled prototype was designed to achieve a
horizontal vibration period Tis = 0.92 s, estimated from an assumed value of the rubber shear
modulus of 0.5MPa and considering the superstructure as rigid and the bearings as infinitely
stiff in the vertical direction. Under these simplifying assumptions, the isolation period can be
expressed as Tis = 2π√(Mtot/Kis), where Kis is the total stiffness of the bearings in the horizontal
direction. It is noteworthy that the system was designed considering a geometry scale factor of
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1/3 and an elastic modulus scale factor of 1. Therefore, according to the dynamic similitude
rule, the equivalent period of the full-scale structure is Tfs = 1.59 s, (i.e. Tfs = √3Tis). A set of
seven waveforms was selected from the European strong-motion database, whose main characteristics are described in Table 2.
Waveform Earthquake Earthquake
Mw
ID
Name
Country
7142
55
200
428
372
290
287

Bingol
Friuli
Montenegro
Etolia
Lazio
Abruzzo
Campano
Lucano
Campano
Lucano

PGA
(m/s²)

PGV
(cm/s)

PGD
(cm)

Turkey
Italy
Montenegro
Greece
Italy

6.3
6.5
6.9
5.3
5.9

2.55
2.55
2.55
2.55
2.55

18.29
15.25
12.87
12.46
15.02

3.25
9.29
9.60
6.06
6.80

Italy

6.9

2.55

44.10

16.20

Italy

6.9

2.55

43.90

14.00

Table 2: Ground motion characteristics (Mw=Magnitude, PGA=Peak ground acceleration, PGV= Peak ground
velocity, PGD= Peak ground displacement)

3.2

Simulation of shaking table tests

Figure 5 shows the simplified FEM model of the isolated structure developed in SAP2000
[10]. The steel columns and beams of the frame are assumed to remain elastic and are modelled with beam elements assigning a Young’s modulus of 210000MPa, a Poisson’s ratio of
0.3, and mass density of 7.8E-09 ton/mm3. The mass at top and bottom level is 2.05 and 1.8
tons respectively, so that the vertical load applied to the bearing is 19kN. The isolators are
modelled using the two-node link linear elements [10] connecting the bottom of the base
beam to the ground (Figure 5).

Figure 5: Front view of the base isolated structure configuration and detail of the isolation system

Table 3 shows the values of the stiffness assigned to the two-node link elements, where Kv,
Kh and Kr are the vertical, shear and rotational stiffnesses, respectively. These values are de-
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termined by considering the bearing model developed in Abaqus and applying a small axial
displacement, shear displacement and rotation on the bearings compressed by a vertical load
of 19 kN.
Kv
Kh
Kr
N/mm N/mm
Nmm
2209
51
1180000
Table 3: Link Element Properties

A Rayleigh damping model has been assumed and the damping ratio of the first two modes of
the base isolated structure has been set equal to ] = 0.02. In contrast to the definition of damping on a 3D numerical model, that is related to the material property, the damping ratio in this
case needs to be specified to the whole bearing. The adopted value of ] refers to the equivalent damping ratio of bearing correspondent to 80% of shear strain, shown in Figure 4b.
Seismic analyses are performed using the developed model. Displacement history of isolator
and top structure horizontal accelerations resulting from numerical model are compared to the
recorded ones for Etolia earthquake input, as shown in Figure 6a-b. In general, it can be observed that assuming a linearized behaviour of the bearings superimposed on the finite strains
induced by the vertical static loading on the bearing provides a good approximation of the response in the case of Etolia earthquake input.

(a)

(b)
Figure 6: (a) Relative Displacement Isolator time history (b) Acceleration at the top of the superstructure

Table 4 shows the numerical-experimental comparisons in terms of maximum absolute
values of the isolator deflection, interstorey drift and acceleration at the top of the structure.
The response of the superstructure is slightly underestimated, and this may be due to the assumption of a rigid connection between the columns and the base.
Earthquake
Name

Bingol
Friuli
Montenegro
Etolia

Max Displacement Isolator [mm]

Max Drift Structure
[%]

Max Top Acceleration
[m/s2]

Exp

SAP
2000

Relative
error %

Exp

SAP
2000

Relative
error %

Exp

SAP
2000

Relative
error %

45.88
17.24
17.29
17.41

36.37
16.08
18.88
19.03

-20.73
-6.73
9.20
9.30

0.30
0.17
0.17
0.17

0.30
0.13
0.14
0.14

0.56
-24.49
-20.08
-17.71

1.22
0.87
0.86
0.86

1.22
0.68
0.72
0.73

-0.16
-21.68
-16.47
-15.87
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Earthquake
Name

Bingol
Friuli
Lazio/Abruzzo
ID 290
ID 287

Max Displacement Isolator [mm]

Max Drift Structure
[%]

Max Top Acceleration
[m/s2]

Exp

SAP
2000

Relative
error %

Exp

SAP
2000

Relative
error %

Exp

SAP
2000

Relative
error %

45.88
17.24
17.55
17.57
17.33

36.37
16.08
19.03
18.95
18.94

-20.73
-6.73
8.43
7.85
9.29

0.30
0.17
0.16
0.16
0.17

0.30
0.13
0.14
0.14
0.14

0.56
-24.49
-14.33
-16.85
-20.24

1.22
0.87
0.87
0.87
0.86

1.22
0.68
0.73
0.73
0.72

-0.16
-21.68
-16.01
-15.61
-16.02

Table 4 Maximum absolute values of various response parameters according to experimental test and numerical
model.

4

CONCLUSION AND FUTURE RESEARCH NEEDS

This study investigates numerically the mechanical behaviour of elastomeric bearings with
low shape factor (LSF) under compressive and shear loading, and the dynamic behaviour of
structures mounted on them. The first part of the paper illustrates the development of a threedimensional (3D) numerical model in Abaqus for simulating the experimental tests conducted
at Tun Abdul Razak Research Center (TARRC) rubber research center on LSF rubber bearings with low damping. It is shown that the Yeoh hyperelastic material model, calibrated
against material double-shear tests, can be used to accurately describe the complex nonlinear
shear response of compressed LSF bearings.
In the second part of the paper, the shaking table tests carried out on a model isolated structure on LSF bearings performed at University of Naples Federico II are simulated using a
simplified numerical model. The prototype isolated structure is analyzed using SAP2000 under different earthquake loadings and the numerical estimates of the response are compared
with the experimental ones. The isolators are described using two-node links with linear elastic behaviour and vertical, shear and rotational stiffnesses are estimated by performing numerical analyses of the LSF bearing in Abaqus. In general, it is observed that the development of
simple FEM model for the tested prototype isolated structure can be used for preliminary assessment and design purposes due to the good agreement between numerical responses and
experimental results.
Further studies will include the development of advanced numerical models to evaluate
the behaviour of LSF bearings and their capability of providing full three-dimensional isolation. Moreover, the response of LSF bearing made with high damping rubber compounds,
characterized by more complex behaviour, will be investigated.
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Abstract
The goal of this study is to determine experimentally the inelastic response modes of
seismically isolated structures. A steel specimen is designed and constructed to simulate the
dynamic behavior of a Single-Degree-Of-Freedom (SDOF) system. The specimen is seismically isolated with four friction pendulum bearings and excited by a group of earthquake
ground motion records using the shaking table of ETH Zurich Laboratory. A mechanical clevis connection consisting of two hinges and two replaceable steel coupons is designed and
constructed to facilitate the parametric investigation of the inelastic response of the isolated
structure for varying values of its strength. Two fundamentally different inelastic response
modes have been observed during the excitation of the structure: A response mode dominated
by large sliding displacement demand in the isolators and a response mode characterized by
large displacement ductility demand in the isolated structure. This paper shows the effect of
the design parameters of the isolation system and the isolated structure on the manifestation of
these two response modes, thus paving the way for the understanding of the inelastic response
of seismically isolated structures subjected to extreme earthquake ground motions.
Keywords: seismic isolation, shaking table tests, friction pendulum bearings, inelastic
behavior of seismically isolated structures
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1

INTRODUCTION

The attractive characteristics of seismic isolation on the seismic protection of structures
through the use of frictional or elastomeric devices have been demonstrated by many researchers in the past [1-3]. The current seismic code provisions prescribe the elastic design of
these structures for a design-basis earthquake event. In view of these provisions, most of the
existing studies investigating the dynamic response of seismically isolated structures use an
elastic dynamic model for the simulation of the seismic response of the isolated structure.
However, seismically isolated structures can be subjected to inelastic behavior and damage,
when they are excited by earthquake ground motion with intensities exceeding the design
seismic hazard level. Furthermore, seismically isolated structures can manifest inelastic
behavior even for ground motion intensities corresponding to the design hazard level, when
they are unintentionally constructed with lower strength than the value prescribed by the code
provisions [4-7]. The investigation of such behavior of existing seismically isolated structures
sheds light on their reliability and robustness compared to fixed-based structures, as defined
by Castaldo et al. [8, 9], Tsang [10] and Peng et al. [11].
In view of these challenges, the inelastic behavior of seismically isolated structures has
been investigated in several studies in the past. Kikuchi et al. [12] and Cardone et al. [13]
investigated analytically the inelastic behavior of seismically isolated structures, concluding
that the behavior of these structures after they yield is substantially different from the
corresponding fixed-based structures. Ragni et al. [14] presented the seismic damage and
collapse risk of seismically isolated buildings, designed according to the Italian seismic code
provisions. Tsiavos et al. [15] determined analytically and verified experimentally [16, 17] the
relations between the strength reduction factor Ry, the ductility demand μ and the fixed-based
vibration period Tn of seismically isolated structures.
Nevertheless, these studies did not focus on the two different failure types that characterize
the inelastic behavior of seismically isolated structures: The failure of the isolators and the
occurrence of damage in the isolated structure.
Along these lines, the present study aims to illustrate experimentally the design parameters
that lead to the two different failure types of seismically isolated structures. A steel structure
is seismically isolated with four friction pendulum bearings and subjected to an ensemble of
recorded, unidirectional earthquake ground motion excitations. The design and construction
of a mechanical clevis connection allows the variation of the strength of the isolated structure.
2
2.1

EXPERIMENTAL CONFIGURATION
Design of the experimental setup

The experimental setup shown in Fig. 1 entails a 1.9m tall steel structure, which is seismically
isolated using four friction pendulum bearings. The seismically isolated structure is excited by
an ensemble of earthquake ground motion excitations using the 2m x 1m unidirectional shaking table of the ETH Laboratory.
The steel structure was designed with a fixed-base vibration period Tn=0.5s, similar to the
one of a 2-4 story building. The structure comprises a steel frame with a lumped mass
ms=250kg rigidly fixed on top. The frame consists of two hollow rectangular columns connected at regular intervals by seven horizontal struts. A mechanical clevis connection consisting of two hinge elements and a couple of replaceable steel coupons was designed to enable a
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parametric investigation of the inelastic response of the structure for varying strength values.
The two steel coupons shown in Fig. 2 (Nominal size: M16, Body Diameter D=16mm,
Thread pitch=1.5mm) with nominal strength fy=275MPa are inserted between this steel plate
and another bottom steel plate, thus restraining the hinge rotation through their axial deformation. The steel coupons are designed to yield before the other components of the structure,
thus concentrating the inelastic behavior of the structure in a plastic hinge. Two different diameters, Dred=4mm and Dred=5mm, were used for the reduced section of the M16 steel coupons (Fig. 2).
The seismic isolation system comprises four friction pendulum bearings (Fig. 3) manufactured by the company Mageba SA (Fig. 1). The radius of curvature of each bearing was 1.5m,
leading to a fundamental natural period of the isolated structure Tb = 2S

R
=2.46s≈5Tn, while
g

the bearing displacement capacity was 0.15m. The coefficient of friction of the sliding
bearings for a vertical stress σv=0.88MPa was μf=0.0405. A 30cm thick steel base plate with
mass mb=665kg and dimensions of 2.1m x 1.35m is fixed on top of the isolators to enable the
horizontal diaphragm function of the seismic isolation system.

Fig. 1. Top and side views of the designed seismically isolated structure (Dimensions in mm).
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Fig. 2. Top view and cross sections of the mechanical configuration comprising two replaceable steel
coupons (Dimensions in mm).

D1=77mm
D4=96mm
D5=60mm
D6=320mm
R2=60mm

T1=26mm
T2=13.7mm
T4=35.5mm
T6=23mm
R4=1500mm

Fig. 3. Drawing of the friction pendulum bearings used in the experimental setup, as designed by the
company Mageba SA.

Fig. 4. Constructed experimental setup at the ETH Structures Laboratory.
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2.2 Ground motion ensemble
The seismically isolated structure shown in Fig. 1 was excited by 8 different ground motion
records obtained from the PEER Strong Ground Motion Database. The characteristics of the
applied records are shown in Table 1. The recorded motions, scaled to different Peak Ground
Acceleration (PGA) levels, are applied in the X-direction of the experimental setup shown in
Fig. 1, using the unidirectional shaking table of the ETH Structures Laboratory with a stroke
dmax=240mm. Each ground motion record was applied twice to the seismically isolated
structure, characterized by two different strength values: First, a seismically isolated structure
with strength reduction factor Ry=1.5, engineered through the use of steel coupons with
reduced section (Fig. 2) of diameter Dred=5mm, was subjected to the ground motion record.
Second, a seismically isolated structure with strength reduction factor Ry=2, engineered
through the use of steel coupons with reduced section (Fig. 2) of diameter Dred=4mm, was
subjected to the same ground motion record.
2.3 Instrumentation
The attachment of 6 uniaxial accelerometers and 6 displacement markers to the experimentally investigated structure shown in Fig. 1 enables the continuous monitoring of the acceleration
and the displacement time history response of the structure during the shaking table motion.
Table 1. List of recorded earthquake ground motions used for the excitation of the steel structure
(PEER NGA Database, 2019 [18]).

Earthquake and Station

PGA of the
original
motion (g)

Amplitude
scaling of
the original
motion

PGA of
the scaled
motion (g)

1.23

35%

0.43

0.75

75%

0.56

0.84

100%

0.84

No.

Date

1

9/2/1971

2

17/1/1994

3

02/5/1982

4

16/9/1978

Tabas, 9101

0.84

32.5%

0.27

5

20/9/1999

Chi-Chi, CHY 080

0.97

40%

0.39

6

16/01/1995

Kobe, KJMA

0.82

65%

0.53

7

18/10/1989

Loma Prieta,
UCSC 16 LGPC

0.97

17.5%

0.17

8

24/04/1984

Morgan Hill,
57217 Coyote Lake Dam

0.71

100%

0.71

San Fernando, 279 Pacoima
Dam
Northridge, USGS/VA 637
LA-Sepulveda VA Hospital
Coalinga, 1651 Transmitter
Hill station
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3
3.1

SHAKING TABLE INVESTIGATION
Response dominated by inelastic behaviour of the seismically isolated structure

The presented structure (Fig. 1) was first excited by the 17.5% scaled-down 1989 Loma Prieta
ground motion acceleration record (No. 7 in Table 1), shown in Fig. 5. The experimentally
derived displacement time history response of the isolated structure designed with a strength
reduction factor Ry=1.5 relative to the isolators is shown in Fig. 6. The experimentally observed displacement time history response of the seismic isolation system relative to the shaking table motion is shown in the same Figure.

Fig. 5. 17.5%-scaled Loma Prieta ground motion acceleration record.

Fig. 6. Displacement time history response of the seismically isolated structure with a strength reduction factor Ry=1.5 and the seismic isolation system subjected to the 17.5%-scaled Loma Prieta ground
motion.

After the initiation of yielding, the isolated structure manifested significant inelastic behavior,
leading to a maximum inelastic displacement umax=40.2mm and a ductility demand
μ=umax/uy=40.2mm/20mm=2.01. The maximum sliding displacement of the seismic isolation
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system was not significant for this ground motion excitation, reaching a maximum value of
19.8mm for a dimensionless friction ratio Π2=μfg/PGA=0.62, as defined by Tsiavos et al. [15].
3.2

Response dominated by the sliding displacement of the seismic isolation system

The experimentally derived response of the seismic isolation system was substantially different when the seismically isolated structure (Fig. 1) was subjected to the 35% scaled-down
San Fernando ground motion acceleration record (No. 1 in Table 2), shown in Fig. 7.

Fig. 7. 35%-scaled San Fernando ground motion acceleration record.

Fig. 8. Displacement time history response of the seismically isolated structure with a strength reduction factor Ry=1.5 and the seismic isolation system subjected to the 35%-scaled San Fernando ground
motion.
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As shown in the displacement time history response of Fig. 8, the isolated structure manifested significant inelastic behavior in this case as well, despite the earlier and more pronounced activation of the seismic isolation system. The emerging ductility demand in this
case (for the same strength reduction factor Ry=1.5) in the isolated structure was
μ=umax/uy=37.4mm/20mm=1.87. Furthermore, the maximum sliding displacement of the
seismic isolation system relative to the shaking table was in this case 125mm, much higher
than the corresponding sliding displacement of 19.8mm observed for the Loma Prieta ground
motion. This large sliding displacements usually manifest themselves during excitations of the
seismically isolated structure by long-period ground motion records, as observed by Tsiavos
et al. [19, 20], Banovic et al. [21], De Domenico et al. [22] and Gandelli et al. [23].
3.3 Damage Type
Two different limit states have been identified in this study to quantify the potential occurrence of damage in a seismically isolated structures: The exceedance of a predetermined ductility demand level in the seismically isolated structure indicating damage in the structure; and
the exceedance of a predefined isolator displacement, which is related to a potential damage
in the isolators.
The exceedance of the ductility demand level μ=2 was chosen to quantify the manifestation of
severe damage in the isolated structure. As the current code provisions for seismically isolated
structures prescribe the elastic design of these structures, the detailing of these structures is
usually not sufficient to facilitate high ductility capacity in the isolated structure.
The exceedance of an isolator displacement corresponding to 90% of the isolator displacement capacity d=150mm was chosen to quantify the occurrence of damage in the seismic isolation system. Furinghetti et al. [5] have experimentally evaluated and determined the extrastroke displacement capacity of curved surface slider devices, which is limited by the maximum contact pressure that can be tolerated by the installed sliding material. This extra-stroke
displacement capacity was not considered in this study, but it can be further investigated by
future studies on the same topic.
As shown in Tables 2 and 3, the value of the dimensionless friction ratio Π2=μg/PGA, as defined by [15], indicated the predominant response and damage mode of the system for the
case of a strength reduction factor of the isolated structure Ry=1.5: Values of Π2 smaller than
20% were correlated with high sliding displacement and potential damage in the seismic isolation system. Nevertheless, values of Π2 greater than 30% led to high ductility demand and
damage concentrated in the seismically isolated structure. This variability in the response
modes of the system for Ry=1.5 indicates that the response is also influenced by the frequency
content of the ground motion characteristics.
However, the design of a weaker isolated structure with Ry=2 led to high ductility demand and
concentration of damage in the seismically isolated structure for all the ground motion records
used in this study. The sliding displacement of the seismic isolation system was substantially
lower in this case, indicating that the response mode of the isolated structure subjected to
extreme earthquake events is significantly influenced by the strength of the isolated structure:
The reduction of the strength of the isolated structure leads to higher amount of damage in the
isolated structure, which is not influenced by the ground motion characteristics.
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Table 2. Experimentally and analytically derived response for Ry=1.5.

No.

Strength
reduction
factor
Ry

Experimentally
observed
ductility demand
μ

Dimensionless
friction ratio
Π2 (%)

Experimentally
observed
maximum sliding
displacement of the
seismic isolation
system (mm)

1

1.5

1.87

24

125

-

2

1.5

1.96

19

148.3

Seismic isolation
system

3

1.5

1.78

13

147.4

4

1.5

2.03

39

56.9

Seismic isolation
system
Isolated structure

5

1.5

2.23

30

77.6

Isolated structure

6

1.5

1.81

20

150

7

1.5

2.01

62

19.8

8

1.5

1.82

15

143

Damage type

Seismic isolation
system
Isolated structure
Seismic isolation
system

Table 3. Experimentally and analytically derived response for Ry=2.

4

No.

Strength
reduction
factor
Ry

Experimentally
observed
ductility
demand μ

Dimensionless
friction ratio
Π2 (%)

Experimentally
observed
maximum sliding
displacement of the
seismic isolation
system (mm)

1

2.0

2.92

24

117.3

Isolated structure

2

2.0

2.81

19

135.8

Isolated structure

3

2.0

2.77

13

139.2

Isolated structure

4

2.0

3.08

39

55.1

Isolated structure

5

2.0

3.17

30

72.4

Isolated structure

6

2.0

2.45

20

131.2

Isolated structure

7

2.0

3.38

62

16.7

Isolated structure

8

2.0

2.76

15

129.5

Isolated structure

Damage type

CONCLUSIONS

This study shows experimentally the effect of the design parameters of the seismic isolation
system and the seismically isolated structure on the response modes of seismically isolated
structures subjected to extreme earthquake events. This effect is demonstrated through a shaking table investigation of the response of a seismically isolated steel structure, subjected to a
strong earthquake ground motion excitation ensemble. The tested steel structure was seismically isolated with four friction pendulum bearings. The steel structure was equipped with a
mechanical clevis connection comprising two hinges and a pair of replaceable steel coupons.
The coupons are designed to yield before the other components of the structure and can be
replaced after every shaking table test, thus allowing the experimental seismic fragility analysis of structures.
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The shaking table investigation demonstrated the two different fundamental response modes
of seismically isolated structures, subjected to above-design earthquake ground motion excitation: A mode characterized by excessive damage of the seismically isolated structure but limited damage in the isolators and a mode dominated by excessive isolator displacement and
less damage in the isolated structure.
The two different seismic damage modes of a seismically isolated structure emerging from
these two response modes were quantified based on two selected limit states. For the case of a
seismically isolated structure designed with a strength reduction factor Ry=1.5, both damage
modes were observed. These modes were strongly correlated with the value of the dimensionless friction ratio Π2: Values of Π2 smaller than 20% were correlated with damage in the
seismic isolation system, while values of Π2 bigger than 30% led to damage concentrated in
the seismically isolated structure. However, the weaker seismically isolated structure designed
with Ry=2 manifested only damage in the isolated structure and lower sliding displacement of
the isolation system, when subjected to the same ground motion excitation ensemble.
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Abstract
The modeling of large-scale reinforced concrete (RC) structures through 3D detailed modeling
is not feasible due to the excessive computational demand that is required during different
phases of the analysis. Especially when the overall objective is to perform nonlinear dynamic
analysis of RC structures that also take into account the soil-structure interaction effect by
discretizing the soil domain with hexahedral elements. These large-scale models have a significant computational demand when analysed, where the use of high-performance computing and
parallel solution algorithms is currently the only solution in achieving reasonable computational times. One of the computationally demanding processes during this type of analysis, is
the embedded rebar mesh generation, where millions of elements have to be created. This research work proposes a new load distribution algorithm that optimizes the numerical response
of a previous parallel embedded rebar mesh generation algorithm incorporated in Reconan
FEA. After the implementation of the proposed parallel algorithm, it was found that the computational time was decreased by an average of 57.48% compared to the performance of the
old parallel algorithm.
Keywords: Parallel Processing, Embedded Rebars, Reinforced Concrete Structures, LargeScale Models, Finite Element Method
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1

INTRODUCTION

The finite element (FE) method is widely used to solve and optimize any type of engineering
problem. Computationally demanding and complex engineering problems composed of several
thousand degrees of freedom are not uncommon anymore, especially when performing assessments with nonlinear dynamic analysis of reinforced concrete (RC) structures such as bridges,
nuclear reactor and high-rise buildings that foresee the discretization of the concrete domain
through isoparametric hexahedral elements and the reinforcement mesh with embedded rod or
beam FEs. This modeling approach is known as 3D detailed approach [1-2], where embedded
rebar macro-elements are found within the hexahedral mesh.
A search procedure is required to be performed to find the intersection of the macro-elements
[3] with the hexahedral mesh (Fig. 1), to allocate the embedded rebar elements found within
each hexahedral element. This procedure can be time consuming for large-scale models that
consist of millions of embedded rebar elements. An efficient method for the generation of embedded reinforcement mesh was proposed by Markou and Papadrakakis [4] and parallelized in
[5]. This work extends the algorithm proposed in [5], where the computational distribution is
optimized.
2

EMBEDDED REBAR MESH GENERATION

Barzegar and Maddipudi [6] proposed the numerical method for the allocation and generation of embedded rebars inside hexahedral elements, which was an extension of the work performed by Elwi and Hrudey [7]. According to the hexahedral mesh, the standard Barzegar and
Maddipudi [6] method is performed for cases of non-prismatic hexahedral elements, to allocate
the natural coordinates of the corresponding virtual node. A point P1 with global coordinates
(x, y, z)P1 on the initial rebar mesh (Fig. 1), is contained in a given concrete element if its natural
coordinates ξP1, ηP1, ζP1 satisfy the following constraint:

[ P1 ,K P1 , ] P1 d 1

(1)

In this formulation the global coordinates (x, y, z) of a common point within a solid element
can be expressed as:

x½
° °
® y¾
°z°
¯ ¿

ªN 0
«0 N
«
¬« 0 0

0 º  xi ½
° °
0 »» ® yi ¾
N ¼» ¯° zi ¿°

(2)

where xi, yi, zi are the global coordinate vectors of the hexahedral nodes and N represents the
row vector of the displacement-shape functions.

x½
° °
® y¾
°z°
¯ ¿P

1

ªN
 «« 0
¬« 0

0
N
0

0 º x½
° °
0 »» ® y ¾ 0
N ¼» ¯° z ¿°

(3)

Given that the natural coordinates (ξ, η, ζ)P1 are the roots of Eq. 3, a Newton-Raphson iterative procedure is required in order to compute the solution of the above equation as follows:
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n 1
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1

Figure 1. Embedded reinforcement in hexahedral concrete element [3].

Since,

 d[ ½
° °
® dK ¾
°d] °
¯ ¿

J

T 1

 dx ½
° °
®dy ¾
° dz °
¯ ¿

(5)

where J is the Jacobian matrix, the incremental natural coordinates can then be computed from
Eq. 6.
n 1

 '[ ½
° °
® 'K ¾
°'] °
¯ ¿P

T

Jn

1

1

ª x ½ ª N n 0
0 º  x ½º
«° ° «
» ° °»
n
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0 N n »¼ °¯ z °¿»¼
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(6)

with

Jn

J [ n ,K n , ] n ;

Nn

N [ n ,K n , ] n

.

The mesh generation method proposed by Barzegar and Maddipudi [6] was found to be hindered with additional computational demand, however, this computational demand was reduced
and optimized within [3] by implementing a geometric constraint that decreases unnecessary
searches of intersection points. Furthermore, the algorithm was further integrated by determining if a hexahedral element is a parallelepiped or not. The proposed mesh generation procedure
[3] was then parallelized in [5] as shown in Fig. 2.
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Figure 2. Flow chart of the embedded rebar mesh generation procedure [5].

This research work foresees the development of a parallel algorithm to improve the computational performance and efficiency of the algorithm shown in Fig. 2 for the large-scale embedded rebar mesh generation process.
3

PARALLEL PROCESSING METHODS AND TECHNIQUES

Engineering and scientific computing methods have significantly evolved over the past two
decades, with the use of graphic processing units (GPU) in cooperation with a central processing unit (CPU). GPU-accelerated computing has become more popular due to its advanced
features related to its parallel architecture, as well as, its capabilities on handling multiple problems simultaneously. Nevertheless, the use of GPUs is constrained from the need of customizing the build according to the hardware at hand. Furthermore, the appearance of the multicore
processors brings about an important turning point in programming practices, especially with
FE applications.
Fernández et al. [8] presented a new alternate way to formulate the finite element method
(FEM) for parallel processing based on the solution of single mesh elements called FEM-SES.
This method decouples the solution of a single element from the whole mesh, therefore, exposing parallelism at the element level. Each element solution is then superimposed node-wise
using a weighted sum over the concurrent nodes. The research study performed by Fernández
et al. [8] showed results up to 111 times faster than the results obtained on classic FEM problems.
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Stavroulakis et al. [9] investigated a GPU domain decomposition solution for the spectral
stochastic FEM. Within this research work they demonstrate the benefits achieved with the
exploitation of the GPU capabilities, where they addressed problems where the solution of the
FE algebraic equations was performed with the dual domain decomposition method by implementing specifically tailored preconditioners. This research concluded a significant enhancement of the spectral stochastic FEM, as well as the consumed energy efficiency achieved by
this methodology.
Several other researchers [10-14] used parallel processing methods, introducing the basics
of implementing parallel processing algorithms enhancing the efficiency and decrease the computational demand of FE software. The only research work found on parallel embedded rebar
mesh generation was presented by [5] which is the work that will be used herein in proposing
an improved parallel embedded rebar mesh generation framework. The main objective is to
significantly improve the scalability and overall computational efficiency of the parallel embedded rebar mesh generation procedure.
4

PROPOSED PARALLEL ALGORITHM

The proposed parallel algorithm is implemented within the research software, Reconan FEA
[15]. The initial parallel framework was discussed and tested within [5], by analysing a NuScale
reactor building that was investigated in Markou and Filippo [16]. This RC building was discretized with 8-noded hexahedral elements as it is going to be discussed in the next section.
The proposed parallel algorithm suggests a new computational load distribution process that
calculates the computational load that will be assigned to each core prior to the mesh generation.
The initial parallel algorithm foresaw the division of the number of embedded macro-elements
into equal numbers based on their ID. This caused the unequal computational load distribution
not allowing the embedded rebar mesh generation procedure to be performed in a computationally optimum manner, especially in cases where the macro-element lengths had significant differences within the model.

Figure 3. Flowchart for the proposed parallel algorithm.
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An improved computational load distribution algorithm was developed for the needs of this
research study that is performed based on the geometrical features of the embedded macroelements found within the mesh. As it can be seen in Fig. 3, the proposed algorithm foresees
the computation of the length of each macro-element Li, while computing the total length of all
macro-elements Ltot found within the mesh. A weight factor wli is computed for each macroelement, which equals to the length of the macro-element Li divided by the total macro-elements’
length:
ܮ
Ltot = σ௨ǤǤ
ୀଵ

(7)

wli ൌ ܮ Ȁܮ௧௧

(8)

Following the calculation of the weight factor wli, the computation of the weight factor wcork
is computed for each core as shown in Fig. 3. This weight factor determines the total length of
macro-elements that will be assigned to core k. Therefore, the macro-elements are divided and
assigned to each core according to the overall length of the macro-elements that is directly
connected to the performed calculations during the search of embedded rebar elements. The
longer the macro-element is, the larger the number of hexahedral intersections, thus the larger
the calculations required for the allocation of the virtual embedded rebar nodes.
5

REINFORCED CONCRETE MODEL

The NuScale reactor building, developed and studied in [16] is analysed for the needs of
investigating the numerical response of the proposed parallel algorithm. This RC model shown
in Fig. 4 has a total length of 75.25 m, a width of 30 m and a maximum height of 39.55 m. The
FE framing system of the NuScale model was discretized with 181,076 8-noded isoparametric
hexahedral elements as it can be seen in Fig. 4. Additionally, to decrease the mesh construction
procedure, very long embedded macro-elements were used (up to 75 m in length, where the
shortest macro-elements had 0.5 m length). The embedded macro-element mesh can be seen in
Fig. 5 as it was developed by Markou and Filippo [16]. It should be noted that this structure has
a total of 177,504 embedded macro-elements, where after the execution of the embedded rebar
mesh generation procedure, a total of 2,703,251 embedded rebar finite elements are created
within the final FE numerical model.

Figure 4: NuScale reactor building discretized with 8-noded isoperimetric hexahedral FEs.
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Figure 5. Macro-elements of the NuScale reactor building.

6

NUMERICAL INVESTIGATION OF THE PROPOSED ALGORITHM

The numerical performance of the proposed algorithm was investigated through the use of
a 12-core computer, with 4.2 GHz per core computational processing unit. This investigation
foresaw the execution of 66 analyses of the NuScale reactor building presented above, in generating the embedded rebar elements. It should be noted at this point that 3 analyses were performed for each solution case using the proposed and the old parallel algorithms by assuming
different number of cores, ranging from 2 to 12. When performing the analysis in a serial manner (1 core), the rebar generation computational time equals to 176.93 min. The results obtained
from the parallel embedded rebar mesh generations can be seen in Fig. 6.
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Figure 6: Algorithmic performance results for different number of cores when using the old and new algorithm.

As it can be depicted from Fig. 6, the computational time decreases as the number of cores
increases, where the proposed distribution algorithm significantly improved the efficiency of
the embedded rebar mesh generation procedure. When the number of cores used to solve the
problem is set to 2, the proposed algorithm manages to achieve a 33.2% computational time
decrease compared to the old algorithm. Furthermore, it is easy to observe that the new proposed algorithm decreased the computational demand from 104.69 minutes to 31.22 minutes
when using 12 cores (see Table 1), which makes the proposed algorithm 3.4 times faster than
the old one. As shown in Table 1, the scalability also improves when the number of cores used
to solve this problem increases, when the proposed and the old algorithms are compared. In
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addition to that, the proposed algorithm manages to decrease the total embedded rebar mesh
generation time by 5.7 times when using 12 cores compared to the solution with 1 core.
Table 1: Computational time for each parallel analysis with the old and new algorithm.

Old Algorithm parallel time (min)
New Algorithm
parallel time (min)
Computational
Time Decrease (%)

7

Number of cores
7
8

2

3

4

5

6

9

10

11

12

136.10

121.63

114.14

112.81

106.44

109.15

107.59

103.72

102.39

100.76

104.69

90.91

78.37

53.26

49.82

49.80

40.11

37.56

35.25

31.52

32.91

31.22

33.20

35.57

53.34

55.84

53.22

63.26

65.09

66.02

69.21

67.33

70.18

CONCLUSIONS

A newly developed and improved distribution load algorithm for parallel processing was
presented and numerically investigated through the use of a NuScale reactor building model,
consisting a total of 2,703,251 embedded rebar elements. The proposed algorithm took into
account the length of each embedded macro-element utilizing a macro-element weight factor
to distribute the computational load evenly to each core. Therefore, the distribution of the computational demand was performed based on the total macro-element length sent to each core
and not based on the number of embedded macro-elements assigned to each core.
According to the numerical findings obtained from 66 analyses that foresaw the use of
different number of cores, it was concluded that the proposed algorithm yielded a significant
computational efficiency, allowing the embedded rebar mesh generation procedure to become
up to 3.4 times faster compared to the performance of the older parallel algorithm [5].
Currently, the proposed algorithm is parametrically investigated through the use of more
large-scale models, such as wind turbine structures, high-rise buildings and bridges. Furthermore, Reconan FEA has been integrated and is now been tested on a high-performance computer which has 40 cores per node. Future research work will investigate more computational
load distribution approaches that will further optimize the numerical performance and scalability of the developed embedded rebar mesh generation procedure.
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Abstract. Representation of random uncertainties in the context of reduced order models
is addressed in this article. Traditional strategies are generally based on the description of
non-deterministic features by random ﬁelds or parameters. Extraction of statistical properties of interest is achieved via a costly direct Monte Carlo simulation (MCS). While dynamic
substructuring and reduction techniques can alleviate the impractical computational requirements of these methods, propagation of the physical space uncertainty characterisation into a
condensed model is nontrivial. An explicit deﬁnition of random reduced substructural mass
and stiffness poses an alternative. However, such a technique must yield samples that preserve
certain mathematical properties of the nominal matrices. Following this paradigm, a recent
approach, permitting the robust construction of 2 × 2 block-partitioned, nonnegative deﬁnite
Hermitian matrices is adopted herein. It employs a formulation relying on generalised Schur
complements and random unitary matrices. Unlike other existing schemes, the sampling of
component-level off-diagonal matrix blocks is an inherent feature of this method. Thus, it also
preserves the blockwise mass and stiffness sparsity pattern of the global component mode synthesis (CMS) model. In this paper, an improved formulation allowing strict rank preservation
and more efﬁcient sampling is laid out. The proposed technique is compared against parametric
MCS for the case of a satellite structure subjected to a non-uniform pressure excitation. A simulation speed-up of approximately 3 orders of magnitude is achieved, while a solid agreement
with the benchmark solution is observed for the prediction of structural response variability.
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1

INTRODUCTION

Irrespectively of the level of detail of a mechanical system’s mathematical model, deterministic descriptions are bound to provide only a partial insight into its actual physical behaviour.
Uncertainty is introduced through various paths, such as non-ideal materials, geometric approximations and random boundary conditions . The description and quantiﬁcation of such
non-deterministic behaviour is central to the ﬁeld of stochastic structural mechanics, reviewed
in [1, 2, 3]. Contemporary techniques fall into a few major categories, as follows.
Probabilistic structural analysis (PSA) treats uncertain model properties as independent random variables, whose mean and variance are estimated a priori. Barring perturbation theory,
which is not well-suited to representing high coefﬁcients of variation (COVs) [2], MCS is traditionally performed [4]. Upon generating a sufﬁciently large number of realisations of the
random structure, each resultant deterministic case is solved. Quantities of interest are then
computed by statistical manipulation of the results. Direct MCS application is comparatively
straightforward, and its predictions tend capture the real structure’s stochastic behaviour well.
Thus other schemes are often validated against PSA, e.g. for spacecraft design and analysis
[5, 6].
The parameter space characterisation of PSA is often viewed as oversimpliﬁed. Logically, an
uncertain physical quantity would not deviate uniformly from some mean value over its whole
domain. The basis of the stochastic ﬁnite element method (SFEM) [7, 8] is formed by the
inclusion of spatial variability, which gives rise to random ﬁelds. They are expressed via ﬁeld
variables that represent spatial ﬂuctuation and probabilistic behaviour. A challenging aspect of
SFEM is that a discrete computational domain has to be prescribed for the random ﬁelds over
the application geometry. In contrast to SFEM’s academic popularity, utilisation in commercial
software remains currently limited, with notable exceptions discussed in [9, 10].
A solid practical argument against the aforesaid techniques is the estimation of a system failure probability pF . Conventional MCS demands a number of analyses of order 1/pF , such that
very low-probability samples containing failure events can be extracted from the population.
With the exception of simple problems, MCS is clearly infeasible. The issue is addressed by
a class of so-called variance reduction methods, comprised of two prominent advancements subset simulation [11] and line sampling [12]. Both exhibit comparable performance for certain high-complexity problems, with the evaluation of pF taking hundreds of samples, instead
of millions for the direct MCS [13, 5, 6].
In contrast to other methods, the popular nonparametric probabilistic approach of Soize [14]
constructs a non-deterministic model without random variables or ﬁelds. It relies on random
matrix theory and the maximum entropy principle, which stems from information theory. The
objective is to build a stochastic model that maximises uncertainty within available constraints.
Random structural matrices are obtained from known deterministic ones, with only a single
parameter responsible for specifying their dispersion. Statistical moments of the responses are
calculated by standard MCS. An updated version of the approach [15] permits the separate
treatment of modelling errors and system parameter uncertainties.
Shifting the perspective to practicality of analysis and computational efﬁciency, splitting
complex FE representations into smaller parts is commonplace [16], c.f. Figure 1. In CMS, each
component is projected onto a suitable basis in a generalised degree of freedom (DOF) space,
yielding greatly reduced problem dimensions. The condensed system is then synthesised, i.e.
reassembled. Unsurprisingly, CMS is widely adopted in the space industry, where FE models
can surpass millions of DOFs, becoming impractical to handle. The classic Craig-Bampton
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Figure 1: Substructuring visualisation: (a) partitioning, (b) deﬁnition of component interface
connections
(CB) method [17] remains the prevalent CMS technique, with multiple improved versions also
available [18, 19]. Additional modern contributions to the ﬁeld include automated substructuring [20], exploring non-standard projection bases, different interface reduction schemes and
combinations thereof [21, 22, 23].
As the ongoing growth in computing resources has been matched by FE model complexity,
closing the gap between stochastic analysis and reduction techniques remains highly desirable.
Some modal approaches such as [24] have been delineated, normally restricted to a CB reduction [25, 26]. However, a distinct lack of methods appropriate for dealing with random
uncertainties on a substructural level in a generic CMS setting is observed. The nonparametric
probabilistic approach marks a partial exception, but it does not preserve the blockwise sparsity
of CMS representations. In brief, robustly constructing individual random blocks of substructural matrices is not tractable with existing methods, especially for off-diagonal partitions.
In the present article, these issues are dealt with by a mathematical formulation speciﬁcally
derived for the construction of blockwise random 2 × 2 nonnegative deﬁnite matrices of given
rank. An early rendition of the method was presented in [27], indicating promising efﬁciency
and accuracy. Here, an amended version is laid out, beneﬁting from a simpler, yet mathematically more rigorous deﬁnition. Veriﬁcation against direct MCS for a practical benchmark case
of a Craig-Bampton reduced spacecraft is demonstrated.
2
2.1

STOCHASTIC CMS THEORETICAL FORMULATION
General notation

Let us ﬁrst establish the notation employed throughout the rest of the article. Boldface upper
and lower case letters are used for matrices and vectors, respectively. We denote the conjugate
transpose of a matrix A ∈ Cm×n by A∗ and its pseudoinverse by A+ . For better readability, the
∗
shorthand style A+∗ is used in place of the compound operation (A+ ) , equivalent to (A∗ )+ .
The (possibly generalised) Schur complement of X in A is denoted by A/X. We further use
A  0 and A  0 to specify that A ∈ Cn×n is strictly positive deﬁnite or positive semi-deﬁnite
(PSD), respectively.
The i-th eigenvalue of A ∈ Cn×n is written as λi (A), with ordering λ1 ≥ · · · ≥ λn .
Analogously, σi (A) is i-th singular value of A ∈ Cm×n , where σ1 ≥ · · · ≥ σmin{m,n} . Lastly,
the tilde accent indicates non-deterministic quantities, e.g. x
 is a random variable x. The topics
in linear algebra relevant to this paper are covered in [28, 29].
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2.2

Prerequisites

Consider the generalised eigenvalue problem (GEP):
(K − λi M )φi = 0,

i = {1, . . . , n}

(1)

with i-th structural mode φi and discrete stiffness and mass K, M , typically both real in FEM.
Unless K, M  0, i.e. they are at least positive semi-deﬁnite, the GEP can be shown to have
negative eigenvalues. This translates to complex structural natural frequencies, which are given
by ωi2 = λi (K, M ). Consequentially, φi ∈ R does not hold either. In order to circumvent this
 M
 that we will construct must be strictly PSD.
issue, the random matrices K,
To avoid superﬂuous notation, let us introduce an n × n Hermitian matrix G and its random
 with their 2 × 2 block partitioning
counterpart G,




 B

A B
A
=
G=
, G
(2)

∗ D
B∗ D
B
as placeholders for any substructural or global M or K. Usually, free-free conﬁguration FE
models’ mass and stiffness matrices have nonempty nullspaces. These correspond to the rigid
body modes of the structure, thus are normally subspaces whose dimension is 6, i.e. equal to the
 with respect
number of global spatial degrees of freedom in 3D. The nullspace dimension of G
to G is therefore a further mathematical feature that should be respected. Altering the number
of rigid body modes in realisations of the random structure would clearly be unphysical.
ƐĞƚK&ƐĐŽŵŵŽŶďĞƚǁĞĞŶ
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Figure 2: Form of a partitioned and DOF-ordered mass matrix for 3 subsystems

2.3

Mathematical framework

In dynamic substructuring problems the 2 × 2 block matrix format naturally occurs on both
local and global system levels, owed to the separation of boundary and internal elastic DOFs.
This is illustrated on Figure 2, which depicts the blockwise sparse structure of a mass matrix in
primal assembly. Exploiting this logical division would be particularly attractive for describing
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subcomponent variability, especially in a reduced model context. The main obstacle lies in
ﬁnding an interdependency within the global matrix structure, such that the permissible range
of values for any of its blocks can be speciﬁed as some function of the remaining ones. For
 be characterised by the submatrices A and D, such
instance, how can the random partition B

that for any possible realisation of B, the conditions of Section 2.2 are met.
Note that the detailed proofs of ensuing key statements are fairly lengthy and thus beyond
the scope of this paper. It is possible to derive the following fundamental result:
Theorem 1 (Nonnegative deﬁniteness). For a Hermitian matrix G = ( A
B∗
only if

B ),
D

G  0 if and

(a) all singular values σi (LA+ BLD+∗ ) ≤ 1, where A = LA LA∗ and D = LD LD∗
(b) range(B) ⊆ range(A)
(c) range(B ∗ ) ⊆ range(D ∗ )
Broadly speaking, Theorem 1 can be proven by calling upon the generalised Schur complement condition, which states that G  0 if and only if
A  0, D − B ∗ A+ B  0, (I − AA+ )B = 0

(3)

in conjunction with a technical lemma
Lemma 2. For a Hermitian T a necessary but not sufﬁcient condition for ST S ∗  0 is
range(Vn ) ∩ range(S ∗ ) = {0}, where Vn is the matrix of eigenvectors of T with negative
associated eigenvalues.
For the strict case, which corresponds to a matrix G with a trivial nullspace, e.g. the mass or
stiffness of a FE model constrained in space, we have
Corollary 3. Given a Hermitian matrix G = ( A
B∗
∗
∗
where A = LA LA and D = LD LD .

B ),
D

G  0 if and only if σi (LA−1 BLD−∗ ) < 1,

Attention is drawn to the fact LA and LD may be any possible factors of the diagonal blocks
of G. For a strictly positive deﬁnite block, a Cholesky decomposition can be taken. Generally,
at least one of A, D may be singular. We can use the singular value decompositions (SVDs)
1/2

LA = QA ΣA XA∗ ,

1/2

LD = QD ΣD XD∗

(4)

where LA LA∗ = QA ΣA QA∗ is the spectral decomposition of A, XA∗ is an arbitrary unitary matrix,
and LD is obtained analogously.
We turn our attention to the construction of blockwise stochastic matrices. Initially, we
consider only the off-diagonal partitions B of G. Using Eq. (4), let Z and its SVD be given by
Z = LA+ BLD+∗ = UZ ΣZ VZ∗

(5)

Z ∈ R to be a random diagonal matrix of the size and rank of ΣZ , with nonzero
Now, take Σ
elements not exceeding unity. Then
=U
Z Σ
Z V ∗
Z
Z
∗


Z Σ
Z V ∗ L∗
B = LA ZLD = LA U
Z
D

(6a)
(6b)

Z and VZ are completely unrestricted random unitary matrices. Crucially, it holds that
where U
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B

 ∗
Proposition 4. Let G = ( A
B ∗ D ) be a Hermitian PSD matrix, B = LA ZLD be random blocks,
 be any possible matrix abiding to Eq. (5) whose singular values do not
as per Eq. (6), and Z


 = A∗ B coincides with the set of all nonnegative deﬁnite
exceed unity. Then the domain of G
 D
B
matrices with constant diagonal blocks A, D.

A proof of Proposition 4 hinges on the assertion that swapping B with its random counterpart
still fulﬁls all conditions of Theorem 1. Provided that A and D are kept ﬁxed, the transition
 is facilitated entirely by B.
 The construction of B
 is hence ’uncoupled’ from that
from Z to Z


of A, D. Regarding these partitions, which are square and PSD, methods such as eigenvalue
perturbation or the nonparametric variability approach can be applied. Thereby only the more
 was discussed here. Evaluating realisations of G
 can be done by sampling
involved case of B
 D,
 then B
 sequentially.
A,
 that satisfy Theorem 1
Fo far we have shown that Eq. (6) describes all possible matrices B
for given A, D. Now, nullspace dimension controllability can be addressed
 is invariant with respect to unitary transformations of
Theorem 5 (Rank). The rank of G
+
+∗
 ∗Σ
Z ).
LA BLD and if null(LA ) = null(LD ) = {0} it is exactly equal to rank(I − Σ
Z
Rephrasing Theorem 5, any unitary transformation of LA+ BLD+∗ is, both mathematically and
Z and VZ in Eq. (6a). Furtherfor all pragmatic intents and purposes, equivalent to sampling U
more, LA and LD can be ensured to have a trivial nullspace by taking a standard truncated SVD
in Eq. (4), by discarding all singular vectors corresponding to zero singular values. In practice
if, for instance, A is degenerate, LA would be rectangular, with as many ’missing’ columns as is
the rank deﬁciency of A. Of course, rank(A) = rank(LA ) still holds. Note that the validity of
all preceding assertions only requires the existence of LA , LD , and is invariant with their shape.
 = rank(I − Σ
 ∗Σ
Z ) postulates that retaining the number of ones on the diFinally, rank(G)
Z
Z is necessary and sufﬁcient to ensure dim(null(G)) =
agonal of ΣZ unaltered when sampling Σ

dim(null(G)).
2.4

An appropriate model for the random unitary matrices
Z and VZ through which the dispersion of B
 is constrained and can
A sensible deﬁnition of U
be regulated is vital. Throughout Section 2.3, G was assumed complex, but all arguments made
trivially ensue for the special case G ∈ R, pertinent to structural FEM. Thereby we seek to
Z , VZ ∈ R. The approach suggested here is to compute their
construct stochastic orthogonal U
eigendecompositions
UZ = QU ΛU QU∗ , VZ = QV ΛV QV∗
(7)
and retain the bases QU , QV , resulting in
U Q∗ ,
Z = QU Λ
U
U

V Q∗
VZ = QV Λ
V

(8)

The eigenvalues of orthogonal matrices lie on the unit circle and appear in either complex
U , Λ
V in Eq. (8) therefore adhere to
conjugate pairs or are equal to one. The diagonal matrices Λ
the form
V = diag(eiθV )
U = diag(eiθU ), Λ
(9)
Λ
where i is the imaginary unit, θU , θV are random angle vectors. It can be validated that realisaZ , VZ are real and orthogonal, provided the complex conjugate pairs in θU , θV are kept
tions of U
unmodiﬁed with respect to θU , θV . Consequentially, for a non-deterministic orthogonal matrix
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Z of size n, only a random vector ϕ
U of length n2 needs to be sampled in order to evaluate a
U
realisation of the corresponding θU .
 as deﬁned in Eq. (6b), is fully speciﬁed by θU , θV (through ϕ
U , ϕ
V ),
Observe that now B,

and ΣZ by
 = LA U
Z Σ
Z V ∗ L∗
B
Z
D
∗
U Q Σ
Z QV Λ
 ∗ Q∗ L∗
= LA QU Λ
U

V

V

D

(10)

 thus M
 or K
 is
This construction poses several key beneﬁts. Firstly, rank preservation of G,
always guaranteed. Secondly, computation of realisations is easy, as only random vectors need
to be sampled. Vectorised code implementations are also straightforward to write.
2.5

Comparison to the original technique and algorithmic complexity

In comparison to theory outlined above, the prototype of the random block matrix method,
i.e. [27], employed
Z = R
A UZ ,
U

D VZ
VZ = R

(11)

D are sparse non-deterministic rotation matrices, composed of random Givens rotaA , R
where R
tions. While it performed well in test cases, it is feasible to strictly prove that rank preservation,
thus nullspace dimension of random mass and stiffness, is not guaranteed under certain conditions. The issue is solved in the present paper by the rank/shape constraints imposed on LA , LD
 in Eq. (11) is now generalised by Eq. (6).
in Theorem 5. In fact, the original deﬁnition of B
 without introducing any auxiliary
Furthermore, Eqns. (8)-(10) provide means of prescribing B
matrices that do not emerge naturally from decompositions of partitions of G.
 is evidently of cubic complexity. The cost incurred by the upSampling submatrices of G
dated Eq. (10) is very similar to the original method, c.f. [27]. It is worth pointing out that the
(k)
(k)
decompositions LK or LM for the k-th component need to be computed only once. In addition, the number of DOFs in a subsystem’s boundary or modal representations would typically
be small, namely of order not exceeding 103 , either by design or due to the use of interface
reduction. Due to the minimal size of the random blocks, O(n3 ) complexity of the stochastic
block matrix sampling does not impair overall efﬁciency. Per realisation, it is in-line with the
cost of a plain CMS modal solution.
Referring to Figure 2, eqns. (8)-(10) would facilitate generation of non-deterministic inter(k)
(k)
(k)
BI
face blocks M
from factorisations of MBB and MII . Note that in this example, subsystems
1 and 3 do not share common DOFs.
3

METHOD VALIDATION

The methodology outlined in Section 2 was implemented in Matlab and benchmarked with
a realistic test case, based on the SSTL300 spacecraft, shown in Figure 3. It is designed and
built by Surrey Satellite Technology Limited (SSTL) and has external dimensions of 1370 mm
× 850 mm × 1200 mm and mass of 300 kg.
A mock-up surface load was obtained from 50 superimposed plane wave sources, evenly
distributed over a unit sphere, whose centre coincides with the geometric centre of the model.
A diffuse sound ﬁeld was emulated by sampling the wave phases from a uniform distribution
between −π and π. Their amplitudes were extracted from a Gaussian distribution truncated to
the interval [0, 2], whose mean and variance were 1 and 0.5, respectively. The incident ﬁeld
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Internal structure

Response output locations

Figure 3: Stochastic CMS realistic test case: SSTL300 spacecraft
was evaluated at 200 frequency points, spaced logarithmically between 1 Hz and 1.5 kHz. It
was subsequently used as direct excitation to the structure. Normally, elasto-acoustic coupling
would be accounted for. Nevertheless, the aim of this test was solely to compare the stochastic CMS against a well-established numerical scheme for a complex model. Provided a good
agreement between the two methods is observed, either would be similarly representative of
any data acquired from physical tests.
Firstly, a direct Monte Carlo simulation was set up. Uncertain parameters in the model were
approximated as normally distributed random variables. The concrete values used are given
in Table 1, expressed in terms of COV, with μ being the distribution mean. The selection of
appropriate COVs has been thoroughly studied. Such investigations are widely available in
literature, for instance in [5]. 500 realisations were sampled and solved for the MCS.
From a CMS perspective, the formulation delineated in Section 2 was applied to a standard
Craig-Bampton reduction. The spacecraft was split into 10 subsystems, 9 of which were its
main external panels. The latter were subjected to the aforesaid pressure excitation, whereas no
loads were directly applied to the internal structure. An example is depicted in Figure 4. All
component condensations included modes up to 2.5 kHz. As a preprocessing step, MSC Nastran
was employed for producing the physical space structural and CB transformation matrices.
It was further utilised for the modal solution of MCS realisations. The stochastic CMS was
executed fully on in-house Matlab code.
Detailed component and global DOF set data is presented in Table 2. The equilibrium equation for the k-th condensed substructure is


 

 

(k)
(k)
(k)
(k)
(k)T (k)
 (k) ü(k)
Mbb M
K
u
f
0
+
Φ
f
B
I
B
bm
b
bb
b
(12)
(k)
(k) +
(k)
(k) =
(k)T (k)

 (k) Imm
u
ü
0
Λ
M
m
mm
m
ΦI fI
mb
where subscripts b and m, respectively, refer to the reduced boundary and internal elastic DOF
sets and u denotes displacements. The physical space forces are given by fB and fI . They are
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Figure 4: Applied acoustic pressure ﬁeld at 100 Hz, magnitude, [Pa]
Table 1: Coefﬁcients of variation for the variables in the SSTL300 parametric model
Type

Property

Symbol

Isotropic material

Young’s modulus
Poisson’s ratio
Shear modulus
Density

E
ν
G
ρ

0.07μ
0.03μ
0.11μa
0.04μ

Solid element

Property matrix
Density

Gij
ρ

0.10μ
0.04μ

Simple beam

Section dimension
Non-structural mass

L
NSM

0.05μ
0.12μa

Ply thickness
Composite laminate Fibre orientation
Non-structural mass

ti
Θi
NSM

0.10μ
1.0°
0.12μ

Thin shell

Thickness
Non-structural mass

t
NSM

0.10μ
0.10μ

Spring

Stiffness

ki

0.05μ

Point mass

Mass

m

0.06μ

Damping

Modal value

a

St. deviation

const.

Not applicable to the test case, or is described as a function of already deﬁned
E
values, e.g. G = 2+2ν
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projected onto Craig-Bampton mixed physical-modal coordinates through the typical transformation matrices ΦB and ΦI . The latter are a constraint mode matrix and a truncated eigenbasis,
respectively. Conforming to the widely accepted normalisation, the modal mass is scaled to
the identity matrix Imm , hence modal stiffness Λmm is given by the square of each mode’s
respective natural frequency.
Table 2: DOFs per subsystem for the Craig-Bampton
reduced and physical coordinate SSTL300 model
CB Reduction
Subsystem
1
2
3
4
5
6
7
8
9
10
Total
Reassembled

Full model

modal

boundary

physical

92
97
118
79
98
37
56
37
56
359

114
114
186
72
114
24
30
24
30
366

23202
15732
38066
19566
25488
6870
9714
6870
9714
82829

1029
1029

1074
540

244812
243738

 (k) were modelled and sampled according to
The stochastic off-diagonal mass terms, M
mb
Eqns. (8)-(10). Gaussian distributions with standard deviation of 0.3 radians and mean ϕ were
Z was kept constant. The component modal stiff whereas Σ
assigned to the random angles ϕ,
(k)
 mm were also normally distributed, with COVs of 0.1. A remark should be made that in
nesses Λ
Z term exerts a relatively minor inﬂuence on the variance of the computed global
general, the Σ
solutions. Similarly to the direct MCS, 500 random model realisations were evaluated. This
number was deemed reasonable for acceptable convergence of the ﬁrst two statistical moments
to be attained.
The results collected from the new stochastic CMS are plotted and compared against the
direct MCS in Figure 5. The mean and μ+3σ response curves, equivalent to a 99.7% conﬁdence
interval, are plotted for either numeric scheme, along with the baseline deterministic solution.
Overall, the predictions of the reduced-order stochastic method conform to the ones obtained by
direct MCS. Examining the plots closely, it can be seen that the low-frequency range uncertainty
is predicted to have slightly smaller variance compared to the MCS. However, the COVs chosen
for this work were not based on an extensive parameter survey. It is expected that even better
correlation against the MCS could be observed under some optimised strategy for designating
variability level to the random substructures.
As a measure of the overall uncertainty prediction quality, a global linear correlation coefﬁcient was computed for the statistical moments estimated by the new method against the MCS.
This was done by averaging solution correlations over all output DOFs for the full frequency
range. Coefﬁcients of 0.95 and 0.93 were calculated for the mean and variance of the solutions,
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respectively. Figure 5 is representative of these values.
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Figure 5: Acceleration magnitude: (a) node 1187, z-axis, B set physical interface between
two subsystems, (b) node 701124, x-axis, B set output location, not used as CMS subsystem
connector, (c) node 1100884, y-axis, I set, response recovered from the CB solution
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Regarding computational efﬁciency, the reduced-order scheme exhibited a clear advantage
by taking approximately 0.8 s per realisation, against 302 s for the parametric approach. Note
that the latter is pure solver CPU time and comprises less than half the wall-clock time per realisation when I/O operations are taken into account. In practice, this translates to an improvement
factor of over 750. Furthermore, while a commercial solver was used for the direct MCS, the
stochastic CMS was solved on code that could beneﬁt from further optimisation. Overall, the
new method provided nodal acceleration estimations close to the baseline solution, but with
greatly improved performance and arguably ease of implementation.
4

CONCLUSIONS

Modelling of random uncertainties on a subsystem-level is addressed in this article. To that
end, a method circumventing many of the usual restrictions associated with nonparametric techniques in a reduced-order model context was proposed. Namely, the component-level matrix
structure naturally arising in CMS can be exploited to robustly deﬁne and sample random local
mass and stiffness partitions. The foundation for the technique’s mathematical deﬁnition was
derived from the generalised Schur complement condition for nonnegative deﬁniteness. Further extending the concept, a framework was provided for individual block sampling of 2 ×
2 random Hermitian matrices of ﬁxed rank. A construction to adapt this theoretical basis to
FEM structural matrices was provided. The proposed stochastic CMS technique was applied to
a spacecraft structure subjected to acoustic excitation, and compared against parametric MCS.
Reliable response predictions are were recorded, whereas computational cost was reduced by
close to 3 orders of magnitude.
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Abstract
Riveted connections are the most common structural details of existing steel bridges. Due to
the increase of traffic loads as respect to the conditions at their erection time, existing riveted
bridges are usually characterized by structural deficiencies and prone to fatigue damages.
Moreover, the structural inadequacies are often magnified by the presence of peculiar constructional defects (i.e. shank misalignment, forged head distortion), which induce local stress
concentrations that further reduce the service life.
In this paper, the behaviour of riveted lap shear connections under static and cyclic actions is
investigated by means of finite element (FE) simulations. The investigated connections are representative of typical geometries of the details of actual existing railway bridges. FE models
were calibrated against the results of former tests drawn from literature. In addition, the FE
models allowed at investigating the influence of constructional imperfections on the ultimate
static and fatigue resistance and of the connections. In order to widen the parametric study, the
following parameters are varied, namely: (i) number of rivets, (ii) diameter of rivet shank, (iii)
thickness and width of the plates.
Keywords: Lap shear connections, Fatigue, Riveted connections, Existing Steel Bridges, Finite
Element Analysis.
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1

INTRODUCTION

Riveted steel bridges represent the most common type of existing railway bridges in Italy
[1]. The diffusion of this structural typology mainly developed between the XIXth century and
the first half of the XXth century, after which the usage of hot-driven rivets gradually diminished
owing to the introduction of high-strength bolts [2]. Therefore, existing riveted railway bridges
in Italy are often characterized by an exceptionally long service life. This condition, in conjunction with the increase of traffic loads through the years, inevitably exposes such kind of structures to critical fatigue issues.
Moreover, the adopted technology for the implementation of hot-driven rivets (i.e. heat forging) can lead to peculiar structural imperfections which further reduce the structural service life.
Indeed, the heating process brings the rivet base material to a plastic state which enables the
realization of an on-field head by means of a pneumatic hammer. This semifluid consistency
also leads to a diameter dilatation due to the hammering, leaving no gaps among the rivet shank
and the relative plate holes, differently from bolted connections. However, if involved plates
are not correctly aligned, the forging operation will result in a distorted shank which presents
several superficial discontinuities acting as critical stress amplifiers.
It should be remarked that current provisions for fatigue design of steel structures (EN:19931-9 [3]) only provide a single detail category for riveted connections (Δσc = 71 MPa) which
does not account for the actual riveted joint, although the influence of joints detailing on the
cyclic behavior of steel structures is widely recognized in literature [4-16]. Moreover, the presence of the aforementioned structural imperfections is completely overlooked.
Therefore, in this paper the actual static and fatigue behavior of common types of riveted
connections is parametrically investigated by means of numerical analyses.
The present work is divided in three parts. In the first section, the main features of investigated riveted connections are presented; the most relevant modeling assumptions are reported
in the second part, with particular attention to damage modeling and fatigue load protocol derivation. Finally, the results of numerical analyses are discussed, highlighting the influence of
the investigated parameters on both the static and cyclic response of considered riveted joints.
2

DESCRIPTION OF INVESTIGATED RIVETED CONNECTIONS

Four different types of lap shear riveted connections were tested in order to evaluate the
influence of (i) rivet diameter, (ii) plates width and thickness and (iii) number of rivets on both
static and fatigue behavior of these joints. Each adopted configuration is representative of typical details adopted in existing railway bridges.
Among the different typologies of possible constructional imperfections, in this paper only
the shank distortion due to plates misalignment is considered. According to the Sustainable
Bridges report [17], such kind of misalignment is considered acceptable for an existing riveted
connection (i.e. connection repair or substitution is not required) if the ratio between the shank
eccentricity e and the rivet diameter d does not exceed 0.15.
In order to account for possible difficulties in on-field eccentricity measuring, a maximum
value of e/d equal to 0.20 was considered.
A proper nomenclature L-D-T-N-E was introduced to label each investigated joint, where:
L is the considered load condition;
D is the rivet diameter;
T is the plate thickness;
N is the number of rivets;
E is the shank eccentricity.
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Figure 1: Relevant geometrical parameters for the investigated rivets in presence of constructional defects.

In order to reproduce the actual technique for on-field eccentricity measuring, the parameter e
has been defined as the distance between the shop head and the heat forged head of the rivet in
the direction of the applied loads, as depicted in Figure 1. A total of 40 finite element analyses
(FEAs) were conducted accounting for the variation of each introduced parameter (see Tab. 1).
Joint Typology

Load Conditions

L-16-10-1-E
L-19-10-1-E
L-19-12-1-E
L-19-10-2-E

S (Static)
or
F (Fatigue Cyclic)

Rivet Diameter
D [mm]
16
19
19
19

Plate Thickness
T [mm]
10
10
12
10

Number of Rivets
N
1
1
1
2

Eccentricity
E [e/d]
0.00
(No Imperfections)
to 0.20

Table 1: Main features of investigated joint configurations.

3

MODELLING ASSUMPTION

Finite element models (FEMs) were developed using ABAQUS 6.14 [18]. In order to reduce
the computational effort, riveted connections have been modelled considering their geometrical
and mechanical symmetry. Static and fatigue behavior of each connection has been investigated
imposing monotonic and cyclic displacement histories at the plates tip, respectively. The
adopted boundary conditions are reported in Figure 2.
All elements were discretized using solid C3D8 element type (i.e. 8-node linear brick). The
mesh density was defined on the basis of preliminary sensitivity analyses; therefore, a mesh
size of 1 mm was set for the connection zone, while a value of 20 mm was adopted for the plates
ends, which were expected to remain in their elastic range.
Steel yielding was modelled using the Von Mises criterion. Yield stress for both rivets and
plates was calibrated against experimental trials carried out by D’Aniello et al. [2]. Both kinematic and isotropic hardening were implemented by means of material parameters. Ductile
damage formulation was introduced to reproduce the material degradation due to plasticization
under triaxial stresses. According to Yang et al. [19], the following analytical expression for
triaxiality curves was considered:
ߝǡǡఎ ൌ ߝҧǡ ൫െ͵Ȁʹሺߟ െ ͳȀ͵ሻ൯
where εpl,eq,η is the equivalent plastic strain (PEEQ) at damage initiation for a given stress
triaxiality, ɂതpl,eq is the equivalent plastic strain at damage initiation under uniaxial stress and
η is the stress triaxiality, defined as the ratio between the mean pressure σm and the equivalent
Von Mises stress σeq,VM at a given point. Adopted values of ɂതpl,eq were calibrated against the
aforementioned experimental tests on real riveted joints. The assumed values of mechanical
parameters are reported in Table 2. “Surface-to-Surface” interactions were introduced to
model contact among rivets and plates.
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Figure 2: Boundary condition adopted for investigated riveted joints in absence (a) and presence (b) of constructional defects.

An “Hard Contact” formulation was considered for the normal contact behavior, while a
penalty formulation was used to model the tangential behavior (with friction coeff. = 0.30).
Investigated Joint
L-16-10-1-E
L-19-10-1-E
L-19-12-1-E
L-19-10-2-E

Plate Yield Stress
[MPa]
298
298
298
298

Rivet Yield Stress
[MPa]
385
461
414
350

Rivet Damage Strain
[-]
0.54
0.53
0.60
0.32

Table 2: Adopted material parameters for the investigated riveted joints.

3.1 Derivation of the fatigue load protocol
In order to reproduce fatigue loads which could affect real riveted connections comparable
with the investigated ones during their service life, a cyclic protocol was developed starting
from the structural analysis of an existing railway riveted bridge situated in Italy (Bridge over
Gesso Torrent, see Figure 3a). The investigated bridge, which is composed by three identical
simply-supported spans, has a reticular structure with two main external longitudinal trusses
and two supplementary internal girders supporting the overlying embankment. Longitudinal
trusses are connected by means of X-shaped braces in both the transversal and horizontal direction [1]. The whole structure was modeled using SAP2000 v.21 [20] (see Figure 3b) and
subjected to fatigue load trains borrowed from current Italian provisions for fatigue design of
railway bridges [21]. The main features of the load models considered are reported in Table 3.

Selected Connection

(a)
(b)
Figure 3: Overall view of riveted bridge over Gesso Torrent (a) and relative structural model made with SAP2000 (b).
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“Moving Load” command was used to reproduce the effect of transient train loads, thus
obtaining the variation of nodal actions through time. Among the various existing connections,
the one linking the most stressed diagonal to the tension side of the truss was chosen.
The resulting loads history relative to a single rivet was finally used as load protocol for the
fatigue analysis of investigated riveted connections (see Figure 4).
Load Train
3
4
8
9

Total Load
[kN]
9400
5100
10350
2960

Number of Axles
[-]
60
30
46
24

Train Length
[m]
385.5
237.6
212.5
134.8

Daily Passages
[-]
7
6
1
1

Table 3: Main features of the load trains adopted according to [21].

4

RESULTS OF NUMERICAL ANALYSES

4.1 Static behavior of investigated joints
The static behavior of each investigated joint in terms of shear strength-eccentricity and ultimate displacement-eccentricity is reported in Table 4. One can notice that the peak resistance
of each investigated joint does not change significantly as the shank eccentricity e/d increases.
This outcome is consistent with the failure mechanism related to all analyzed specimens (i.e.
rivet shear failure for each investigated joint). Indeed, the shear resisting section of the distorted
rivets is not actually influenced by the holes misalignment due to the diameter dilatation.
However, the effect of shank distortion can be appreciated in terms of both ultimate displacement and damage concentration. Due to the loss of in-plane symmetry, the material damage develops unevenly among the shear planes, as depicted in Figure 5. This leads to a reduction
of joint ductility which becomes more consistent with increasing eccentricity e/d.
Moreover, this tendency is more pronounced for low values of “rivet slenderness” ratio t/d.
(i.e. S-19-10-1-E specimen, t/d = 0.53) due to the higher influence of second order bending
moments caused by distorted geometry. Nevertheless, the influence of these effects on the static
behavior of examined riveted joints can be considered negligible within the investigated range
of defects amplitude. Indeed, as reported in Table 4, the loss of shear resistance with respect to
undistorted specimens is extremely low. This outcome is in consistency with tolerances on eccentricity suggested by Sustainable Bridges Report [17].
4.2 Fatigue behavior of investigated joints
The fatigue behavior of each investigated joint in terms of maximum damage initiation
parameter-eccentricity is reported in Table 5.

Figure 4: Cyclic protocol adopted for the fatigue analysis of the investigated riveted connections.
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(a)
(b)
Figure 5: Distribution of scalar damage parameter at failure in absence (S-16-10-1-0.00, a) and presence
(S-16-10-1-0.20, b) of imperfections.
Shear Strength
[kN]

Investigated
Joint
S-16-10-1-E
S-19-10-1-E
S-19-12-1-E
S-19-10-2-E

0
149.6
211.9
215.9
354.1

5
149.2
203.0
215.8
340.0

e/d [%]
10
148.0
202.9
215.4
337.5

Ultimate Displacement
[mm]

15
145.9
202.4
213.9
332.8

20
144.1
200.4
210.9
327.8

0
7.1
14.0
7.7
15.9

5
6.9
10.7
7.5
12.1

e/d [%]
10
6.6
10.6
7.5
11.7

15
6.2
10.5
7.4
11.0

20
6.1
10.3
7.1
10.5

Table 4: Shear strength and ultimate displacement for all investigated joints in static conditions.

In all cases a sharp increase in damage parameter can be noticed for increasing values of shank
eccentricity. Moreover, for higher values of e/d fracture spots relocate nearby shank discontinuities, while rivet heads are the most damaged components for undistorted specimens (see Fig.
6). In analogy with static analyses, joints with low “rivet slenderness” t/d (i.e. F-19-10-1-E
specimens) are the most affected from constructional imperfections. The worst scenario is represented by F-19-10-2-E specimens in which have low t/d ratio and are further penalized by the
presence of two distorted shanks, which both act as stress and damage amplifiers. Indeed, the
maximum damage parameter for e/d = 0.20 is 8.6 times higher with respect to undistorted joint.

(a)
(b)
Figure 6: Distribution of damage initiation parameter after the cyclic protocol in absence (F-16-10-1-0.00, a)
and presence (F-16-10-1-0.20, b) of imperfections.
Damage initiation
Par. (∙ 103) [-]

Investigated
Joint
F-16-10-1-E
F-19-10-1-E
F-19-12-1-E
F-19-10-2-E

0
2.25
0.71
1.17
0.59

5
2.38
1.03
1.63
1.04

e/d [%]
10
2.47
1.72
2.04
3.81

15
2.51
2.67
2.10
4.74

20
2.56
2.83
2.12
5.09

Table 5: Damage initiation parameter for all investigated joints under cyclic actions.
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5

CONCLUSIONS

The static and fatigue behavior of four different kinds of lap shear riveted joints has been studied
by means of numerical analyses. The influence of constructional imperfections on the joint’s
response was investigated introducing hole misalignments up to 20% of rivet diameters. A
proper cyclic load protocol was derived from the structural analysis of an existing riveted railway bridge situated in Italy.
From results of FEAs the following conclusions can be drawn:
x The static behavior of each investigated joint is not consistently influenced by the presence
of constructional imperfections, with a maximum shear strength loss of about 5% with
respect to undistorted specimens.
x However, a small difference can be noticed in terms of ultimate displacements, which decrease with increasing values of shank eccentricity; a modification of the damage mechanism is also observed due to distorted geometry.
x Ductility reduction increases for low values of “rivet slenderness” t/d due to higher second
order stresses which promote damage evolution.
x The fatigue behavior of joints is highly dependent from shank eccentricity; increasing values of e/d lead to higher damages and develop of fracture spots nearby shank discontinuities.
x Similarly to the static scenario, low “rivet slenderness” t/d has a consistent influence on
fatigue damage as well.
x The parametrical study will be further extended considering unsymmetrical joints, different
kinds of imperfections and using standard cyclic protocols provided by EN:1993-1-9 [3].
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Abstract
Hybrid structures are highly efficient and economical. In particular, modular solutions with
tubular columns combined with horizontal light-weight girders made of cold-formed steel sections may provide a cheap and efficient system. In order to simplify the on-site erection phases, a novel plug and play joint has been proposed within the RFCS INNO3D joints project to
enable industrialized and modular solutions that ensure fast-track construction and increase
the quality of the finished product. The aim of this paper is the investigation of both the monotonic and cyclic behavior of this type of joint by finite element analyses. Thus, an advanced
numerical model was developed and validated against experimental results performed within
the INNO3D research project. The results show for a large rotational value and increase of
the joint stiffness due by the contact between the joint components.
Keywords: INNO3D joints, Finite element model, Abaqus, Plug and play joint
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1

INTRODUCTION

Nowadays increasing attention is given in the design of steel structures located seismic area to avoid brittle failure concentrating all the plastic deformation within the ductile elements
[1-17]. In particular, in steel market there is a growing interest in developing new design and
construction approaches that could results more efficient, safer, environmentally friendly, less
labor-intensive, and can lead to buildings that are of higher standards and can be constructed
in a compressed schedule [17-22]. Shortage of skilled workers, low productivity, and increasingly stringent client requirements are the incentives behind developing innovative approaches. The construction industry has been dominated by conventional construction practices
which are less efficient and economical. Modular constructions provide several advantages.
The economy of modular systems depends on several variables, namely: resistance to lateral
load and the type of connections which plays a major role in stability and robustness of the
system.
To meet the needs of clients and communities of the future it is required to rethink the design and construction processes and develop appropriate responsive strategies. A few modular
construction systems are available using light-weight steel solutions, which are easily assembled in panels and delivered on site. The European project DRYCONDIS summarizes the capabilities of light-weight steel dry construction building systems [23]. Several research
projects have dealt with light-weight steel systems for prefabricated steel buildings and their
integration with the steel skeletal system (e.g. ETHICS; InFaSo; FrameUp; PRECASTEEL,
[24-27]). However, in only a few of them, the execution phase was a main parameter considered in the development and optimization of the system.
In the light of these considerations, innovative modular constructions with hybrid systems
made of lightweight steel truss girders connected to tubular columns by means of plug-andplay joints have been developed within the recent INNO3DJOINTS (acronym of “Innovative
3D joints for robust and economical hybrid tubular construction”) project in order to ensure
fast-track construction and increase the quality of the finished product. This paper aims to
provide a preliminary investigation of the joint under monotonic loading.
2

DEFENITION OF THE INNO3DJOINTS

Figure 1 (a) illustrates the main elements of the system and the details of the plug-and-play
connection (b). Columns could have cold-formed rectangular, square, or circular hollow structural section, while the beams are truss girders composed of light-gauge cold-formed profiles
which provides the main lateral resistance of the system. The joint is a plug and play joint
which guarantee a fast and safe on-site execution. As showed in Figure 1b, the joint is connected to the column at two different levels. It is noteworthy to mention that, due to the coldformed characteristics of the cross section, the joint is connected to the column at the end of
the corner radius; these details improve the connectivity of the joint to the column, since the
welding procedure of this this type of profiles could show some local imperfections. The main
components are the socket and the plug: the former is made of two S-shape plates that are
welded to the column’s face at one end, while serves as a host for the plug on the other end.
The plug is made of a T-shape and U-shape plates, and it is reinforced by stiffeners at both
sides. In addition, the plug is connected to the truss on one end, and it will be locked in the
socket on the other side. During fabrication of the structure in a steel workshop, the T-plug
with Y-fork are assembled to the truss girder and the socket is welded to column.
The slab in this system is constructed using CLT panels, providing both the necessary
gravity load-bearing capacity and enough in plane rigidity to act as a rigid plane diaphragm.
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a)

b)

Figure 1 Structural system (a); Details of the plug-and-play connection (b)

3

FINITE ELEMENT MODELING OF THE JOINT

A 3D model of the test specimens was developed based on the experimental set-up as
shown in Figure 2. The model was developed by means of Abaqus software [28] and all the
main modelling assumptions are in line with the models developed by Tartaglia et al. [29-34].
Due to the large number of contacts, the bolts and the material nonlinearity, the full 3D model
is difficult to construct and is computationally intensive. Thus, considering some simplification is necessary for the model; in this case proper boundary condition were introduced to reproduce the symmetry of the connection. A mesh transition technique is used to mesh the
model. The fine mesh was used in a critical area or anywhere that the behavior of the model is
important. A coarser mesh is used in areas further away from the critical zones by using a
wedge element between two zones. A general contact is defined for the model. For general
contact interactions, the discretization, tracking approach, and surface role assignments are
selected automatically by Abaqus/Standard. A contact property that has tangential and normal
behavior is assigned to the contact. The penalty method is selected for enforcing the contract.
It enforces the contact by use of springs without adding a degree of freedom to the matrix
structure.

Section 1

Figure 2 Left: the test set-up Right: the FEM

Figure 3a shows the comparison between the numerical simulation and the experimental
test in terms of force versus the displacement curve. The force is measured by the load cell
while the vertical displacement is extracted from the LDTV ABS_11 (see Figure 2). After an
initial decrease, the joint shows an increase of stiffness. This additional source of stiffness is
due to the contact between the T-plug and the socket.
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The Von-mises stress are also depicted in Figure 3b where a large concentration of tensions can be observed at the join location.

a)

b)

Figure 3 Force-displacement from the FEM and available experimental data.

The top joint is isolated from the system to investigate the cyclic response of the joint as
shown in Figure 4a. The cyclic behavior of the joint is investigated under the ECCS loading
protocol. First, a monotonically increasing displacement load (rotation) was applied to the
reference point that is highlighted in yellow. From the recorded force (moment) – displacement (rotation) curve, the conventional limit of the elastic range and the corresponding displacement (rotation) were deduced based on ECCS prescriptions. The reaction forces and
moments are extracted from section-1 (see Figure 2).
The cyclic behavior of the joint is evaluated and shown in Figure 4 in terms of bending
moment, shear and axial force. The curves are normalized with respect to the axial, shear and
bending yielding resistance evaluated from the monotonic response. The hysteretic behavior
shows a fair amount of pinching which is mainly due to the opening and closing of the bolts
or contact and separation of different plates in the joint.

a)

b)

c)
Figure 4: The cyclic behavior of the inno3Djoint
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4

SUMMARY AND CONCLUSIONS

INNO3DJOINTS joint is an innovative plug-and-play joint for hybrid tubular construction,
whereby tubular columns are combined with cold-formed lightweight steel profiles to provide
a highly efficient structural system. A finite element model of the joint was developed based
and validated against the experimental test. Under monotonic loads an initial loss of stiffness
due to contact between the T-plug and the socket can be observed; contrariwise for increasing
value of rotation an increase of stiffness was observed. This discontinuity can be observed
also when the joint is subjected to cyclic action; indeed, as observed the joint cyclic behavior
is characterized by a pinching behavior.
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Abstract
The aim of this work is to present the results of the design of Moment Resisting Frames and
Dual-Concentrically Braced Frames (D-CBFs) according to the Theory of Plastic Mechanism
Control. These frames are equipped with both haunched connections, analysed in the framework of the RFCS founded EqualJoints Plus research project, and FREEDAM joints analysed
in the framework of the RFCS founded FREEDAM Plus. The seismic performances of the
structures are investigated by both pushover and nonlinear dynamic analyses.
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1

INTRODUCTION

The design of modern seismic resistant structures is based on a preliminary selection of the
so-called dissipative zones which must be designed to assure, by means of their plastic engagement, the dissipation of the earthquake input energy. It is well known that Moment Resisting Frames (MRFs) [1]-[4] are characterized by a limited lateral stiffness and high
ductility linked to the possibility of forming many plastic hinges. The location of such dissipative zones at the beam ends is commonly preferred by designing full-strength beam-tocolumn joints. It is recommended that beam-to-column joints are designed with sufficient
over-strength with respect to the connected beams to assure their yielding accounting for the
influence of random material variability and for strain-hardening occurring before the complete development of the ultimate flexural resistance of plastic hinges.
Dual Concentrically Braced Frames (D-CBFs) [6]-[7] constitute an appealing structural
scheme because they combine the advantages of MRFs, which are characterized by high
global ductility due to the high number of dissipative zones, and CBF, which are characterized by high lateral stiffness due to the exploitation of the axial stiffness of diagonal members.
In fact, thanks to bracing members, providing additional lateral stiffness, D-CBFs allow respecting serviceability code requirements. However, they are penalized by the occurrence of
buckling of bracing members in compression which governs the shape of the hysteresis loops
of such dissipative zones [8]-[14]. D-CBFs are also attractive for collapse prevention requirements because they allow exploiting the local ductility supply of the MR part thus giving
to the diagonal members only the stiffening task. This observation suggests a design approach
where the braced frame is dimensioned to satisfy serviceability requirements while the moment resisting part is designed to satisfy ultimate limit state requirements.
It is known that, to prevent catastrophic collapses, the structural system and members
should have enough strength and ductility to resist to earthquakes [15]-[23]. Therefore, a stable and reliable capacity for energy dissipation should be provided through proper design and
detailing of the system, members, and joints. These latter attracted much attention because an
improper design or fabrication of the connections may lead to the collapse failure of the whole
structure.
In this paper, reference is made to the use of full-strength joints [24]-[30] that has been always considered the best way to dissipate the seismic input energy. In particular, the joint typology herein investigated is the so-called “haunched” connections which are characterized
by a haunch at the lower flange of the beam having the aim of increasing the connection stiffness thus allowing the yielding in the beam ends. As regards code provisions, UNI EN 19931-8 [31] provides design rules and analytical models to predict the mechanical behavior of the
joints; while UNI EN 1998-1 [32] provides additional design rules for seismic resistant joints.
From the existing scientific literature, a wide data base of experimental results on beam-tocolumn joints is available [33]. Moreover, several research projects have been developed and
devoted to investigating the beam-to-column joints behavior under both seismic and nonseismic loadings. Even though these projects have provided a large amount of data dealing
with steel beam-to-column connections, none of the existing European studies has been aimed
at prequalifying specific configurations for seismic areas based on parametric experimental
investigations. In order to fill these gaps, the recently finished European research project
EQUALJOINTS [34] was aimed at providing prequalification criteria of steel joints for the
next version of UNI EN 1998-1 [32]. The following dissemination project EQUALJOINTSPLUS [35]-[38], had the scope to promote the valorisation and dissemination of the technical
knowledge and the design tools developed within the EQUALJOINTS project. The goal is to
reach a wider and easier use of dissipative beam-to-column connections in steel seismic resist-
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ing systems in Europe. The joint typologies selected for prequalification procedure are representative of those most adopted in European practice. In the context of the research project
EQUALJOINTS [34], four types of prequalified connections are considered. In particular,
three types of prequalified bolted beam-to-column joints (Figure 1 a, b and c) will be considered, as well as welded dog-bone beam-to-column joint made of heavy sections (Figure 1 d).
In this paper, reference is made to “haunched” connections (Figure 1 a).

Figure 1: Beam-to-column joints investigated in the framework of EQUALJOINTS project: a) Bolted haunched
joints; b) Bolted extended stiffened end-plate joint; c) Bolted extended unstiffened end-plate joint; d) Welded
dog-bone joint

However, independently of the use of either full-strength or partial-strength beam-tocolumn joints, the main drawback of the traditional seismic resistant design strategy is intrinsic in the strategy itself. The structural damage is essential to dissipate the earthquake input
energy but, on the other hand, it is the main source of direct and indirect losses. For this reason, many researchers have focused their attention on the strategy of supplementary energy
dissipation with the aim to reduce the structural damage under destructive seismic events and,
therefore, the direct and indirect losses. This strategy is based on the use of specific energy
dissipation devices which have to be inserted between couples of points of the structural
scheme for which high relative displacements or velocities are expected under the action of
severe ground motions. In this work, reference is made to beam-to-column FREEDAM [39]
connections that have been widely tested at the Laboratory of Materials and Structures of
University of Salerno and to FREEDAM connections equipping the intersection between the
diagonals of chevron brace frames (CBFs) when the structure is not a simple Moment resisting frame (MRF) but dual systems given by the combination of MRFs and CBFs.

Figure 2: Beam-to-column joints investigated in the framework of FREEDAM plus project: a) MRF
FREEDAM joint; b) FREEDAM friction damper to chevron brace.
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The scope of the paper is investigating the influence of both the mentioned connection typologies in the seismic response of MRFs and D-CBFs. To this scope, medium-rise structures
have been designed according to the Theory of Plastic Mechanism Control (TPMC) design
approach [40]-[49], which is a powerful design. The structural response was analysed by
means of both non-linear static and dynamic analyses. All the activities described in this work
are performed in the framework of the RFCS Project FREEDAM Plus [50] aimed at the valorisation and dissemination of the technical knowledge and the design tools developed within
FREEDAM project, to reach a wider and easier use of dissipative beam-to-column connections in steel seismic resisting systems.
2

HAUNCHED CONNECTIONS VS FREEDAM CONNECTIONS

Bolted joints are very interesting for practice in steel buildings, owing to their inherent advantages not only in terms of high-quality execution (e.g. shop welding and bolting on site),
but also highly productive erection (less time-consuming). Full strength joints are designed to
guarantee the formation of all plastic deformations into the beam, which is consistent with EN
1998 strong column-weak beam capacity design rules (i.e. non-dissipative joint).
“Haunched” connections [51] increasing the web depth also makes an increase of the
height of panel zone, which reduces the panel zone yielding. In that case a greater beam plastic rotation is needed to achieve an equivalent seismic energy dissipation. Application of the
haunches assures that plastic hinges form in the beams which increases the global seismic performance of steel moment resisting frames. Appropriate detailing and use of “haunched”
joints could be an effective way for ductile design of steel frames. The haunched connection


is the joint resistance, ܯǡǡǡோௗ
is the
used in this paper is described in Figure 3 where ܯǡோௗ
beam resistance. All the prequalifying requirements reported in Figure 3 are finalized to the
stiffening of the panel zone whose strength is also calibrated not to yield in case of destructive
seismic events.

Joint
Type
EH-S:
Fullstrength
with
strong
panel
zone

Geometry
݄
ൌ ͲǤͶͷ
݄
ݏ
ൌ ͲǤͷ
݄
ݖ௪ ൌ ݄  ݄

Connection:


ܯǡோௗ

ܯǡǡǡோௗ

ൌ ͳǤ͵

Strength
Panel Zone:
External nodes:

ܸ௪ǡோௗ
ή ݖ௪
ൌ ͳǤͷ

ܯǡǡǡோௗ
Internal nodes:

ܸ௪ǡோௗ
ή ݖ௪
ൌ ͳǤͷ

ʹ ή ܯǡǡǡோௗ

Stiffness
Connection:
Panel Zone:
External
nodes:
ݏ௪ǡ
ൌ ͷͷ
ݏǡ
ݏ
ൌ ͺͲ
ݏ
Internal
nodes:
ݏ௪ǡ
ൌ ͷͷ
ʹ ή ݏ

Figure 3: Details of “Haunched” connections

FREEDAM connections, studied in the framework of the recently accomplished homonymous project (RFSR-CT-2015-00022) have a wide-ranging use because it is a technology that
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can be used both in the construction of new buildings and for the seismic rehabilitation of existing buildings. From the technological point of view, the innovation regards the conception
of beam-to-column connections. In fact, beam-to-column connections are equipped with friction dampers which can be located either at the bottom flange level or at the levels of both the
flanges. Such friction dampers must be designed to assure the transmission of the beam bending moment required to fulfil serviceability limit state requirements and to withstand without
slippage the gravity loads. In addition, they must be designed to assure the dissipation of the
earthquake input energy, corresponding to the collapse prevention limit state, without any
damage. FREEDAM joints are extremely robust, because they are characterized by a first
phase of the response corresponding to the damper slippage and by a second phase in which a
secondary resisting mechanism is activated with the bolts acting in shear and the plate elements subjected to bearing. The added value to what has already been achieved at both European and worldwide level is the increase the safety buildings and reduction of the direct and
indirect costs related to the development of structural damage in case of rare seismic events or
exceptional loads. The friction resistance is calibrated by acting on the number and diameter
of bolts and their tightening torque governing the preloading. The flexural resistance results
from the product between the damper friction resistance and the lever arm. Such connections
exhibit wide and stable hysteresis loops without any damage to the connection steel plate elements, so that they can be referred as “Free from Damage Connections”.
FREEDAM joints can be designed according to the following equation:
ߤ௦௧ ݊ ݊௦ ܲ
(1)
ܯǤாௗ  ܯǤோௗ ൌ

ߛிଶ

݄

where ߤ௦௧ is the average value of the static friction coefficient equal to 0.76, ݊ is the number
of bolts, ݊௦ is the number of the contact surfaces equal to 2, ݄ is the lever arm given as the
sum of H (Figure 14) and ݄ (height of the beam), ߛிଶ is the partial safety factor accounting
for the randomness of friction and bolt preload, and it is equal to 1.26, ܲ is the preloading
force that has to be calibrated to assure that the FREEDAM connection resistance is as much
close as possible to the design moment ܯǤாௗ at the column face resulting from the seismic
load combination. Therefore:
ܯǤாௗ ߛிଶ
(2)
ܲ ؆
ߤ௦௧ ݊ ݊௦ ݄
The bolt preloading should be between 40% and 100% of the maximum bolt preloading allowed by code provisions (EN 1993-1-8).
The number of bolts changes according to the standardised devices (Table 1). The friction
damper to be adopted must be selected in function of the beam height ݄ and of the increase
of the lever arm due to the haunch resulting from the damper geometry (Figure 4).
Device
D1
D2
D3
D4
D5

Number of bolts
݊
4
4
6
8
8

Table 1: Number of bolts of the prequalified devices
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Figure 4: Dimension of prequalified FREEDAM connections

It is important underlining the need to perform a local hierarchy criterion to prevent the beam
yielding that can be expressed as follows:
݈െܮ
൰
ܯǤோௗ  ߛ ܯǤோௗ ൬
݈
where ߛ ൌ ͳǤͲ [52], ܯǤோௗ is the beam plastic moment, ܯǤோௗ is the FREEDAM joint resistance (Eq. (1)), ݈ is the beam length and  ܮis the device dimension as reported in Figure 4.
3

DESIGN APPROACH

The design approaches herein proposed regard the Theory of Plastic Mechanism Control
[40], [53]-[56]. The Theory of Plastic Mechanism Control is a design approach based on a
rigorous theoretical background. It assures the development at collapse of a mechanism of
global type. TPMC exploits the kinematic theorem of plastic collapse extended to the concept
of mechanism equilibrium curve:
(3)
ߙ ൌ ߙ െ ߛߜ
where, following the theory of rigid-plastic analysis, ߙ is the first order collapse multiplier of
horizontal forces, ߛ is the slope of the linearized mechanism equilibrium curve due to second
order effects and ߜ is the plastic top sway displacement. It means that in the case of the global
mechanism Eq. (3) becomes:
ሺሻ
(4)
ߙ ሺሻ ൌ ߙ െ ߛ ሺሻ ߜ


while in the case of undesired mechanism becomes:
ሺ௧ሻ

ሺሻ

ሺ௧ሻ

ሺ௧ሻ

(5)

ሺ௧ሻ

ߙ ൌ ߙǤ െ ߛ ߜ

where ߙ and ߙǤ are the first order collapse mechanism multipliers for global and undeሺ௧ሻ

sired mechanism, respectively; ߙ ሺሻ and ߙ are the collapse multiplier of horizontal force for
ሺ௧ሻ

the global and undesired mechanism, respectively and ߛ ሺሻ and ߛ are the slope of mechanism equilibrium curve for the global and undesired mechanism, respectively. TPMC states
that the mechanism equilibrium curve corresponding to the global mechanism (Eq. (4)) has to
be located below those corresponding to all the undesired mechanisms (Eq. (5)) until a design
displacement ߜ௨ compatible with the local ductility supply (Figure 5). The column sections at
each storey that guarantee a global collapse mechanism are the unknowns of the design problem, while the dissipative zones are preliminarily designed according to the first principle of
capacity design. In this paper, the ultimate design displacement ߜ௨ is computed as:
(6)
ߜ௨ ൌ ߠ݄௦
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where ߠ is the target rotation of the plastic hinge that is assumed equal to 0.04 rad neglecting
the higher stiffness of braces, and ݄௦ is the building height. The plastic hinge rotation is set
equal to the interstorey drift ratio, since the idealized behavior of the structure is rigid-plastic.
It is worth noting that P-Delta second order effects are taken into account using the TPMC
design approach and, as a consequence, does not deeply affect the design as the use of the ߠ
[57] factor proposed in the framework of Eurocode 8 [32], thus allowing to optimize the design overstrength of the structure and the non-linear response as well.

Figure 5: TPMC statement.

4

STUDY CASE

The seismic resistant structural system is a perimeter seismic resistant system. The inner
bays are pinned and designed for gravity loads only. The building has 4 storeys and 4 bays.
The bay span is equal to 6.00 m; the interstorey height is equal to 3.50 m. Stairs are located
outside the analysed building by means of an independent structure as the same as the elevator.
The seismic resistant scheme of the building is depicted in Figure 6 for X direction. The elevation configuration is reported in Figure 7. The material adopted for the structure is steel
grade S355 using a partial safety factor equal to 1, so the nominal yield stress is 355 MPa for
beams and for columns. The following permanent loads are considered:
x Permanent loads on floors and roof: ͵ǡʹͷ  Ͳǡͷ ൌ ͶǡͲ݇ܰȀ݉ଶ
x

Permanent loads of external walls: ͳǡͲ݇ܰȀ݉ଶ

while the live loads are equal to ͵ǤͷͲ݇ܰȀ݉ଶ for current floors and 3.00 for ݇ܰȀ݉ଶ for the
roof.
The design horizontal forces have been determined according to the new Eurocode 8 draft
[58] spectra assuming a reference spectral acceleration at plateau of 8.5 m/s2, a behaviour factor equal to 6.5 for MRFs and D-CBFs with FREEDAM joints and 4.8 for D-CBFs with traditional haunched connections.
Serviceability requirements have been checked by response spectrum anaysis to compute
the elastic displacements and to derive the interstorey drift values to be compared with the
corresponding limits according to:
(7)
݀ ൌ ͲǤͲʹͲ݄
where ݀ is the relative displacement increased by the behaviour factor and h is the interstorey height. The limitation is the one reported into the new Eurocode 8 draft [59].
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Figure 6: Plan configuration of the building with identification of the lateral load resisting system

Figure 7: Elevation configuration of the building (MRFs and D-CBFs)

5

DESIGNED STRUCTURES

This section summarizes the description of the MRFs and Dual-CBFs designed according
to TPMC and equipped with both haunched and FREEDAM connections.
Storey
1-2
3-4
Storey
1-2
3-4

Bay 1
IPE 330 haunched
IPE 300 haunched
Column 1-5
HE 340 B
HE 320 B

Bay 2
IPE 330 haunched
IPE 300 haunched
Column 2
HE 340 B
HE 320 B

Bay 3
IPE 330 haunched
IPE 300 haunched
Column 3
HE 340 B
HE 320 B

Bay 4 (pinned)
IPE 220
IPE 220
Column 4
HE 340 B
HE 320 B

Weight of structural elements: 12876 kg
Table 2: Beam and column sections for 4 St_DC3_MRFs_X_TRADITIONAL
Storey
1-2

Bay 1
IPE 330
FREEDAM

Bay 2
IPE 330
FREEDAM
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3-4
Storey
1-2
3-4

IPE 300
FREEDAM
Column 1-5
HE 300 B
HE 260 B

IPE 300
FREEDAM
Column 2
HE 300 B
HE 260 B

IPE 300
FREEDAM
Column 3
HE 300 B
HE 260 B

IPE 220
Column 4
HE 300 B
HE 260 B

Weight of structural elements: 11500 kg
Table 3: Beam and column sections for 4 St_DC3_MRFs_X_ FREEDAM
Storey
1-2
3-4
Storey
1-2
3-4
Storey
1-2
3-4

Bay 1
IPE 330 haunched
IPE 330 haunched
Column 1-5
HE 360 B
HE 320 B
Diagonal
CHS 88.9x5
CHS 88.9x4

Bay 2
IPE 270 haunched
IPE 270 haunched
Column 2
HE 450 B
HE 450 B

Bay 3
IPE 330 haunched
IPE 330 haunched
Column 3
HE 450 B
HE 450 B

Bay 4 (pinned)
IPE 220
IPE 220
Column 4
HE 450 B
HE 450 B

Weight of structural elements: 14951.8 kg
Table 4: Beam, diagonal and column sections for 4 St_DC3_D-CBFs_X_TRADITIONAL
Storey
1-2
3-4
Storey
1-2
3-4
Storey
1
2
3
4

Bay 1
IPE 360
FREEDAM
IPE 330
FREEDAM
Column 1-5
HE 300 B
HE 260 B
Diagonal
CHS 114.3x6.3
CHS 114.3x5
CHS 114.3x4
CHS 88.9x5

Bay 2
IPE 360
FREEDAM
IPE 330
FREEDAM
Column 2
HE 300 B
HE 260 B

Bay 3
IPE 360
FREEDAM
IPE 330
FREEDAM
Column 3
HE 300 B
HE 260 B

Bay 4 (pinned)
IPE 220
IPE 220
Column 4
HE 300 B
HE 260 B

Weight of structural elements: 12486 kg
Table 5: Beam, diagonal and column sections for 4 St_DC3_D-CBFs_X_FREEDAM

Figure 8 shows the comparison in terms of weight among MRFs and D-CBFs equipped with
haunched and FREEDAM connections. It is evident that in both cases the structures with traditional connections leads to heavier structures.
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Figure 8: Comparison in terms of weight among MRFs and D-CBFs equipped with haunched and FREEDAM
connections designed according to TPMC.

6

MODELING ASSUMPTIONS

The modelling of these structures is carried out in SAP 2000 ambiance [60] according to the
scheme reported in Figure 7. The leaning column (Figure 7) is used to consider the vertical
loads acting on the frame (including masses) and the second order effects. The material steel
grade is S355 where the coefficients 1.20 and 1.10 are the overstrength factor due to random
material variability according to the Probabilistic TPMC [49] and the strain hardening, respectively. [61]-[66]. The plastic behaviour of members has been modelled in terms of lumped
plasticity by P-hinge properties.
6.1 Structures with traditional joints
Beams and columns have been modelled by means of beam-column elements, whose non linearities have been concentrated in plastic hinges (“Moment M3” elements). On the beams,
hinges are at the end of haunched connection, namely at a distance sh, from the face of the
column; while on the columns they are assigned with a relative distance of 0 and 1. Of fundamental importance are the demand for plastic rotation during the development of the kinematic mechanism and the capacity for plastic rotation. In the case of columns with
dimensionless normal stress lower than 0.30 and beams in flexure, the plastic deformation capacity is expressed as a multiple of the chord rotation at yielding J, defined as a property of
the member itself.
In particular, for columns arranged strong axis and for beams, the rotation of the member is:
ߠ௬ ൌ

ఊೝ ெǤ 
ாூ

(8)

For columns arranged weak axis, the rotation of the member is:
ߠ௭ ൌ

ఊೝ ெǤ 
ாூ

(9)

where Mpl.y and Mpl.z are the plastic moment of the member for y and z axis respectively; lm is
the length of the member; Im is the moment of inertia; E is the elastic modulus and γrm is the
material overstrength coefficient place equal to 1.25. Plastic rotation capacity at the end of
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beams or columns with dimensionless axial load ν not greater than 0.30 in Table B.1 of EC8-3
[67] are reported, as shown in Figure 6. The hysteresis type is kinematic.
Point

Moment/SF

Rotation/SF

E-

-0.67

0.075/J

D-

-1.2

0.028/J

C-

-1.2

0.016/J

B-

-1

0

A

0

0

B

1

0

C

1.2

0.016/J

D

1.2

0.028/J

E

0.67

0.075/J

Table 6: Beams and columns hinge model.

To model the plastic hinge of the bracing diagonals in Sap2000 we start from the Georgescu
model [68] generally used for cyclic analysis (Figure 9) [67].

Figure 9: Georgescu model for cyclic analysis

The model used for the pushover analyzes starts from a first simplification of the
Georgescu model (Figure 10) that exploits the OA, AB and BC traits for compression. On the
other hand, in traction the behavior is defined with a Perfectly Plastic Elastic bound (EPP).

Figure 10: First simplification of the Georgescu model for pushover analysis
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The equations of model branches are reported in the following:
x

Initial imperfection
݂ ൌ

x



തതതଶ െ ͲǤͲͶ൯ ߙ݄ݐ݅ݓൌ ͲǤʹͳǡ ߣҧ ൌ
ߙ൫ߣ

ா




(11)

ெ
ೝ

ೝ 
ா

൬ͳ െ

ೝ


(12)

൰

గమ

 ସ ሺ݂௧ ଶ െ ݂ ଶ ሻ

(13)

BC branch:
݂௧ ൌ

ெ


൬ͳ െ




(14)

൰  ܿ݅ݎ݄݁݊݁݃ܲݐ݅ݓ൏  ܲ௧

݂ ൌ ߜ ൌ െ


ா

గమ

 ସ ሺ݂௧ ଶ െ ݂ ଶ ሻ

(15)

OF branch:
ܲൌ

x

ೝ

AB branch:

ߜ ൌ െ

x

(10)

ఒ

ߜை ൌ ܭௗ ߜை ܲݐ݀݁ݐ݈݄݅݉݅ܲݐ݅ݓ௧ Ǣߜ ൌ

݂௧ ൌ

x

ఒ

OA branch:
ܲൌ

x

ௐ

ா




ߜைி ൌ ܭௗ ߜைி ܲݐ݀݁ݐ݈݄݅݉݅ܲݐ݅ݓ௬ Ǣߜி ൌ 



(16)

FG branch:
ܲ ൌ ܲ௬ ߜிீ

(17)

A second simplification adopted in the Sap2000 model consist in considering the OA and
OF sections as rigid, while the BC section is represented with bilinear approximation (Figure
11). The elastic behaviour is demanded to the beam-column element representing the diagonal
section.

Figure 11: Second simplification of the Georgescu model for pushover analysis, in Sap2000

The bilinear approximation of the BC section was obtained by considering two points of
the curve, or those corresponding to the limit displacements provided by Eurocode for the
compressed diagonals. These points were also identified in traction (on the horizontal branch)
according to the limits given for taut diagonals.
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For braces in compression the inelastic deformation capacity should be expressed in
terms of the axial deformation of the brace, as a multiple of the axial deformation of the brace
at buckling load, Δc. For braces in compression (except for braces of eccentric braced frames)
the inelastic deformation capacities at the three LSs may be taken in accordance with Table
B.2 of EC8-3 [67]. For braces in tension the inelastic deformation capacity should be expressed in terms of the axial deformation of the brace, as a multiple of the axial deformation
of the brace at tensile yielding load, Δt. For braces in tension (except for braces of eccentric
braced frames) with cross section class 1 or 2, the inelastic deformation capacities at the three
LSs may be taken in accordance with Table B.3 in EC8-3 [67]. To allow the diagonal buckling and therefore, their cyclic behaviour the diagonal must be split into two parts and the
middle node must be put out of plane with an initial imperfection.
6.2 Structures with FREEDAM joints
In the structures with FREEDAM connections the beams and columns have the same
plastic hinge described above. The P-hinge properties representing the FREEDAM connections are rigid perfectly plastic, and they are located at the column face, i.e. where it is expected the device rotation. The rotation depends on the level arm of the device used. Under
the bending action, the node is forced to rotate around the center of rotation, located at the
base of the upper T-stub, and the dissipated energy is guaranteed by the alternating sliding of
the bolts on the vertical stainless-steel plate (Figure 12).

Figure 12: Center of rotation of FREEDAM hinge

In particular, the FREEDAM rotation is:
ௗ

ߴ௬ ൌ ு  ܪ݄ݐ݅ݓൌ ݄  ܾ

(18)

where d is the distance between the bolt and the slot, ݄ is the beam height, ܾ is the distance
between the center of gravity of the bolts and the lower flange of the beam.
As already mentioned, the bracing diagonals of the D-CBFs structures equipped with
FREEDAM dampers do not suffer any damage in the case of a seismic event as the energy
dissipation occurs through the friction dampers placed at the chevron braces intersection.
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Point

Moment/SF

Rotation/SF

E-

-1

-Jy

D-

-1

-0.06

C-

-1

-0.04

B-

-1

0

A

0

0

B

1

0

C

1

0.04

D

1

0.06

E

1

Jy

Table 7: FREEDAM hinges model.

For the sole purpose of carrying out pushover and non-linear dynamic analyses, this friction device was modeled as a “short link” with a cross-section equal to the diagonals it joins
and a cross section axial area of zero. The length of the link is: llink = hb/2 + 260; in other
words, it has been set equal to half the height of the beam plus the height of device D1.

Figure 13 – Friction dampers model for pushover and non-linear dynamic analyses

A rigid plastic frame hinge “Shear V2” behaviour is assigned to “link” members with a
max displacement equal to: dmax = 0.04·hi = 0.04·3.50 = 0.14 m; where hi is the inter-storey
height of the structure. In the definition of FREEDAM hinges, the bending and shear strength
of the beam-column and diagonal intersection devices was amplified with the coefficient γrm
equal to 1.6 [52].
Point

Moment/SF

Rotation/SF

E-

-1

-dmax

D-

-1

-0.07

C-

-1

-0.04

B-

-1

0

A

0

0

B

1

0

C

1

0.04

D

1

0.07

E

1

dmax

Table 8: – FREEDAM hinges “Shear V2” model
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7

PUSHOVER ANALYSES

Pushover analyses are led in displacement control considering both geometrical and mechanical nonlinearities under two lateral load patterns, as suggested by EC8: a load distribution corresponding to the fundamental mode shape and a uniform distribution proportional to
seismic masses at each floor. The response parameters monitored by the performed pushover
analyses are illustrated in Figure 14. Pushover analyses are carried out on SAP2000 computer
program.
In particular, ܸ௨ is the base shear at maximum plastic capacity of the structure, ܸଵ is the
base shear at first plastic event; Ɂଵ and Ɂ௫ are the roof displacements corresponding to the
formation of the first plastic hinge and to the first occurrence of the structural collapse corresponding to the achievement of the ultimate rotation.

Figure 14: Monitored parameters in capacity curves.

Among the strength parameters monitored the base shear ܸ, is a measure of the overall
overstrength of the structure. In addition, the ratio ܸ௨ Ȁܸଵ ǡ is a measure of redundancy. This
value depends on the frame configuration, formation of the collapse mechanism, redistribution capacity and gravity loading. Conversely, ܸଵ can be considered as an overdesign factor
related to aspects of the design procedure such as differences between actual and nominal material strength, member oversizing due to choices of commercial cross section and design
governed by deformation and/or non-seismic loading. The μ factor is defined as:
ߜ௫
ߤൌ
(19)
ߜଵ
where ߜ௫ is the roof displacement at structural collapse and ߜଵ is the roof displacement associated to formation of the first plastic hinge. From the comparison of pushover response
curves (from Figure 15 to Figure 18) it is observed that the D-CBF designed according to EC8
are characterized by larger overstrength than the corresponding structures designed according
to TPMC. Moreover, EC8 rules induce overdesigning the braces to satisfy both slenderness
limits and the variation of brace overstrength along the building height, while TPMC do not
have such requirements. In general, the differences among the different “haunched” connections are negligible.
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Figure 15: Push-over curves for 4 Storey MRFs with traditional connections
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Figure 16: Push-over curves for 4 Storey D-CBFs with traditional connections
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Figure 17: Push-over curves for 4 Storey MRFs with FREEDAM connections
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Figure 18: Push-over curves for 4 Storey D-CBFs with FREEDAM connections

In Figure 19 and Figure 21 the redundancy and the ductility of the structures are reported,
respectively. It is observed that the highest values of redundancy and ductility are exhibited
by the structures designed by EC8. The presence of the “haunched” connections seems to affect not too much the seismic performances of the structures while the effect of balanced panel zone is easy pointed out because of higher values of the ductility.
About global ductility (Figure 19-Figure 20), it can be noted that the MRFs_FREEDAM
and D-CBFs_FREEDAM structures have a higher ductility if compared with structures
equipped with traditional joints.
20

18
16
14

μ

4-STOREY MRFs X direction
TRADITIONAL_1° Mode
FREEDAM_1° Mode
TRADITIONAL_Uniform
FREEDAM_Uniform

12
10
8

6
4
2
0
DC3
Figure 19: Ductility for MRFs with traditional and FREEDAM connections
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4-STOREY D-CBFs X direction
TRADITIONAL_1° Mode
FREEDAM_1° Mode
TRADITIONAL_Uniform
FREEDAM_Uniform

25
20
15
10
5
0
DC3
Figure 20: Ductility for D-CBFs with traditional and FREEDAM connections

About the system overstrength (Figure 21-Figure 22), it can be observed that in traditional
structures it is higher than the FREEDAM ones. However, this redundancy is higher than the
one suggested by the new Eurocode draft [59].
3

qR

4-STOREY MRFs X direction
2.5

TRADITIONAL_1° Mode
FREEDAM_1° Mode

2

TRADITIONAL_Uniform
FREEDAM_Uniform

1.5
1
0.5
0
DC3
Figure 21: Redundancy for MRFs with traditional and FREEDAM connections
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Figure 22: Redundancy for D-CBFs with traditional and FREEDAM connections

8

DYNAMIC NON-LINEAR ANALYSES

Non-linear Dynamic Analyses [69] are also performed to investigate the structural performance for the 3 limit states defined in EN1998-3 [67], namely damage limitation (DL), significant damage (SD) and collapse prevention (CP). EN1998-3 [67] associates a seismic
intensity with each limit states and establishes performance limits related to global and local
damage. The IDA analyses have been carried out for three increasing values of PGA value
corresponding to the following limit state Damage limitation (DL), Severe Damage (SD) and
Near Collapse (NC). The values of the multiplier of accelerograms are assumed equal to 0.59,
1 and 1.73 for DL, SD and NC [67], respectively. The non-linear dynamic analyses are carried
out using the same structural model adopted for pushover analyses. Rayleigh formulation for
a 5% damping has been assumed with the proportional factors computed with reference to the
first and second mode of vibration. In addition, first ܶଵ and second ܶଶ periods of vibration are
required and reported in Table 10. Record-to-record variability has been accounted for by
considering 10 recorded accelerograms selected from ESM [70]. In Table 9 the analyzed records (Earthquake name, Date, Duration, Station name, Station Country, moment magnitude
(MW), local magnitude (ML) and Fault mechanism) have been reported.
Station
Code

Station Name

Earthquake name

Date

Network

Mw

BAR

Bar-Skupstina

NW_Balkan_Peninsula

15.04.1979

EU

6.9

CSO1

CARSOLI1

L'Aquila

06.04.2009

IT

6.1

KAL1

KAL1

Southern_Greece

13.09.1986

HI

5.9

MCT

Macerata

Central_Italy

26.10.2016

IT

5.9

MZ12

Amatrice

Central_Italy

26.10.2016

3A

5.9

MZ102

Accumoli

Central_Italy

30.10.2016

3A

6.5
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PZI1

Pizzoli

Central_Italy

24.08.2016

IT

6.0

Table 9: Analized ground motion records

These recorded accelerograms have been selected to approximately match the code elastic
response spectrum [58]. In other words, the spectra of the 7 recorded accelerograms have
been properly scaled to let their average value to be compatible with the design EC8 spectrum.
The accelerogram multipliers are reported in the Table 11.
TPMC
T1 (s)
T2 (s)
1.62
0.48
1.63
0.52
0.84
0.27
0.77
0.27

Scheme
MRFs_TRADITIONAL
MRFs_FREEDAM
MRFs_TRADITIONAL
MRFs_FREEDAM

Table 10: First and second vibration periods

BAR

Length
(s)
47.83

CSO1

99.80

0.01

11.7

KAL1

30.02

0.01

1.3

MCT

96.38

0.01

5.85

MZ12

82.67

0.01

3.64

MZ102

77.15

0.01

1.04

PZI1

63.45

0.01

9.75

Station Code

Step recording
(s)
0.01

Scale Factor
(-)
1.11

Table 11: Accelerogram multipliers, length and step recording

1200

Mean natural spectra

1000

Upper bound EC8
spectrum - 10%
Upper bound EC8
spectrum + 15%
EC8 Design spectrum

Sr [cm/s2]

800
600
400
200
0
0

0.5

1

1.5

2

T [s]

2.5

3

3.5

4

Figure 23: Comparison between natural signals average spectrum and EC8 design spectrum
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From dynamic analyses it can be observed that the soft-storey mechanism does not develop, but the collapse mechanism is almost global, i.e. it develops a pattern of hinge compatible with the global mechanism.
From a comparison between the seismic performance of the structures with traditional
connections and the same structures equipped with FREEDAM connections given in terms of
Maximum Interstorey Drift, it is possible to observe that the structure equipped with
FREEDAM connections at beam-to-column joint show, on average, better performances if
compared with full strength joint ones. It is due to the high dissipative capacity of FREEDAM
connections which do not present relevant degradation under cyclic loading. In addition, it is
important observing that the performances of the structures equipped with FREEDAM connections can be higher if the involvement of bolt in shear is considered after the achievement
of the ultimate stoke of dampers. However, the maximum stroke is never achieved even at
Near Collapse limit state. The average maximum absolute peak interstorey drift of
FREEDAM structures is lower than the structures with traditional full-strength joints for
MRFs. In particular this happens for increasing values of PGA corresponding to the multipliers 1 and 1.5. Conversely, for the D-CBFs structures the opposite occurs, this is probably due
to the insertion of the friction device at the top of chevron braces which guarantees a maximum displacement that can be reached of 14 cm. In Figure 24 and Figure 25 the comparison
between MRFs and D-CBFs in terms of peak interstorey drift for each limit state is reported.
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(a)
(b)
Figure 24: Peak interstorey drift curves for MRFs equipped with both traditional haunched connections and
FREEDAM connections

(a)

(b)

Figure 25: Peak interstorey drift curves for D-CBFs equipped with both traditional haunched connections (a) and
FREEDAM connections (b)
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10 CONCLUSIONS
x The work herein presented, developed in the contest of the RFCS Project FREEDAM
Plus.
x Both Dual CBFs and MRFs low rise structures are designed considering traditional connections and FREEDAM connections.
x The design methodology adopted is the Theory of Plastic Mechanism Control (TPMC).
x The comparison in terms of weight among MRFs and D-CBFs equipped with haunched
and FREEDAM connections shows that in both cases the use of traditional connections
leads to heavier structures.
x From the pushover it is observed that the redundancy is higher for the structure with traditional connections
x Conversely, the ductility is higher for the structures equipped with FREEDAM connections.
x Form the Dynamic Analysis point of view it is possible to observe that structures
equipped with FREEDAM connections have better seismic performance than structures
equipped with traditional connections.
x The TPMC has proved to be an excellent design tool for both traditional and FREEDAM
structures assuring that columns sections are not involved in plastic range.
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Abstract
The recent use of the 3D Laser Cutting Technology in the field of civil engineering has led to
the development of novel typologies of steel beam-to-column connections made by welding
circular hollow section columns (CHS) to through-all members. The main feature of these
joints is that they are able to provide higher flexural strength, stiffness and energy dissipation
capacity compared to the corresponding joints with elements simply welded to the external
surface of the hollow section. Currently, there are no codified rules for such a type of structural details and, consequently, the design of these joints implies the development of complex
FE models. Aiming at filling the knowledge gap regarding the structural flexural behaviour of
CHS through I-beam joints, a research activity is currently ongoing at the STRENGTH laboratory of the University of Salerno with the objective to provide simple analytical tools for the
design and modelling of such connections through the component method, both under monotonic and cyclic loading conditions.
This paper deals with the preliminary study of the behaviour of one of the elementary components characterising the response of beam-to-column joints composed by CHS columns and Ibeams, which is the "plate transversally welded to the column in tension/compression". This
component is meant to model the local behaviour exhibited by the CHS tube at the upper/lower beam flange level. This component is very important because it governs the deformability of the connection and may limit the resistance of the joint due to the local failure
of the CHS tube. In the performed work, monotonic and cyclic tests on specimens representative of realistic geometric configurations of beam-to-column joints have been carried out.
Subsequently, a finite element (FE) model, representative of the analysed connection, has
been developed and validated against the experimental results.

Keywords: component method, laser cutting technology (LCT), experimental activity, FEM.
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1

INTRODUCTION

In the last decades, the 3D-Laser Cutting Technology (3D-LCT) has proved to be very useful in many applicative fields since it allows to manufacture a mass production with high accuracy. The only exception regards the field of civil engineering because of the relevant cost
of large-scale structural components. Nevertheless, the 3D-LCT is a good solution when very
complex geometrical components have to be manufactured; an example of such a case is represented by steel beam-to-column connections between circular hollow section (CHS) columns and double-tee beams. In fact, until now, except for the study of the behaviour of
tubular profiles ([1]-[4]), some different solutions for coupling the aforementioned profiles
have been conceived: i) the beam is simply welded to the external surface of the column [5]; ii)
plates, welded to the flanges of the double-tee profile, intersect the column [6]; iii) the beam
is welded to collar plates externally welded or bolted to the column [7]; iv) the connection is
filled with concrete, while the beam is welded to the external surface of the column [8]. The
first solution is very easy to manufacture, but the obtained connection provides low stiffness
and resistance such that it can be adopted only in the case of pinned or semi-continuous
frames [9]. The second and the third solution, instead, are good alternatives but the need of
conceiving complex special elements [10] represents a relevant drawback. The fourth approach, instead, induces the slowdown of the construction process due to the pouring of concrete on-site [11].
The briefly above summarised existing solutions well clarify the possibilities offered by
the beam-to-column connection between CHS columns and through-all beams obtained by
adopting the 3D-LCT. In fact, the cut of the tubular profile according to the shape of the double-tee section guarantees the beam to cross the CHS before welding both the members, increasing, in such a way, both the stiffness and the resistance of the joint without appealing to
additional plates or concrete. Because of these benefits, a relevant interest in the technological
aspects [10] and mechanical behaviour exhibited by the aforementioned beam-to-column
connection recently arose. In particular, at the University of Salerno, experimental, numerical
and theoretical activities have been carried out in order to study the resistance and the stiffness of the analysed joint. As results of the first step of the study, formulations to predict the
flexural strength and initial stiffness of CHS columns to through-all I-beam connections have
been proposed ([12]-[14]). These equations have been analytically derived starting from the
behaviour of the easiest components in which the connection could be simplistically divided:
the hollow section subjected to the transverse tension/compression of the flanges of the double-tee profile and the beam web and column under shear actions. Because of the complexity
of the obtained theoretical formulations, it has been necessary to derive simplified equations
whose coefficients have been calibrated against the overall response of the numerically simulated connections. Basing on such statements, it is clear that, even though the proposed equations allow to have a reliable prediction of the flexural strength and initial stiffness of the
studied connection nevertheless, they do not allow to really account for the local behaviour of
the single nodal components. This is the reason why one of the steps of the research activity
consists of studying singularly all the components of the CHS to through-all double-tee connections aiming at assembling all the components to foresee the behaviour of the whole joint.
Within this framework, this paper deals with the study of the component consisting of the
"plate transversally welded to the column in tension/compression". Such a topic is not a novelty since Voth [15] has already investigated it, also proposing a formulation for the strength
prediction. Nevertheless, his approach consisted of calibration against experimental and numerical results of regression coefficients of an existing formula ([16], [17]) for tubes with
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plates externally welded to the column, without adapting the theoretical approach to the specificities exhibited by the connection with through plate.
The present study is a preliminary work for characterizing the behaviour of the nodal component between CHS profiles and through-all plates under tension/compression forces and it
is composed of experimental and numerical activities. The experimental campaign consisted
of performing three monotonic and three cyclic tests on CHS to through-all plates specimens
differing for the geometric properties of the connected elements. Afterwards, numerical models of the tested specimens have been modelled thanks to finite element software and have
been validated against the experimental results. As future developments, the validated numerical models will be exploited to perform parametric analyses to investigateg a wide range of
geometrical properties of the studied CHS to through-all plate connections, aiming at proposing design equations meant to predict the strength and stiffness of the analysed component.
2

EXPERIMENTAL ACTIVITY

Aiming at studying the component highlighted in the introduction, three monotonic and
three cyclic tests have been performed on specimens having as members circular hollow section profiles and through-all plates (Figure 1).

a) 3D view of the studied connection

b) Experimental set-up (Specimen 1)

Figure 1: Analysed connection and experimental set-up

The examined specimens differ for the geometric properties of the connected profiles: the
first connection is characterised by a tubular member with a diameter equal to 168 mm, thickness 6 mm, length 450 mm and by a 100 mm width, 30 mm thick and 350 mm length
through-all plate; the second specimen is characterised by a CHS with a diameter equal to
219.1 mm, thickness 5 mm, length 500 mm and by a through-all plate with a width of 150
mm, the thickness of 20 mm and length of 350 mm; the third specimen has a tubular member
with a diameter equal to 273 mm, thickness 6 mm, length 500 mm and a 160 mm width, 20
mm thick through-all plate with length equal to 400 mm. The plates have been properly selected in order to be ideally representative of the flanges of double-tee profiles (IPE200,
IPE300 and IPE330 for the three specimens, respectively) of a CHS to through-all -beam connection.
In order to ensure the plates could pass through the CHSs, the tubular members have been
cut with a tolerance of 2 mm around the imprint of the shape of the plates, while the welds
consist of single-sided full-penetration butt welds chamfered with an angle equal to 30°
adopting the Metal Inert Gas (MIG) welding technique, as suggested by EN 4063-131 provision [18].
The basic material properties of the steel members, characterised by a S275JR steel grade,
have been defined by tension coupon tests obtained by the base metal of the specimens.
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The testing rig has been conceived in such a way to apply the force at the upper end of the
plate employing a vertical actuator (load capacity of 2000 kN in tension and 3000 kN in compression) which is fixed to a rigid steel reaction frame constrained at its base to the strong laboratory floor.
In the test layout, the CHS has been placed horizontally, and its ends have been restrained
thanks to steel supports conceived to fix all the degrees of freedom and bolted to the rigid
floor of the ITALSIGMA machine (Figure 1). The monotonic and cyclic tests consisted of
applying displacements at a rate of 0.5 mm/min until 10 mm displacement, 1 mm/min between a displacement of 10 mm and 20 mm, and 2 mm/min for displacements higher than 20
mm. The specimens have been equipped with 5 LVDTs to monitor not only the vertical displacements but also the horizontal displacements of the supports in order to prove they behave
as fixed supports.

a) Force-displacement monotonic curve (test 1)

b) Force-displacement cyclic curve (test 1)

c) Force-displacement monotonic curve (test 2)

d) Force-displacement cyclic curve (test 2)

e) Force-displacement monotonic curve (test 3)

a) Force-displacement cyclic curve (test 3)

Figure 2: Experimental tests
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In Figure 2 the force-displacement curves of the specimens are presented. The maximum
forces withstood by the monotonically loaded connections are equal to 518 kN, 491 kN and
608 kN, respectively, for the three specimens, and in all the cases, the maximum strength capacity has been achieved for displacements lower than 5 mm. Instead, the maximum strength
experienced by the connections subjected to the cyclic histories are equal to 521 kN, 466 kN
and 570 kN, respectively, for the three specimens.
All the specimens collapsed because of the transverse crushing of the tube consistently
with the deformed configuration analysed by [12].
3

NUMERICAL ACTIVITY

This paragraph is devoted to validating the numerical models of the tested specimens
thanks to the finite element (FE) software Abaqus [19].
The geometric characteristics of the specimens have been properly modelled, except for
the welds, which have been substituted by Tie contacts between the plate and the tubular profile. Instead, the definition of the mechanical properties has been based on the tension coupon
tests; for the sake of clarity, the stress-strain laws have been modelled according to the quadrilinear relationship proposed by Faella [20] with Young's modulus of 210000 MPa and a Poisson's ratio equal to 0.30.
In the FE software, the specimens have been modelled together with the rigid floor of the
testing rig and the fixed supports, as given in Figure 3a.

a) 3D view of the specimen

b) Mesh size
Figure 3: FE model

"Hard" contacts for normal behaviour and frictionless contacts for the tangential behaviour
have been applied among the bolts and the plates to which they are connected with; Tie contacts have been employed to model not only the welds between the through-plate and the CHS
profile, but also the welds among the plates of the fixed supports. In order to account for the
damage evolution, in the numerical model, an equivalent plastic displacement at fracture
equal to 4.8 mm has been considered according to the suggestions of [21], [22].
C3D8-type (8-node linear brick) elements with a size equal to 5 mm have been used to
mesh the members (Figure 3b).
Referring to Eurocode 3 part 1.5 [23] and according to the construction tolerances provided
by EN10034 [24], the imperfection related to the beam-plate attachment, which promotes the
local buckling of the tubular profile, has been embedded in the numerical model.
The numerical model has been validated against the experimental results by loading the
end of the plate with the same monotonic displacement histories to which the real-scale spec-
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imens were subjected. At the end of the simulations, carried out by adopting a static solver, it
has been possible to observe the consistency of the failure modes exhibited by the FE models
with the experimental observations and also the good prediction of the force-dismplacement
curves, as shown in Figure 4.

a) Force-displacement curves (test 1)

b) Force-displacement curves (test 2)

c) Force-displacement curves (test 3)
Figure 4: Experimental versus FE results

4

CONCLUSIONS

The present work is devoted to studying one of the components of CHS to through-all Ibeam connections; in fact, the attention has been focused on the analysis of the plate transversally welded to the circular tubular profile in tension/compression since this component is
supposed to behave as the flanges of the double-tee beam welded to the CHS member.
The research efforts consisted in performing experimental tests and numerical simulations.
The main conclusions are:
1. the experimental activity has shown that the developed collapse mechanism exhibited by
the analysed component is consistent with the supposed theoretical mechanism proposed by
[12];
2. a numerical model of the tested specimens has been validated against the experimental
results.
Starting from the validated numerical model, the future research efforts will be devoted to
the study of a wider range of CHS to through-all plate connections characterized by different
geometrical properties. The ultimate aim of the present research activity is to propose design
formulations able to forsee the strength and stiffnes of the analysed component.
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Abstract
Advantages of Cold Formed Steel (CFS) structures are now well known all over the world.
The new goal is represented by the improvement of structural performances, in order to build
higher and safer constructions in seismic area. To this aim, in the framework of an Italian
project in cooperation with Lamieredil S.p.A. company, the University of Naples “Federico
II” developed a new Lateral Force Resisting System (LFRS), made of CFS frame braced by
Ultra High Strength (UHS) steel bars in “V” configuration. Three different configurations of
the LFRS, with increasing lateral capacities, were designed, and tested under monotonic and
reversed cyclic load protocols at the Lab of the Department of Structures for Engineering and
Architecture. In total, five tests on full scale 2400x2800 mm2 (length x height) were carried
out. The paper provides all the details on the full-scale wall tests and discusses the obtained
results. Moreover, a test-based evaluation of behaviour factor is presented.
Keywords: LWS system, CFS structure, Seismic behaviour, Full-scale test, Behaviour factor.
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1

INTRODUCTION

Many Italian reaserch projects, numerical and analytical studies demonstrated the ability of steel systems to show very good structural [1-16].
The increasing market demand for high-performance and low-cost constructions oriented the choice of the last decades to a competitive and ecofriendly solution: Lightweight Steel (LWS) systems made of Cold-Formed
Steel (CFS). In this field the University of Naples “Federico II” was really
active [17-25] and in this perspective an Italian Research Project, named as
ECCElSA [1], has recently finished, in which the main aim was the development of an innovative LWS system with higher structural, energetic and environmental performances. The core of the project was the evaluation of
seismic and thermal performances of a wall system braced with pre-tensioned
Ultra-High-Strength (UHS) steel bars.
The innovative wall system is mainly composed of: (1) UHS steel bracing;
(2) pre-tensioning devices; (3) chord studs; (4) tracks; (5) hold-downs; (6)
blocking profiles and flat straps.
The UHS steel bracing consists of two diagonal braces, which are pretensioned dog bone shaped round bars having thread ends to allow their connection and pre-tensioning. For the chord studs, a back-to-back C section was
selected, while for tracks a box section was chosen. The pre-tensioning device
is a U shape profile con-nected to the hold-down through a cylindrical hinge,
which allows the rotation in the plane of the wall.
A UHS steel (fy=1300 MPa, fu=1450 MPa) is adopted for the diag-onal
braces, while chord studs, tracks, blocking and flat straps are made of S280
GD+ Z steel grade, and devices for pre-tensioning and hold-downs are made
of S355 steel grade (fy=355 MPa, fu=470 MPa). More details about the innovative wall and the design phase are available in [26].
The effectiveness and the limitations of the innovative wall system were
validated through an extensive experimental campaign carried out at Laboratory of the Department of Structures for Engineering and Architecture of
University of Naples “Federico II”, which consisted of small-scale tests on
materials and nut-bar assemblies and full-scale wall tests. This paper describes in details the full-scale wall tests and the obtained results.
2

EXPERIMENTAL TESTS

The main core of the research project was the evaluation of seismic behaviour of the innovative wall system. To this purpose, five tests, including three
monotonic tests and two cyclic tests, were carried out on full-scale 2400 mm
long and 2800 mm high wall specimens. Two configurations of the innovative wall system have been investigated, which were representative of Light
(L) and Medium (M) configurations developed. The label defines the specimen typology. Namely, the first letter indicates the test typology (M for monotonic test and C for reversed cyclic test), the second letter is referred to the
wall specimen (L for specimen representative of Light configuration and M
for specimen representative of Medium configuration) and the number represents the test number; e.g. M_L1 means the monotonic test no. 1 carried out
on the specimen representative of the Light wall configuration. Both configu-
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ration specimens are represented in Figure 1. In both configurations and for
both protocols used, the bars were pre-tensioned before starting the test via a
torque wranch.
The test program is summarized in Table 1, in which the load type, loading
protocol and number of tests are shown.

L Configuration wall tested

M Configuration wall tested
Figure 1 Specimen tested

Table 1 Test matrix for the monotonic and cyclic tests on full-scale walls

Test Label

Wall type

Load
Type

Protocol

Number of
tests
M_L
Light
Monotonic
2
M_M
Medium
Monotonic
1
C_L
Light
Cyclic
CUREE
1
C_M
Medium
Cyclic
CUREE
1
An available steel frame set-up for in-plane wall tests was modified and
used for the experimental activity (Figure 2). The wall prototype was restrained to the laboratory strong floor by the bottom beam, which has a 300 ×
180 × 30 (width × height × thickness) rectangular hollow section. Horizontal
loads were transmitted to the wall through the loading beam, which has a 200
× 120 × 10 mm (width × height × thickness) rectangular hollow section. The
out-of-plane displacements of the wall were restrained by two steel portal
frames equipped with roller wheels. The tests were performed by using a hydraulic actuator having a stroke displacement of 500 mm and a load capacity
of 500 kN. A sliding-hinge was placed between the loading actuator and the
loading beam, in order to avoid vertical load components.
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Figure 2 Wall test set-up

Six LVDTs and two potentiometers were used to measure the specimen
displacements. In particular, three LVDTs (L1, L2 and L3) were installed to
record hold-down horizontal and vertical displacements, two LVDTs (L4 and
L5) for the upper beam vertical displacements, one LVDT (L6) for wall vertical displacements and two potentiometers (P1 and P2) for wall horizontal displacements. The strains in selected points of the diagonal bars and studs were
recorded by means of fourteen strain-gauges. Two strain-gauges were installed on each diagonal (SG1 and SG2 placed near the middle section, where
the diameter is reduced, and SG3 and SG4 placed where the section is maximum), four strain gauges were placed on the intermediate stud in two sections
(SG5 and SG6 placed on the upper section, SG7 and SG8 on the lower section) and six strain gauges were placed on the right chord stud (SG9, SG10
and SG11 placed on the upper section and SG12, SG13 and SG14 placed on
the lower section). The instrumentation pictures are shown in Figure 3. A
load cell was used to measure the applied loads.
P1 and P2

L1, L2 and L3

SG9, SG10 and SG11

L4

L5

SG2 and SG4

Figure 3 Photographs of wall test instrumentation
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2.1

Monotonic tests

Monotonic tests were carried out with displacements imposed at a rate of
0.10 mm/s until the collapse of specimens occurred. The data were recorded
with a sampling frequency equal to 10 Hz.
Three monotonic tests were carried out on two L and one M walls. Results
for M_L2 and M_L1 specimens are provided in Errore. L'origine riferimento non è stata trovata., in term of load (H) vs. inter-storey drift ratio (dr)
curves. The displacements used for the evaluation of inter-storey drifts were
measured by potentiometer P1, whereas load was provided by load cell.
Numerical values are provided in Table 2, according to the following parameters:
- H0: wall strength corresponding to the end of the Phase (1);
- He: wall conventional yield strength evaluated according to
ECCS procedure [9];
- Hy: wall strength corresponding to the end of the Phase (2);
- Hp: maximum recorded load corresponding to the end of the
Phase (3);
- de: yield displacement evaluated according to ECCS procedure
[27];
- dmax: maximum displacement, evaluated in correspondence of
Hp
dr,e: yield inter-storey drift ratio, equal to de/h;
- dr,max: maximum inter-storeydrift ratio, equal to dmax/h;
- ke: initial elastic stiffness corresponding to the tangent to initial part of the response curve, equal to He/de;
- P: ductility, equal to the ratio between the conventional ultimate displacement and displacement at conventional elastic limit load
dmax/ de or equally dr,max/ dr,e.
Globally, for all the specimens the monotonic response showed a threephase lateral behaviour. In particular, the curves are characterized by three
different branches: (1) the first linear branch with a stiffness k e; (2) once
achieved H0, the second branch characterised by a linear response having a
stiffness smaller than ke; (3) once achieved Hy, the third branch characterised
by a nonlinear response.
M_L2 and M_M1 specimens showed the same collapse due to the tension
failure of the bar, whereas in M_L1 specimen, during the phase (3), nut failure happened, since only one 12 property Class nut was employed. The collapse mechanism observed in M_L2 test is provided in Figure 5. Comparing
the results of two nominal identical tests, M_ L1 and M_L2, can be noticed
that:
- small differences in terms of Hy and Hp were revealed, equal to
about 3% and 1%, respectively;
- high differences in term of inter-storey drift ratios achieved
were registered, equal to about 19 and 51% for dr,e and dr,max, respectively, since the M_L1 showed a brittle nut failure.
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Figure 4 Results of M_L2 and M_M1 tests

Figure 5 M_L2 test: collapse mechanism
Table 2 Monotonic test results
Test

M_L1

M_L2

M_M1

H0 [kN]

37.99
100.0
0
103.9
9
120.5
4

47.73

71.01

99.00

125.00

106.90

144.32

121.89

162.18

Hy [kN]
Hp [kN]
de [mm]
dmax
[mm]

26.60

33.04

23.80

87.21

179.01

118.86

dr,e [%]
dr,max
[%]
ke
[kN/mm]

0.95

1.18

0.85

3.11

6.39

4.25

3.76

3.00

5.25

3.28

5.42

4.99

P>
@

3

dr [%]

Results of M_L2 test

He [kN]

dr,max
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2.2

Reversed cyclic tests

Cyclic tests were carried out by adopting a loading protocol known as
“CUREE ordinary ground motions reversed cyclic load protocol” developed
for wood walls by Krawinkler et al. [28], modified according to the prescription given in Velchev et al. [29]). The general cyclic protocol is summarized
in Figure 6. Since ' obtained from monotonic results was not really different
between L and M configuration, the same specific protocol was adopted for
both C_L1 and C_M1 tests.
250.00
200.00
150.00

D [mm]

100.00
50.00
0.00
-50.00
-100.00

-150.00
-200.00
-250.00
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Figure 6 CUREE cyclic protocol adopted for C_L1 and C_M1 tests

C_L1

H [kN]

H [kN]

The cyclic curves obtained (Figure 7) showed a behaviour rather symmetrical. The three-phase behaviour also characterized the cyclic response, but
only in pushing. In fact, for both specimens collapse happened immediately
reached the Phase (3) in pushing (positive range), whereas in pulling (negative range) the Phase (3) was not reached. Table 3 summarizes numerical results obtained. Both C_L1 and C_M1 specimens had the same collapse due to
the tension failure of the bar, as shown in Figure 8.
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Figure 7 Cyclic responses obtained
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Table 3 Cyclic test results
Test
H0 [kN]
He [kN]
Hy [kN]
Hp [kN]
de [mm]
dmax
[mm]
dr,e [%]
dr,max
[%]
ke
[kN/mm]
P>@

C_
L1
22.
00
90.
00
86.
75
11
6.24
25.
76
70.
60
0.9
2
3.3
2
3.4
9
3.6
1

C_
M1
21.
00
12
8.00
14
6.22
15
1.40
24.
36
71.
84
0.8
7
2.5
7
5.2
5
2.9
5

Figure 8 C_M1 test: collapse mechanism

2.3

Discussion of results

The global behaviour of the innovative wall was evaluated through the
measurements obtained during monotonic and cyclic tests. Thanks to potentiometers P1 and P2 the wall lateral behaviour was individuated. More considerations can be done, if a comparison between monotonic and cyclic results of
nominally identical specimens (Figure 9) is conducted and, in particular, considering M_L2 and M_M1 as monotonic tests and C_L1 and C_M1 as cyclic
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tests. Results of M_L1 were not considered, since it showed nut failure, instead of tension collapse of bar. It can be observed that:
- Cyclic protocol does not affect greatly the resistance of wall,
in fact, monotonic and cyclic Hp difference is equal to about 5% and
7% for L and M configuration, respectively;
- Cyclic protocol greatly affects the displacement capacity of
wall, indeed the ductility of wall. In fact, difference in term of dr,max is
equal to about 92% and 65% for L and M configuration, respectively;
- Monotonic and cyclic elastic stiffness exhibited similar values
for both L and M configurations (3.00 and 3.49 kN/mm for L configuration and 5.25 and 5.25 for M configuration).
The data obtained from LVDTs make possible the evaluation of holddown stiffness and, in particular, three stiffnesses were evaluated: vertical
stiffness kv, horizontal stiffness kh and rotational stiffness kr. The adding
source of deformability 1/ktot produced by hold-downs was evaluated, according to Equation 1, and it was in the range 2-3x10-5.
Equation 1

Where k1 and k2 are the adding source of global stiffnesses to vertical
translation and rotation offered by hold-downs and are evaluated with Equation 2 and Equation 3.
Equation 2

Equation 3

Therefore, from the results, it can be assumed that hold-downs are rigid
and offer a perfectly rigid restrain to the system.
Furthermore, through the local measurements given by SG, it was possible
to evaluate the distribution of stresses and quantify the horizontal load absorbed by the frame and by the bracing. According to results, the contribution
offered by the frame is really important, absorbing 50% of total horizontal
load applied to the wall.
As far as inter-storey drift ratios are concerned, experimental values
achieved were in the range 2.6%-6.8% and were always higher than design
limit drift ratio considered (2.5%).
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Figure 9 Comparison between monotonic and cyclic results
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TEST-BASED BEHAVIOUR FACTOR EVALUATION

A preliminary experimentally based evaluation of behaviour factor was
conducted. The behaviour factor (q) was defined by the ductility-related (Rd)
and overstrength-related (R0) modification factors.
In particular, the ductility-related modification factor Rd represents the
ability of the structural system to dissipate seismic energy, whereas the overstrength-related modification factor R0 represents the reserve of strength of
the designed structure. The behaviour factor (q) can be estimated using Equation 4, as given in Uang [56]:
Equation 4

Since fundamental periods for this structural system is generally in the
range 0.1-0.5 s, the ductility-related force modification factor Rd can be evaluated according to the principle of equal energy (Equation 5):
Equation 5

where μ is the ductility.
The R0 factor can be evaluated through the formulation provided by
Mitchell et al. [57]:
Equation 6

where Rsd= Hc/Hd, with Hc and Hd design wall resistance and seismic demand, respectively;
= Hyn/Hc, with Hyn design resistance associated by yielding of the braces multiplied by the safety factor γM0;
Ryield= Hy/Hyn, with Hy experimental yielding resistance;
Rsh= Hp/Hy, with Hp experimental wall strength.
In order to neglect the design overstrength, in this study the assumption of
Rsd= Hc/Hd = 1 has been made. Therefore, the R0 factor can be evaluated
through Equation 7:
Equation 7
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Table 4 shows the values of the behaviour factors obtained by the testbased evaluation. For the cyclic tests R0, Rd and q were evaluated considering
the average values in pushing and pulling phases. The test M_L1 was not
considered since it showed a brittle premature failure. The average test-based
values of behaviour factors are in the range of 3.09- 4.07 for the L Configuration and 3.67- 4.07 for the M Configuration. On the safe side, it can be concluded that a value of behaviour factor equal to 3 can be assumed for the L
configuration and a value equal to 2.5 for the M Configuration.
Table 4 Test-based evaluation of behaviour factor

4

Test

M_L2

M_M1

C_L1

C_M1

P

5,42

4,99

3,61

2,95

Rd

3,14

3,00

2,49

2,21

R0

1,30

1,22

1,24

1,14

q

4,07

3,67

3,09

2,53

CONCLUSIONS

In the framework of an Italian research project, developed in cooperation
with Lamieredil S.p.A. Company, an innovative wall system was developed
and tested. The experimental tests were performed at the Laboratory of DIST
(Department of Structures for Engineering and Architecture) of the University
of Naples “Federico II”. The experimental results showed satisfactory seismic
responses, in line with the theoretical previsions, if all the prescriptions are
followed. In particular, if not well designed, the nut used for the bar pretensioning can cause a premature failure of the system and the displacement
capacity is strongly reduced. The walls, in which all the design prescriptions
were respected, exhibited satisfactory force and displacement capacity.
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Abstract
Lightweight Steel (LWS) buildings fabricated with cold-formed steel profiles are a viable alternative to traditional reinforced concrete or masonry buildings for low to mid-rise constructions.
The current edition of Eurocode 8 does not provide seismic design guidelines for them in Europe. This paper presents a new seismic design criterion for these buildings, which is proposed
to be added in the next edition of Eurocode 8. The criteria include design guidelines for lateral
force resisting systems that are most common to LWS buildings. These systems include: CFS
strap braced walls and CFS shear walls with steel sheets, wood, or gypsum sheathing. A brief
overview of these guidelines and the relevant background information is provided in this paper.
Then these guidelines are validated with a numerical study on several building archetypes.
Archetypes are designed following the proposed seismic design criteria and analyzed under the
suite of forty-four earthquake records. Archetypes are analyzed using both nonlinear pushover
analysis and incremental dynamic analysis. Based on the analysis results, their collapse probability is gauged to judge the level of protection against seismic hazard provided by the proposed design criteria.
Keywords: Eurocode 8, seismic design criteria, lightweight steel structures, lateral force resisting systems, cold-formed steel
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1

INTRODUCTION

Lightweight Steel (LWS) buildings are low to mid-rise constructions fabricated with coldformed steel (CFS) frames. In Europe, the use of these buildings is limited in regions with
medium-to-high seismic hazard. This is mainly due to the absence of seismic design guidelines
for these types of building in European building codes: Eurocodes. In particular, the Eurocode
8 part 1: EN 1998-1 [1] deals with the seismic design of building structures. The current edition
of EN 1998-1 was published back in 2004 and it does not provide a specific seismic design
criterion for LWS buildings, which can utilize their energy dissipation potential. Therefore, the
main crux of this paper is the proposal of the seismic design criterion for the LWS buildings,
which could be included in the upcoming second edition of EN 1998-1.
Design rules for LWS buildings are already available in North American Standard for seismic design of cold-formed steel structures: AISI S400 [2] for use in the USA, Canada, and
Mexico. Apart from this, no other building code in the world provides seismic design guidelines
for LWS buildings, which can utilize their energy dissipation potential. The design rules given
by AISI S400 follow the capacity design approach. For all LFRS covered by AISI S400, it
defines energy dissipation mechanisms of dissipative components, provides overstrength requirements concerning non-dissipative components and gives a value of response medication
factor accounting for system inherent overstrength and ductility. LWS buildings are not explicitly covered by current edition of EN 1998-1 and only LWS buildings braced with strap braced
walls could be designed as common Low dissipative steel structures belonging to Ductility class
low (DCL) structures made of Class 4 cross-section profiles, for which EN 1998-1 allows a
behavior factor of 1.5 to be used in the design.
The main aim of the paper is to enlighten the readers and users of Eurocodes about the background information on the research works [3–4, 13–22, 5, 23–27–6–12] and the reference design standards, already being used in some parts of the world, which formed the basis of
proposed seismic design guidelines for LWS buildings. The design guidelines are explained
and its validation through a numerical study on several LWS building archetypes is shown. The
second edition of EN 1998-1 will provide rules for LWS buildings laterally braced with four
different types of LFRS’s: CFS strap braced walls (Figure 1); CFS shear walls with steel sheet
sheathing (Figure 2), or wood sheathing, or gypsum sheathing.

a:

b:

1. stud; 2. chord stud; 3. track; 4. holddown; 5. shear anchorage; 6. steel strap
brace; 7. connection of strap brace; 8:
tension anchorage; ss: stud spacing.

1. stud; 2. chord stud; 3. track; 4. hold-down; 5. shear anchorage;
6. steel sheet or wood or gypsum sheathing; 7. screw at panel edge;
8: screw in the panel field; 9. sheathing joint; 10. tension anchorage; ss: stud spacing; sf: screw spacing in the panel field; s: screw
spacing at panel edge.

Figure 1 a: CFS strap braced wall; b: CFS Shear walls
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2

DESIGN FRAMEWORK OF 2ND EDITION OF EN 1998-1

The second editions of Eurocode 8: EN 1998-1 would allow achieving three levels of ductility in building structures equipped with a certain type of LFRS. These levels include:
1. DC1: Low Dissipative structural behavior.
2. DC2: Medium Dissipative structural behavior.
3. DC3: High Dissipative structural behavior.
A structure cannot be designed beyond a certain limit of seismic load in the case of DC1 and
DC2 Class structures while in the case of DC3 Class structures, there is no limit on the seismic
action. In DC2 and DC3 Class structures, the capability of parts of the LFRS (dissipative components) to resist the seismic actions through plastic behavior in dissipative components is taken
into consideration during the design process. To ensure the development of plastic mechanisms
and subsequent energy dissipation in the dissipative components, specific design requirements
are provided for them. For non-dissipative components of LFRS, design requirements ensure
an overstrength in them to safeguard against failure. The overall design process of the second
edition of EN 1998-1 would be a capacity design process. The design requirements for the
dissipative components of CFS LFRS’s belonging to both DC2 and DC3 Class structures would
be the same. On the other hand, overstrength requirements for the non-dissipative components
would be different for DC2 and DC3 Class structures.
In contrast to the DC2 and DC3 Class structures, the DC1 Class structures would not be
required to follow any specific design and overstrength requirements. The design of individual
components of DC1 class structure can be carried out according to EN 1993-1-3 [28], and other
relevant European building standards [29–30]. Therefore, DC1 class structures would have a
limited ductility capacity, and a lower value of behavior factor (q) equal to 1.5 is proposed for
them. Meanwhile, in the case of DC2 and DC3 class structures, the ability of structures to dissipate energy through their plastic behavior is accounted for, therefore higher values of q are
proposed for them. The values of the behavior factor for DC2 and DC3 Class structures are
derived from the studies [31–32] conducted following the FEMA P695 methodology [33].
Apart from providing special design requirements for DC2 and DC3 Class structures, the
second edition of EN 1998-1 will also provide some general rules. These general rules include
the limitation on the aspect ratio (height-to-length ratio) of the walls, which is fixed equal to
2.0 for all types of LFRS’s. To have a sufficient deformation capacity of connections in the
walls, the new version of EN 1998-1 would require the design shear resistance of the screws to
be greater than 1.2 times the design bearing resistance of the steel structural member, or the
design embedment resistance of wood or gypsum panels (in case of shear walls with panels),
or the design net area resistance of the strap brace (in case of strap brace walls). This rule has
been derived from the already existing guidelines in EN 1993-1-3 [28] for the shear design of
connections made with screws.
3

DESIGN REQUIREMENTS FOR DISSIPATIVE COMPONENTS

The second edition of EN 1998-1 would provide specific rules to calculate the design
strength of the LFRS in the case of DC2 and DC3 class structures. In addition to these design
rules, the code will also provide geometrical and mechanical requirements for the components
and parts of the shear walls, which must also be fulfilled to achieve the desired energy dissipation response in the walls. The requirements are defined based on the already existing geometrical and mechanical limitations on the permitted wall configurations given in AISI S400 [2].
For strap braced walls, the yield resistance (N pl, Rd) of the gross cross-section of the strap
braces should be greater than the design value of the axial force in the strap brace in the seismic
design situation and the design net area resistance (Nu, Rd) of the strap brace. This requirement
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ensures the formation of plastic mechanism in steel straps before the net section failure happens
in strap connection to the wall frame. The values of Npl,Rd and Nu,Rd can be obtained from other
relevant parts of Eurocode 3 [30].
In case of shear walls with steel sheet sheathing, the in-plane lateral resistance (Rc,Rd) corresponding to the strength of the sheathing connection within the effective sheathing strip
should be greater than the design value of the lateral force acting on the shear wall in the seismic
design situation, but it should be less than, the design yielding resistance of the effective sheathing strip (Ry,Rd). Rc,Rd and Ry,Rd are evaluated based on the effective strip method (ESM) proposed in [31]. ESM was calibrated based on the large amount of steel sheathed shear walls
tested in USA and Canada over recent years. In the original proposed ESM [31], R c,Rd is calculated according to Eq. (1), which relies on the formulation of North American specification for
the design of CFS structural members AISI S100 [32] for the calculation of single sheathing
connection bearing strength (Fb,Rd).


ܴǡோௗ ൌ ͳǤ͵͵݊ܨǡோௗ ሺ ݊ܽݐܿݎܣቀ ቁሻ
௪

(1)

where Fb,Rd is the bearing resistance of the sheathing connection, n is the number of sheathing
connections in the effective with, h is the height of wall and w is the length of wall. AISI S100
provides a different relationships for Fb,Rd than the one provided in Eurocode 3 [28]. Eq. (2) and
(3) gives the formulations of Fb,Rd given by AISI S400. If ଵ Ȁ  ͳǤͲ, then Eq. (2) is used or if
ଵ Ȁ  ʹǤͷ, then Eq. (3) is used else Fb,Rd can be linearly interpolated between the values obtained from Eq. (2) and (3).
భ

ଷ
(2)
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(3)
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where fu,1 and fu are the ultimate tensile strength of the framing elements and the sheathing,
respectively; t1 is the thickness of stud or track; d is the nominal diameter of screws and γM2 is
the partial safety factor equal to 1.25. Contrarily in the European standard for cold-formed steel
design (EN1993-1-3 [28]), a different formula is proposed. Authors in their recent study [34]
checked the validity of the ESM with Fb,Rd evaluated according to equation given by EN 19931-3. The use of the value of Fb,Rd evaluated from equation by EN 1993-1-3 results in underestimation of the wall strength. Therefore, the second edition of EN 1998-1 would require the
strength of sheathing connections (Fb, Rd) to be calculated according to equation (2) and (3), that
are taken from AISI S100.
For CFS shear walls with wood or gypsum sheathing, the in-plane lateral resistance (Rc,Rd)
corresponding to the strength of the sheathing connection should be greater than the design
value of the lateral force acting on the shear wall in the seismic design situation.

4

OVERSTRENGTH REQUIREMENTS

To guard the non-dissipative components of the LFRS’s against the failure, an overstrength
would be provided in them for use in DC2 and DC3 class structures according to the second
edition of EN 1998-1.
4.1 DC2 class structure
The overstrength requirements for the DC2 Class structures ensure the formation of the desired energy dissipation mechanism in the dissipative components of LFRS through an overstrength in the non-dissipative components. The overstrength factors are applied using Equation
(4) on the non-dissipative components of the LFRS of a DC2 Class structure to verify their
strength and stability against the most unfavorable combination of the axial force NEd.
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ܰாௗ ൌ ܰாௗǡீ ̶  ̶ȳܰாௗǡா
(4)
where: NEd, G, is the axial force in the non-dissipative member due to the non-seismic actions
included in the combination of actions for the seismic design situation; and NEd, E, is the axial
force in the non-dissipative member due to the design seismic action. The overstrength factor
for different types of LFRS’s is listed in Table 1 along with their behavior factor.
LFRS
Strap braced walls
Shear walls with steel sheet sheathing
Shear walls with wood sheathing
Shear walls with gypsum sheathing

q
2.0
2.0
2.0
1.7

Ω
1.5
1.5
1.5
1.35

Table 1 Behavior and overstrength factors for DC2 Class structures

4.2 DC3 class structures
The overstrength requirements for DC3 class structure are different for each type of LFRS
in the second edition of EN-1998-1. For strap braced walls, the brittle components listed in
Section 2.1 should be designed with an overstrength computed according to (5).
ܴௗ  ܨாௗǡீ  ߛ ߛ௦ ܴ௬
(5)
where, Rd is the design resistance of the non-dissipative brittle component; FEd, G is the design
action in the component due to the non-seismic actions included in the combination of actions
for the seismic design situation; γrm is the overstrength factor accounting for the variability of
the steel yield strength in the dissipative zones, i.e., ratio between the expected (average) and
nominal yield strength, and ranges from 1.20 to 1.45 for lower to higher steel grades, γsh is the
overstrength factor accounting for the hardening in the dissipative zones and is equal to 1.1; Rfy
is the plastic resistance of the gross cross-section of the strap braces based on the based on the
nominal yield stress of the material as defined in Eurocode 3 [35].
For shear walls with steel sheet sheathing, equation (6) is proposed, which ensures the overstrength in their brittle components.
(6)
ܴௗ  ܨாௗǡீ  ߛ ܴǡோௗ
where γrm is the overstrength factor, i.e., ratio between the expected (average) and design inplane lateral resistance of the shear wall, equal to 1.40, and Rc, Rd is the design in-plane lateral
resistance of the shear wall evaluated based on sheathing connection strength calculated according to equation (1).
For CFS shear walls with gypsum or wood sheathing, equation (7) is used to provide overstrength in their brittle components.
ܴௗ  ܨாௗǡீ  ߛ ܴǡ
(7)
where γrm is the overstrength factor, i.e., ratio between the expected (average) and characteristic in-plane lateral resistance of the shear wall, equal to 1.50, and Rc,k is the characteristic inplane lateral resistance of the shear wall. Table 2 summarizes the values of γrm used for the
overstrength of DC3 Class structures along with the values of the behavior factor for different
LFRS’s.
LFRS
Strap braced walls
Shear walls with steel sheet sheathing
Shear walls with wood sheathing
Shear walls with gypsum sheathing

q
2.5
2.5
2.5
2.0

γrm
1.20 to 1.45
1.40
1.50
1.50

Table 2 Behavior and overstrength factors for DC3 Class structures
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5

VALIDATION OF DESIGN CRITERIA

To validate the design rules listed in previous sections, proposed for inclusion in the second
edition EN1998-1, a numerical study considering several building archetypes was performed.
LWS building archetypes braced with all four types of seismic force-resisting systems were
designed as both DC2 and DC3 class structures. Nonlinear FE models for the archetypes were
developed in OpenSees software [36]. The seismic performance of the models is evaluated following the FEMA P695 methodology [33].
5.1 Building archetypes
A total of eight double-storey residential building archetypes designed as DC2 or DC3 class
structures and braced with the four types of LFRS’s were selected. The archetypes were assumed to be situated on a soil type C in a medium seismic intensity zone having reference PGA
(Peak Ground Acceleration), ag, R, of 0.2g, which has a 10% probability of exceedance in 50
years. The live load due to residential occupancy was 2.0 kN/m 2. In addition to permanents
loads and live loads, a 1.00 kN/m2 snow load and 0.35 kN/m2 wind load were also considered
to be acting.
EN 1993-1-3 [28] was used to design the gravity load resisting elements of the archetypes.
Current in practice edition of Eurocode 8: EN 1998-1 [1] was used to define the seismic actions
on the buildings. The lateral force method was used to obtain the building design base shear
(Fb), which is mainly the function of building design response spectrum and mass.
The seismic design process of LWS buildings involves the selection of configurations of
strap braced or shear walls, that can be used to resist the lateral actions, evaluating the design
strength of the wall configurations, and then eventually the total number of the required walls
are obtained by dividing the design base shear with the design strength of a single wall. Table
3 lists the design base shear of the archetypes (F b), design strength of the walls (Rd), and the
number of the walls provided in each planar direction of the archetype.
Archetype
Ductility
class

Wall name

DC2
DC3

WLD mod
WLD

DC2
DC3

ST1-c mod
ST1-c

DC2
DC3

wall 14
wall 4

No. of walls No. of walls
required 2 provided
[m]
[-]
kN
kN
[-]
[-]
Strap braced walls
2.4 x 2.7
2
212.3
43.7
4.9
6
2.4 x 2.7
2.5
170.8
43.7
3.9
4
Shear walls with steel sheet sheathing
1.22 x 2.44
2
212.3
14.6
14.6
16
1.22 x 2.44
2.5
170.8
14.6
11.7
12
Shear walls with wood sheathing
2.44 x 2.74
2
212.3
34.3
6.2
8
1.22 x 2.74
2.5
170.8
17.1
10.0
10
Shear walls with gypsum sheathing
w x h1

q

Fb

Rd

S_2400C
2.4 x 2.3
1.7
248.9
29.2
mod
DC3
S_2400C
2.4 x 2.3
2
212.3
29.2
1
Width x Height of the shear wall
2
No of walls required=Fb/Rd
3
Building archetype design capacity to design demand ratio
4
Building archetype design demand to design capacity ratio
DC2

D/C4

[-]

[-]

1.235
1.024

0.81
0.97

1.098
1.024

0.91
0.97

1.291
1.003

0.77
0.99

8.5

10

1.174

0.85

7.3

8

1.101

0.90

Table 3 Seismic design details of building archetypes

4204

C/D3

Sarmad Shakeel, Marica Navarra, Alessia Campiche

The selected configuration for strap braced walls in the DC3 building archetype has been
already tested in an Italian research project [32]. On the other hand, no reference test results
were found for the wall, which can only meet the criteria of the DC2 ductility class. Therefore,
it was decided to downgrade the DC3 walls in a way that it would become DC2. For this
purpose, the chord studs and the hold-down devices have been modified. In this way, the new
wall named as WDL mod does not satisfy the design criteria required for the DC3 ductility class
but guarantees the fulfillment of the criteria for the DC2.
In the case of steel sheathed shear walls, the selected wall configuration belonging to the
DC3 class has already been tested at McGill University in Canada [37] and was named as ST1
-c in the referenced research. On the other hand, DC2 wall configuration is obtained for steel
sheathed shear walls similarly to strap braced walls. Likewise, gypsum sheathed shear wall
configuration to be used in a DC3 class building is selected from the series of tests carried out
at the University of Naples Federico II, Italy within the ELISSA project [32]. The DC3 wall
selected from the referenced research was named S_2400C. While DC2 wall configuration is
obtained by modifying the chord studs of the DC3 wall configuration in the case of gypsum
sheathed shear walls. The wood sheathed shear wall configuration to be used in a DC3 and DC2
class building archetypes were selected from the series of tests carried out in the USA within
the CFS NEES project [38]. The tested wall configuration 14 and 4 in the reference research
are used as DC2 and DC3 class walls, respectively.
5.2 Numerical modeling and analysis
A three-dimensional numerical model was developed for each archetype in OpenSees software [36]. The nonlinear behavior of building archetypes was represented in the lateral load
resisting walls. Thus, the simulation of seismic response of the walls is the single most significant consideration in the modeling of LWS building analyzed under the seismic design situation.
A simplified diagonal truss model was used to simulate the in-plane force-displacement hysteretic response of the walls. More detail on the modeling of walls can be found in [32]. Pinching4 material [39] is used for the diagonal truss elements. The values of pinching 4 material
properties are selected from the studies in the literature [32], in which numerical models of
selected wall configurations have been developed.
The development of wall models was followed by the development of 3D building models
for the archetypes. The model included only the main structural elements: LFRS walls, gravity
load-bearing studs, floor representations, and a P-delta frame. The gravity load resisting studs
are modeled as the truss elements. The floor was modeled using the rigid elastic beam-column
elements. To capture the lateral displacement arising from the P-delta effect, a rigid frame made
of axially rigid elastic beam-column elements with low flexure stiffness having a co-rotational
coordinate transformation is connected to the building in the direction of seismic action. Gravity
load is applied to the P-delta columns at floor levels. More information on the modeling of CFS
archetypes is given in [32]. Moreover, a 2% damping ratio defined based on the Rayleigh damping model is also used in dynamic analysis. These values of damping ratio reflect the values
measured during the shake-table tests [32] on LWS building specimens.
5.3 Analysis, results, and discussion
To investigate the building performance, pushover analysis and incremental dynamic analysis were performed on the archetypes. The analysis was performed following the framework
of the FEMA P695 methodology [33]. More details about the FEMA P695 approach can be
found in [32]. Figure 2 show the capacity curves of all archetypes, in which the model base
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shear (Vb) was normalized by the design base shear (Fb) and the design overstrength (C/D ratio),
and the top displacement (Δ) was normalized by building height (H).

(a)

(b)

(c)

(d)

Figure 2: Pushover curves building archetype models braced with: a) CFS strap braced walls; b) CFS shear
walls with wood sheathing; c) CFS shear walls with steel sheathing; d) CFS shear walls with gypsum sheathing.

The pushover curves shown in Figure 3 do not highlight any differences among DC2 and
DC3 archetypes in terms of building peak strengths, while small differences were observed in
the case of building ductility. During the pushover analysis, no brittle failure mechanism was
observed. All the archetypes depicted a failure (inter-storey drifts accumulation) at a particular
storey.
To better interpret the results, Incremental Dynamic Analysis (IDA) of all archetypes was
performed. The analysis was performed using pair of 22 earthquake records provided by FEMA
P695 [33]. The collapse performance of archetypes was gauged using Collapse Margin Ratio
(CMR). CMR is defined as the ratio between median collapse intensity (S CT) to the maximum
considered earthquake intensity (SMT). SCT is defined as the intensity at which half of the ground
motions in the record set used during the IDA cause collapse of an archetype model. The archetype collapse was represented by the exceedance of the threshold value of an inter-storey
drift ratio. The threshold value of inter-storey drift ratio was the level of the drift until which
the individual units of lateral load resisting walls did not experience collapse during the tests
[32–37–38]. A value of 5%, 2%, and 4% inter-storey drift level was used for archetypes with
CFS strap braced, steel sheathed shear, and wood or gypsum sheathed shear wall, respectively.
During IDA, all 44 records (22 records x 2 orthogonal directions) were applied separately to
the archetype models in both planar directions. Records were applied in an increment of 20%
in their intensity. IDA started with all the earthquake records have an intensity of 20 % (Scaling
factor = 0.2) and was continued up to an intensity of 300% or 600% (Scaling factor = 6.0) with
increments of 20%, until a failure is not observed. The Scaling factor of 1.0 represents a design
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earthquake (DE) level because the median of all the records was matched with the building
design response spectrum as explained earlier. The scaling factor of 1.5 can be considered as
MCE (Maximum Considered Earthquake) intensity earthquake. This is due to the fact that the
MCE is 1.5 times the DE [40]. Figure 3 shows the results of IDA results for the DC2 Class
building archetype braced with CFS steel sheathed shear wall.

Figure 3: IDA curves for DC2 class building archetype braced with CFS steel sheathed shear wall.

The CMR obtained from IDA is multiplied with the spectral shape factor (SSF) to obtain
Adjusted Collapse Margin Ration (ACMR). SSF is provided in the FEMA P695 document [33]
as a function of period-based ductility (ߤܶ), numerical fundamental vibration period (T1) and
seismic design category of an archetype [41]. FEMA P695 methodology also outlines a performance evaluation process for the archetypes. In particular, it outlines two performance goals:
the average value of ACMR, ACMRavg, for each performance group should be greater than
ACMR10%, and the individual values of the ACMRi, for each archetype should be greater than
ACMR20%. ACMR10% and ACMR20% are values of acceptable collapse probability, taken as 10%
and 20%, respectively, and are given in Table 7-3 of FEMA P695., which lists them as a function of the total collapse uncertainty Ⱦ . In this study, the archetypes are not categorized into
performance groups due to different lateral force resisting systems, therefore the performance
against the second goal ACMR20% is only measured.
ߚ்ை் merges various sources of uncertainty including record to record uncertainty ( ߚோ்ோ ),
design requirements uncertainty (ߚோ ), test data uncertainty (ߚ் ); and modeling uncertainty
(ߚெ ) using Equation (8).
ଶ
ଶ
ଶ
ଶ
ߚ்ை் ൌ ඥߚோ்ோ
 ߚோ
 ߚ்
 ߚெ
(8)
Record to record uncertainty (ߚோ்ோ ) represents the variability in archetypes response model
due to the application of various ground motion records, that could have different dynamic
characteristics and frequency content. ߚோ்ோ is computed using Equation (9).
ߚோ்ோ ൌ ͲǤͳ  ͲǤͳ  ் ߤ ڄ, withߚோ்ோ  ͲǤʹ and ߚோ்ோ  ͲǤͶ
(9)
All of the archetypes had ߚோ்ோ of 0.40. The rest of the parameters in Equation (11) are qualitative indicators provided by FEMA P695 [33] on the basis of the following scale: (a) Superior,
ߚ ൌ ͲǤͳͲ; (b) Good, ߚ ൌ ͲǤʹͲ; (c) Fair, ߚ ൌ ͲǤ͵ͷ; and (d) Poor, ߚ ൌ ͲǤͷͲ. The design process
used in this study ensures the formation of ductile mechanism in the walls, while protecting
against brittle failure mechanisms happening in wall components. The design method is also
able to predict the design strength of the shear wall in a close match to the test results. Therefore,
the design requirements used to design the archetypes are rated as “Good” ( ߚோ ൌ ͲǤʹ). In authors opinion, the rating can only be excellent, if the seismic design guidelines for LFRS are
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already given in building standards. The available experimental data on LFRS performance is
rated as “Superior” (ߚ் ൌ ͲǤͳ) for CFS shear walls, because different wall components and
walls themselves have been tested , [38] and the seismic performance of the building with LFRS
has also been investigated via shake-table tests [42]. For strap braced walls, a rating of “Good”
(ߚ் ൌ ͲǤʹ) was utilized because there was no shake table data available on their performance.
For DC2 building archetypes braced with the walls, which were obtained by modifying respective DC3 walls, rating of test data was taken as poor (ߚ் ൌ ͲǤͷ) due to unavailability of test
results. Modelling of building archetypes was rated as “Good” ( ߚெ ൌ ͲǤʹሻ due to their ability
to simulate brittle failure mechanisms and post peak deterioration of shear strength. Table 5
shows the performance evaluation results of all archetypes.
Archetype
Strap
braced
Steel
Sheathed
Wood
Sheathed
Gypsum
Sheathed

DC2
DC3
DC2
DC3
DC2
DC3
DC2
DC3

T
(sec)
0.30
0.35
0.28
0.31
0.33
0.48
0.29
0.30

ߤ்

SCT

SMT

SSF

ࢼࢀࡻࢀ

13.0
13.6
8.6
9.9
6.0
6.4
5.1
5.9

5.40
4.20
2.40
1.80
2.80
2.20
2.60
2.60

1.50
1.50
1.50
1.50
1.50
1.50
1.50
1.50

1.14
1.14
1.14
1.14
1.12
1.12
1.10
1.11

0.70
0.50
0.70
0.50
0.50
0.50
0.70
0.50

ACMR /
CMR ACMR ACMR ACMR
20%
20%

3.60
2.80
1.60
1.20
1.87
1.47
1.73
1.73

4.10
3.19
1.82
1.37
2.09
1.65
1.92
1.94

1.80
1.56
1.80
1.52
1.52
1.52
1.80
1.52

2.28
2.04
1.01
0.90
1.38
1.09
1.07
1.28

Table 4 Performance evaluation of building archetypes based on IDA results.

From the results shown in Table 4, its evident that the proposed design guidelines provide a
significant margin of safety (CMR) against collapse. All the archetypes have also ACMR
greater than ACMR20% except in the case of the DC3 archetype with CFS steel sheathed shear
wall.
6

CONCLUSIONS

This paper presents the seismic design criteria for LWS buildings. The design criteria cover
four different types of LFRS’s: CFS strap braced walls, CFS shear walls with steel sheet or
wood or gypsum sheathing, which can be used to achieve three levels of ductility classes in
LWS building. Special capacity design rules and limitations on the geometrical and mechanical
properties are required to be followed for DC2 and DC3 Class structures, while DC1 Class
structures require no specific capacity design rules and limitations. Different values of the behavior factors are also proposed for DC2 and DC3 Class structures. Overstrength rules will be
provided separately for DC2 and DC3 class structures to safeguard against the brittle failure
mechanism in the non-dissipative components. Furthermore, formulations to predict the design
strength of the wall would also be provided.
To validate the proposed design criteria, a numerical study was performed considering several building archetypes. Archetypes were designed following the proposed design criteria and
modeled in OpenSees. Pushover analysis on archetypes indicated the redundancy of models
against the brittle failure mechanism as they were not observed. Through incremental dynamic
analysis, the collapse performance of archetypes was evaluated. All of the archetypes passed
the FEMA P695 performance evaluation criteria with a good margin except one, in which the
performance goal was not met by the close margin. To conclude, based on the numerical results,
it can be asserted that the design criteria allow guaranteeing wide margins of safety against
collapse and the desired hierarchy of resistances in the LFRS’s.
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Abstract
The behavior of the bolts can strongly influence stiffness, strength, and ductility of joints. The
current Eurocodes allows using both HV (German type with failure by nut striping) and HR
(British-French type with failure by necking of the shank) bolts without making any distinction between them. However, recent studies showed that these two types of pre-loadable bolts
are characterized by different ultimate tensile behavior that could lead different joint ductility. The aim of this work is to investigate the influence of the type of pre-loadable bolts on the
behavior of T-stubs when it is subjected to mode 2 and 3. To this end, analytical and numerical analyses were carried out. The results show that only in case of the failure mode 3 some
differences can be observed between HV and HR.
Keywords: T-Stub, Seismic behavior, Bolt behavior, experimental tests, ductility.
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1

INTRODUCTION

The steel structures represent a viable solution in seismic areas providing a very good performance in terms of stiffness resistance and ductility [1-16]. Among then, in the recent years
particular attention was given to the bolted connections that are widely used for steel structures due to both their lower constructional costs performance in terms of both resistance and
ductility [8-10]. To describe the mechanical characteristics of bolted connections following
the code methodology the design relies on the behavior of sub-components. Those representing the end-plate and column flange in bending are analytically modelled with equivalent Tstub connections.
The behavior of T-stubs was widely investigated [17-26] prior to the implementation of the
Component method in EN1993-1-8 [1].
The tensile behavior of the bolts plays an important role in the performance of T-stubs.
Zhu et al [27] observed two additional failure modes (aside from the three currently considered in [1]) due to nut stripping in the threaded part of the bolt shank. Also D’Aniello et al.
[28-29] studied the tensile behavior of European HR and HV preloaded bolts under both
monotonic and cyclic loading, showing the significant difference in terms of failure mode and
residual resistance. In particular, the failure mode under pure tension of HR bolts is the shank
necking, while HV bolts fail under nut stripping with premature loss of strength but larger
displacement capacity as respect to the corresponding HR bolts. This aspect may highly affect
the T-stub ductility, which can change in function of the type of bolt, while current EN19931-8 that allows the indifferent use of both HV or HR bolts.
Therefore, in this paper the influence of the type of preloaded bolts (i.e. either HV or HR)
and the effectiveness of the component method in the definition of the T-stub resistance are
also experimentally investigated.
The work is organized in four main parts: in the first the design procedure, the experimental setup and the tests results are presented. The second part is focused on the comparison
between the experimental results with the analytical model prescribed by the EN1993-1-8.
2

DESIGN OF T-STUB SPECIMENS

The geometrical and mechanical features of the T-stub specimens were designed to investigate the behavior under failure mode 2 and failure mode 3 (see Figure 1).
To achieve this purpose the geometry of the specimens was varied on the basis of the relation depicted in Figure 1, which shows that the T-Stub failure modes theoretically vary in
function of the ratio β between the tensile resistance of the bolts and sign flexural the strength
related to a failure mode 1of the connected plate (4Mpl,Rd /m) and the ratio η is the ratio between the T-stub strength (F) and the bolt tensile design resistance (Ft,Rd).
Each region identified in the graph corresponds to the range of features to which one failure mode is associated. As it can be observed, the normalized strength for mode 1 in case of
non-circular patterns depends on the ratio ν = e/m (where m is the distance between the bolt
axis and the web of Tee, and e is the distance between the bolt axis and the plate edge).
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Figure 1 T-stub resistance and corresponding mechanism according to EN1993:1-8
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Table 1 summarizes the experimental tests performed on the four specimens varying both
the plate thickness and the bolt typologies (i.e. HR or HV). Each specimen is univocally identified by a label code with four parts that is derived from the main feature of the connection,
namely:
- the first letter T stands for T-Stub connection;
- the second part identifies the type of preloaded bolt (i.e. HV or HR).
- the last part stands for the thickness of the flange.
The monotonic tensile tests on T-stub specimens were carried out using a universal electromechanical MTS testing machine. Tests were carried out under displacement control until
failure. To prevent any damage to the test equipment that might have been induced by bolts
following their failure, an encasing steel box was mounted on the web of each specimen as
shown in Figure 2a and b.
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Figure 2 Description f the experimental setup
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Label
Specimen
Flange thickness tf
Bolt type
[-]
[-]
[mm]
[HR or HV]
T-HR-15
T-15
15
HR
T-HR-20
T-20
20
HR
T-HV-15
T-15
15
HV
T-HV-20
T-20
20
HV
Table 1 Experimental specimens and relative flange thickness and bolt type

3

EXPERIMENTAL TESTS

350
300
250
200
150
100
50
0

T – HR – 15

Force [kN]

Force [kN]

The experimental results are reported in terms of force-displacement curves (see Figure 3)
and in terms of overall failure modes (see Figure 4). In line with the design assumptions, it
can be trivially observed that increasing the thickness of the connected plate, the resistance of
the specimens increases, and the failure mode moves from the flange to the bolts and ductility
decreases accordingly. When a failure mode 2 is observed (e.g. see T-S-HV/HR-15), the plastic deformations are balance between the flange and the bolts; in these cases indeed large plastic deformations can be observed in the plates (see Figure 4 a and b) and in the bolts
independently from the their typologies (i.e. HR or HV). The test was stopped only at very
large displacements, where the fracture in the bolts was observed (see Figure 4 a and b); it is
important to observe that in both the investigated cases, all the bolts show the same failure
mode due to a fracture in the shank.
Indeed, when large displacements are reached a membrane action develops in the flange,
thus the bolts are not subjected only to the tensile action but also to shear. This mechanism is
clearly observable in the specimens T-S-HR/HV-15, where the ovalization of bolt-holes is
shown in Figure 4 a and b.
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Figure 3 T-stub results in terms of force displacement curve
Contrariwise, increasing the flange thickness imply a larger demand in the bolts that are mainly subjected to the tensile action without developing significant prying forces. In these cases,
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despite no appreciable differences can be observed in terms of force displacements curve, the
failure of the two family of bolts is different and it is function of their typologies.

a)

b)

c)

d)

Figure 4 Failure mode and bolts rupture of the investigated T-Stub

4

CONCLUSIONS
The influence of the type of preloaded high-strength bolts on the T-stub behaviour were investigated by means of four experimental tests.
Although the tensile failure modes of HV and HR bolts are significantly different (i.e. nut
stripping and shank necking, respectively), the experimental tests showed that the mode 2
response of T-Stub connections is not affected by the different types of preloaded bolts.
This result is mainly due to the type of failure exhibited by bolts that is never under pure
tension, but it occurs for a combination of bending moment, axial force and shear force.
Hence, HV and HR bolts can be used without any distinction when T-Stub connections are
designed to experience mode 1 and 2.

4216

5REHUWR7DUWDJOLD0DULR'¶$QLHOOR

Of course, in the case of very thick flange (i.e. when the resistance of mode 3 is about 3
times or more the resistance of mode 1) the different types of tensile failure mode of the
bolts influence the residual resistance of the connection.
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Abstract
The orthogonal exoskeletons can be used in seismic application to retrofit an existing building without interfere with the structure operativity. These types of structures are usually
placed on the external perimeter of the existing structures and contribute to absorb the horizontal action in case of seismic events. The exoskeletons should be designed in function of the
design target and depending on the lateral stiffness of the existing structures. Therefore, the
exoskeletons lateral stiffness represents one of the key parameters in the design procedure;
however, their structural stiffness is influenced by the joint features. In this work, the influence of the geometrical and mechanical characteristics of the joint on the global exoskeleton’s performance is investigated. Non-linear numerical analyses were performed in order to
investigate the performance of the exoskeletons accounting for the presence of the joints by
the introduction of a no-dimensional local spring. The results show that the local response of
the exoskeletons is affected by the joints features, and that in the design phase it is important
to take into account the real exoskeletons lateral stiffness.
Keywords: Existing structures, Seismic retrofit, Orthogonal exoskeletal, Joint behavior, Numerical analyses.
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1

INTRODUCTION

Exoskeletons are shear walls composed by steel members. Such kind of resisting systems
can be located on the perimeter of an existing building to increasing its lateral stiffness, thus
improving the seismic response of the structure [1-5]. Exoskeletons can exhibit a 3dimensional or 2-dimensional lateral behaviour; with reference to 2-D systems, a further distinction can be made between parallel and orthogonal exoskeletons, in dependence from their
orientation with respect to the existing building facades. The present work concerns with 2-D
orthogonal exoskeletons (EXO-2D-A), which can represent a competitive strategy for the
seismic retrofit of existing structures; indeed, no interruption of productive activities within
the building is required for the installation of these systems, which are also suitable for serial
production.
Exoskeletons design is mainly governed by the global analysis of the existing structure in
presence of lateral loads. However, a considerable influence on the actual structural behaviour
is also played by geometrical and mechanical features of the joints, which can modify the
whole exoskeleton lateral stiffness in dependence from their local flexural response.
Therefore, in the present paper the influence of joint detailing on the global exoskeleton
performance is investigated by means of non-linear numerical analyses. For this purpose an
existing reinforced concrete school building located in Italy has been selected as case study.
This work is divided in three parts. In the first section the description of the investigated
structure is presented, paying particular attention to its structural deficiencies; the main features of adopted exoskeletons and the different configurations investigated for the relative
joints are described in the second part. Finally results of non-linear numerical analyses are
presented and commented in the last section.
2

DESCRIPTION OF THE CASE STUDY

The selected structure, which is located in province of Macerata, was realized during 1965
to serve as a school building. In analogy with other constructions built in the same period in
Italy, the resisting structure has been made using reinforced concrete (RC) and designed only
to withstand gravity loads, neglecting any seismic action. The building is articulated on three
levels (with a total height of 10.9 m) and has an almost squared footprint of 22 x 17.9 m2.
In Figure 1 are depicted an overall view of the case study and its relative building plan.
It can be noticed that RC moment resisting frames are basically unidirectional; indeed,
while four main frames are disposed along X direction, only two frames are arranged along
the Y direction to act as edge closures, although the presence of a pair of concrete shear walls
oriented in the vertical direction (functioning as stairwell) has to be remarked.

(a)
(b)
Figure 1: Overall view of the selected school building (a) and relative building plan (b)
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A preliminary analysis of the structure has been carried out by the Authors to highlight its
critical structural deficiencies, which can be summarized as follows:
x
x
x
x
3
3.1

The lack of RC moment resisting frames in the vertical direction, which is a direct
consequence of a non-seismic structural conception, leads to the absence of a
2-dimensional structural grid which is necessary to resist seismic actions;
Both beams and columns are characterized by a large spacing among the steel stirrups, exposing the members to fragile shear mechanisms and reducing the confinement efficiency;
Since the first two floors are partially underground, inter-story height is inhomogeneous, thus the structure cannot be considered regular along its elevation;
Testing of materials showed that concrete has poor mechanical characteristics (i.e.
its mean compressive strength is lower than 10 N/mm2).

DESCRIPTION OF EXOSKELETONS AND JOINTS
Description of adopted exoskeletons

The structural criticalities which emerged from the preliminary analysis of the case study
made EXO-2D-A a viable strategy for the seismic retrofit of the building. Exoskeletons have
been designed in accordance to Italian seismic provisions currently in force to allow the structure to resist the full seismic demand expected in the edification site (PGA = 0.202 g for lifesafety limit state, considering a service life equal to 75 years), thus restoring a seismic safety
factor IS-V equal to 1.
Moreover, although in general exoskeletons can be designed as dissipative systems, in this
application EXO-2D-A have been proportioned in order to always remain in their elastic
range. Among the different possible configurations, a tapered Y-shaped concentrically braced
(CBF) solution (see Figure 2a) has been chosen in order to maximize the lateral stiffness incrementation without obstructing the passage in correspondence of the steel frames.
As depicted in Figure 2b, orthogonal exoskeletons have been placed in correspondence of
all existing RC frames and nearby the concrete shear walls. Therefore, in order to minimize
eccentricity between centre of mass and centre of stiffness two additional systems have been
placed in the Y direction on the lower facade.
S355 Circular hollow sections (CHS) have been used for all steel members. The designed
cross-sections of all different structural elements (i.e. chords, vertical struts and diagonals) are
reported in Table 1.

(a)
(b)
Figure 2: Morphology of adopted orthogonal exoskeletons (a) and relative disposition in plan (b)
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Structural member
Chords
Vertical Struts
Diagonals

Diameter
[mm]
244.5
177.8
139.7

Thickness
[mm]
12.5
12.0
10.0

Table 1: Geometrical features of designed structural members.

3.2

Description of investigated joint configurations

Figure 3 depicts the different kinds of considered joint configurations. According to
EN1993:1-8 (EC3-1-8), the three investigated alternatives can be identified as rigid (Fig. 3a),
semirigid (Fig 3b) and nominally pinned joint (Fig. 3c), respectively. Pinned configuration is
made with bolted pins connected to a gusset plate which is in turn fillet-welded to the vertical
strut, which subsequently is the only structural member preserving its flexural continuity. In
case of semirigid joints all steel members are directly connected to each other by means of
fillet welds. To fulfil the EC3-1-8 requirements for a rigid joint the addition of stiffening
plates was needed. The effect of local flexural stiffness of the joints has been investigated using SAP2000 v.21 by means of non-dimensional and non-linear spring elements. Constitutive
parameters of these elements have been evaluated by means of preliminary finite element
analyses. Plasticization in RC elements has been simulated introducing concentrated plastic
hinges modelled in accordance with ASCE 41-13 provisions (see Figure 4).
4

RESULTS OF NUMERICAL ANALYSES

In order to investigate the influence of joint detailing on the global response of designed
EXO-2D-A, a total of 24 non-linear static analyses (Pushover) have been conducted on both a
singular exoskeleton and on the whole retrofitted structure.

(a)
(b)
(c)
Figure 3: Representation of investigated joint configurations: rigid joint (a), semirigid joint (b)
and nominally pinned joint (c).
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Figure 4: Constitutive relation adopted for plastic hinges.

Figure 5: Structural scheme of a single exoskeleton implemented in SAP2000 v. 21

Both modal and mass proportional force distributions were considered; the seismic actions
was applied on both the principal directions of the building. The structural scheme of an exoskeleton as implemented in SAP2000 v.21 is depicted in Figure 5.
Pushover curves for a single EXO-2D-A, which are reported in Figure 6, display the influence of joints flexural stiffness on the global response of the system. Indeed, the structural
behavior is slightly different when pinned joints are used in place of rigid or semirigid connections. This difference is most noticeable if the exoskeleton is subjected to tension; indeed,
after the first yielding the pinned solution displays a more ductile behavior accompanied by a
lower value of base shear force. No significant variation can be appreciated while the exoskeleton is in its elastic range. This evidence also explains the almost equivalent behavior of
EXO-2D-A in compression for all different joints configurations, since in this case the collapse mechanism is governed by global buckling of the first floor diagonal, which causes a
sudden loss of capacity without any plasticization phenomenon. Figure 7 reports pushover
analyses for the whole retrofitted structure in function of the adopted joints configuration.

(a)
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(b)
Figure 6: Pushover curves for a single
g exoskeleton in case of modal (a)
( ) and mass (b)
( ) force distributions.

(a)

(b)
Figure 6: Pushover curves for the retrofitted structure in case of modal distribution forces applied along
the X direction (a) and Y direction (b).

One can notice that all investigated solutions display almost the same global response. This
outcome is consistent with results relative to a single EXO-2D-A.
Indeed, while the influence of joint detailing becomes appreciable in the post-elastic range,
it should be remarked that the proposed exoskeletons were all designed to always behave elastically. Moreover, these kind of exoskeletons are prevalently subjected to an axial regime,
thus reducing the importance of flexural stiffness on their overall response. Nevertheless, X
direction pushover analyses display a more ductile global behavior with respect to Y direction
ones. This outcome depends from the disposition of resisting RC systems in the existing
structures. Indeed, since all EXO-2D-A remain elastic, the plasticization is concentrated in the
RC beams ends, which are almost absent along the Y direction. Therefore, in the vertical direction the structural performance is highly influenced by exoskeletons response, resulting in
a more brittle behavior.
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5 CONCLUSIONS
The influence of joint detailing on the global behavior of 2-D orthogonal exoskeletons has
been investigated by means of non-linear numerical analyses. For this purpose an existing
school building located in Italy has been selected as case study. From analyses results the following conclusions can be pointed out:
x The influence of joint flexural stiffness on EXO-2D-A global behavior is most noticeable in the post-elastic range;
x In post-elastic range pinned solutions display a more ductile behavior with a lower
base shear with respect to semirigid or rigid configurations;
x Since the retrofitting of the case study involved exoskeletons designed to remain in
their elastic range, there is a minimum difference among the considered solutions;
x Further studies will be conducted considering dissipative exoskeletons to investigate more widely the influence of joint flexural behavior on the structural response
when EXO-2D-A are in the post-elastic range.
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Abstract
Many typical historical masonry churches, with one nave and wooden roofs, have shown high
seismic vulnerability in the recent seismic events, especially under transverse earthquakes. In
fact, the nave transverse response of this kind of constructions is influenced both by the materials features and the geometrical characteristics. In order to improve the seismic response,
the box behavior strategy basing on dissipative roof-diaphragm, can be pursued by adopting
cross laminated timber panels (CLT). In this paper, for five historical masonry churches, the
effectiveness of different CLT panels solutions is investigated by performing comparative nonlinear dynamic analyses adopting equivalent finite element models. The CLT solutions differ
themselves for the panels thickness (6mm and 10mm) and the number of the connections (8,
16 and 32 crews in one linear meter). The results are shown in terms of dimensionless transverse displacement (drift) and shear occurred at the base of the façade. Therefore, the influence of the most important geometrical features (as slenderness of the perimeter walls, the
width and the length of the churches) in the seismic response is pointed out for each church
equipped by different CLT roof-diaphragm solutions.
Keywords: Historical Churches, Seismic Vulnerability, Roof-Diaphragm, Time-History
analysis.
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1

INTRODUCTION

In the historical masonry churches the observation of post-earthquake damages allowed the
identification of several recurring collapse mechanisms [1, 2, 3]. In the nave transversal response [4] an excessive rocking of the perimeter walls can lead to: (i) out-of-plane mechanisms with a consequent collapse of the roof structure supports [5, 6, 7] or (ii) in-plane
excessive stress in the walls in parallel located with respect to the earthquake. On the other
hand, the historical masonry churches with wooden roof structures, realized in several configurations in according to the traditional construction techniques of the location site [8, 9], were
originally designed to withstand static loads even if the constructions are in regions nowadays
classified as seismic [10-15]. To preserve the cultural heritage, the seismic strengthening of
historical churches represents a mandatory issue achieving by retrofitting strategies able to
provide the “global box behavior” to the construction. Therefore, after accurate analyses
about (i) the conservation status of the masonry and wooden elements, (ii) the clamping between the head and perimeter walls and (iii) the wall-to-roof connections, the retrofitting operations can be chosen in order to avoid both out-of-plane and in-plane collapse mechanisms.
Comparative analyses among churches with same configuration can be useful to predict the
structural failure in seismic response and to orient the retrofitting techniques [16-20] according to the conservative restoration criteria satisfying, as far as possible, the original material
compatibility without changing the authenticity of the constructions [21, 22, 23]. Among
these techniques the realization of dissipative wooden based roof-diaphragm represents a valid option because the out-of-plane rocking of the longitudinal walls can be reduced limiting
the in-plane shear actions transferred to the head walls [24]. Several wooden based roofdiaphragm configurations can be realized [25, 26, 27]. One of these is based on the use of
Cross Laminated Timber (CLT) panels characterized by an alternated sequence of glued timber layers [28, 29, 30]. This kind of panels have been initially adopted in new timber buildings [31-34] but, in several experimental tests and numerical analyses, they have shown
enough in-plane stiffness able to guarantee the floor diaphragm effect especially if the panels
are over-placed on the existing wooden beams or planks creating wood-to-wood composite
sections [35, 36, 37]. Under the seismic actions, the energy dissipation in the timber roofdiaphragm must be occurred in the panel-to-panel and wall-to-panel connections, as a consequence the roof diaphragm should be designed in terms of strength, stiffness and ductility [13,
38]. In fact, if the connection resistance exceeding the seismic demand an elastic response
without energy dissipation can be occurred, vice versa an excessive stiffness can increase the
shear in the folded CLT panels with a consequent thickness increase.
Considering the previous issues, the present work is aimed to evaluate the influence of the
geometrical and material features on the nave transverse response for different one nave configuration churches, reinforced by CLT roof structures, under the same seismic action. An adequate representation of the non-linear behavior of the masonry and roof-diaphragm (CLT
panels with steel connections) is required to investigate the seismic response under the transverse earthquake [19, 39, 40]. In this way, several methods with different level of accuracy
and computational costs should be considered [41], e.g. simplified method [42], limit analysis
[43], macro-modelling based on finite element method [44] and equivalent models [25].
These methods are generally based on the discretization of the structure by macro-elements,
with concentrated non-linear properties. In the present work, the macro-elements approach is
used by equivalent models implementation with vertical mono-dimensional elements representing the masonry elements and horizontal ones representing the roof diaphragm [45]. Nonlinear dynamic analyses are performed by introducing the seismic action as time histories in
order to simulate the damped rocking mechanism pursued by the dissipative roof-diaphragm.
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2

EQUIVALENT MODEL

The non-linear dynamic analyses have been performed considering an equivalent finite element model where the structural elements involve in the seismic response of the church are
schematized with mono-dimensional macro-elements. In fact, the church was subdivided into
n-seismic resistant systems transversally disposed with respect to the nave: façade, lateral
walls coupled themselves, triumphal arches and head wall (Figure 1). The non-linear properties of the perimeter masonry walls and the CLT roof diaphragm are assigned to the related
equivalent elements according to [25].

Figure 1: a) Identification of seismic resistant frame in the one nave configuration church (plan view) and related
equivalent finite element model representation (longitudinal view) and b) plan view of the sub-structures characterizing the n-seismic resistant frame.

To implement the equivalent finite element model, three main steps are considered. In the
first step, pushover analyses are performed considering the sub-structures schematizing the
single parts of the n-seismic resistant systems as the piers of the longitudinal walls included
within the openings or the abutments (Figure 1 and 2a). Each sub-structure is subdivided in
section with fibers discretization where the non-linear characteristics are calculated considering a trilinear constitutive law with tensile strength equal to 0 or concrete damaged elasticity
model [46, 47] in which tensile cracking and compressive crushing as main failure modes.
In the second step, the yielding and ultimate values obtained by the M-χ diagrams calculated through the pushover analyses performed in the first step, are used to implement the inelastic rotational springs assigned at the base of the seismic resistant elements considering a bilinear constitutive low. Pushover analyses are again carried out in order to obtain the base
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shear-top displacement (V-δ) curves of the transversal resistant system and the M-χ which
characterizes each system is evaluated considering the related shear length (Figure 2b).

Figure 2: a) pushover analyses on sub-structures, b) pushover analyses on seismic resistant frame with inelastic
rotational springs having M-χ detected in step a) and c) equivalent finite element model under seven spectrumcompatible accelerograms.

In the third step, the head wall, the façade and the transversal frames are schematized
through mono-dimensional equivalent elements. Furthermore, the façade and the head wall
are implemented by equivalent elastic mono-dimensional elements fully restrained at the base,
considering that their in-plane strength and stiffness are greater than the longitudinal walls [25,
48]. The transversal frames are characterized by the presence of concentrated inelastic rotational springs located at the base and obtained from the above-mentioned M-χ diagrams calculated during the second step (Figure 2c). The equivalent finite element model (EQ_FEM) is
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completed through the application of horizontal mono-dimensional equivalent elements representing the roof-diaphragm. The elements of the roof are linked to the vertical ones by hinges
located at the end of the vertical elements in order to trigger the rocking and it allows to not
transfer the bending moment to the roof. The equivalent elements of the roof are also pinned
with respect to the head wall and façade. The shear deformability that characterizes the roof
and the non-linear behavior of the connections are implemented to consider the dissipative
response of the roof diaphragm through elasto-plastic shear hinges. The shear roof springs are
implemented considering a trilinear degrading model [49] or Clough model [28, 50, 51] where
the unloading stiffness is calculated considering the reduction of the elastic one with the following relation:
(1)
where KR is the unloading stiffness, K0 is the elastic stiffness, Dy is the yield displacement,
Dm is the maximum displacement and α is the unloading stiffness degradation parameter, in
this case equal to 0.4. The unloading stiffness gradually reduces when the deformation increases. The seismic action is applied considering a set of spectrum-compatible accelerograms
acting transversely to the nave.
3

DAMPED ROCKING RESPONSE

The CLT panels, the wall-to-roof and wall-to-wall connections represent a deformable diaphragm which allow the rocking trigger of the perimeter walls but limiting either the drift in a
fixed design range and the seismic loads on the rigid head walls (thanks to the energy dissipation occurred in the steel connections). The dissipative roof-diaphragm represents a damper
located at the top of the constructions with a behavior analogous to one of a top located
damper [4]. By the dissipative roof-diaphragm, the nave transverse response of one nave historical church, usually characterized by high percentage of the total mass involved in the first
vibrational mode, can be represented by flag-shaped diagram (Figure 3c) obtained from the
bi-linear free rocking behavior of the masonry seismic resistant systems (Figure 3a) [45] and
the (ii) the dissipative hysteretic behavior of the roof-diaphragm (Figure 3b) [52, 53].
It is possible to represent the bi-linear behavior of the free rocking through the yielding
(Fframe,y) and ultimate (Fframe,u) force related to the yielding (δframe,y) and ultimate (δframe,u) displacement of the generic resistant seismic frame, obtained by the pushover analyses performed during the second step and mentioned in Section 2. The frame stiffness is calculated
considering the following relation:
kframe = Fframe,y / Gframe,y

(2)

Furthermore, it is possible to schematize the dissipative behavior of the roof considering
the yielding (Froof,y) and ultimate (Froof,u) force related to the yielding (δroof,y) and ultimate
(δroof,u) displacement that characterizes the roof. These values are obtained by the experimental tests on the connector chosen for the connections [28, 54]. Similarly, the roof stiffness
is evaluated as follow:
kframe = Froof,y / Groof,y

(3)

The flag shaped diagram, shown in Figure 3c, is based on two fundamental hysteretic variables ζ and β, defined as follow:
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Figure 3: dumped rocking diagram.

ζ = (Froof,y ∙ kframe)/(kroof ∙ Fframe,u)

(4)

β = 2 Froof,y / Fframe,y

(5)

It is possible to define the yielding force of the roof in terms of β:
Froof,y = (Fframe,y ∙ β)/ 2

(6)

while the roof stiffness can be calculated considering both ζ and β parameters:
kroof,y = (kframe∙ Froof,y)/( ζ ∙Fframe,y)

(7)

kroof,y = kframe,y ∙ [(β ∙ δframe,y) / (2 ∙ δroof,y)]

(8)

It possible to notice that ζ can be described through the ratio between the yielding displacement of the roof and the yielding displacements of the frame (ζ = δroof-y/δframe-y) and pro-
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vides a measure of the roof diaphragm. As shown in Figure 3d, ζ is indirectly proportional to
kroof because if ζ increases, lower energy dissipation occurs.
The β parameter is fundamental for the correct intervention design because it is an index of
the energy dissipated by the roof: if β increases, the damping effect increases (Figure 3e).
Usually, the β value is between 0 and 1.5. In fact, β< 2 is preferable because it allows the selfcentering rocking behavior whereas for β >2 there-centering functioning is partially inhibited
having a flag-shaped diagram with significant residual displacement, as shown in Figure 3e
where the diagram changes from blue line to green one.
The roof diaphragm stiffness, related to the wood elements and the steel connections, is
evaluated considering the bending stiffness kdf and the shear stiffness kdt:
kroof = (1/kdf - 1/kdt)-1 = [(5/6) ∙ (L3/E*w ∙ Jid) ∙ (χL/G*wA*)]-1

(9)

where E*w is the equivalent elastic modulus, G*w is the equivalent shear modulus and Jid is
the ideal inertia moment of the section:
E*w = [(Lkn/ns)/(2*((twLy/cosα)/nn) + (((kn(L/ns))/Ew)]

(10)

G*w (nn, ns) = [(Lkn/ns)/(2*((twLy/cosα)/nn) + (((kn(L/ns))/Gw)]

(11)

Jid (nn, ns) = (twL3y/12cosα) + nws ∙ [2As (Ly/2)2]

(12)

considering that nws is the homogenization coefficient of the steel connection to the wooden diaphragm (nws =Es/Ew* where ES is the Young modulus of the steel), L is the distance between the transversal seismic resistant elements and the central nave, Ly is the roof width, kn
is the stiffness of the single connector, tw is the panels thickness, ns is the number of the connections stripes for each span, nn is the number of connectors for each connections stripe
equal to the ratio between the inter-axis of the seismic elements and the inter-axis of the connectors.
The initial value of kroof depends on the geometrical characteristics and the material properties of the CLT panels and on the connections details, calculated according to [24, 25]. This
value of kroof can be used in the non-linear dynamic analyses even if the optimum roof stiffness (kroof-opt) could be consequently evaluated in correspondence to optimal β (βopt) able to
limit the drift under the design value δdesign ≤ 0.005hw, where hw is the height of the perimeter
walls [25]. kroof-opt is evaluated according to the following relation:
kroof-opt = (βopt ∙ kframe)/2Δ

(13)

where Δ is the ratio between the yielding displacement (δroof,y) of the roof and the yielding
displacement of the frame (δframe,y). The approach is valid because the drift limitation is the
first step towards the evaluation of the roof-diaphragm effectiveness. Furthermore, the stiffness of the roof- diaphragm does not influence the intensity of the seismic action on the structure, vice-versa it affects the maximum drift.
4

CASE STUDIES

The parametric non-linear dynamic analysis is carried out considering some of the fundamental geometrical features that characterize the five existing one nave historical churches
under study (Figure 4) strengthen by four different CLT panels roof structure configurations,
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varying the value of β between 0.1 and 1.5. Table 1 shows the values of the geometrical and
material characteristics of the above-mentioned churches under study, where C is the number
of spans, lc is the length of the church, lf is the width of the church, tw is the average thickness
of the lateral walls, hw is the height of the lateral walls, λw is the geometrical slenderness of
the walls given by the ratio λw = hw / tw, hf is the height of the façade, λf is the geometrical
slenderness of the façade given by the ratio λf = hf / lf, SF is the shape factor (SF = lc /lf ), Em is
the elastic modulus of the masonry, Gm is the shear modulus of the masonry and wm is the
weight density of the masonry while Figure 5 reports the value of the geometrical characteristics of the churches.

Figure 4: main geometrical characteristics of the churches considered in this work.

church

C

San Pietro
Felizzano
San Pietro
Celestino
Santa Maria del
Parco
Santa Maria del
Carmelo
San Lorenzo

lc
lf
[m] [m]

tw
[m]

hw
[m]

λw
[-]

λf
[-]

SF
Em
Gm
wm
[-] [MPa] [MPa] [kN/m3]

7 25

8.50 1.35 10.7 7.92 1.25 2.94 1500

500

18

4 24

8.75 1.50 11.10 7.40 1.26 2.74 1230

410

20

6 33 10.00 1.50 11.75 9.79 1.18 3.30 1080

360

16

5 32

9.36 1.65 16.00 9.70 1.70 3.42 1230

410

20

3 16

4.80 1.65 5.00 7.14 1.04 3.33 1050

350

18

Table 1: geometrical and material characteristics of the churches under study.

Table 3 summarizes the CLT panels roof structure configurations considered in this study
which are characterized by the same type of connectors with Ø10 diameter steel screws and
stiffness kc = 6500 N/mm but different panels thickness (t), connectors number in the strips
present for each span (ns) and mutual distance between the connectors (i) (Figure 6).
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Figure 5: churches under study.
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configurations

t
[mm]

i
[mm]

kc
[N/mm]

ns

Code of the roof diaphragm configuration

a

100

250

6500

272

CLT_t10_i250

b

80

125

6500

136

CLT_t8_i125

c

60

125

6500

136

CLT_t6_i125

d

60

250

6500

68

CLT_t6_i250

Table 2: roof diaphragm configurations.

Figure 6: example of CLT panels roof-structure configuration.

Table 3 reports the values of kroof obtained by considering the different CLT panels roofstructure configurations for each historical church under study. As mentioned before, the
seismic action implemented in the equivalent FEM through seven spectrum-compatible accelerograms detected by Rexel 3.5 software [55] considering the response spectrum of L’Aquila
[56] with return period equal to 475 years [57].
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configuration
CLT_t10_i250
CLT_t8_i125
CLT_t6_i125
CLT_t6_i250
configuration
CLT_t10_i250
CLT_t8_i125
CLT_t6_i125
CLT_t6_i250
configuration
CLT_t10_i250
CLT_t8_i125
CLT_t6_i125
CLT_t6_i250
configuration
CLT_t10_i250
CLT_t8_i125
CLT_t6_i125
CLT_t6_i250
configuration

CLT_t10_i250
CLT_t8_i125
CLT_t6_i125
CLT_t6_i250

San Pietro Felizzano
kroof between elements 1-2-3-45-6-7
[N/mm]
79185.243
57924.992
46441.943
38964.366
San Pietro Celestino
between façade and element 1
between elements 1-2 and eland elements 2-3
ements 3-4
kroof [N/mm]
kroof [N/mm]
115051.513
98762.181
81589.723
71596.946
64852.888
56999.118
51976.794
47253.905
Santa Maria del Parco
kroof between façade and elekroof between elements 1-2-3-4ment 1
5-6
[N/mm]
[N/mm]
136821.131
118930.143
97442.883
86152.975
78098.949
68970.534
62771.455
56959.427
Santa Maria del Carmelo
kroof between façade and elekroof between elements 1-2-3-4ment 1,
5
[N/mm]
[N/mm]
130395.453
104761.866
91760.781
76103.294
73477.534
60818.342
58032.417
50501.171
San Lorenzo
kroof between façade and element 1, between elements 1-23, between element 3 and
head wall [N/mm]
49074.997
34984.088
26330.719
21840.971
kroof between façade and element 1
[N/mm]
103785.845
74517.507
59071.713
48313.279

kroof between element 7 and
head wall
[N/mm]
63681.799
46760.372
37786.878
31792.958
kroof between element 4 and
head wall
[N/mm]
123290.462
83110.602
67643.925
49976.935
kroof between element 6 and
head wall
[N/mm]
101482.358
74129.488
59572.859
49797.593
kroof between element 5 and
head wall
[N/mm]
119531.499
85715.572
68348.094
55642.081

Table 3: kroof values.

5

RESULTS

The results of the parametric analysis, considering a β value ranging between 0.1 and 1.5,
are discussed in terms of two parameters: (i) the ratio between the drift and the height of the
lateral walls (dimensionless drift) and (ii) the ratio between the base shear and the axial force
on the same equivalent element (dimensionless base shear) taking into account the geometrical slenderness of the walls (λw = hw/tw), the geometrical slenderness of the façade (λf = hf/tf)
and the shape factor (SF = lc/lf).
The drift, the base shear and the axial force are evaluated, considering the results obtained
buy the equivalent element models, as the average values of the maximum ones under the
seven spectrum-compatible accelerograms.
The first step of the parametric analysis regards the choice of the optimum β value for each
church under study, considering the different roof diaphragm configurations. Figure 7 shows
the results obtained from the numerical analyses where the design drift is taken equal to 5‰
of the height of the lateral walls (green line).
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Figure 7: dimensionless drift – β trend.

It is possible to notice that the drift decreases for high values of β parameter because an
higher energy dissipation occurs in the connections, according to as reports in Figure 3.
Forthermore, the panels thickness influences the seismic response. In fact, considering the
same church, when the thickness panels increases the target drift is achieved for lower value
of β.
Another important aspect regards the percentage variation of the dimensionless drift (Δη)
for each church and the four roof diaphragm configurations by varying β with respect to the
single plank roof-configuration (tacken as zero condition). Figure 8 shows the Δη-β trend
evaluated for each church under study which are useful to understand the drift improvements
as a function of β. It is possible to notice that considering the same church, the variations are
more evident for panels with higher thickness. Furtermore, for the same panels thickness, the
number of connections slightly influences the variations.
The third consideration regards the variations of the dimensionless base shear of the central
equivalent elements and the dimensionless base shar of the façade (Figures 9 and 10). In this
case, the results show that the dimensionless shear variations for the central equivalent element and for the façade are in opposite themselves. When β increases, the base shear of the
central equivalent element decreases considering that this seismic resistant element is located
in the area in which the top displacement is maximum. Consequently, in the central part of the
church, the drift and the base shear are in opposite themselves. Similar consideration can be
made for the façade. Considering the thickness panels of the roof diaphragm, when this increases the base shear of the central equivalent element decreases. On the contrary, the façade
base shear is lower for minor thickness panels.
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Figure 8: Δη-β trend.

Figure 9: variation of the dimensionless base shear for the central equivalent element as a function of β.
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Figure 10: variation of the dimensionless base shear for the façade as a function of β.

The influence of the geometrical slenderness of the walls (λw) and the façade (λf) on the
seismic response of the churches under study are analyzed considering the different roof diaphragm configurations. Figures 11 and 12 summarizes the results obtained by the numerical
analyses.

Figure 11: dimensionless drift in comparison to the geometrical slenderness of the lateral walls (λw).
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Figure 12: dimensionless base shear in comparison to the geometrical slenderness of the lateral walls (λw) and
the geometrical slenderness of the façade (λf).

The results show that a slightly increases of the drift and the base shear acting on the central equivalent element occurs in correspondence to high value of lateral walls slenderness.
On the contrary, the dimensionless base shear decreases when the façade slenderness increases.
Considering the trend of the drift and shear of the central equivalent element in relation to
the lateral walls slenderness, abrupt variations are obtained when 9.5İ¬wİ10. It is important to highlight that two churches (Santa Maria del Carmelo and Santa Maria del Parco)
characterized by a similar value of lateral walls slenderness were bult with different materials
and, consequently, different inertia forces are involved during the seismic action. Similar consideration can be made for San Pietro Felizzano and San Pietro Celestino church, analyzing
the trend of the base shear related to façade slenderness λf. Furthermore, the shapes of the
trends appear not be afflicted by the thickness of the panels or the number of the connections.
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Figures 13 and 14 summarize the results obtained considering the shape factor (SF) parameter.

Figure 13: dimensionless drift in comparison to the shape factor SF.

It is possible to notice that the dimensionless drift is generally constant with a slight increase for higher shape factor SF. Considering the base shear acting on the central equivalent
element, the trend obtained is opposite to that calculated for the façade.
Referring to the base shear of the façade, the most evident decrease occurred around SF =
3.30 for the churches Santa Maria del Parco and San Lorenzo. This fact is due to the very different geometrical characteristics that characterize the two churches (spans, total length and
width). Also in this case, the shapes of the trends appear not be afflicted by the thickness of
the panels or the number of the connections
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Figure 14: dimensionless base shear (central element and façade) in comparison to the shape factor (SF).

6

CONCLUSIONS

In this paper, the influence of the geometrical characteristics on the nave transverse response under seismic action of five historical churches, strengthen by different configurations
of CLT panels roof structure, is studied through the execution of a series of non-linear dynamic analyses. The effects of the dissipative roof-diaphragm obtained by the CLT panels and
connections are appreciable, especially in terms of dimensionless top displacement (drift) and
dimensionless shear evaluated either at the base of the façade and the central part of the perimeter walls.
From the obtained results, the following main observations can be drawn.
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-

-

-

The CLT panels roof-structure in seismic restoration of historical churches can be considered as a valid solution either for the structural benefits in the nave transverse response and the satisfaction of the conservative restoration criteria.
The equivalent finite element model with calibrated concentrated non-linear material
properties (for the masonry and the roof-diaphragm) allows to evaluate the global response of historical churches with low calculation effort.
The damped rocking mechanism pursued by the dissipative roof-structure is mainly
ruled by the variations of the hysteretic variable β that gives a measure of the energy
dissipation; the calibration of β is preferable in the range 0y1.5 in order to limit the
drift under the design drift value guaranteeing the self re-centering rocking behavior
and limiting acceptable actions in the head and perimeter walls with respect to the masonry properties.
The trends of the drift are in according to the shear: when the drift increases the façade
base shear increases (while the shear at the base of the central part of the perimeter
walls decreases).
The drift and base shear variations depend more on the thickness of the CLT panels
with respect to the connectors numerosity.
The geometrical slenderness of the perimeter walls (λw) influences the nave transverse
response especially beyond λw > 9.5 even if the seismic behavior cannot uniquely determine only by the geometrical slenderness because it is also influenced by the masonry properties (weight density and elastic modulus) and other geometrical features.
The drift and the base shears are slightly afflicted by the shape factor.
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Abstract
The seismic response of seven existing reinforced concrete chimneys equipped with optimized
Tuned Mass Dampers (TMDs) are investigated under five acceleration time histories recorded during different important European seismic events. For each chimney, the features of the
TMDs are detected by nonlinear dynamic analyses, starting from the investigation about the
optimum mass ratio (between the optimum mass of the TMD and the mass of the chimney
without the TMD involved in the most representative vibrational modes). By the application of
sinusoidal forces, the contribute of the TMDs are evaluated by the estimation of the equivalent damping ratio.

Keywords: Tuned Mass Damper, RC chimney, Seismic Response, Non-linear analysis.
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1

INTRODUCTION

All over the world many industrial plants are characterized by the presence of chimneys.
Starting from the ’50 of the 20th century, in the new manufacturing and chemical plants reinforced concrete (RC) chimneys were built instead of the masonry traditional ones, due to
plants requirements derived from the industrial developments and environmental reasons.
From the middle of the 20th century, thanks to the new concrete techniques in use, it was possible to satisfy the new industrial processes requirements by reducing the environmental impacts with a significant height increasing (up to about 400 m), thus defining a wide range of
possible heights from 100 m to 400 m. It is remarkable many RC chimneys were designed
without specific earthquake-resistant provisions, considering only the wind as horizontal force
[1] even if in some European countries, e.g. in Italy, many chimneys were built in areas only
nowadays considered as seismic regions [2]. It represents an evident structural negligence for
the seismic performance of many existing RC chimneys in terms of resistance and ductility
and for economic aspects. Under seismic loads, the chimneys are characterized by an inelastic
response, different from the elastic behavior. The domain of higher modes vibration and large
natural period vibration consistently drives to a complex global dynamic response during
earthquake events, reporting extremely increase of structural stress states, possible brittle collapse [3–10].
A recent study [11] has pointed out 6 major chimney failures causes, from 739 study cases,
statistically summarized. The damage of these RC chimneys was mainly caused by seismic
and wind action, temperature stress and construction defect [9].
Several researches have made relevant considerations in the earthquake engineering field
[12,13] which revealed a sort of crack pattern of these slender constructions. In particular,
they identified a failure-prone region at 1/3 to 2/3 also 0.8 of the height of a standard designed
chimney, which concentrates inelastic deformations. It may occur when remarkable inertial
force takes place in hazard earthquake, observing fractures in the horizontal, vertical, and inclined directions depicted after the strong motion. A predominance of cracks with 20–30 mm
widths according to [11] was noticeable in many seismic events. It was observed the specific
wind design cannot allow an adequate seismic response [12] in particular in terms of concrete
stiffness with respect the concrete strength [14]. The increase of the height over 130 m exposes chimneys to large displacements wreaking cracks which demand extensive rehabilitation. Moreover, the radius-thickness ratio feature has also relevant influence in the dynamic
response that decreases the displacement with the growth of the radius-thickness. It can be
observed in chimney tapered from bottom to top lesser displacement values than chimneys
which are tapered from the bottom then becomes uniform at one-third height. Shell stress as
well decreases with the increase of radius thickness ratio in a fully tapered chimney in respect
of partially tapered chimney. Chimneys with heights ranging from 325 m to 350 m are vulnerable against seismic forces especially tin case of elliptical cross-section. However circular
chimneys have higher displacement than the elliptical section ones with higher accelerations
under the seismic events. For improving the seismic response an adequate representation of
the chimneys and the earthquakes is mandatory as it is explained in [9,10]. In these studies,
the efficiency of passive tuned mass dampers is also proposed as a valid cost-benefits solution[15]. In several cases, the use of a single TMD represents a valid solution in terms of
structural and economic convenience. The contribute of the single TMD can be described by
shifting period coupled to the damping increase characterized the new system represented by
the chimney with the TMD are easily detected.
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2

STRUCTURE OF THE PAPER

In Section 3, starting from the features of the chimneys (3.1) and the ones of the seismic
actions (3.2), for each chimney the parameters of the Tuned Mass Dampers (TMDs) are detected (3.3). In the Section 4 the contribute of the TMDs in terms of equivalent damping is
evaluated whereas the energetic contributions are shown in Section 5 (where a comparison
between the cases chimneys without TMDs and chimneys with TMDs is shown as well). Finally, Section 6 contains the remarks about the results characterized Section 4 and Section 5,
3
3.1

IDENTIFICATION OF THE TUNED MASS DAMPERS FEATURES
Chimneys

The seven RC chimneys here investigated were built from the ‘60 to the first half of
the ’80 years. They are classified considering four main geometrical features: the height (H),
the geometrical slenderness O = H/Dbase, the taper ratio td = Dtop/Dbase and the mass distributed
along the height (qh), depending on the chimney materials and the structural configuration and
where Dtop represents the external diameter at the top of the structure while Dbase indicates the
external diameter at the base of the structure. In Table 1 the main information about the chimneys are shown.
Dbase Dtop H
th
qh
Chimney
td
O
[m] [m] [m]
[cm]
[kN/m]
CH_1
4.8
2.5 60 0.52 12.50
30
76.50
CH_2
16.1 13.6 100 0.85 6.21
40-30
100.00
CH_3
10.3 6.6 115 0.64 11.17
45-20
71.00
CH_4
15.0 14.8 120 0.99 8.00
35-26.5
29.00
CH_5
15.7 9.4 183 0.60 11.66
60-30
56.00
CH_6
16.0 8.5 220 0.53 13.75
76-20
76.50
CH_7
26.0 16.8 245 0.65 9.42
70-35
80.00
Table 1. Main characteristics of the seven chimneys. Note: Dbase=diameter at the base; Dtop=diameter at the top;
H=height; td WDSHU UDWLR Ȝ VOHQGHUQHVs; th=thickness of the circular hollow section; qk=distributed mass along
the height.

The finite element model (FEM) of each chimney is implemented by MIDAS Gen software [16]. Each FEM has beam elements with a perfect restrain at the base. The self-weight
and the dead loads are converted to mass in order to carry out the eigenvalue analyses for
evaluating the periods, the related modal participation mass and the deformed shapes. The
nonlinear material property of the concrete is attributed by Kent-Park property [17] and the
ones attributed to the steel rebars is described in [18]. Eigenvalue results are shown in Table 2.
Chimney
CH_1
CH_2
CH_3
CH_4
CH_5
CH_6
CH_7

TI
[s]
1.63
0.90
1.77
1.33
2.55
3.21
3.79

M1
[%]
58.48
66.51
54.24
63.82
53.87
48.02
45.23

Table 2. Eigenvalue analysis results. Note: T1 is the first fundamental period and M1 is the related involved mass
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3.2

Seismic actions

The seismic actions are represented by five acceleration times histories recorded during
different European seismic events (Greece, Amatrice, L’Aquila, Friuli and Montenegro), included in the European Strong-Motion Database. The features of the seismic inputs are shown
in Table 3. The seismic inputs have been selected in order to obtain Magnitude between 6 and
6.9 and a PGA value between 0.35 g and 0.53 g: however, they are characterized by different
integral parameters values, gaining a large variability of the ground motion characteristics ,
[19,20].
Event

Event id

Stat.

[-]
[-]
[-]
Friuli
IT-1976-0030
FRC
(Acc1)
Montenegro
ME-1979-0003
PETO
(Acc2)
Amatrice
EMSC-20161030_0000029 AMT
(Acc3)
Greece
GR-1995-0047
AIGA
(Acc4)
L'Aquila
IT-2009-0009
AQG
(Acc5)

Year

PGA

PGV

PGD

Mw Arias Int.

[-]

[g]

[cm/s]

[cm]

[-]

1976

0.35

23.7

[cm/s]

5.3

6

84.5

1979

0.45

38.5

6.9

6.9

455.7

2016

0.53

37.9

7.5

6.5

156.4

1995

0.52

51.3

8.3

6.5

117.1

2009

0.49

35.8

6.0

6.1

132.4

Table 3. Characteristics of the seismic inputs.

3.3

Tuned mass dampers parameters

Once the vibration mode shapes and the main frequencies of the structures are known, the
features of the TMDs can be evaluated according to [21,22] and the seismic response can be
analyzed by introducing the TMDs in the FEMs of each chimney (system 2). The TMD is
implemented through a nodal mass connected to the chimney with a spring and linear dashpot
characterized by horizontal stiffness (kTMD) and damping coefficient (CTMD). The boundary
conditions of the node representing the TMD are set to allow only the horizontal displacements of the mass. The horizontal stiffness (kTMD) and the related damping coefficient (CTMD)
are evaluated considering the following relations [23]:
(1)
(2)

From [24] the values of kTMD and CTMD are obtained starting from the definition of the ratio
ȝ given by the ratio of the mass of TMD (md) and the mass of the chimney (m) involved in
the main vibrational mode (already explained in Phase A) and Zs defined as the pulsation depending by the main frequency (fI corresponding to the frequency value of the first and second mode shapes of the chimney without TMD) by the equation (3):
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(3)

The TMD mass ratio is given by the Eq.4 to obtDLQFRQFHUQLQJWKHIXQGDPHQWDOPRGH ȝ1)
is given by:
(4)

where Į1 is the participant mass ratio of the fundamental mode of the structure without the
TMD. The general mass ratio μ is expressed as:
(5)

In order to define kTMD and CTMD, the optimal FRHIILFLHQWIRUWKHIUHTXHQFLHV Įopt) and the
optimal equivalent viscous damping UDWLR ȟopt) are evaluated as it comes out from the following expressions, where is the equivalent damping ratio for the structure:
(6)

(7)

Basing on the previous relations the values of mass the TMD can be taken in the range
1%÷5% of the mass of the chimney excited in correspondence of the main frequency (related
to the first and second mode shapes). Testing different values of the TMD’s mass, the related
values of kTMD and CTMD (see relation (1) and (2)) can be detected and the different seismic
response of “chimney with TMD” (system 2) can be evaluated in the FEMs where displacement, shear and moment variations are graphically shown in Figure 1. Once the average
trends are detected for each chimney, the mass ratios optimizing the sizes of the TMDs are
evaluated. The optimized size must minimize the mass of the damper but it must allow to reduce as far as possible the displacements, the base shear and base bending moment [4,25].
Therefore, for each chimney when the optimum mass ratio ȝOPT) is chosen, the features of
each TMD are evaluated as well in terms of horizontal stiffness (kTMD) damping coefficient
(CTMD) aQGSXOVDWLRQ Ȧs) by the previous equations (1÷3), see Table 4.
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Figure 1. Optimization of the TMDs features in terms of top displacement, base shear and base moment in relation to the mass ratio for the seven existing chimneys
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Optimum TMD
Properties

CH_1

CH_2

CH_3

CH_4

CH_5

CH_6

CH_7

ȝopt
ȦTMD
mtmd [kN/g]
kTMD [kN/m]
cTMD [kNs/m]

4%
0.58
22.19
293.22
20.47

1.5%
1.08
48.53
2224.90
52.56

3%
0.54
53.17
613.50
40.00

3%
0.72
88.96
1812.41
88.92

3%
0.38
148.81
828.56
77.77

5%
0.29
344.61
1148.62
177.43

3%
0.26
233.33
589.11
82.11

Table 4. Properties of the optimum tuned mass dampers selected for the seven chimneys (CH_ identifies the
chimneys).

4

EQUIVALENT DAMPING EVALUATION

The contribution of the mass dampers of each chimney in terms of equivalent damping ([e)
is here estimated starting from the dynamic amplification factor (H) given by the ratio between Xs and Xd , where Xs is the top displacement under seismic action and Xd is the dynamic top displacement under forces with frequencies included in the range (0.8÷1.2 ǜfI where fI
corresponds to the frequency to smooth (this value is obviously different for each chimney).
The ratio between the frequencies of the forces and the frequency to smooth is called U (the
variation of H by U is shown in Figure 2) . The equivalent damping ([e) due to the TMDs can
be detected as well from H because [e is given by the relation (7) and it can be plotted once
again in relation to U. The final value of the equivalent damping corresponds to the average
one of the two lower peaks of the diagrams [e-U (Figure 3):
(7)

It is worth nothing the influence of the main frequency of the chimney in the TMD’s contribution in terms of equivalent damping given to the main structure. The results plotted in the
Figure 2 and Figure 3, respectively in terms of dynamic amplification factor (H) and equivalent damping ([e), are useful in order to appreciate the smooth effects given by the TMDs for
each chimney under the five seismic events. The equivalent damping values are summarized
in Table 5; the variation of the equivalent damping in relation to the frequencies of the chimneys is shown in Figure 4.
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Figure 2. Dynamic Amplification Factor (H) in relation to the frequency ratio (U)
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Figure 3. Equivalent Damping (ߦe) in relation to the frequency ratio (U) for the five earthquakes

Acc
1
2
3
4
5

Chimney
1
ߦe
0.0076
0.0309
0.0101
0.0128
0.0112

Chimney
2
ߦe
0.011
0.077
0.023
0.027
0.041

Chimney Chimney Chimney Chimney Chimney
3
4
5
6
7
ߦe
ߦe
ߦe
ߦe
ߦe
0.008
0.026
0.008
0.013
0.009

0.007
0.047
0.013
0.013
0.015

0.004
0.012
0.007
0.009
0.005

0.003
0.010
0.007
0.007
0.005

0.001
0.004
0.004
0.004
0.002

Table 5. Equivalent damping ߦe for the seven chimneys in correspondence of the five seismic events

4256

P. Crespi, N. Longarini, M. Valente, M. Zucca

Figure 4. Variation of the equivalent damping with respect to the main periods of the seven chimneys.

5

ENERGETIC CONTRIBUTION OF THE TUNED MASS DAMPERS

In the present phase the dynamic behavior of the five case studies (chimneys with TMDs)
is deepen in terms of energy damping starting from the assumption that for the generic chimney the input energy (Ei) due to the seismic action is the work done by the ground motion on
the construction. Considering the time dependent conservation of the energy, (Ei) is given by
the summation of the kinetic energy (Ek), the elastic strain energy (Es), the energy dissipated
by the structure throughout the inelastic features (Eh) and the damped dissipative energy of
the building and the mass damper if present (Ed). Formulations about the energies are present
in [26,27]. The aim of this phase is the evaluation of the damping energy during each seismic
event for the seven chimneys either in the case chimneys without TMD and chimneys with
TMDs. In Figure 5, for each chimney, the damping energy (Ed) is plotted for the five accelerograms. The output of the energetic analyses represents the variation of the damping energy
during the seismic events therefore the results of this kind of analysis is plotted by time histories in both cases (chimneys without and with TMDs). Each time history represents the percentage of the damping energy with respect to the input energy.
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Figure 5. Evaluation of the percentage of the damping energy (Ed)with respect the input energy (Ei)
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6

REMARKS
x The use of the Tuned Mass Dampers for existent Reinforced Concrete chimneys represents a valid solution for improving the seismic response of this kind of construction especially if originally built in areas only nowadays classified as seismic areas;
x The size of the TMD is influenced by the geometrical features of the chimneys: in fact,
chimneys with high slenderness values need TMD with optimum mass ratio ȝopt higher
than the RQHV ZLWKORZ VOHQGHUQHVV )RU VOHQGHUQHVV YDOXH DURXQG Ȝ   WKH RSWLPXP
mass ratio ȝopt is around 3% but for higher slenderness values, as it is for CH_6 with
ȜCH_6 = 13.75, higher mass ratio ȝopt -CH_6 = 5% is adopted; vice versa CH_2 with
slendeUQHVVȜCH_2 = 6.21 needs lower mass ratio ȝopt-CH_2 = 1.5%; similar consideration may not be valid about the effect of the taper ratio td on the size of the TMD because chimneys with different td , as CH_1 with td = 0.52 and CH_4 with td = 0.99, are
characterized by mass ratio values very close themselves (e.g. ȝopt-CH_1 = 4% and
ȝopt-CH_4 = 3%);
x In the seismic events here adopted, the most important variations with the TMDs occur in
terms of top displacement for each chimney; although, the base shear variation is not appreciable for each chimney especially in comparison to the displacements and moment
variations;
x the equivalent damping does not appear dependent by the individual features of the
chimneys (even if for high value of the geometrical slenderness - as it is for chimneys 1,
5 and 6 respectively with OCH_1 = 12.5, OCH_5 =11.66 and OCH_6 =13.75 – the equivalent
damping values are very similar themselves); it is worth nothing the equivalent damping
due to the TMD depends on the characteristics of the seismic event combined to the natural frequency of each single chimney, thus the seismic response is a correlation between
the chimney’s features (as the height, taper ratio, slenderness and dead loads) and the
ones of each seismic event shacking the construction. A relation between the equivalent
damping and the main periods of the chimneys (T) is expressed in the relation shown in
Figure 4 where the equivalent damping [e here estimated exhibits exponential variation
growing for the lower values of T; vice versa, the intensity of the strong motion becomes
irrelevant when the main period increases.
(8)

x under the five earthquakes the damping energy for the seven chimneys increases thanks
to the TMDs; the contribution of TMDs is much evident in the asymptotic branch of the
curves, especially under accelerograms 1 and 2 (drawn by black and red lines. In the case
chimneys with TMDs, the damping energy increases. Generally, the dissipation of the
input energy due to the seismic event occurs for damping contribute whereas the one due
to the strain energy is practically zero. At the same time the TMD slightly reduces the
contribute of kinetic energy in the dissipation of the input energy.
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Abstract
In this research, the dynamic characteristics and effects of shear walls in lateral stiffness of
long-span Hanok have been studied by shaking table test. The 1/20 scale experimental model
for the long-span test-bed Hanok has been built for shaking table test. The shaking table test
was done on two cases, that is, full or no shear wall. The shaking table test was done on a
1/20 scale experimental model for the previous two cases. The experiment was done sequentially, first for full shear wall model, and then no shear wall model. The shaking table was
actuated sequentially by four types of input gain, that is, from random gain 1 to random gain
4 with increasing scenario. The maximum displacement of experimental model on its roof top
was measured for both full and no shear wall cases for four random gains. Full shear wall
case showed much less displacement for all random gains compared to the no shear wall case.
The average displacement reduction ratio for four random gains is 64.4%, which shows the
significant effect of shear wall in lateral load resisting capability. The natural vibration frequency of full shear wall is 11.28Hz compared to the no shear wall of 5.5Hz, which shows
stiffness is about 4 times.
Keywords: Long-span Hanok, Shaking Table Test, Shear Wall, Lateral Stiffness.
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1

INTRODUCTION

The Korean traditional timber structure, especially used as residential is called Hanok.
Hanok has history of more than two thousand years. The structure of Hanok as shown in Fig.
1(a) is characterized as a post and beam structure. The vertical load is supported mainly by
post and beam as shown in Fig. 1(b), and the lateral load is supported mainly by walls incorporated with peripheral timber frame. In a very rare case, truss is used as lateral load resisting
system as shown in Fig. 1(c).

(a) Korean Traditional Timber Structure

(b) Load paths of through post and beam in Hanok

(c) Trussed wall used as a lateral load resisting system in Hanok

Figure 1: Korean traditional timber structure and its load paths

The main characteristic of Hanok is in its joints. The joint of Hanok is mostly mortise and
tenon joint of only wood as shown in Fig. 2. It rarely uses steel connector or steel nails. The
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heavy roof weight of Hanok helps the joint have somewhat rotational rigidity against lateral
load. Generally, the span of traditional Hanok between columns is about 2.4~4.8 meters. This
short span does not matter as a residential use. Nowadays, long span, which is about 10~20
meters, is required to accommodate various modern life style of people and to enlarge the use
of Hanok as a public usage. As the span is longer various problems should be solved in structural point of view.

Figure 2: Traditional mortise and tenon joint of Hanok

As the span of Hanok becomes longer, new load carrying paths and new joint types should
be carefully planned and designed to support increased load and unfamiliar large inner space.
Timber structure in East Asia and the West has much in common in their skeleton and construction method. So, various researches on the timber structures have been carried out extensively around the world. Seo et al. [1] studied the structural characteristics of wooden frames
with tenon joints under lateral static and cyclic load, Han et al. [2] studied mechanical performance of tenon joints to enhance traditional wooden house, Kang et al. [3] studied the static performance of mortise and tenon joint in Chinese traditional timber structure, Lee et al. [4],
[5] studied both the longitudinal and transversal load carrying capacity of Korean traditional
timber structure, and Kim et al. [6] evaluated rotational stiffness of steel joints used in a newstyled Hanok by static experiment on a 1/4 scale model.
Fang et al. [7] performed dynamic test on traditional Chinese timber structure and verified
its structural characteristics, Hwang et al. [8] performed shaking table test on Korean traditional timber structure and showed the variation of natural frequency according to vibration
amplitude, and Lee et al. [9] compared dynamic characteristics of both traditional and newstyled Hanok according to excitation amplitude. Ozsev et al. [10] conducted small scale
hands-on experiments on a model wooden frame structure under dynamic effects.
As a design aid to the Korean traditional timber structures, section tables and structural design software for the design of main structural members of Hanok has been developed
[11],[12],[13],[14] and these design tools were used in making Korean design standard on
Hanok. Recently, evaluation tool on the torsional irregularity of Hanok has been developed to
aid seismic design of Hanok [15].
In this study, the dynamic characteristics of long-span Hanok and the effects of shear walls
in lateral stiffness have been studied by shaking table test and the results are analyzed.
2

EXPERIMENTAL MODEL FOR SHAKING TABLE TEST

The long-span test-bed Hanok with its transversal span of 14.4meter and longitudinal span
of 25.2meter has been designed as shown in Fig. 3. This long-span test-bed Hanok is scheduled to be built in Yongin, Korea, 2021. The 1/20 scale experimental model for this long-span
test-bed Hanok has been built for shaking table test as shown in Fig. 4(a). The vertical load
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was imposed on the roof and floor of the experimental model with steel plate as shown in Fig.
4(b). The total weight is 87.24kg.
The shaking table test was done on two cases, that is, Case A and Case B as shown in Table 1. Case A has full shear wall, that is, no opening, whereas, Case B has no shear wall, that
is, full opening. Fig. 5(a) shows the location of shear wall in plan, and Fig. 5(b) and Fig. 5(c)
show the front and rear view of test model of Case A.
The motor of shaking table is operated by real-time displacement control method using
Labview program of NI corporation. The velocity, corresponding to input acceleration was
numerically integrated and this was used as the input signal of motor. Four accelerometers
were used to measure both X and Y directional movement. The sampling rate for data is
3200Hz. The relative displacement of the model compared to the base was measured by laser
displacement equipment by measuring both the roof and base displacement of the model.

(a) Section of low-rise part

(b) Section of high-rise part

(c) Elevation
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(d) Roof

Figure 3: Section, elevation and roof plan of actual building

Model Case

Shear walls

Opening ratio

Case A

Full shear walls (No opening)

0%

Case B

No shear walls (Full opening)

100%

Table 1: Opening ratio of each cases.

(a) 1/20 scale experimental model for shaking table test

(b) Imposition of vertical load by steel plate

Figure 4: . 1/20 scale experimental model and imposition of vertical load

3

SHAKING TABLE TEST ON EXPERIMENTAL MODEL

The shaking table is one-directional as shown in Fig. 6. The experiment was done sequentially. First, shaking table experiment was done for Case A with full shear wall as shown in
Fig. 7(a), and then shear wall was removed and the same shaking table experiment was done,
which is for Case B as shown in Fig. 7(b). There are four types of input gain to the shaking
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table as shown in Fig. 8, that is, from random gain 1 to random gain 4 with sequentially increasing scenario.

(a) Location of shear wall in plan

(b) Front view and location of shear wall

(c) Rear view and location of shear wall

Figure 5: Location of shear wall in plan and 1/20 scale test model

Figure 6: Shaking Table
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(a) Case A : full shear wall with no opening

(b) Case B : no shear wall with full opening

0.4

0.8

0.3

0.6

SpectralAcc.(g)

SpectralAcc .(g)

Figure 7: Two experimental models, Case A and Case B
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Figure 8: Response spectrum of four types of random gain

4

RESULTS OF SHAKING TABLE TEST

The maximum displacement of experimental model on its roof top was measured for Case
A and Case B for each random gain. The results are shown in Table 2. Compared to Case B,
which has no shear wall, Case A showed much less displacement for all random gains. The
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average displacement reduction ratio for four random gains is 64.4%. Here we can deduce
that, the shear wall shows significant effect in lateral load resisting capability.
The natural vibration frequency of Case A is 11.28Hz compared to the Case B of 5.5Hz.
As the vibration frequency is about two times larger, we can deduce that the stiffness is about
4 times larger. Here we only compared the maximum displacement and natural vibration frequency only for preliminary test. The other dynamic characteristics including torsional effect
are scheduled to be studied in the coming paper.

Maximum displacement (mm)
Input load

Case A
(No opening)

Case B
(Full opening)

Displacement reduction ratio (%)

Ran. Gain 1

0.44

1.43

69.2

Ran. Gain 2

0.80

2.61

69.3

Ran. Gain 3

1.25

3.22

61.2

Ran. Gain 4

1.56

3.71

58.0

Table 2: Displacement Reduction Ratio According to Shear Wall

5

CONCLUSIONS

In this research, the dynamic characteristics of long-span Hanok and the effects of shear
walls in lateral stiffness have been studied by shaking table test and the results are analyzed.
The 1/20 scale experimental model for the long-span test-bed Hanok has been built for shaking table test. The shaking table test was done on two cases, that is, full or no shear wall. The
shaking table test was done on a 1/20 scale experimental model for the previous two cases.
The experiment was done sequentially, first for full shear wall model, and then no shear
wall model. The shaking table was actuated sequentially by four types of input gain, that is,
from random gain 1 to random gain 4 with increasing scenario. The maximum displacement
of experimental model on its roof top was measured for both full and no shear wall cases for
four random gains. Full shear wall case showed much less displacement for all random gains
compared to the no shear wall case.
The average displacement reduction ratio for four random gains is 64.4%, which shows the
significant effect of shear wall in lateral load resisting capability. The natural vibration frequency of full shear wall is 11.28Hz compared to 5.5Hz for no shear wall, which shows stiffness is about 4 times larger in the former. In the coming paper, we are going to study the
natural vibration period and other dynamic characteristics of long-span Hanok.
6
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Abstract
Residing in a country like Greece, where the earthquake is a common phenomenon in most of
its areas, the need for constructing earthquake resistant buildings that will provide security
and functionality to their residents is imperative. For this reason, the present study estimates
the cost of constructing the same five-storey building in three different seismic hazard zones.
Initially, this building is studied, in accordance with the provisions of Eurocode 8, for seismic
zones I, II and III. The dimensioning and calculation of the weight of the required steel and
the volume of the required concrete is carried out. The results from the three seismic zones
are presented in detail, both for each structural element of the construction separately and for
the whole construction, and a comparison is made between them.
Keywords: Seismic hazard zones, Multi-storey building, Construction’s cost, Reinforcement
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1

INTRODUCTION

In modern times, various materials are used for the construction of high-rise buildings. The
choice of these materials can be made depending on the use of the building, the area in which
it is located, the architectural and static study, the cost of construction [1]–[5]. However, in
Greece, for the majority of buildings, reinforced concrete is used as a construction material. A
reinforced concrete building is made of concrete and steels in the form of rebars or ties. These
two materials are harmoniously combined in order, on the one hand, the concrete to receive
the compressive forces and on the other hand, the steel to receive the tensile stresses [6], [7].
Greece is an intensely seismic country and as earthquake action is a dangerous and destructive
natural phenomenon, the buildings, whether they are new constructions or older, must deal
with it effectively. This effective response comes through the design and construction of antiseismic buildings, but also the strengthening of existing ones [8]–[18].
Nowadays, more and more high-rise buildings are being constructed, with many floors,
which are quite sensitive, not only to large earthquakes, but also to less intense ones, if they
are not built properly. One of the main problems of these buildings is that, during the earthquake, probably some of their floors move in one direction, while at the same time the other
floors move in the opposite direction [19], [20]. Therefore, the engineer should take very seriously the seismic zone in which each building is constructed. The seismic zone significantly
affects the dimensioning of the structure, the cross sections of its structural elements and their
reinforcement, thus affecting its cost. The engineer has the ability, if for some reason he
deems it necessary, to dimension his building in a higher seismic zone than the one to which
the building belongs. However, he should not forget that his choice will increase the final
construction cost.
The present study presents the simulation and dimensioning, based on modern regulations,
of three buildings which have the same standard floor plan, the number of floors (five floors),
but are located in different seismic zones. The cost comparisons for the same building between the three different seismic zones leads to useful and interesting conclusions.

2
2.1

ANALYTICAL RESEARCH
Construction description

The floor plan of the building has dimensions 25 x 25 m, therefore the total area of the
floor plan is equal to E = 625.00 m2 (Figure 1). The height of the floors is h = 3.00 m, except
for the height of the first floor (ground floor) which is h = 4.50 m. Therefore, the total height
of the building is htot = 16.5 m. Rigid supports are used and the effect of soil is neglected [21],
[22].
The main element of the load-bearing structure can be characterized as the main core,
which is located in the center of the building and includes the elevators and stairwells. Regarding the dimensions of the structural elements, there are some small differences from floor
to floor. There are also some structural walls in the building. These are the structural walls T3
and T10 at the two sides of the building’s plan. Finally, in terms of beams, they are divided
into perimeter and internal. The dimensions of the perimetric beams and the beams of the core
are 25 x 70 cm and the internal ones have dimensions 25 x 60 cm. The cross-sections of the
structural elements are shown in Table 1.
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Figure 1: Typical floor plan.

Floor
st

1 (Ground floor)
2
3
4
5

Height
(m)
4.50
3.00
3.00
3.00
3.00

Beam dimensions (cm)
Perimetric
25x70
25x70
25x70
25x70
25x70

Internal
25x60
25x60
25x60
25x60
25x60

Wall thickness
(cm)

Column dimensions
(cm)

25
25
25
25
25

50x50
50x50
45x45
40x40
35x35

Table 1: Dimensions of the structural elements.
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2.2

Materials

For all the load-bearing structural elements of the construction, concrete quality C30/37
and steel quality B500C were used for the reinforcement bars. According to Eurocode 2 [23],
for concrete quality C30/37, the modulus of elasticity is given equal to Ecm = 32 GPa. The
Poisson ratio is considered equal to zero (ν = 0) for cracked. The steel quality B500C has a
characteristic strength equal to fyk = 500 MPa.
2.3

Analysis method

The building was analyzed for the vertical loads applied under the combination of 1.35G +
1.50Q, as well as for the seismic actions under the combination of G + ψ2Q ± Ε. The dynamic
spectral method was used for the dynamic analysis of the building. The building was analyzed
and examined in three different seismic hazard zones. In zone I with maximum seismic horizontal ground acceleration ag = 0.16g, in zone II with ag = 0.24g and in zone III with ag =
0.36g (where g is the acceleration of gravity and is equal to 9.81 m/sec2). Also, the design
spectrum was used, according to Eurocode 8 [24], for soil category B and spectrum type 1.
Spectrum data used according to EC8 are displayed in Table 2:
SPECTRUM DATA EC8
N/Α

Type

Data

1

Spectrum type

Horizontal design spectrum type 1

2

Soil category

Β

3

Factor β

0.20

4

Seismic acceleration factor α

For the three categories: α =0.16, 0.24, 0.36

5

Gravity acceleration g

9.81 m/sec2

6

Coefficient behavior q

Calculation based on EC8

Table 2: Spectrum data used for the dynamic analysis.

2.4

Gravity loads

The weight of the reinforced concrete is considered equal to 25.00 kN/m3. The load of the
partition masonry is considered to be evenly distributed over the entire surface of the floor
plan and the load of the perimeter masonry is applied only on the perimeter beams and directly on them. Also, on the roof, all around the perimeter is considered to be a parapet with a
height equal to 0.90 m. Flooring is considered to be equal to 1.40 kN/m2. The permanent load
for the masonry structures is taken equal to 1.00 kN/m2 for the internal brick structures used
as partitions and equal to 8.00 kN/m for the masonry structures at the perimeter of the slab of
the building. The roofing is considered equal to 3.50 kN/m2 and the load for the parapet which
is at the perimeter of the roof is assumed as equal to 3.60 kN/m2. Live loads are considered
equal to 2.00 kN/m2 at every floor slab; meaning for the ground floor, the other typical floors
and the roof. Permanent and live loads are shown at Table 3.
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PERMANENT LOADS
N/A

Type

Value

1

Flooring

1.40 kN/m2

2

Partition brick structures

1.00 kN/m2

3

Perimeter brick structures

8.00 kN/m

4

Roofing

3.50 kN/m2

5

Parapet roof load

3.60 kN/m2

LIVE LOADS
N/Α

Type

Value

1

Ground floor

2.00 kN/m2

2

Typical floors

2.00 kN/m2

3

Roof

2.00 kN/m2

Table 3: Permanent and live loads.

2.5

Modelling and dimensioning

Some assumptions were used in the design of the model of the five-storey building. Stiffness for cracked sections is considered equal to 0.5. Torsional stiffness is considered equal to
0.1. For the calculation of the masses of each floor, half the masses of the vertical structural
elements of the underneath floor and half the masses of the vertical structural elements of the
upper floor were used. In the context of this study, the dimensioning of the individual structural elements was carried out exclusively for the first floor (ground floor) of the five-storey
building, for each of the three seismic zones. Figure 2 shows the 3D model of the building.
Figure 3 displays the methodology with which the slab loads are transferred to the beams.

(a)

(b)

Figure 2: Views of the 3D building model: (a) Linear finite elements (b) Sections.
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Figure 3: Methodology of calculating beam loads.

3
3.1

MEASUREMENTS OF MATERIALS
Concrete and steel measurements for the ground floor

Concrete and steel used for the reinforcement of the structural elements are measured for
the ground floor. Concrete is measured in terms of volume and reinforcement steel is measured in terms of weight. Table 4 displays the amount of concrete occupied by the structural
elements of the load-bearing structure for all three seismic zones. Also, the same table displays the weight of steel used for all three seismic zones, too. Furthermore, the steel over concrete ratio is calculated and the increase of the steel weight is given in terms of percentages,
again for all three seismic hazard zones.
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GROUND FLOOR
Steel / concrete
ratio

Increase of steel
weight

(kg/m3)

(%)

19721.91

79.42

-

248.325

21202.56

85.38

7.51

248.325

22360.64

90.05

Concrete volume

Steel weight

(m3)

(kg)

Zone I

248.325

Zone II
Zone III

Seismic zone

13.38

5.46

Table 4: Concrete and steel measurements for ground floor.

3.2

Concrete and steel measurements for the whole building

The measurements of the materials calculated for the ground floor are used for the estimation of the quantities of the concrete and steel needed for the whole load-bearing structure of
the building. Table 5 shows the results for the quantities of concrete and steel for the whole
building structure.
BUILDING
Steel / concrete
ratio

Increase of steel
weight

(kg/m3)

(%)

93636.64

81.31

-

1151.58

99738.59

86.61

6.52

1151.58

105118.39

91.28

Concrete volume

Steel weight

(m3)

(kg)

Zone I

1151.58

Zone II
Zone III

Seismic zone

12.26

5.39

Table 5: Concrete and steel measurements for building.

4
4.1

ANALYSIS OF RESULTS
Concrete and steel measurements for the ground floor

The ratio of reinforcement steel used for the rebars over the concrete volume used for concreting the structural elements of the load-bearing structure is calculated for all three seismic
hazard zones both for ground floor and for the whole building (Figure 4). Moreover, the reinforcement steel weight increment when changing seismic zone is calculated, too. This calculation takes place for changing from zone I to zone II, from zone I to zone III and from zone II
to zone III both for the ground floor, as well as, for the whole building (Figure 5).
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STEEL / CONCRETE RATIO

Ground floor
Building

94
92

91.28
90.05

Steel / concrete ratio (kg/m3)

90
88

86.61
85.38

86

84
82
80

81.31
79.42

78
76
74
72

Zone I

Zone II

Zone III

Seismic hazard zone

Figure 4: Steel / concrete ratio diagram for the ground floor and the whole building.

REINFORCEMENT STEEL INCREASE

Ground floor

16

Building

14

13.38
12.26

Steel increase (%)

12
10
8

7.51
6.52

6

5.46

5.39

4
2
0
Zone I - II

Zone I - III

Zone II - III

Change of seismic hazard zone

Figure 5: Diagram of steel increase when changing seismic zone for the ground floor and the whole building.
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4.2

Analysis of results

The analysis of the previous results leads to the following:
1. As far as the floor slabs are concerned, both the volume of their concrete and the
weight of their steel do not change in the three seismic hazard zones.
2. Collectively, in terms of reinforcement steel weight, there is an increase of 6.52%
from seismic zone I to II and 5.39% from seismic zone II to III (Figure 5). The increase rates of the steel weight for the ground floor of the building are similar, 7.51%
and 5.46% respectively (Figure 5).
3. Also, Table 5 and Figure 4 show that the requirement of the five-storey building in reinforcement in seismic zone I is 94 tn with steel to concrete ratio equal to 81.31 kg/m3,
while for zone III the weight of reinforcement reaches 105 tn with a ratio of steel to
concrete equal to 91.28 kg/m3.
5

CONCLUSIONS

The observation of the measurement tables of the concrete volume and those of the steel
weight of the various structural elements of the building in question, as well as the tables and
the various diagrams concerning the steel/concrete ratio and the percentage increase of the
weight of steel leads to some conclusions that mainly concern the behavior of the structural
elements but also the whole construction in the three seismic hazard zones and consequently
the cost that will be spent for this construction.
1. From seismic zone I to zone II, there is an increase in seismic acceleration of 50%,
from I to III 125% and from II to III 50%. These percentages should be compared
mainly with the percentages of increase in the weight of steel, in order to prove if the
construction cost of the building is within reasonable limits.
2. The sizing of the slabs, whether it concerns the reinforcement (steel weight) or the
cross sections (volume of concrete) remains constant in all three seismic zones. Therefore, the ratio of steel to concrete in the slabs also remains constant for all floors and
finally throughout the construction.
3. Regarding the whole construction, as it is logical, as the weight of the reinforcement
increases separately for each structural element, moving from one seismic zone to another, the same increases for the whole construction. This change plays a very important role, as with the increase of the weight of the reinforcement, there is a
corresponding increase of the cost of the structure. However, the total increase in the
quantity of materials and consequently the construction cost from seismic zone I to II
is only of the order of 6.52%, i.e., 8 times less than the increase in seismic acceleration
in the respective zones. Also, the increase in the amount of materials from seismic
zone I to III is of the order of 12.26%, i.e., 10 times less than the increase in seismic
acceleration in these zones. Finally, the increase in the amount of materials from seismic zone II to III is of the order of 5.39%, i.e., 9 times smaller than the increase in
seismic acceleration in the respective zones.
4. In conclusion, observing the results obtained for all the structural elements in the three
seismic zones, it can be said that the rate of increase of construction costs from one
zone to another is quite small in relation to the rate of increase of seismic acceleration
in the respective seismic hazard zones. Thus, if the engineer wishes, for reasons of
greater safety, to dimension a construction, using the immediately larger seismic zone
than the one in which the construction is actually located, he can do so without significantly increasing the cost of materials (6.52% from seismic zone I to II and 5.39%
from seismic zone II to III). The same could be said for the case where the building is
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located in the seismic hazard zone I and the engineer wishes to dimension it in zone III.
The rate of increase of the cost of materials (12.26%) is less than the safety that thus
ensures the engineer for the relevant structure.
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Abstract
A large portion of the civil concrete structures get damaged during an earthquake event,
hence structures required some substitution and restoration. In the present study, the flexural
performance of concrete beams under variation of magnitude on cyclic loading is investigated. ABAQUS finite element (FE) program is used to numerically perform a parametric study
for five different depths of beams varying from 250 to 750 mm under cyclic loading. The finite
element (FE) beams are modeled using Concrete Damaged Plasticity model (CDP) model.
The effect of beam depth on the flexural strength of concrete beam is investigated. The effect
of cyclic loading on strength and deformation behavior, yielding, ultimate, failure strengths
as well as on displacements are evaluated. The load-deflection curves are obtained for different beams and are compared to static loading.
Keywords: Concrete damage plasticity, Cyclic load, Finite element model, Flexural strength.
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1

INTRODUCTION

A large portion of the civil concrete structures get damaged during an earthquake event,
hence structures required some substitution and restoration. A wide range of tests have been
conducted to understand the effect of cyclic load on reinforced concrete structural members
during the earthquake. The failure of reinforced concrete (RC) beam is a progressive process
of micro crack initiation and propagation leading to micro cracks that grow to a stage in
which failure occurs. Under the repeated cyclic loading, the mechanical properties of concrete
changes, thus strain increases permanently, whereas the modulus of elasticity decreases. In the
case of a reinforcing bar, cyclic load causes micro- cracking that initiates a stress concentration at the bar surface. As the cyclic stress continues, the crack propagates, leading to sudden
fracture crack that grow to a stage in which failure occurs.
In the present study, the flexural performance of three-dimensional nonlinear RC beams under
cyclic and static loading are analyzed using concrete damaged-plasticity (CDP) [10] model
available in the software ABAQUS [11].
1.2 Furthermore work has been done on cyclic load
Yonezawa et al., 2020 [1] investigated the effect of cyclic load on welded joints and measured the residual stress at the ultrasonic impact treatment groove using X-ray diffraction
method. Ftaikhan et al., 2019 [2] studied the effect of FRP and CFRP bar embedded in RC
frame subjected to dynamic loading using ABAQUS and ARCS3D finite element softwares.
Tsutsumi et al., 2019 [3] analyzed the cyclic response of steel bridged pier and also evaluate
the load-carrying capacity of steel bridge pier. Jamadin et al., 2019 [4] investigated the natural
frequencies, mode shapes and damping ratios for bridge reinforced concrete deck slabs under
cyclic and static loads. Koltsida et al., 2019 [5] tested brick masonry prisms under compressive cyclic loading at different maximum stress levels until failure and developed three mathematical equations to predict the three characteristic stages of fatigue of brick masonry. Haris
and Roszevàk, 2019 [6] analyzed RC frame joint under monotonic increasing quasi-static and
cyclic changing loads. Xiao et al., 2018 [7] studied the effect change in loading rate on the
dynamic behavior of reinforced concrete beams under cyclic loading. Harba and Abdulridha,
2017 [8] studied the effect of five different cyclic loads on RC hunched beam. Parvez and
Foster, 2015 [9] showed that steel-fiber-reinforced concrete under constant amplitude cyclic
loading has low smaller deflections and smaller crack widths than that of control specimens
and reducing the stress level in the tensile reinforcement.
Based on the observations from the literature review and gaps, the following are the objectives of the present work:
(i) A parametric study of five different depths of rectangular beams (having width 200 mm
and length 1500 mm constant) varying from 250 to 750 mm under static and cyclic loading is carried out.
(ii) To study the effect of increasing depth of beam on load-deflection curve of RC beams under cyclic loading and also compared it with static loading.
(iii)To determine plastic strain, principal stress and mid span deflection under cyclic and static
loadings.
2

PROPOSED METHODOLOGY

A rectangular RC beam having constant width 200 mm and length 1500 mm. the beam is
having varying depths of 250 mm, 350 mm, 500 mm, 600 mm and 750 mm is analysed as
given in Table 1. A FE element model of RC beam using C3D8 brick element has been created and analysed in FE software package ABAQUS. The material properties of RC beam are
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given in Table 2. The nonlinear behavior of concrete is modeled using CDP model [10] can
define the compression load behavior and tension load behavior. Figure 1 shows the cyclic
loading considered in the present study having load of 2000 N to 3000 N. Figure 2 shows the
FE model of RC beam. The steel reinforcement is embedded in to the concrete beam. The
mesh size adopted in the present work is 50 mm.
Beam Designation
B-1
B-2
B-3
B-4
B-5

Width
(mm)
200
200
200
200
200

Depth
(mm)
250
350
500
600
750

Effective length Width/Depth
(mm)
ratio
1500
0.8
1500
0.57
1500
0.4
1500
0.33
1500
0.27

Table 1: Beam dimensions.

Beam Concrete mix
M60

61.8

ftk
Ec
Es
Main Rein(MPa) (MPa) (GPa) forcement
4.6

39306
.49

2.1

4#20 mm
dia.

Table 2: Material properties.

15
10

Amplitude

B-1 to
B-5

fck
(Mpa)

5
0
0

2

4

-5

Figure 1: Cyclic loading.
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Geometry

Meshing

Steel reinforcement
Figure 2: FE model of RC beam.

3 RESULTS AND DISCUSSIONS
Total five RC beams (B-1 to B-5) has been analyzed. The results prevail to the objectives
of the study are presented and discussed in this section. Table 3 gives the initial plastic load
and deflection for B-1 to B-5 beams under cyclic loading. Table 4 gives the load and deflection values under static loading of 50000 N. Figure 3 shows the load-deflection curves for B-1
to B-5 RC beams under cyclic loading. It can be observed that as the depth of beam increases
the deflection decrease in the beams. Figure 4 shows the load-deflection curve for the RC
beams under static loading. It can be observed from the figure that as the depth of beam increases the deflection reduces. It is observed that deflection is less in B-5 beam having a depth
of 750 mm.
Beam Designation
B-1
B-2
B-3
B-4
B-5

Initial Plastic Load
(N)
19987.2
24932.6
29768.3
29586.4
25000

Initial Plastic deflection
(mm)
0.26
0.15
0.05
0.03
0.02

Table 3: Initial plastic load and deflection under cyclic loading.
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Beam Designation
B-1
B-2
B-3
B-4
B-5

Load (N)
50000
50000
50000
50000
50000

Deflection (mm)
1.42
0.70
0.50
0.47
0.45

Load (N)

Table 4: Load and deflection under static load.

-0.3

-0.2

25000
20000
15000
10000
5000
0
-0.1 -5000 0
-10000
-15000
-20000
-25000

B-1

0.1

0.2

0.3

Deflection (mm)

(a) B-1 RC beam
30000

Load (N)

25000
20000
15000

B-2

10000
5000
0
0

0.05

0.1

Deflection (mm)
(b) B-2 RC beam
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(c) B-3 RC beam

(d) B-4 RC beam

(e) B-5 RC beam
Figure 3: Load-deflection curves RC beams under cyclic loading.
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Figure 4: Load-deflection curves RC beams under static loading.

B-1

B-2

B-3
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B-4

B-5

Cyclic loading

Static loading

Figure 5: Plastic strain for RC beams under cyclic and static loading.

B-1

B-2
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B-3

B-4

B-5

Cyclic loading

Static loading

Figure 6: Principal stress for RC beams under cyclic and static loading.

B-1

B-2
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B-3

B-4

B-5

Cyclic loading

Static loading

Figure 7: Mid span deflection for RC beams under cyclic and static loading.

Figures 5, 6 and 7 shows the plastic strain, principal stress and mid span deflection for RC
beams under cyclic and static loading, respectively. The plastic strain, principal stress and deflection are observed less in the case of B-5 RC beam having a depth of 750 mm for cyclic
load and static load.
4 CONCLUSIONS
In the present study, the flexural performance of three-dimensional nonlinear RC beams
under cyclic and static loading are analyzed using concrete damaged-plasticity (CDP) model.
A parametric study of five different depths of rectangular beams (having width 200 mm and
length 1500 mm constant) varying from 250 to 750 mm under static and cyclic loading is carried out. The effect of increasing depth of beam on load-deflection curve of RC beams under
cyclic loading and also compared it with static loading are studied. The plastic strain, principal stress and mid span deflection under cyclic and static loadings are investigated. On the
basis of FE analysis of RC beams the following conclusions are drawn:
(i) By increasing the depth of beam that is width to depth ratio the load carrying capacity of
beam increases for both cyclic and static loadings.
(ii) In cyclic loading it is observed that as the load amplitude is high the damage observed is
more as compared to static loading.
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Abstract
The objective of this study is the development of a multilayer shell element for the nonlinear
finite element analysis of reinforced concrete shear walls. The nonlinear shell element is
based on a composite formulation for each integration (material) point, comprised of a number of layers with different thicknesses and material properties. For the analysis of R/C structural walls, concrete and steel nonlinear cyclic constitutive laws are assigned to each layer
ZLWK LVRWURSLF SODQHఇstress conditions for concrete and orthotropic conditions for smeared
steel reinforcement, depending on their longitudinal or transverse direction. Strains at each
individual layer are first derived from trial strains and curvatures of the respective integration point and then stresses are calculated by the respective layer material law. Forces and
bending moments for each integration point are finally derived by numerical integration
across all layers. At the present development stage, the above formulation is validated using a
constitutive driver for various monotonic and cyclic strain histories, aiming eventually to its
full integration into a commercial finite element code.
Keywords: Reinforced concrete; shear walls; finite elements; constitutive laws; nonlinear
analysis; software
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1

INTRODUCTION

Reinforced concrete (R/C) shear walls are one of the most important lateral load resisting
elements in mid- and high-rise structures, providing adequate stiffness, strength and deformation capacity, primarily against extreme earthquake and wind loading. Considering that (i)
reinforced concrete is a highly nonlinear material, even under moderate loading (ii) nonlinear
analysis at structural level with complex geometry is far more computationally demanding
than at element level (iii) nonlinear static or dynamic (especially cyclic) loading conditions
often impose convergence issues in practical applications (e.g. performance-based design or
response assessment of existing structures), it is evident that providing solutions of improved
accuracy, robustness and numerical efficiency for shear wall modeling is a challenging task.
In order to maintain a balance between accuracy and computational cost for nonlinear
modeling of shear walls at structural level, the usual practice is to use linear elements (e.g.
lumped or distributed plasticity) of equivalent section, together with rigid links or numerical
constraints to provide displacement compatibility with the rest of the structure. Extending the
wall element dimension to its natural planar type (e.g. membrane or shell elements), incorporating features such as plane stress conditions, out of plane response and cracking visualization, requires sophisticated element formulations and material constitutive laws. In this regard,
the objective of this study is the development of a multilayer shell element for the nonlinear
finite element analysis of reinforced concrete shear walls, aiming to be fully integrated into an
existing commercial finite element software [1].
2

LITERATURE REVIEW

Over the years, a large number of numerical formulations for modeling planar R/C elements have been suggested in the literature, aiming to capture the inherent properties of concrete and steel materials under uniaxial, biaxial and triaxial stress states. From early nonlinear
elasticity formulations, research has subsequently focused on plasticity and total-strain theory,
fracture mechanics and (more recently) damage continuum mechanics, as well as hybrid formulations, blending more than one of the above categories. However, only a handful of the
suggested solutions have managed to deploy themselves into finite element software (open
source or proprietary) and therefore applied to real structural models. Reference is herein
made to (i) VecTor and DIANA software, mainly including (total-strain) modified compression field theory (MCFT) [2] models, (ii) ATENA [3] software, including nonlinear elasticity
as well as fracture-plasticity models, (iii) ABAQUS [4] software, with models based on damage-plasticity formulations and finally (iv) OpenSees [5], an open-source platform that accepts user contributions from the academic and engineering community. In this regard, a
number of material models are available for two-dimensional modeling of shear walls, mainly
based on a multilayered shell formulation, where both concrete and steel reinforcement models are attached, according to the wall section geometry. For concrete, a number of damage
continuum mechanics models have been proposed, known for their simple, non-iterative formulation and computational efficiency in large, structural-level analyses: (i) the PSUMAT
model by Lu et al. [6,7], using damage evolution curves under tension, as recommended by
Løland [8] and under compression, as suggested by Mazars [9], (ii) the Mazars scalar elasticdamage model [9], implemented by Ramirez [10] and (iii) the two-scalar elastic-damage PRM
[11] and “ȝ” [12] models, implemented by Lopez [13]. It is noted that materials (ii) and (iii)
have not yet been included in the official OpenSees repository. By evaluating the performance
and limitations of the above models, in the present study it was decided to adopt the layered
shell formulation together with the Lu et al. concrete damage model, which has proved its
numerical efficiency and robustness under large-scale structural analysis applications [6,7].
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3

MATERIAL MODEL FORMULATION

This section describes the theoretical background and the necessary additions and modifications for integrating a nonlinear multilayer shell element into the commercial finite element
software RAF [1]; a suite capable of both linear and nonlinear analysis and design of building
structures, adherent to various seismic codes, including Eurocodes (e.g. [14,15]) and the
Greek Code for Interventions (KANEPE) [16].
A graphical overview of a typical shear wall modeling process is depicted in Fig. 1; it
comprises two boundary regions (typically 15 % of wall length each [15]) with dense longitudinal and transverse reinforcement that resist flexure and a web with two parallel grids of
coarse reinforcement, designed for shear actions. These regions are usually modeled with 4node isoparametric shell elements (MITC4), combining membrane and plate response, in order to simulate both in-plane and out-of-plane stress states. The shell mesh is characterized by
a global tangent stiffness matrix (Ȁȉ) assembled by individual element contributions, while
force (P) and displacement (U) vectors follow either static (Eq. 1) or dynamic (Eq. 2) equilibrium during loading.

Figure 1: Overview of shear wall modeling process.

K TU = P

M

d 2U g
d 2U
dU
+C
+ K T U = -M
dt
dt
dt

(1)

(2)

where M, C and Ug are the global mass, damping and ground displacement matrices, respectively.
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In the standard nonlinear finite element method, for every new load / time increment, an
iterative solution algorithm (e.g. Newton-Raphson) imposes a vector of elastic trial strains (İtr)
on each element:
İ tr

(3)

ǺG

where d is the element nodal displacement vector and B is the strain-displacement matrix.
Trial strains are inserted into the nonlinear material constitutive law that updates the material
stress vector (ın+1) and tangent stiffness matrix (DT):
ı n 1 , 'T

f (İ tr , ı n )

(4)

The element tangent stiffness matrix (kT) and force vector (r) are subsequently derived by
integration over the element volume (using a number of integration (Gauss) points):
kT

³B

T

DT Bdv

(5)

V

r

³B ı
T

n 1

dv

(6)

V

Finally, the updated global stiffness matrix (KT) and force vector (R) are assembled from
individual element contributions.
Since the employed software [1] already features 4-node isoparametric shell elements
(MITC4) for elastic analysis, the present development focuses on the inclusion of a nonlinear
material constitutive law (Eq. 4) and the subsequent volume integrations (Eqs. 5-6). The material law is based on a layered shell approach [6,7] applied to each element Gauss point (Fig.
1), as is outlined in more detail in Fig. 2. Specifically, the element section is represented by a
stack of (n) individual material layers of different thicknesses (tn), material angles (Įn) and
constitutive laws {ı = f(İ)}n. ȉrial strains (İtr), assumed at the section midplane, are decomposed to the individual layers assuming plane-section conditions. The updated stress state for
each layer is calculated by the corresponding material law and finally the updated stress state
(ın+1) and tangent stiffness (DT) for the whole section are derived using numerical integration
over the total section thickness.

Figure 2: Layered shell formulation

In the case of a typical wall section, a layered decomposition may be simulated by two
outer cover concrete layers and a number of inner concrete layers, separated by two reinforcement grids, each comprising a horizontal (Į =0°) and a vertical (Į=90°) smeared rein-
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forcement layer. For concrete layers, the damage model by Lu et al. [6,7] is employed, with
parameters derived by the characteristic concrete compressive strength (fck), according to
EN1992-1-1 [14]. For steel layers, the uniaxial Giuffré-Menegotto-Pinto model is employed
[17], with parameters derived by the characteristic steel yield strength (fyk) and layer equivalent thicknesses by the corresponding steel reinforcement ratios. Fig. 3 shows the concrete,
steel and layered section strain and stress states, as derived by respective constitutive laws and
section integration, respectively. Eq. 7 describes the section strain decomposition to individual layers and Eq. 8 the section membrane force (f), moment (m) and shear force (q) integration from layer contributions (zk is the distance between the layer (k) and section midplane).

İ

 H11 ½
°H °
°° 22 °°
®H12 ¾ ı
°H °
° 13 °
°¯H 23 °¿

V 11 ½
°V °
°° 22 °°
®V 12 ¾
°V °
° 13 °
°¯V 23 °¿

İ

 H11 ½
° °
®H 22 ¾ ı
°H °
¯ 12 ¿

V 11 ½
° °
®V 22 ¾
°V °
¯ 12 ¿

Į : reinforcement angle

ıi3 *Âİi3
G : concrete elastic shear modulus
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Figure 3: Layer and section strain/stress states
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 tk

k 1

The above formulations were implemented in the form of several FORTRAN subroutines,
operating on a single one-dimensional dynamic array that contains the required information
(layer structure, material properties, stress states etc.) for all Gauss points corresponding to
the nonlinear shell elements. Fig. 4 shows a simplified form of the developed code structure
toward its integration in the commercial finite element program [1].
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Figure 4: Simplified code structure

4

VERIFICATION

Following the code development, a set of primary verification tests was performed on the
material and section level, for a single element integration point. Material parameters were
based on typical C20/25 (fck = 20 MPa) and B500C (fyk = 500 MPa) concrete and steel grades,
respectively, according to EN1992-1-1 [14]. Wall section width was set equal 0.2 m with
three inner concrete layers, and steel reinforcement ratios equal to 5.0 ‰ and 2.0 ‰ for horizontal and vertical grid directions, respectively. Fig. 5 shows the uniaxial stress-strain response for concrete and steel layers under various monotonic and cyclic strain loading
histories. It is observed that the employed constitutive models reproduce well the expected
response.

(a)

(b)

(c)

(d)

Figure 5: Uniaxial material response: (a) concrete monotonic (b) concrete cyclic
(c) steel monotonic (d) steel cyclic
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Fig. 6 shows the wall section response in membrane force vs. strain terms, derived by layer
integration (Eq. 8) for (a) uniaxial tension in the horizontal direction followed by unloading
and reloading in compression, (b) for equibiaxial compression (İ1 = İ2) and (c) for compression in the vertical direction together with tension in the horizontal direction (İ1 íİ2).

(b)

(a)

(c)
Figure 6: Membrane force vs. strain response for wall layered section

5

CLOSURE

In this ongoing study, a multilayer shell element for the nonlinear finite element analysis of
reinforced concrete shear walls was developed, for integration into an existing commercial
structural analysis software [1]. A new, modular FORTRAN-based code, operating at integration point level and based on existing formulations and inelastic constitutive models from the
literature was compiled. Primary validation tests against simple loading histories at element
(Gauss point) level demonstrated a satisfactory performance. This section material model will
be subsequently mapped to MITC4 shell finite elements and will be further validated, for finally assembling structural models ready for nonlinear static and dynamic analysis.
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Abstract
Arches are structural forms that have been used for thousands of years and rely on gravity for
their inherent stability. Currently, given the space race for lunar and martian exploration, it
has become apparent that soon enough, there will be a need to design and build the first resilient shielding structures on the Moon and Mars against extreme radiation. Arches represent an
ideal option for such structures given that they are durable and can be easily built. This paper
is based on previous work of the authors and focuses on the stability of circular and parabolic
arches with different embrace angles subjected to different levels of equivalent inertial loading
in low-gravity conditions. More specifically, it reveals that although parabolic arches can be
much more efficient than the corresponding circular for gravitational-only loading, this is not
the case for different combinations of inertial loading and embrace angles where the opposite
can be true. It highlights the dominant effect of low-gravity conditions on the minimum thickness requirements for both types of arches and considers the effect of a potential additional
infill for radiation shielding. Furthermore, this study reveals a self-similar behavior and introduces a “universal” inertial loading.
Keywords: Seismic analysis, Low-gravity conditions, Minimum thickness, Failure mechanism, Extraterrestrial structures.
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1

INTRODUCTION

Since ancient times, arches and vaulted structures constituted widespread structural forms,
due to their inherent advantage to secure a smooth transition of the compressive internal forces
from the crown to the springing. Masonry structures, were constructed during the classical period in ancient Greece. Some of those structures were vaults used as entrances to stadiums
(Olympia, Nemea). Subsequently, that structural style was further advanced within the Roman
period through the construction of bridges, aqueducts and tunnels [1]. In modern history, great
engineers had studied the stability of arches beginning with Robert Hooke [2] who was the first
to introduce the inverted chain concept with the purpose of describing the path of the compressive resultant force through a catenary (alysoid) shape. Then, Couplet [3] was the first who
published his research on the evaluation of the minimum thickness of a semi-circular arch of
constant thickness, subjected to its self-weight. However, for the same arch geometry, Milankovitch [4] managed to analytically calculate its minimum thickness and detect the exact locations of the hinges right after the formation of the hinge mechanism. Also, Milankovitch
developed an analytical expression for the thrust line and proved that it is not an admissible
catenary thrust line. Makris and Alexakis [1] not only verified Milankovitch’s results, but also
found out that different stereotomies can slightly affect the shape of the thrust line and thus, the
minimum required thickness in order for the arch to withstand the applied loading. Additionally,
based on Clemente’s [5] and Oschendorf’s [6] innovative research, Alexakis and Makris [7]
extended their research with the evaluation of the minimum thickness of circular arches subjected to both their self-weight and horizontal acceleration that lead to a characteristic fourhinge failure mechanism.
Due to their ability to bridge long spans and their inherent strength, they are considered as
suitable structural forms for creating ample space available for the storage of valuable assets or
even to provide shelter to future habitable modules in extreme environments. Aiming to create
a new space age, various space agencies (NASA, ESA, ISRO, etc) and private firms (SpaceX,
Virgin Galactic, Blue Origin, etc) are investing in challenging missions such as “Artemis”
amongst others towards the potential human settlement in other planetary bodies starting from
the Moon and later on Mars. Thus, there is fertile ground for start conceptualising, designing
and then, building the first extra-terrestrial habitats [8] within the coming decades. In their work
Kalapodis et al., [9] present a plethora of structural concepts about the design of the prospective
extra-terrestrial human habitats. The most predominant such concepts and ideas emphasise the
need for an external resilient shielding structure in order to secure valuable assets (energy fuel
tanks, robotic elements, future inflatable modules, etc) against harsh conditions like extreme
temperature fluctuations[10] and solar radiation [11].
Such extra-terrestrial structures can be made from local soil called regolith [12] in keeping
with the In-Situ Resource Utilisation (ISRU) framework [13]. This is proposed to be an archlike structure in order to be used as storage facility and act mainly in compression since regolith,
as structural material, is not expected to develop substantial tensile strength [14], while it will
be able to provide the necessary compressive strength [15]. Even so, such structures will need
to be durable against strong ground motions that, may be generated by shallow moonquakes
[16] and marsquakes with epicentres close to the structure or generated by meteoroid impacts
[17]. Since the self-weight is reduced due to the reduced gravitational acceleration (although
the inertia of the structure remains constant), the structural response will change accordingly
[18, 19]. This research is based on the work of [28] and deals with the limit-state analysis of
both circular and parabolic monolithic arches subjected to different levels of horizontal acceleration, for regular gravity and low-gravity conditions, by assuming lower gravitational accelerations, αg = {0.17; 0.38}g in accordance with the lunar and martian gravitational fields
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respectively. Furthermore, a comparison of the efficiency between aches of circular and parabolic geometries is presented.
2

BACKGROUND OF THE PROBLEM

Except of the case of semicircular arches, various researchers dealt with the investigation of
other arch geometries such as parabolic [20, 28], elliptical [21], pointed/gothic [20, 22, 23] and
catenary arches [23, 24]. Most of the works mentioned above, are referred to the static behaviour and stability of the arches through determining their corresponding upper and lower bound
thrust lines. According to [25], there are infinite states of equilibrium in an arch; nevertheless,
the upper and lower limits for all the associated admissible thrust lines of any arch is indicated
by the maximum and minimum thrust transferred to the springing (horizontal component of the
reaction force) and are related to a statically determinate three-hinge arch (Fig. 1). [20] Analytically calculated the thrust line of a semicircular arch subjected to both vertical and horizontal
loading. Also they proceed with the numerical estimation, through Point Collocation Method
[26] and constrained optimisation, of the upper and lower limits of semicircular, parabolic and
pointed (statically determinate) arches. Furthermore, [1, 4] estimated the minimum thickness
of circular arches that suffices for a specific loading through limit-state analysis. Specifically,
[1] confirmed the results of [4] about the dimensionless minimum thickness of semicircular
arches that equals t/R = 0.1075 (t: thickness, R: radius) utilising radial cuts and t/R = 0.1095 by
implementing vertical cuts when subjected to self-weight. The above was achieved by the calculation of the limit thrust line associated with a five-hinge mechanism (a four-hinge mechanism would not be possible due to symmetry) as shown in Fig. 2a. Subsequently, [7] determined
the minimum thickness of circular arches with different embrace angles (β) subjected to their
self-weight combined with inertial loading. The dimensionless minimum thickness was found
through a variational formulation and the application of the principal of potential energy that
allowed the evaluation of the minimum horizontal acceleration levels that turn the arch into a
four-hinge mechanism (Fig. 2b). Furthermore, [22] estimated the minimum dimensionless
thickness of pointed/gothic arches under self-weight, on the verge of becoming a five-hinge
mechanism, via the thrust-line method. After Hooke [2], the catenary shape symbolised the
perfect arch shape as it represented the optimal thrust line. [24] Highlighted the deviation of the
resulting thrust line from the catenary centerline of a catenary arch, although he admitted that
there is no minimum thickness for a two-dimensional catenary arch under self-weight. The justification is that, as the thickness of a catenary arch tends to zero (one-dimensional arch), the
thrust line tends to follow a purely catenary shape and hence, it will always be confined within
the arch’s geometry (intrados and extrados). The above indicates that two-dimensional arches
of catenary geometry, which are subjected only to their self-weigh, may constitute the best
option among all the other arches of known geometries. Consequently, this work is based on
[28] and aims to a apply limit-state analysis to parabolic arches, since they bear great resemblance and also are more commonly used than catenary arches, for both self-weight and inertial
loads. Since there is a need to provide useful observations and solid knowledge about the
strength and stability of "extraterrestrial" arches serving as shielding mechanisms for valuable
assets on the Moon and Mars [9, 12], the research will be applied to low-gravity fields as well.
These regolith-based arches are believed to function monolithically, regardless of the construction process (additive manufacturing, interlocking bricks, etc.). Furthermore, no material shear
failure (including slipping at the base) is taken into consideration, so only the development of
radial cuts is permissible everywhere along the arch geometry. The impact of stereotomy is
outside the reach of this paper.

4304

Nicos. Kalapodis, Georgios. Kampas, Thomas. McLean and Christian. Malaga-Chuquitaype

Figure 1: Statically determinate semicircular arch under its self-weight, with its (a) maximum and (b) minimum thrust line.

Figure 2: Statically determinate semicircular arch under its self-weight, with its (a) maximum and (b) minimum thrust line.

Figure 3: Qualitative illustration presenting the distinctions between the symmetric five hinge mechanism of a
semi-circular and a parabolic arch under self-weight. The thrust line is represented by a catenary (black
dashed line) and the two optimal arches with continues grey-scaled lines.

This study also aims to contrast the findings of the parabolic arch with those of circular
arches, which are the most typical. Within Figure 3 lies the source of motivation for the qualitative identification of the failure mechanism for parabolic arches. Under self-weight only, the
same thrust line (black dotted line) is marginally fitted inside both a semicircular and a parabolic
(grey-scaled lines) arch with a catenary form (that bears a great resemblance to the actual thrust
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lines, even though it is not an admissible one). Clearly, there are two major points to be taken
from Figure 3: a) The parabolic arch's five-hinge mechanism is essentially opposite than that of
the semicircular, and b) the parabolic arch is substantially thinner than the semicircular. The inreference structure is a parabolic arch with an aspect ratio of c = 1/2. (as shown in Fig. 4a).
Since it is closely analogous to semicircular arches, this aspect ratio is of special importance.
3. ANALYTICAL FORMULATION
The analytical formulation of the symmetric five-hinge mechanism owing to self-weight for
the parabolic arch is presented (see Fig. 4a). One may find details about the analytical procedure
and the derivation of the pertinent equations in [28] however, selective parts of the analytical
procedure are presented herein for reasons of better understanding.

Figure 4: Parabolic arch: (a) symmetric five-hinge mechanism of the arch with c = 1/2 and embrace angle β,
when subjected to its self-weight and (b) reference system used in this study.

3.1

Equations of the parabolic arch

The generic equation that describes a parabola is:
 ݕൌ ߙ െ ܾ ݔଶ

(1)

The Cartesian coordinates of a parabolic arch can be represented using the following equation, assuming c: rise over span ratio (this is true only for an embrace angle of 180o) and R: rise
of a parabolic arch.
ݕൌܴെ

ସ మ
ோ

ݔଶ

(2)

Finally, after applying simple calculus, the Cartesian coordinates have been converted to polar
and the geometry of the parabolic arch (see Fig. 4b) is expressed as follows:
ݎሺఝ ሻ ൌ ൜

ି ௦ሺఝ ሻାඥ௦మ ሺఝ ሻାଵ మ ୡ୭ୱమሺఝ ሻ
ൠ ܴ
଼  మ ୡ୭ୱమ ሺఝ ሻ

గ

గ

ଶ

ଶ

߮  אቂͲǡ ቁ  ቀ ǡ ߨቃ

ቐ
ݎሺఝ ሻ ൌ ܴ

݂ݎ
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3.2

Moment equilibrium at the onset of the five-hinge mechanism

The imminent hinges (at a state of equilibrium) of the collapse mechanism of the parabolic
arch will appear at the intrados, where they would appear at the extrados for a semicircular arch
and vice versa (Figs. 2a and 4a). The symmetric right part of the collapse mechanism is depicted
in Figure 5. The gravitational multiplier, ߙ ൌ

ᇲ


, is defined as the ratio of the gravitational ac

celeration on other planetary surfaces, ݃ᇱ , over the terrestrial acceleration, ݃ ൌ ͻǤͺͳ ௦మ , in order
to describe different gravitational environments. Additionally, the factor,  ൌ

ೌ

ೝೌ

is meas-

ured as the ratio of the structure's total mass and the additional infill mass ( ݉௧௧ ൌ
݉௦௧௨௧௨  ݉ ሻ, over the mass that corresponds to the inertial loading ሺ݉௧ ሻ which
is a ratio of the ݉௧௧ . For terrestrial applications where α = 1, it is assumed that there is no
extra infill and thus, the total mass fully participates to the inertial loads ሺ݉௧௧ ൌ
݉௦௧௨௧௨ ൌ ݉௧ ሻ and  ܮൌ ͳ.

Figure 5: System of reference of the right symmetric part of the collapse mechanism of a parabolic arch
subjected only to its self-weight.

Regarding the half right part (Fig. 5) of the arch, after applying a moment equilibrium about
the point A, the minimum horizontal thrust at the intrados of the crown, T, is calculated. Considering the low gravity effect (α) and the additional vertical (shielding) loading (L), the weight
of the segment (1–2) is taken equal to αLW12. The moment equilibrium is represented by the
following equation:



ሺͳ െ ʹሻǣ ൬൜ െ ൠ െ ሺȾ ሻ ൜ െ ൠ൰ െ ߙଵଶ ൬ ሺȾ ሻ ൜ െ ൠ െ ୡଵଶ ൰ ൌ Ͳ
ʹ
ʹ
ʹ

ߙଵଶ ቀ ሺȾ ሻ ቄ െ ቅ െ ୡଵଶ ቁ
ʹ
֜ൌ


ቄ െ ቅ െ ሺȾ ሻ ቄ െ ቅ
ʹ
ʹ

ǡ

where: W12 represents the weight of half the arch
xc12 is the abscissa of the center of gravity of the half arch
r0 is the radius at an angle β0
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After assuming a radial cut as seen in Fig. 5, moment equilibrium of the arch's upper portion
(segment 2) over hinge B gives,
ሺʹሻǣ



െߙଶ ൬ ሺɔଵ ሻ ൜ሺభ ሻ  ൠ െ ୡଶ ൰   ൬ሺɔଶ ሻ ൜ሺమ ሻ െ ൠ െ ሺɔଵ ሻ ൜ሺభ ሻ  ൠ൰ ൌ Ͳ
ʹ
ʹ
ʹ

֜ െߙଶ ൬ ሺɔଵ ሻ ൜ሺభ ሻ  ൠ െ ୡଶ ൰
ʹ

ߙଵଶ ቀ ሺȾ ሻ ቄ െ ቅ െ ୡଵଶ ቁ


ʹ
ሻ ൜ሺభ ሻ  ൠ൰

൬൜
െ
ൠ
െ
ሺɔ
ሺͷሻ
ଵ


ʹ
ʹ
ቄ െ ቅ െ ሺȾ ሻ ቄ െ ቅ
ʹ
ʹ
where ଶ is the weight of the segment 2
ୡଶ is the abscissa of the center of gravity of the segment 2
ሺభ ሻ represents the radius at an angle ߮ଵ
As Eq. 5 is solved with respect to t (arch thickness), a transcendental equation is obtained
that links the unknown rupture angle ߮ଵ with the unknown minimum thickness t. The following
is the general representation of this equation:
 ݐൌ ݂ሺɔଵ ሻ

(6)

If adopt the horizontal axis ݔሺ ݕൌ Ͳሻ as a level of reference, the potential energy of the parabolic arch following an embrace angle ߚ(Fig. 7b) will be,
ܸ ൌ ܹ ή ݕ

(7)

where ୟ୰ୡ୦ represents the weight of the parabolic arch and ݕ is the ordinate of the center
of gravity of the parabolic arch. By substituting Eq. 6 in Eq. 7, we have,
ܸሺɔଵ ሻ ൌ ܹ ή ݕ

(8)

Based on the theoryme of stationary potential energy, the geometrically admissible hinge
mechanism (Fig. 4a) is in a state of equilibrium if and only if the total potential energy is stationary, i.e.,
ߜܸሺɔଵ ሻ ൌ Ͳ ֜

ௗሺభ ሻ
ௗభ

ߜɔଵ ൌ Ͳ ֜

ௗሺభ ሻ
ௗభ

ൌͲ

(9)

After solving the system of Eqs. (6) and (9) one may evaluate the unknown location of the
rupture angle ߮ଵ along with the minimum width t of a parabolic arch for a given embrace angle
β.
3.3

Results – considering self-weight for terrestrial gravity

Figure 6 contrasts the limit thrust lines regarding semicircular and parabolic arches with
embrace angle ߚ ൌ ͳͺͲఖ subjected to their self-weight. As it is expected, the collapse mechanisms are exactly opposite. Specifically, in the case of the semi-circular arch, the thrust line
starts at the extrados of the base, it touches the intrados at 35.52o and then the extrados at the
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crown, while for the parabolic arches the limit thrust line initiates at the intrados at the base,
then touches the extrados at 43.81o and the intrados at the crown. Most importantly, the mini௧
mum thickness of parabolic arches is ൌ ͲǤͲʹ͵ͻ, while the corresponding minimum thickness
for semicircular arches is

௧
ோ

ோ

ൌ ͲǤͳͲͷ.

Figure 6: Limit thrust line for (a) semicircular and (b) parabolic arches; symmetric five-hinge mechanism
of (c) semicircular and (d) parabolic arches when subjected to their self-weight.

Parabolic arches
Circular arches

Figure 7: Minimum t/R and versus various embrace angles (β) for circular (solid line) and parabolic arches
(dashed line) subjected only to their self-weight.

Also, figure 7 compares the minimum dimensionless thickness of circular to parabolic arches
ଵ
for various embrace angles, β. Evidently, the parabolic arches (with ܿ ൌ ), always require thinଶ
ner geometries to support their self-weight than their circular counterparts, regardless of β.
௧
Moreover, the difference between the min( ) of a circular and parabolic arch decreases for
ோ
smaller values of β (Fig. 7).
4. IDENTIFICATION OF THE FOUR-HINGE MECHANISM
When an arch is subjected to horizontal acceleration (ε), it exhibits a four-hinge non-symmetric mechanism [7, 28]. As in the case of the five-hinge mechanism, the failure mechanisms
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are exactly opposite. To facilitate comparisons between the different failure mechanisms of the
two arch geometries examined in this work, the following assumptions regarding the rupture
angles have been made. In the case of circular geometry, ߮ଵ ൌ ߮ଵ ǡ ߮ଶ ൌ ߮ଶ and ߮ଷ ൌ ߮ଷ
while for the parabolic geometry, ߮ଵ ൌ ߨ െ ߮ଵ ǡ ߮ଶ ൌ ߨ െ ߮ଶ and ߮ଷ ൌ ߨ െ ߮ଷ .
4.1 Moment equilibrium at the onset of the four-hinge mechanism
Following similar procedure with that of the five-hinge mechanism and after implementing
moment equilibrium, one may end up to the following equation that links the lateral acceleration
level (ε) with the three rapture angles (߮ଵ ǡ ߮ଶ ǡ ߮ଷ ) and the minimum thickness (t) [28].
ߝ ൌ ݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻ

(10)

To calculate the rupture angles, ߮ଵ ǡ ߮ଶ ǡ ߮ଷ referring to a minimum ݐȀܴ and a given horizontal acceleration level, ߝ, the principle of potential energy is applied. Thus, the total energy of
the system is expressed as the work of all forces acting on the structure with reference  ݕൌ Ͳ.
The loading on a parabolic arch subjected to a horizontal acceleration, ߝ݃, is equivalent to the
ఌ
gravity loading on the same parabolic arch when it is rotated by an angle, ߱ ൌ ିଵ from the
ఈ

vertical under a new gravitational field, ݃ො ൌ ݃ξߙ ଶ  ߝ ଶ . The resultant gravitational field is ݃ො
and the potential energy can be expressed as
 ή ݕො ൌ ඥߙ ଶ  ߝ ଶ ܹݕො  ് ܸ
ܸ ൌ ܹ

ݎ

ܸሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ߝሻ ൌ ඥͳ  ݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻଶ ܹݕො

ሺͳͳሻ

According to potential energy principle, the four-hinge mechanism is in equilibrium if, and
only if, the variational work increment vanishes for arbitrary geometrically admissible variations. Therefore, the potential energy of the system needs to be stationary, ߜܸ ൌ Ͳ. The potential energy is stationary when
߲ܸሺ߮ ǡ ߝሻ
߲ܸሺ߮ ǡ ߝሻ
ߜܸ ൌ ܸሺ߮ േ ߜ߮ ሻ െ ܸሺ߮ ሻ ൌ
ߜ߮ ൌ Ͳ ֜
ൌͲ
߲߮
߲߮
This leads to the following expressions:
߲ܸሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ߝሻ
ൌ Ͳ
߲߮ଵ
߲ܸሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ߝሻ
ൌ Ͳ
߲߮ଶ
߲ܸሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ߝሻ
ൌ Ͳ
߲߮ଷ

ሺͳʹሻ
ሺͳ͵ሻ
ሺͳͶሻ

Where by substituting Eq. 11 to Eqs. 12, 13, 14
߲ܸሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ߝሻ ߲݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻ
݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻ
ൌ
ܹݕො
ൌ Ͳ݅  אሾͳǡ ʹǡ ͵ሿ
߲߮
߲߮
ඥͳ  ݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻଶ
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Since the horizontal acceleration is not zero, ߝ ൌ ݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻ ് Ͳ, and that ݕො is nonzero
as well, equation (15) yields
߲ߝ
߲݂ሺ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ǡ ݐሻ
ൌ
ൌ Ͳ
߲߮
߲߮

ሺͳሻ

Equation (10) combined with Eq. (16) for ݅  אሾͳǡ ʹǡ ͵ሿ yield to a Ͷ ൈ Ͷ system of equations that
can be solved in order to compute the four unknowns ߮ଵ ǡ ߮ଶ ǡ ߮ଷ and ݐfor a certain acceleration
level and embrace angle ߚ.
4.2 Results – considering self-weight and inertial acceleration for terrestrial gravity
The minimum dimensionless thickness of the parabolic and circular arches are presented in
figure 8 for terrestrial gravitational conditions (ߙ ൌ ͳ) and assuming that the whole mass contributes to inertial forces ( ܮൌ ͳ). As anticipated, Fig. 8 hilights i) the need for thicker geometries as the lateral inertial load increases and ii) the need for thinner geometries as the embrace
angle decreases, for both the circular and parabolic case. In spite of the self-weight consideration where the parabolic arches have been proved more optimal than the corresponding circular
ones, figure 8 indicates that after a certain value of embrace angle ሺߚሻ and lateral inertial load
ሺߝ݃ሻ, the circular arches tend to be more efficient.

௧

Figure 8: Minimum versus horizontal acceleration for circular and parabolic arches with embrace angles
ோ
{ߚ ൌ ͻͲ ǡ ͳʹͷ ǡ ͳͷͷ ܽ݊݀ͳͺͲ }.

Figure 9 shows the different limit thrust lines for semicircular and parabolic arches under

terrestrial gravity (݃ ൌ ͻǤͺͳ మ ) and horizontal accelerations, ߝ݃ ൌ ሼͲǤͳǢ ͲǡʹǢ ͲǤͶǢ ͲǤሽ݃ to௦
gether with the corresponding rupture angles. Regarding the parabolic arches, given a horizontal acceleration directed from left to right, the failure mechanism always starts from the intrados
at the left springing, then there is ߮ଵ at the extrados, ߮ଶ at the intrados and ߮ଷ at the extrados of
the right springing.
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Figure 9: Contrast of the limit thrust lines for semicircular and parabolic arches under their self-weight and
horizontal acceleration (from left to right) of (a) ߝ݃ ൌ ͲǤͳ݃; (b) ߝ݃ ൌ ͲǤʹ݃; (c) ߝ݃ ൌ ͲǤͶ݃ and (d)ߝ݃ ൌ ͲǤ݃.

5. ARCHES IN LOW-GRAVITY CONDITIONS
The effects of low gravity on the stability of parabolic and circular arches are discussed in
this section. The gravitational multiplier, α =

ᇲ


, is used to account for the influence of low

gravity, with values of 0.38 and 0.17 with respect to the martian and lunar gravitational fields.
Given that these arches might be used as possible shielding structures against radiation and
intense temperature fluctuations, loose regolith material at the top could be needed to achieve
a safe thickness of about 250 cm [27].
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ܮൌ

ೝೌ

ൌ

ೞೝೠೠೝ ା
ೝೌ

, in this case the factor L takes the additional mass due loose

regolith infill into consideration ሺ݉ ് Ͳሻ and since not all of it contributes to inertial loading, L may take the values higher than 1. Specifically, L = 1, 2, 3, 4 is considered herewith,
where  ܮൌ ͳ signifies that the entire mass contributes to inertia, ݉௧௧ ൌ ݉௧ . Figure 10
roughly depicts the loose regolith infill atop a parabolic arch. As the structure is exposed to
more regular, low-impact ground motions, (Fig. 10a), the infill remains intact (similarly to Serviceability Limit State, SLS). Thus, in this case  ܮൌ ͳ since the infill participates entirely to
the inertial loading. However, when the structure is exposed to more intense ground motions, it
is highly possible that the infill will yield and then partially collapse, as it is shown in figure
10b (similarly to the Ultimate Limit State, ULS). In this case, the infill contributes only partially
to the inertia of the structure, as it is not monolithically attached to it and therefore  ܮ ͳ. The
intensity of ground motion, the geometry of the arch, how the loose material has been connected
to the arch, the coherence between the loose and the structural material, the gravitational conditions, among other considerations, all play a significant role in this partial collapse, and further analysis is required before designing such structures.

௧

Figure 10: Minimum versus horizontal acceleration for circular and parabolic arches with embrace anோ
gles {ߚ ൌ ͻͲ ǡ ͳʹͷ ǡ ͳͷͷ ܽ݊݀ͳͺͲ }.

Intriguingly, for both parabolic and circular arches, the phenomenon develops a self-similar
௧
behaviour portrayed by the master curves of the minimum ோ and rupture angles versus the diఌ

mensionless horizontal acceleration, ఈ in figures 11. In particular, each pair of ߚ and minimum
௧

ோ

corresponds to a unique vector of ቄ
ఌ

ఌ

ఈ

ǡ ߮ଵ ǡ ߮ଶ ǡ ߮ଷ ቅ. After observing figure 11 one may notice

that for high values of (which translates to either substantial inertial loads or low-gravity
ఈ
conditions and no additional vertical loading) the parabolic arch is always thinner than the circular arch for ߚ ൌ ͳͺͲ . Nevertheless, for smaller embrace angles, there is a certain value of
ఌ
after which the circular arch becomes more efficient (in terms of material usage) than the
ఈ
parabolic. A more thorough investigation of the self-similar behavior phenomenon mentioned
above is presented in [28].
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௧

ఌ

Figure 11: Master curves of the minimum required versus the dimensionless inertial loading, , for
ோ
ఈ
both circular and parabolic arches.

6. CONCLUSIONS
This work is based on that of [28] and has investigated via limit-state analysis the structural behavior of circular and parabolic arches when they are subjected to self-weight, additional vertical weight and inertial loading in low-gravity conditions. More specifically,
this research uses a variational formulation to evaluate the minimum necessary thickness of
the various arches in order for them to avoid becoming a mechanism under various load
combinations and gravitational fields. The findings indicate that contrary to circular arches,
parabolic arches need a far lower minimum thickness to withstand their own weight and display the symmetrically opposite five-hinge mechanism. This manifests the “geometrical superiority” among structures that resemble the catenary shape (parabolic) under self-weight.
It is observed that larger inertial loading results in higher minimum thickness, smaller embrace angles lead to thinner arches.
Interestingly, both the symmetrical five hinge mechanism formed due to the effect of selfweigh and the asymmetrical four-hinge mechanism developed due to the horizontal loading
are opposite for the two types of arches. Nevertheless, regarding the four-hinge mechanism,
the mechanism pattern shows a significant similarity between these two arch geometries, in
the sense that as the inertial loading increases, in all cases, the mechanism tends to move
“upstream” against the horizontal load in order for the arches to accommodate their limit
thrust lines.
Moreover, a self-similar behaviour has been observed, revealing that every arch of a certain geometry type and embrace angle (β) that is subjected to a “universal” dimensionless
ఌ
௧
inertial load ఈ, always results in the same minimum thickness and rupture angles {ோ, ߮ଵ , ߮ଶ ,
߮ଷ }. One may refer to [28] for further information about the analytical procedure, the justification of the self-similarity and the conditions under which the parabolic geometry is more
efficient that the corresponding circular and vise versa.
Given all the above, the need to optimise the arch geometry becomes apparent in lowgravity conditions, as shown in Section 5, since the required minimum thickness can become
prohibitively large.
REFERENCES
[1] N. Makris and H. Alexakis. The effect of stereotomy on the shape of the thrust-line and
the minimum thickness of semicircular masonry arches. Archive of Applied Mechanics,
83(10),1511-1533, 2013.

4314

Nicos. Kalapodis, Georgios. Kampas, Thomas. McLean and Christian. Malaga-Chuquitaype

[2] R. Hooke. A description of helioscopes, and some other instruments. London, 1675.
[3] Couplet P. De la pouss´ee des voûtes. Histoire de l’Acad´emie Royale des Sciences, Paris
(1731, 1732), pp. 79–117 and pp. 117–141 (1729, 1730).
[4] M. Milankovitch. Beitrag zur Theorie der Druckkurven. Dissertation zur Erlangung der
Doktorwürde, K.K. technische Hochschule, Vienna, 1904.
[5] P. Clemente. Introduction to dynamics of stone arches. Earthquake Engineering and
Structural Dynnamics, 27,513–522, 1998.
[6] J. Ochsendorf. Collapse of masonry structures. PhD Dissertation. Cambridge: Department of Engineering, University of Cambridge, 2002.
[7] H. Alexakis, N. Makris. Limit equilibrium analysis and the minimum thickness of circular
masonry arches to withstand lateral inertial loading. Archive of Applied Mechanics,
84(5),757-772, 2014.
[8] M. Trial. Some effects of declining US university civil engineering enrollments on the
space enterprise. ASCE, 7th International Conference and Exposition on Engineering,
Construction, Operations, and Business in Space (Space 2000), Albuquerque, New Mexico, United States, February 27-March 2, 2000.
[9] N. Kalapodis, G. Kampas, O-J. Ktenidou. A review towards the design of extraterrestrial
structures: from regolith to human outposts. Acta Astronautica, 175, 540-569, 2020.
[10] AM. Jablonski, KA. Ogden. Technical requirements for lunar structures. Journal of Aerospace Engineering, 21(2),72–90, 2008.
[11] G. Reitz, T. Berger, D. Matthiae. Radiation exposure in the moon environment. Planetary
and Space Science,74(1),78–83, 2012.
[12] S. Wilkinson, J. Musil, J. Dierckx, I. Gallou, X. De Kestelier. Autonomous Additive Construction on Mars. Earth and space 2016: engineering for extreme environments – proceedings of the 15th biennial international conference on engineering, science,
construction and operations in challenging environments, p.343–53, 2016.
[13] D. Rapp. Use of extraterrestrial resources for human space missions to moon or mars;
2018.
[14] BJ. Chow, T. Chen, Y. Zhong, Y. Qiao. Direct formation of structural components using
a Martian soil simulant. Scientific Reports,7(1), 1151, 2017.
[15] A. Goulas, JGP. Binner, RA. Harris, RJ. Friel. Assessing extraterrestrial regolith material
simulants for in-situ resource utilisation based 3D printing. Applied Materials Today,
6,54-61, 2017.
[16] Y. Nakamura, GV. Latham, HJ. Dorman. How we processed Apollo Lunar seismic data.
Physics of the Earth and Planetary Interiors, 21(2-3), 218-224, 1980.
[17] F. Duennebier, J. Dorman, D. Lammlein, G. Latham, Y. Nakamura. Meteoroid flux from
passive seismic experiment data. In: Proceedings. lunar science conference, 6th, p. 24172426, 1975.
[18] N. Kalapodis, G. Kampas, O-J. Ktenidou. Revisiting the fundamental structural dynamic
systems: the effect of low gravity. Archive of Applied Mechanics, 10, 1861-1884, 2019.

4315

Nicos. Kalapodis, Georgios. Kampas, Thomas. McLean and Christian. Malaga-Chuquitaype

[19] N. Kalapodis, G. Kampas, J. Webb, O-J. Ktenidou. The effect of self-weight on freestanding blocks. In: 2nd International Conference on Natural Hazards & Infrastructures
(ICONHIC), 2019.
[20] E. Ricci, A. Fraddosio, MD. Piccioni, E. Sacco. A new numerical approach for determining optimal thrust curves of masonry arches. European Journal of Mechanics-A/Solids,
75, 426-442, 2019.
[21] H. Alexakis, N. Makris. Minimum thickness of elliptical masonry arches. Acta Mechanica, 224(12), 2977-2991, 2013.
[22] D. Nikolić. Thrust line analysis and the minimum thickness of pointed masonry arches.
Acta Mechanica, 228(6),2219-2236, 2017.
[23] G. Tempesta, S. Galassi. Safety evaluation of masonry arches. A numerical procedure
based on the thrust line closest to the geometrical axis. International Journal of Mechanical Science, 155, 206-221, 2019.
[24] D. Nikolić. Catenary arch of finite thickness as the optimal arch shape. Structural and
Multidisciplinary Optimization, 60(5),1957-1966, 2019.
[25] P. Block, M. DeJong, J. Ochsendorf. As hangs the flexible line: equilibrium of masonry
arches. Nexus Network Journal, 8(2),13-24, 2006.
[26] A. Iserles. A first course in the numerical analysis of differential equations. Cambridge
University Press; 2008.
[27] H. Benaroya, L. Bernold, KM. Chua. Engineering, design and construction of lunar bases.
Journal of Aerospace Engineering,15(2), 33-45, 2002.
[28] Kampas, G., Kalapodis, N., McLean, T., Málaga-Chuquitaype, C. Limit-state analysis of
parabolic arches subjected to inertial loading in different gravitational fields using a variational formulation. Engineering Structures, 228, 111501, 2021.

4316

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

LARGE-DISPLACEMENT RESPONSE OF UNREINFORCED
MASONRY STRUCTURES: COMPARISON BETWEEN ANALYTICAL
SOLUTIONS AND DEM MODELS INCLUDING OPEN-SOURCE
SOFTWARE
Igor Bouckaert1∗ , Michele Godio2 , João Pacheco de Almeida1
1 Institute

of Mechanics, Materials and Civil Engineering, UCLouvain
Louvain-la-Neuve, Belgium
{igor.bouckaert, joao.almieda}@uclouvain.be
2 RISE

Research Institutes of Sweden
Brinellgatan 4, 504 62 Borås, Sweden
michele.godio@ri.se

Keywords: Masonry, Structural Dynamics, Discrete Element Methods, Open source
Abstract. Unreinforced masonry (URM) has been the most widespread construction material for
centuries and is widely used in many countries. Accurate numerical models for this material are
required when designing new structures, and, even more importantly, for assessing or renovating
the existing stock. However, an accurate modelling of URM structures remains a challenge due to
its highly non-linear mechanical behaviour involving, among other features, large out-of-plane
displacements, the variability of the material properties, and the inﬂuence of construction details.
The discrete element method (DEM), for which applications to masonry structures appeared in
the 1990s, has gained in popularity due to its capacity to accurately capture masonry-speciﬁc
phenomena; in particular, as it represents the structure as an assembly of distinct blocks, deformations are concentrated at the interfaces with low or zero tension strength, and the effect of
large displacements. Unfortunately, the majority of computer programs for structural analysis
based on the DEM are proprietary software, which limits its spread among practitioners and
researchers. The aim of this work is to evaluate the open-source software package LMGC90,
which implements the Non-Smooth Contact Dynamics Method, as a tool for modelling masonry
structures.
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1

INTRODUCTION

Recently, the region of Wallonia (Belgium), along with the neighbouring parts of France,
Germany and Holland, was indicated as one of the locations in Europe with potential for largest
economic losses, because of their very large exposure and vulnerability to earthquakes [3]. Recent exposure studies have shown that the most earthquake-prone cities in Belgium have an
absolutely predominant stock of URM buildings [4, 13]. One example is the city of Liège struck by an earthquake in 1983 damaging around 16’000 houses - for which 95% of their
buildings are in masonry [2]. A good understanding of the structural behaviour of typical Belgian masonry houses is therefore required to predict and best prevent the occurrence of potential
damage in future low- to medium-intensity earthquakes.
In this paper, we investigate the open source software LMGC90 [12] as a tool for modeling
masonry structures subjected to earthquakes. This software was originally developed for spherical elements, simulating rapid granular ﬂows [14]. Eventually, it was adapted to polyhedral
elements and its relevance for URM modeling has been growing ever since [11]. This software
has been used to study the seismic behaviour of historical masonry structures such as the Roman
amphitheatre in Nimes [15], a medieval church in Portuno [10], or the reassessment of a wall in
the Prince of Wales’s Fort [9]. In the last decade, some speciﬁc features relative to the modeling of URM buildings have been added to LMGC90 and the software becomes more and more
interesting for the URM community [16]. The aim of this paper is to evaluate the suitability of
the software for masonry modeling. The results of the examples presented in the current study
are benchmarked against analytical solutions and numerical results obtained with another wellknown proprietary DEM software, namely UDEC [5, 6]. The examples presented in this study
address several issues encountered when modeling the large-displacement response of masonry
structures subjected to earthquakes, like the effect of rocking, contact stiffness and imperfections between the blocks. Two benchmark problems are presented and discussed in this paper.
the ﬁrst one adresses the rocking response of masonry columns, and the second one adresses the
in-plane behaviour of masonry panels. In Section 2, a masonry column and a masonry arch are
submitted to a horizontal impulse acceleration at the base and the failure domain is computed
in terms of impulse amplitude and duration. The results are compared with those of a UDEC
model reported in the literature [7]. In Section 3, the in-plane behaviour of a series of panels is analysed through up-to-collapse quasi-static simulations. The results are shown in terms
of collapse mechanism and force capacity for each wall and compared with existing solutions
extracted from the literature [8] as well as with the results of ad-hoc UDEC simulations.
2
2.1

RESPONSE OF COLUMNS AND ARCHES TO IMPULSE BASE ACCELERATION
Description of the benchmark

The aim of this benchmark is to explore the ability of LMGC90 to capture the rocking mechanism of masonry structures. Moreover, the construction of non-convex shapes — with the
associated difﬁculties of contact determination — is addressed in the second part of the example.
Firstly, the dynamic behaviour of a URM column (dimensions shown in Figure 1a) subjected
to a two-sided horizontal base impulse acceleration represented in Figure 2 is analysed. A
parametric study is carried out on the column by increasing the acceleration amplitude a for a
range of impulse duration tp varying between 0.1 and 1.0 s. This is done in order to obtain the
failure domain of the column, i.e. the couples of values (a,tp ) which lead to the collapse of the
column. The column modelled in this example is inspired from the 9th column of the eastern
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Figure 1: Geometry of the analysed column (a) and arch (b)
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Figure 2: Acceleration step impulse applied to the base of the column [7]

ﬂank of the temple of Apollo at Bassae, Greece. It is composed of 8 drums and has a total
height of 5.95 m, a base width of 1.11 m and a top width of 0.9 m. The model implemented
in LMGC90 is in two dimensions with rigid blocks with a density of 2620 kg/m3 . The contact
between the blocks is a Coulomb friction law with a friction angle of 35°, which is equivalent
to a coefﬁcient of friction μ = 0.7. The simulation is run for 20 s in order to observe the
response of the column after the application of the step impulse. The failure domain obtained
with this model is compared with the one obtained by the implementation of the same problem
using UDEC, by Dimitri et al. [7]. The UDEC model is implemented without damping while
the damping model used in LMGC90 is the default model of the program. The deﬁnition of the
damping model and damping parameters in LMGC90 will be explored in future studies.
A similar study is then carried out for a circular arch supported on buttresses. The dimen-
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sions of the problem are shown in Figure 1b. The arch consists of 12 voussoirs, while each
buttress is modelled as one monolithic block. The base of the buttresses is subjected to the
same two-sided impulse acceleration used in the previous example. In particular, the acceleration is progressively increased until the failure of the arch is attained. Moreover, the position of
the hinges that form in the collapse mechanism at speciﬁc values of a and tp is compared with
the results obtained with UDEC [7].
2.2

Results and discussion

The results obtained with LMGC90 are summarised in this section. The plots were generated with the open-source multiple-platform application for interactive scientiﬁc visualisation
ParaView [1].
Figure 3a shows that the failure domain obtained with the model implemented in LMGC90
agrees well with the failure domain obtained with UDEC in the work by Dimitri et al. [7]. As
the value of tp increases, the acceleration amplitude causing the collapse of the column comes
closer to the value of 0.19g, which is the magnitude necessary to put the column in motion
according to the equilibrium static analysis. Acceleration amplitudes below that value are not
going to initiate any rocking or sliding of the column [7]. The graph also hints at a change
in the failure mode at around tp = 0.34s: below that value, the columns tilts to the left and
only a portion of the blocks is involved in the failure mechanism, whereas the full column tilts
to the right for impulse duration above this threshold value. The failure modes obtained at
tp = 0.2s and tp = 0.8s are displayed in Figures 3b and 3c. This could be explained by the
fact that, below this threshold value, the column collapses during the ﬁrst part of the impulse
(positive acceleration a) whereas for longer impulses the collapse occurs in the second part
of the impulse (negative acceleration a/2). In addition, for shorter impulses, higher rocking
’modes’ are activated. As the impulse duration decreases, the results from LMGC90 and from
Dimitri et al. [7] seem to match a little bit less. This difference is probably due to deﬁnition of
the damping parameters in LMGC90, which will be analysed in future studies.

(b)

(c)

(a)

Figure 3: (a) Failure domain of the column subjected to the step impulse (b) Failure mode at
tp =0.2s and (c) Failure mode at tp =0.8s
Figure 4 shows the results obtained for the arch of Figure 1b. Also in this case the results
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obtained with LMGC90 match very satisfactorily those obtained by Dimitri et al. [7]. Moreover,
the collapse mechanisms produced by both software at two different acceleration amplitudes
were compared and are in good agreement in terms of the position and number of hinges that
form at collapse, see Figures 6a and 6b.

Figure 4: Failure domain of the circular arch subjected to the step impulse

(a)
(b)

Figure 5: Failure mode of the arch at tp = 0.2s, a = 0.82g, from (a) UDEC [7]and (b) LMGC90
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(a)
(b)

Figure 6: Failure mode of the arch at tp = 1s, a = 0.2g, from (a) UDEC [7]and (b) LMGC90
3

IN-PLANE BEHAVIOUR OF MASONRY WALLS SUBJECTED TO STATIC LATERAL LOAD

3.1

Description of the benchmark

In this benchmark, quasi-static analyses are performed on a series of six wall conﬁgurations.
Each wall is composed of bricks of size 0.4 m×0.175 m with sharp or rounded edges, as depicted in Figure 7. The walls have different geometries, four of which include openings, as
depicted in Figures 8 to 13. During the analysis, each block is subjected to its self-weight W ,
being the unit weight of the blocks equal to 10 kN/m3 , and to a horizontal force αW applied at
its centre of gravity (Figure 7a). This conﬁguration allows the seismic loading to be simulated
as an equivalent static lateral force distribution proportional to the blocks mass [8].

0.4m
rb = 0.02m

.175m

rb = 0.02m

0.175m

αW

0.4m

0.2m

W

0.2m

(b)

(a)

Figure 7: (a) Block and half-block with sharp edges (applied forces shown on the full block) for
comparison with [8] (b) Block and half-block with rounded edges for comparison with UDEC
.
The objective of this example is to ﬁnd the maximal in-plane capacity of the wall, which,
according to the load pattern described above, is expressed in terms of maximum collapse load
multiplier αmax and corresponds to the maximum value of α that the wall can sustain.
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3.2

Comparison between solutions from limit analysis and LMGC90

First, the benchmark is implemented in LMGC90 with rigid blocks with sharp edges as
shown in Figure 7a. The contact law between the blocks is deﬁned by a rigid-plastic law, and
failure between the blocks is described by a Coulomb friction criterion with friction coefﬁcient
μ=0.65 and zero tensile strength. During the ﬁrst 10 s of the simulation, the bricks are only
subjected to their self-weight. Next, the value of the load multiplier α is linearly increased at
a rate of 5 × 10−4 /s which is assumed to be low enough to keep the system in quasi-static
conditions until the collapse mechanism forms. The value of αmax selected as the collapse load
multiplier is the maximal horizontal reaction observed at the support divided by the total weight
of the wall. Indeed, a decrease in the horizontal reaction while the total applied horizontal force
keeps increasing linearly can only mean that equilibrium is no longer satisﬁed and that part of
the applied horizontal force is converted into kinetic energy.

Figure 8: Mechanism of wall 1 (sharp edges) from limit analysis [8] (left) and LMGC90 (right)

Figure 9: Mechanism of wall 2 (sharp edges) from limit analysis [8] (left) and LMGC90 (right)

Figure 10: Mechanism of wall 3 (sharp edges) from limit analysis [8] (left) and LMGC90 (right)
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Figure 11: Mechanism of wall 4 (sharp edges) from limit analysis [8] (left) and LMGC90 (right)

Figure 12: Mechanism of wall 5 (sharp edges) from limit analysis [8] (left) and LMGC90 (right)
The values of αmax are compared with the collapse load multipliers calculated by means of a
limit analysis of the walls formulated as a special optimisation problem known as Mathematical
Program with Equilibrium Constraints (MPEC) described by Ferris and Tin-Loi [8]. The results
are summarized in Table 1. The collapse mechanisms obtained with LMGC90 are compared
with those shown by Ferris and Tin-Loi [8] in Figures 8 to 13. The ﬁgures obtained by LMGC90
are plotted when the displacement of the upper right corner of the wall was equal to 0.2m. The
value of this displacement is not speciﬁed in [8] but the ﬁgures clearly display very similar
cracking patterns.

Wall 1
Wall 2
Wall 3
Wall 4
Wall 5
Wall 6

αmax
Sharp edges
Ferris [8] LMGC90
0.643
0.640
0.564
0.565
0.359
0.358
0.264
0.266
0.216
0.216
0.297
0.295

% Error
-0.5
+0.2
+0.3
+0.8
+0.0
-0.7

Table 1: Collapse load multipliers computed in [8] and with LMGC90
The results obtained with LMGC90 are very close to the ones obtained by limit analysis [8],
both in terms of collapse load multiplier (with a maximal difference of 0.8%) and in terms of
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Figure 13: Mechanism of wall 6 (sharp edges) from limit analysis [8] (left) and LMGC90 (right)
collapse mechanism.
3.3

Comparison between solutions from UDEC and LMGC90

Since neither the limit analysis carried out by Ferris and Tin-Loi [8], neither the LMGC90
implementation described above take into account any axial stiffness of the bed and head joints,
the deformations of the wall before reaching collapse will be zero. Another model has been
implemented in two different DEM software, the proprietary software UDEC and the aforementioned open source software LMGC90. This was also done in order to consider the effect
of imperfections in the brick corners. This is assumed to be closer to reality than the implementation in section 3.2 where contact was perfectly plastic and blocks had sharp corners.
The bricks implemented in both software are rigid, 2D and have the same dimensions as
previously but this time the corners are rounded with a rounding radius rb of 0.02 m, as shown
in Figure 7b. Moreover, the contact law is different than in Section 3.2 in order to take into
account the stiffness of the joints. In UDEC, the user can deﬁne the friction coefﬁcient between
the blocks (μ = 0.65, as previously), the normal stiffness which was set to kn = 108 Pa/m, the
dilatancy angle and the tangential stiffness. Regarding the two latter parameters, since LMGC90
does not allow to deﬁne a tangential stiffness nor a dilatancy angle, those parameters have been
set to a very high value and to zero, respectively, to allow a valid comparison with the model
implemented in LMGC90. Therefore, in the UDEC model kt = 1014 Pa/m and ψ = 0◦ . Since
the axial stiffness parameter Kn deﬁned in LMGC90 must be expressed in N/m, the contact
stiffness from the model implemented in UDEC must be multiplied by the surface associated to
each contact point, namely 0.1m2 for the bed joints (4 contact points for each brick’s bed joint)
and 0.0875m2 for the head joints (2 contact points for each brick’s head joint).
Table 2 summarises the results obtained for the six walls with rounded blocks, both with
UDEC and LMGC90. The collapse load multiplier of the walls with rounded edges is a little
lower than its equivalent with sharp edges.
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Wall 1
Wall 2
Wall 3
Wall 4
Wall 5
Wall 6

αmax
Rounded edges
UDEC LMGC90
0577
0.578
0.495
0.512
0.325
0.321
0.236
0.242
0.157
0.175
0.219
0.216

% Error

Sharp edges [8]

% Difference between
sharp and rounded edges

+0.2
+3.46
-1.24
+2.7
+11.2
+1.6

0.643
0.564
0.359
0.264
0.216
0.297

-10.1
-9.2
-10.6
-8.3
-19
-27.2

Table 2: Collapse load multipliers computed with UDEC and LMGC90

Figure 14: Mechanism of wall 1 (rounded edges) from UDEC (left) and LMGC90 (right)

Figure 15: Mechanism of wall 2 (rounded edges) from UDEC (left) and LMGC90

Figure 16: Mechanism of wall 3 (rounded edges) from UDEC (left) and LMGC90
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Figure 17: Mechanism of wall 4 (rounded edges) from UDEC (left) and LMGC90

Figure 18: Mechanism of wall 5 (rounded edges) from UDEC (left) and LMGC90

Figure 19: Mechanism of wall 6 (rounded edges) from UDEC (left) and LMGC90
The collapse mechanisms of the six walls with rounded edges are displayed in Figures 14 to
19. Both for UDEC and LMGC90, the collapse mechanism is displayed when the upper right
corner of the upper right brick reaches a displacement of 0.2 m. In general, the two solutions are
very close to each other in terms of collapse mechanisms. The exception is in the mechanism
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of the third wall, where a bigger macro-block detaches from the structure in the mechanism
obtained in UDEC, see Figure 16.
The values of the collapse load multipliers obtained with LMGC90 are always higher than
the values obtained with UDEC with a maximal error right above 10% for the ﬁfth wall, with
the exception of the third wall, which can be explained by the difference in the collapse mechanisms. When comparing the full displacement - load factor curves (not represented herein),
the results obtained with LMGC90 always seem to indicate that the walls are slightly stiffer
than in UDEC, except for the stiffness in the elastic range which is identical in both software.
This difference in stiffness, which could be a consequence of the distinct deﬁnition of the normal stiffness discussed above, could explain why the collapse load multipliers obtained with
LMGC90 are always higher than the ones obtained with UDEC. This matter will be explored in
future works.
The comparison between both software is still limited by the impossibility in LMGC90 to
use a contact law between the blocks that includes parameters such as dilatancy or tangential
stiffness, which are very common when working with UDEC. Inversely, the impossibility to
deﬁne sharp edges when using UDEC makes it difﬁcult to compare the results obtained with
this software with the limit analysis carried out in [8].
4

CONCLUSION

Different benchmark problems have been implemented in the open-source DEM software
LMGC90 and the results were compared with the literature or with an implementation of the
same benchmark problem in the proprietary software UDEC. These examples were chosen in
order to address some of the most important aspects such as rocking, the joint stiffness and
the block imperfections. Overall, the results obtained with the open-source software showed
satisfactory resemblance with the literature and with the implementations in UDEC. Familiarisation with the interface of LMGC90 can be time-consuming, and the choice of the tolerance
and time step parameters of a simulation requires some experience, but once the user is familiar with the Python interface proposed by LMGC90 and with the structure of the software, it
opens up many possibilities for either static or dynamic analyses. The results shown in this
paper conﬁrm the applicability and validity of this open-source software in simulating largedisplacement response of masonry structures. Future investigations into the possibilities offered by the LMGC90 software regarding modeling of URM could include in-and-out-of-plane
interaction of masonry walls, deﬁnition of more parameters such as dilatancy, tangential contact
stiffness and damping.
5
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Abstract
Column base connections are one of the most critical components in Steel Moment Frames
(SMFs) since these connections transfer the loads (i.e., gravity, seismic, wind) from the entire
superstructure into the concrete-foundation, being an interface between them. Typically, exposed base plates are preferred for low-and mid-rise buildings, while embedded base connections are the norm for tall buildings. This latter base configuration response is controlled by
complex interactions between the column flange and the bottom base plate with the concrete
foundation, where the mechanisms to transfer internal forces are idealized to underpin the current strength design methods. These mechanisms include horizontal bearing stresses between
the column flange and the surrounding concrete and vertical bearing stresses of the base plate
and the concrete foundation. Current methods to estimate the strength of these connections are
validated against a limited number of experimental tests complicating their generalization for
the different configurations that have not been tested. Although the results from these methods
show good agreement with test data, the assumptions that underpin these methods have not
been verified through sophisticated nonlinear finite element models. Motivated by this issue,
this paper presents a series of nonlinear finite element models developed to provide insights
into the behavior of embedded base connections for SMFs. These models incorporate the essential aspects that control the connection behavior, including constitutive material modeling
and contacts among the connection components. Possible design implications are discussed,
while the limitations of the current work and future lines of research are outlined.
Keywords: Column Base Connections, Embedded Base Connections, Finite Element Models.
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1

INTRODUCTION

Column Base Connections are one of the most important components of Steel Moment Frames
(SMFs). Several researchers [1-6] have demonstrated their significant influence on the seismic
performance of SMFs systems. Because of this, these connections have been extensively studied over the last decade in different programs [7-11]. Typically, base connections can be broadly
classified as exposed base plates (EBPs) and embedded base connections (EmBCs). The former
type is the preferred detail for low to mid-rise buildings, while the latter is the norm for tall
buildings.
EmBCs consist of a column welded to a bottom base plate (Refer to Fig. 1) and embedded into
a concrete foundation. The applied forces, i.e., Axial Load, Bending Moment, and Shear, are
resisted by a combination of the bearing stresses developed by the contact between the column
flange and the foundation and by the vertical stresses at the bottom base plate. Grilli and
Kanvinde [7] conducted a large-scale experimental program to study the seismic response of
EmBCs. This program's focus was the flexural capacity of these connections and the development of a strength method based on the insights gained from the tests. A total of five tests were
evaluated. The difference among them was the embedded length (510 and 760mm), column
size, and axial load level.
Grilli and Kanvinde [7] postulated an internal stress distribution to idealize the mechanism that
resists the applied loads. Figure 1 illustrates this mechanism which consists of horizontal bearing stresses accompanied by joint shear in the panel zone and vertical stresses at the bottom
base plate. However, this idealized mechanism relies on pre-defined stress distribution (rectangular) on the bottom base plate as well as in the column flange against the foundation. It is wellknown that the real stress distribution might differ from the assumed one due to the complex
interactions between the components.
The behavior of EmBCs has been studied in the past from different perspectives. Grilli and
Kanvinde [7] suggested a strength method to estimate their flexural strength. Torres-Rodas [12]
proposed a procedure to estimate their rotational stiffness by aggregating the deformations
within the components. The hysteretic characteristics of these connections were explored by
Torres-Rodas [13] through a hinged model, which was validated experimentally and capture
the force transfer mechanisms observed at [7]. Recently, Inamasu et al., [14] developed Finite
Element (FE) models to explore the behavior of EmBCs further and suggest design recommendations. These models consist of shell elements with two rotational springs. Results indicate
that current methods for the design of EmBCs are nonconservative.
Motivated by the preceding discussion, this paper presents a study with 3D sophisticated FE
models to investigate further the seismic behavior of EmBCs. These models provide insights
into the internal stress distribution and patterns of deformation of these connections. The models intend to capture phenomena such as the multi-axial constitutive response of the materials
(steel and concrete), large deformations, and the contact between the column flange and the
foundation. The paper starts by describing the models developed herein, and then the main
findings are presented. Finally, the limitations of the study are discussed, and recommendations
for future research are presented.
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Figure 1: EmBC detail and internal force mechanism (from [7,12])

2

EXPERIMENTAL DATA

In this study, for the purposes of model validation, the experimental program conducted by
Grilli and Kanvinde [7] at the University of California Davis was used. Thus, in this section of
the paper, the details of the experimental program are briefly summarized. All tests consist of
a steel column welded to a bottom base plate. The column height was about 3m, and it was
embedded into a concrete foundation. All the specimens were subjected to the cyclic loading
protocol ATC-SAC (Krawinkler et al. 2000 [15]). The parameters that changed among the tests
are the embedded depth, the level of Axial Load (Tensile forces were used in one test), and the
column size. Table 1 shows a summary of the test parameters, while Figure 2 a schematic representation of the test setup at UC Davis.
Based on the insights obtained from the mentioned experimental program, Grilli and Kanvinde
[7] presented a strength method to characterize the flexural capacity of EmBCs. Key aspects of
this method are detailed here. The applied Moment is resisted by a combination of horizontal
bearing stresses developed by the contact between the column flange and the concrete foundation and vertical bearing stresses at the bottom base plate. Shear forces in the panel zone complement the horizontal bearing stresses. Thus, the Moment is resisted by these two mechanisms,
i.e., horizontal and vertical stresses, with the implication that a fraction of the total applied
Moment is distributed to each mechanism. This idealization entails an indeterminate problem,
which is solved by the introduction of an empirically calibrated equation that considers the
relative stiffness of the embedded column and the surrounding media.
In this manner, the connection strength may be calculated based on the associated limit states
to each force transfer mechanism. For the horizontal bearing stresses, two limit states can take
place 1) concrete bearing failure and 2) joint shear failure. On the other hand, in the vertical
bearing mechanisms, four possible modes of failure are identified 1) base plate yielding, 2)
concrete breakout under the base plate, 3) concrete breakout above the base plate, and 4) bearing
failure of the concrete around the base plate. The connection strength is calculated by combin௧௬
௧௬
and ܯ
). Grilli
ing the Moment capacity associated with both mechanisms (ܯு
and Kanvinde [7] concluded that the capacity estimated with the preceding procedure must be
reduced by 30% for design purposes.
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Figure 2: UC Davis experimental test (from [7,12])

3

FINITE ELEMENT MODELS

A total of four FE models have been developed to study the seismic behavior of EmBCs using
the ABAQUS [16] simulation platform. Figure 3 illustrates a representative model built in this
investigation. The models are composed of 3D Hex-structured elements. The meshes were refined in places where concentrations of stress are anticipated. As described in the previous section, the strength of the connection may be explained due to the contacts between the column
flange and the base plate with the concrete foundation. Thus, the contacts are an essential feature of these models. These contacts are simulated with a finite sliding formulation with Normal
and Tangential interaction properties. The former property was defined as hard contact, while
the latter with a frictional formulation following the penalty method. A friction coefficient of
0.45 is adopted as recommended by Gomez et al. [11]. In contrast, welded elements inside the
connection are assigned the tie constraint (i.e., steel column and base plate, steel column, and
stiffeners) since welds are detailed to resist fracture even at large deformations.
Geometric nonlinearities, including large deformations formulations, are included in the models.
The steel column and base plate are modeled with the Von-Misses surface with isotropic hardening. On the other hand, for concrete modeling, it is common to assume that this material
behaves as an elastoplastic material in compression and brittle in tension. In this investigation,
the concrete damaged constitutive plasticity (CDP) model was employed since it provides a
general capability for modeling concrete and other quasi-brittle materials. Some of the details
of this constitutive model provided by [16] are discussed. The CDP model uses concepts of
isotropic damaged elasticity in combination with isotropic tensile and compressive plasticity to
represent the inelastic behavior of concrete. It assumes that the main two failure mechanisms
are tensile cracking and compressive crushing of the concrete material. Two hardening paramି
ି
eters control the evolution of the yield surface, ߳௧ and ߳ associated to failure mechanisms
under tension and compression loading, respectively [16]. The material properties are obtained
from the ancillary tests from [7], and true stresses and strains were assumed in the material
formulation.
The FE models were subjected to the SAC load protocol [15] in the Axial Load presence. In
order to avoid the interference of P-delta effects in the connection response, the Axial Load was
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applied strategically at the bottom of the base plate. Thus, the Moment-Rotation response was
recorded from the simulations and compared to validate the models with the associate experimental test. Figure 4 illustrates the results of the simulations and the corresponding validation
against the experimental data. As per this Figure, the essential aspects of the hysteretic response
are capture by the numerical results. Specifically, the simulations are able to capture the pinching behavior observed in the tests. Cyclic deterioration of the strength and the unloading stiffness are identified in these connections and well-represented in the simulations. The parameters
that define the response's backbone curve are the Moment at First Yield, the Initial Rotational
Stiffness, the Peak Moment Strength, and the Rotation Associate to the Peak Strength. A visual
inspection of Figure 4 indicates that the differences between the simulations' parameters to the
experimental tests' corresponding values are neglectable. Consequently, in the authors' opinion,
the FE models are able to capture the key features of the connection response and are appropriate to investigate the behavior of EmBCs.

Figure 3: a) EmBC layaout, b) representative 3D FE model, c) example of the distribution of Stresses of a simulation, d) example of a hysteretic response
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Test #
1
2
3
4

Column Size
W14x370
W18x311
W14x370
W14x370

P

dembeded

[kN]
445 [C]
445 [C]
0
445 [C]

[mm]
510
510
760
760

Base Plate
tp
N
B
[mm] [mm] [mm]
50
760 760
50
865 710
50
760 760
50
760 760

Z
[mm]
2850
2850
3100
3100

Table 1: Test Matrix Geometry and applied Axial Loads

4

DISCUSSION OF THE RESULTS

This section discusses the key findings from the FE simulations. Referring to Figure 4, all simulations show a well-defined linear-elastic branch up to the point where nonlinear behavior
starts, which corresponds to rotations close to 0.005rad. This observation is consistent with the
experimental evidence reported by [7] that indicates that after 0.005rads, small cracks on the
tension column flange start to open, entailing a gradual nonlinear response. These small cracks
are accompanied by diagonal cracks, which start to grow near the steel column corners. Figure
5 shows a schematic representation of the crack propagation obtained from the simulation of
test 1 once the deformation progresses.
As deformation progresses in all simulations, an appreciable loss of stiffness is observed because the concrete reaches its peak strength. At this point, the gap formed in the foundation in
the tension flange side grows, which is consistent with the experimental tests [7]. This gap
entails the pinching behavior observed in all the tests since it causes a relatively unconstrained
rotation of the steel column as it moves back to the vertical position and goes in the reverse
direction (following the cyclic loading protocol). A closer inspection of Figure 4 reveals that
tests with higher embedment depths (760mm) present a more gradual stiffness decrease. This
phenomenon may be attributed to the fact that higher embedment lengths imply a great fraction
of the total Moment carried by the horizontal bearing stresses. Thus, when this latter mechanism
starts to deteriorate, the force transfer to the vertical stresses seems to be more gradual.
Finally, in this section, the distribution of the horizontal bearing stresses is discussed. Figure 6
shows the stress distribution along the steel column flange of test 1 in two stages of the response,
i.e., at the Moment associated with the First Yield and Peak Strength. As per Figure 6, for the
first condition (i.e., My), the "real" stress distribution is closer to a triangular shape. This observation is not surprising since at this level of deformation, the connection starts to incursion
in the nonlinear regime, and a triangular shape is consistent with an elastic behavior. In contrast,
once the connection has reached its peak, it is observed in the simulations a more uniform stress
distribution along a certain length of the flange. This finding is consistent with the rectangular
stress block assumed by Grilli and Kanvinde [7] in their strength method. Although these findings may be used in the future to refine the strength, this topic deserves further scrutiny.
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Figure 4: Hysteretic response of all FE simulations vs. Experimental data from [7]

a)

b)

Figure 5: plastic strain distribution on the concrete at a) first yield, b) peak strength

4337

Nicolas Mora-Bowen, Pablo Torres-Rodas

a)

b)

Figure 6: stress distribution on the concrete foundation due to column flange contact at rotations associated with
a) first yield, b) peak strength

5

SUMMARY, LIMITATIONS, AND RECOMMENDATIONS

This paper presents a numerical study conducted on a critical component of SMFs such as
EmBCs. A total of four FE models were developed in the ABAQUS platform [16] to explore
the seismic behavior of these connections. Specifically, in this study, the internal force distribution and the patterns of deformation were identified from the simulations with the intention
to gain insights aimed to improve the current design methods (e.g., [7]). All the models were
validated against the experimental program conducted by Grilli and Kanvinde [7]. The goodness of the fit (i.e., the difference between the experimental and the numerical results) was
considered an indicator of the reliability of the models.
The simulations indicate that at rotation levels close to the "first" yield of the connection, the
stresses are not uniform along the column flange; instead, a triangular shape can be assumed.
In contrast, at higher rotations, the stresses tend to become relatively uniform. Thus, when the
connection reaches its peak strength, it seems that the rectangular block assumption is appropriate. However, this issue deserves a further look.
The paper has several limitations that should be addressed in a new study in order to generalize
the conclusions. For example, the number of simulations (four in total) is limited. Moreover,
the experimental program by [7] is the only testbed used. It is recommended to build more FE
models from other experimental programs available to assess different configurations' behavior
(e.g., column size, embedment length, the influence of shear studs). Besides, this study does
not address issues related to the seismic demands on the EmBCs, or a reliability analysis to
assess if the strength resistance factors adopted are adequate or not. These topics have been
addressed for exposed-based plates by [17,18,19] and should be conducted for EmBCs.
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Paris-Saclay, ENS Paris-Saclay, CNRS, LMT - Laboratoire de Mécanique et Technologie,
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Abstract. Reinforced concrete (RC) structures dissipate energy when subjected to seismic excitations. Modeling seismic energy dissipations on a rational basis still represents challenging
issues. At local scale, dissipative constitutive RC models are developed to take into consideration different phenomena, such as cracks opening, friction, plasticity, and their couplings or
rebar bond slip. Practically some of those dissipative mechanisms are modeled by equivalent
Rayleigh viscous damping at the global structural level. However, Rayleigh damping lacks a
physical basis leading sometimes to an uncontrolled evolution of energy dissipation when non
linearities occur [1]. This paper provides the basis of an updated local damping model based
on parameters modeling concrete dissipative phenomenon, to reduce the need for arbitrary
equivalent viscous damping as much as possible and thus better model energy dissipations on
a rational physical basis. Using shake table experimental results on prismatic RC beams [2],
a numerical study is presented to assess the performance of sixteen different global damping
formulations to represent physical energy dissipation mechanisms. Energy balance analyses
are used to evaluate dissipative phenomena at the local concrete level and to demonstrate that
friction is the most signiﬁcant local dissipative phenomenon. In addition, an equivalent viscous
damping identiﬁcation method is developed to determine transient damping ratio evolution during dynamic computations as a function of damage parameters, like stiffness degradation. An
exponential function is found suitable to take into consideration global viscous damping adjustment as a function of local damage occurring during dynamic nonlinear analyses.
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1

INTRODUCTION

Earthquake events in recent years lead to the need to evaluate structural vulnerability and to
quantify related safety margins. Particularly, the combination of critical infrastructures presence
on territories and more stringent seismic regulations represent a current challenge. Nuclear
power plants are representing such critical structures. In the aim of increasing their lifespan,
analyses are required to ensure their safety under current and evolving standards. For example,
after a moderate earthquake excitation, the nuclear containment vessel still need to demonstrate
airtightness. But, the difﬁculty with reinforced concrete structures is related to the lack of
knowledge about concrete cracking damage and about the ability of the material to dissipate
seismic energy.
To improve dynamic non-linear computations of complex structures under earthquake excitations, rational physical models need to be developed. To model dissipations during earthquake
events, different scales are considered. First, at local scale, physical phenomena can be described through material constitutive laws. Then, at global scale, energy dissipations are also
occurring because of the structure interaction with its environment. The impossibility to model
all phenomena at local and structural scales leads to the use of equivalent viscous damping.
Following Rayleigh’s works [3], a large a mount of viscous damping matrix formulations have
been developed in the literature. However, those formulations still lack a sound physical basis.
Based on a shake table experimental campaign performed by Heitz [2] to characterize seismic energy dissipation in reinforced concrete beams, a numerical study is presented herein. It
aims at evaluating the performances of existing local as well as global (Rayleigh) damping formulations in representing the experimental data. The focus is put in dissipative evolutions at
local and global scales. An identiﬁcation method is also developed to study evolution of the
equivalent viscous damping ratio during non-linear computations.
2

REINFORCED CONCRETE BEAM UNDER EARTHQUAKE EXCITATION

The experimental campaign performed by [2] at the French Alternative Energies and Atomic
Energy Commission (CEA) Saclay represents a huge amount of data that can be used as a
reference to validate numerical analyses. Experiments were performed with different material
properties, structural conﬁgurations and excitation characteristics on reinforced concrete beam.
The main objective was to evaluate seismic energy dissipations mechanisms.
2.1

Beam model
Based on information about the experimental setup (ﬁg. 1), a numerical model of the
tested reinforced concrete beams has been developed using Cast3m, a ﬁnite-element software. The main advantages of using a multiﬁber models are: (i) to avoid solid 3D models,
limiting the number of degrees-of-freedom
and so to save computational time, (ii) to consider 1D constitutive material models, which
are easier to implement and unable to model
local behaviors, and (iii) its usability for results interpretation [4, 5, 6]. Multi-ﬁber beam
elements are based on Timoshenko beam the-

Figure 1: Dynamic experimental setup
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20 cm

ory in Cast3m.
A typical model geometry is presented in ﬁgure 2. Along the beam, sections are considered
at each Gauss point of the beam elements (ﬁg. 2a). Then, each section is decomposed in ﬁber
elements. Figure 2b shows the section model with concrete and steel elements. Those elements
are 2D linear quadrangle elements.

16 mm

6m

40 cm

(a) Beam

(b) Section
Figure 2: Beam geometry and discretization

To match experimental boundary conditions and beam undamaged properties, spring elastic supports are considered. Spring rotational and translational stiffnesses are calibrated from
modal analyses performed on undamaged beam, considering a global symmetrical problem.
The aim is to match the two ﬁrst numerical eigen-frequencies with those deduced from experimental hammer shock tests. Finally, additional masses are added at the quarter and three-quarter
beam span, and vertical displacements are blocked at those nodes. For quasi-static analyses, displacements are imposed at additional masses positions, and for dynamic computations, a force
equivalent loading is derived from measured table accelerations.
2.2

Material constitutive models

Concrete model Two hysteretic models developed in Cast3m are compared in numerical studies. First a simple model, named BARFRA, was proposed by Crambuer [7]: the only dissipative
phenomena considered is concrete cracking. The second model, named RICBET and developed
by Richard [8] is more complex because it considers four dissipative phenomena: (i) cracking
and (ii) friction in tension, (iii) plasticity in compression, as well as (iv) the unilateral effect dissipating energy upon crack closing. Thermodynamic potentials of both models are respectively
expressed in equations 1 and 2. Computations of energy dissipations in section 3.1 of the paper
will be deduced from those equations.
1
1
ρψ = (1 − d+ ) εij + Cijkl εkl + + H+ (z+ ) + (1 − d− ) εij − Cijkl εkl − + H− (z− ) (1)
2
2
with εij + and εij − respectively the positive and negative parts of the strain tensor, Cijkl
the elastic tensor, d+ and d− the damage index representing concrete cracking respectively for
positive and negative strains and H+ (z+ ) and H− (z− ) the functions representing isotropic work
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hardening respectively for positive and negative strains.
 1

1
(1 − D) (εij − εpij ) Cijkl (εkl − εpkl ) +
D (εij − ηεπij − εpij ) Cijkl (εkl − ηεπij − εpkl )
2
2
1
+ {γ αij αij } + H(z) + G(p)
2
(2)

ρΨ =

with D the damage index representing concrete tensile cracking, εpij the plastic strain tensor, η
the variable associated to unilateral effect, επij the strain tensor associated to friction, γ a parameter characterizing friction, αij the tensor of kinematic work hardening (friction phenomenon)
and H(z) and G(p) the functions representing isotropic work hardening (damage and plasticity
phenomena).
Both models are calibrated on the experimental data obtained from quasi-static tests. The
advantage of using the most complex model is to better represent hysteresis cycles.
Steel model For steel reinforcements a classical elastoplastic model is used. Typical parameter values are considered. Indeed, experimental tests were developed to avoid reaching nonlinearities in steel reinforcements, to represent what happens to structures subjected to moderate
earthquake accelerations.
2.3

Dynamic problem

General equation After calibrating the model with quasi-static tests, non-linear dynamic
computations can be performed. Dynamic equilibrium equation for a multi-degree-of-freedom
(MDOF) nonlinear damped system is:
M · Ü + C · U̇ + fint (U) = −M · Γ.Üs

(3)

with M the mass matrix, C the damping matrix, Ü, U̇ and U respectively the acceleration,
velocity and displacement of beam nodes, fint (U) the internal force characterizing the nonlinear constitutive model, Üs the seismic accelerations and Γ is the inﬂuence vector given the
direction of seismic excitation. So, only the damping matrix C is unknown if fint can be assessed
with conﬁdence.
Focus on damping matrix formulations The most frequently used formulation for the damping matrix derived from Rayleigh’s work [3]. It consists in a linear combination of mass and
initial stiffness matrices. Mathematically, this model leads to a decoupled problem using the
undamped modal basis enabling its solving. However, numerous papers present the limits of
this damping model, synthesized by Hall [1]. That is why, the literature presents different alternative for Rayleigh damping formulation that improve computations by minimizing some
Rayleigh damping limitations. Particularly, we can ﬁnd the use of tangent or secant stiffness
matrix instead of initial ones [9]. This requires recomputing the damping matrix several time
during analysis, increasing computational time. But it is a way to consider non-linear behavior
in Rayleigh damping. On the other hand, it was demonstrated that the mass proportional part
leads to unrealistic damping forces because higher modes are very lightly undamped. So, some
papers propose to remove the mass matrix to keep only the stiffness proportional part given a
linear correlation between the damping ratio of each mode and its frequency [10].
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In addition to Rayleigh-type formulations, modal damping formulations are often used in
the literature. In those cases, the C matrix is computed from modes determined from a modal
analysis. For example, Wilson & Penzien [11] proposed such a formulation, as well as Chopra
& McKenna [12] based on the choice of a damping ratio for N modes.
Herein, sixteen equivalent viscous damping formulations have been studied and compared
in relation to each other, but also with different damping ratios, and with or without parameters
updating. When parameters are updated during computation, modal analyses are performed at
each time step and the new frequencies are considered to compute the damping matrix. Table 1
presents the classiﬁcation and name of all studied Rayleigh type and modal damping formulations.
Formulation
RD
RD ACT
MPD
MPD ACT
KPD
KPD ACT
CKPD
SKPD
*

Classical Rayleigh
damping
Classical Rayleigh
damping
Mass proportional
damping
Mass proportional
damping
Initial-stiffness
proportional damping
Initial-stiffness
proportional damping
Commit-stiffness
proportional damping
Secant-stiffness
proportional damping

Modes*

Parameter
updating

Modes*

Parameter
updating

1 and 2



CRD

1 and 2



1 and 2



CRD ACT

1 and 2



1



SRD

1 and 2



1



MD

Modal damping

1 to 6



1



MD ACT

Modal damping

1 to 6



1



WPD

Wilson-Penzien damping

1 to 6



1 and 2



1 and 2



Formulation

1



CWPD

1



SWPD

Commit-stiffness
Rayleigh damping
Commit-stiffness
Rayleigh damping
Secant-stiffness
Rayleigh damping

Commit-stiffness
Wilson-Penzien damping
Secant-stiffness
Wilson-Penzien damping

Modes 1 and 2 represents 89.6% of the beam effective modal mass.

Table 1: Global damping matrices (C) nomenclature

3

THEORETICAL DEVELOPMENTS

Using the developed multi-ﬁber model, the aim of this section is to focus on seismic energy
dissipation-computations and transient damping evolution.
3.1

Energy analyses

Structural level Energy balance is deduced from the integration of dynamic equations (eq. 4) [13],
corresponding to equation 5, in absolute formalism:
 
 




1
(4)
M · U̇a · U̇a +
C · U̇ · U̇dt + fint (U) · dU =
M · Üa · dUs
2
Ek,a + Ed + Ea = Ei,a

(5)

where Ek,a , Ed , Ea and Ei,a are respectively the absolute kinematic energy, the viscous damping
energy, the absorbed energy (or internal energy) and the absolute injected energy. In the case of
a linear behavior, the three left terms are easily computed respectively from mass, damping and
stiffness matrices. However, when a nonlinear constitutive model is considered, the absorbed
energy is decomposed between the strain energy (corresponding to the elastic part) and the
hysteretic energy deduced from thermodynamical approach. The right energy balance term, the
injected energy, corresponds to the energy induced by the seismic acceleration.
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Local level At material level, the hysteretic energy is now deﬁned for both constitutive models
in Table 2, with phenomenon and associated variables presented in Table 3 for BARFRA model
and in Table 4 for RICBET model.
Name

Equation

Symbol
BARFRA

Hysteretic energy

Eh

Concrete strain energy
(elastic recoverable)

Es,c

Steel strain energy
(elastic recoverable)

Es,s

Work hardening

Wh

Dissipated energy

Edis


V



RICBET


˙ dV
(Y.d)


˙ dV
(σc .ε̇c −Y.d)

V


V

V
V

+ σ π .ε̇π + Y.d˙ + ζ.η̇) dV

(σc .ε̇c − σc .ε̇pc − σ π .ε̇π − Y.d˙ + ζ.η̇) dV


(σs .ε̇es ) dV




V

p
V (σc .ε̇c

V



(Z.ż) dV



(Y.d˙ − Z.ż) dV

V
p
V (σc .ε̇c

+

(σs .ε̇es ) dV

(R.ṗ + X.α̇ + Z.ż) dV

σ π .ε̇π

+ Y.d˙ + ζ.η̇ − R.ṗ − X.α̇ − Z.ż) dV

Table 2: Absorbed energy decomposition

Observable Internal

Associated forces

ε

σ
Y+
Y−
Z+
Z−

d+
d−
z+
z−

Phenomena
Elasticity
Damage (ε >
Damage (ε <
Damage (ε >
Damage (ε <

0)
0)
0)
0)

Table 3: BARFRA model variables

Observable Internal
ε

Associated forces

Phenomena

σ
σπ
σ
X
Y
Z
ξ
R

Elasticity
Friction
Plasticity
Friction
Damage
Damage
Unilateral effect
Plasticity

επ
εp
α
d
z
η
p

Table 4: RICBET model variables

3.2

Viscous damping identiﬁcation method

To study the evolution of viscous damping during nonlinear dynamic computations, an identiﬁcation method using a single degree-of-freedom model, equivalent to the global structural
beam, is developed.
Coupling of modes When the projection on a modal basis is used to solve a dynamic problem,
orthogonality of mode is implemented. But, if the damping matrix evolves during computation,
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for example by considering the tangent stiffness matrix, the orthogonality can be altered. So, to
evaluate the evolution of modes orthogonality along computation, the matrix Cmod is computed
at different time steps. This matrix is composed by the terms Cijmod in equation 6.
Cijmod = φi .C.φj

∀(i, j) ∈ [[1; N ]]2

(6)

where {φi }i∈[[1;N ]] are the modes determined by a modal analysis on a linear system. So, only

matrix C is evolving during computation in equation 6. By computing Cmod at different damage
levels during dynamic computations, we did not observe signiﬁcant coupling development. So
the resolution of dynamic equation on modal basis remains herein acceptable, even when the
tangent stiffness matrix is used.
Modal basis projection Equivalent model of structural element is obtained using a projection
of dynamic equation (eq. 3) on modal basis B = {φi }i∈[[1;N ]] . Displacement vector is deﬁned as

a linear combination of modes: U = N
i=1 ai .φi with orthogonal modes: φi .M.φj = δij .mi and
φi .K.φj = δij .ki where δij is Kronecker index, and mi and ki are respectively the mass and the
stiffness associated to mode i. Generally, the basis is mass-normalized, so mi = 1 and ki = ωi2
where ωi = 2πfi with fi the frequency associated to mode i.
The ﬁrst mode is representing more than 90% of modal mass, therefore the projection will
be done on the ﬁrst mode only. The displacement is expressed as U = a1 .φ1 where a1 is time
dependent. So, equation 3 in a linear case, and projected on the ﬁrst mode, becomes equation 7,
and then equation 8 on a normalized format:
ä1 · φ1 .M.φ1 + ȧ1 · φ1 .C.φ1 + a1 · φ1 .KT .φ1 = −φ1 .M.Γ · Üs

(7)

κ1
.üs
(8)
m1
where ξ is the viscous damping ratio, ω0 the initial eigen-frequency, ωD represents a ”damaged”
eigen-frequency, κ1 = φ1 .M.Γ is the projection coefﬁcient and üs is the seismic acceleration.
2
ä1 + 2ξω0 .ȧ1 + ωD
.a1 = −

Method presentation Demarie & Sabia [15] proposed a non-linear and non-parametric method
to identify non-linear damping and frequency of damaged reinforced concrete elements. The
method developed herein is based on this approach. Despite the non-linearity in the studied
time responses, we consider that it is possible to decompose the signal in nw windows, such
that in each time window the system response can be considered linear. That is to say that, in
each window, we are able to evaluate a viscous damping ratio ξw and a damage eigen-frequency
ωD,w from equation 8 reduced to the window w.
After having projected data on the modal basis, a function to identify fid has to be deﬁned,
as well as windows characteristics. On each window, a minimization algorithm is performed to
ﬁnd the best pair of parameters (ξw , ωD,w ) using the objective function in equation 9:
εw =

tw
t=0

(fid,w − fc,w )2 dt
tw
t=0

(fid,w )2 dt

(9)

where fid,w and fc,w are, respectively, the function to identify and the computed function, reduced to the window w. Finally, by applying the minimization algorithm in all windows, we
obtain the evolution of identiﬁed parameters all along the computation.
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4
4.1

STUDIES ON DAMPING MODELS
Dynamic response of the beam

üs [m/s2 ]

Comparison of classical damping matrix The ﬁrst dynamic signal has a very low amplitude.
Experimentally, this white-noise signal was performed to characterize the undamaged modal
properties of the beam. Numerical responses are well matching experimental ones and we
found a ﬁrst mode eigen-frequency with less than 3% of error with almost all tested damping
formulations. A damping ratio around 0.5% is required to compute Rayleigh-type matrices.
Then, non-linearities development is stud1.5
ied by applying a high amplitude decreasing
sine sweep signal (ﬁg. 3). Damping matrix
1.0
formulations are compared with experimen0.5
tal data in terms of displacement, acceleration
and from constitutive law responses. Viscous
0
damping ratios varying between 0.5% and 5%
-0.5
have also been studied. On the contrary to
-1.0
the ﬁrst linear test, viscous damping ratios
White-noise signal
Frequency imposed signal
around 2% are most appropriate. This value
-1.5
0
50
100
150
200
250
300
is smaller than the 5% often recommended
t [s]
in engineering codes because of the dissipative model used at local scale, the no-yielding
Figure 3: Decreasing sinus sweep - DSS85b
of steel reinforcements and the modest strains
and stresses responses. It appears that the viscous damping ratio is strongly dependent on input signal, damping formulations and levels of stress, strain and damage. So, it is impossible
to propose a general viscous damping ratio working for all experimental vs numerical simulations. This represents a very signiﬁcant limitation of viscous damping models computed from
classical matrices.
To compare damping matrix formulations, ﬁgure 4 synthesizes different results as (i) the
error between experimental and numerical data for displacements, accelerations and force responses and (ii) the error in the evolution of eigen-frequencies, and (iii) energy criteria. The best
damping formulations are the one given the largest area in spider diagrams. Some formulations
are better for some criteria than others. We are still able to say that the most appropriate damping formulations are Rayleigh damping (CRD) and stiffness proportional damping (CKPD) both
with the use of tangent stiffness.
Harmonic
frequencies

RD
RD_ACT
CRD
SRD

50 %
100 %
White-noise
frequencies

Harmonic
frequencies

Acceleration

0%

150 %

0%
50 %
100 %

White-noise
frequencies

Displacement

200 %

Acceleration
KPD
KPD_ACT
CKPD
SKPD

150 %

Displacement

200 %

Edamp/Etotal

Edamp/Etotal

Force

Force

Energy balance

Energy balance

(a) Comparison of RD-type formulations

(b) Comparison of KPD-type formulations

Figure 4: General comparison of damping formulations
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Energy dissipations Energies presented in equation 5 are plotted in ﬁgure 5a for CKPD
damping matrix formulation with a viscous damping ratio of 2% in case of a damageable (cracking) test (DSS) and with RICBET constitutive model. What is of interest, in this ﬁgure, is the
distribution of energy between viscous damping and internal local material mechanisms. Indeed, kinematic energy represents a very small part of total energy and is recoverable, so it is
null at the end. Generally, viscous damping energy dissipates the most energy. Only stiffness
proportional damping matrix leads to a distribution almost 50%/50%. This demonstrates that
even with a complex material model, a large amount of energy lacks to be dissipated at material level and has to be dissipated by equivalent viscous damping. Undoubtedly, decreasing
the viscous damping ratio leads to a most equal distribution of the two dissipative energy but
we saw in dynamic responses that a very small viscous damping ratio does not allow to match
experimental data. Finally, to be able to reduce the requirement of viscous damping, we have
to dissipate more energy at the material level.

400

Energy proportion [%]

500

Energy [J]

100

Kinetic energy
Damping energy
Absorbed energy
Total energy
Injected energy

600

300
200
100
0

90
80
70
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Ea
Eh,plasticity
Ea
Eh,f riction
Ea
Eh,damage
Ea
Eh,unilateral
Ea

60
50
40
30
20
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0

0

50

100

150

200

250

0

300

(a) Structural energy balance

50

100

150

200

250

300

Time [s]

Time [s]

(b) Proportions of dissipative energies at local level
Figure 5: Energy analyses

The RICBET model takes into consideration four dissipative phenomena. Figure 5b focuses
on hysteretic and strain energies, at local scale. In the beginning, the beam behaves linearly, so
no dissipation occurs and strain energy is dominating. Then, cracks open and damage associated
energy is dissipated. As soon as cracks open, because they are submitted to an oscillating
signal, friction between crack lips develops. We observe that friction fast becomes dominating.
When, a mono-harmonic signal segment excites the beams more strongly, cracks pattern evolves
leading to an increase in the cracking associated energy proportion (crack propagation) at the
expense of friction energy. Finally, plasticity is not dissipating energy because we do not reach
concrete compressive non-linearities. Unilateral effect dissipates a small amount of energy
during all computation after development of non-linearities.
As a conclusion, we can say that viscous energy is still representing a major part of all dissipative energies demonstrating again the lack of knowledge around the physical representation
of local dissipative mechanisms. And, in the case of linear response of steel reinforcements, but
nonlinear concrete behavior, the main concrete local dissipative phenomena is the friction, so
works should focus on that phenomenon.
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4.2

Damping coefﬁcient evolution

ξ [−]

Identiﬁcation method can be applied on
0.7
experimental or numerical data. Figure 6
DSS2_HARM
DSS3_HARM
particularly focuses on experimental data of
0.6
two tests. Green data correspond to the low0.5
est amplitude signal (with a maximum accel0.4
ξ
= (2.96e − 03) × exp
eration of 1.25 m/s2 ) while blue data correξ
=
0.3
spond the strongest signal (with a maximum
2
acceleration of 2.25 m/s ). The ﬁrst test leads
0.2
to a maximal damage index (modelling the
0.1
stiffness reduction due to cracking) around
0
0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9
1
0.6 what we also observed in identiﬁcation
d [−]
of numerical data. But, in terms of viscous
damping ratio, green data are staying around Figure 6: Experimental evolution of identiﬁed damping
5% experimentally while much stronger val- coefﬁcient
ues are obtained with numerical identiﬁcation. This demonstrates that the multi-ﬁber numerical model is not able to dissipate enough
energy at the local scale and that a stronger inﬂuence has to be given to viscous damping in
numerical computations. This is a huge limitation for the use of viscous damping in non-linear
structural analyses.
To conclude on experimental data, the combination of the two more damageable tests shows
that the viscous damping ratio can be deﬁned as an exponential (eq. 10) or a polynomial (eq. 11)
function of the cracking damage index.


(10)
ξexpon = 2.96 × 10−3 × exp (4.75.d)

ξratio =

d2

expon
ratio

(4.75e+00).d

(−6.21e+01).d+(3.85e+02)
d2 +(−1.36e+04).d+(1.41e+04)

−62.1.d + 385
− 1.36 × 104 .d + 1.41 × 104
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5

CONCLUSIONS

The modeling of damping in structural non-linear dynamic computations was discussed in
this paper using different analyses. First, an exhaustive numerical campaign was performed to
characterize dissipations in reinforced concrete elements submitted to earthquake excitations
and tested on a shake table. Particularly, sixteen classical damping matrix formulations proposed in literature have been compared. Results demonstrates that it is difﬁcult to determine one
type of damping working for all signal intensities. The damping formulation have to be selected
depending on input signal intensity. However, using tangent stiffness matrix in Rayleigh damping formulation with or without the mass proportional part appears the best choice herein to
represent the dynamic experimental responses. Rayleigh damping matrix evaluation requires to
impose damping ratios for some modes frequencies. Analyses performed on multi-ﬁber model
as well as on identiﬁcation studies with a 1D model show that a constant value of damping ratio
all along computation does not give accurate results when non-linearities occur. Exponential
evolutions of damping coefﬁcient as a function of internal damage characterized by stiffness
degradation due to concrete cracking seems to better model physical phenomena and so to improve correlation with experimental data.
The works to follow will propose a new formulation of damping matrix based on local variables. The aim is to increase physical basis of the damping matrix. Preliminary results are
showing good accuracy in comparisons with experimental data. But some developments still
remain to compare local variables associated to different phenomena, like friction, and determine predictive functions to compute damping matrix.
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R3.08.08, 2010.
[6] S. Capdevielle, Comportement des grands ouvrages de Génie Civil - Modélisation par
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Abstract. Shock absorbers or hydraulic dampers are power dissipating devices. The fluid
flow inside the damper is governed by predefined passages. The damping effect is accomplished by the resistance of oil to flow through the restrictions. The impact of the viscosity
and the velocity of the oil determines the fluid flow behaviour and hence, the resulting damping effect. The piston inside the damper has various orifices or piston valves that cause different flow losses. These losses are observed during the extension and compression strokes of
the damper. In the compression and extension strokes, rebound and compression pressures
are developed at the damper orifice. In this work, Computational Fluid Dynamics (CFD)
analysis is carried out on a rear side two-wheeler automobile mono tube damper to investigate the variation of the damping properties using viscous oils. Averaged Navier-Stokes equations are solved by the SIMPLE method and the RNG k-ε is used to model turbulence. The
piston contains eight orifices which separate the rebound and compression chambers of the
damper. The numerical analysis used four values of velocity; 0.8, 1, 1.2, and 1.5 m/s. The viscous fluid model was SVI2.5, having viscosity value of 0.009 Pa.s. The damping coefficient
values for rebound and compression sides were obtained based on their pressure values
showed in the CFD contour plots. It was noticed that the increasing trend of damping coefficient is linearly for two velocity’s intervals; (0.8-1) m/s and (1.2-1.5) m/s, and nonlinearly for
velocity interval of (1-1.2) m/s.
Keywords: Hydraulic damper, viscosity, CFD, damping characteristics, orifice, and pressure contours.
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1 INTRODUCTION
A shock absorber, or viscous damper, is mainly functioning to dampen body/suspension
motions, control tire force variation, and dissipate impact energy. Hydraulic oil is passed between two chambers via a system of pressure sensitive flow restrictions. The damping effect
is accomplished by the resistance of oil to flow through the restrictions. Most vehicular shock
absorbers are either twin-tube or mono-tube types with some variations on these themes as
shown in Fig. 1. Twin tube shock absorber consists of two nested cylindrical tubes, an inner
tube that is called the "working tube" or the "pressure tube", and an outer tube called the "reserve tube". At the bottom of the device on the inside is a compression valve or base valve.
When the piston is forced up or down, hydraulic fluid moves between different chambers via
small holes or "orifices" in the piston and via the valve. The fluid movement converts the
"shock" energy into heat which must then be dissipated. The mono-tube shock, which is a
gas-pressurized shock and also comes in a coil over format, consists of only one tube, the
pressure tube, though it has two pistons. The two pistons separate the shock's fluid and gas
components. Mono tube shocks are typically found in trucks, vans, or vehicles used for hauling or transportation or driven in areas where harsh road conditions are common. While twin
tube is found in cars and smaller SUVs, twin-tube shocks have a second cylinder specifically
for internal fluid (Shams et al. [1]).

Fig. 1. Types of shock absorbers [1].

Generally, two main analytical models describe the viscous shock absorber behaviour; linear model, and generalized viscous damper model [2]. In linear model the damping force increases linearly as the velocity increases. On the other hand, generalized viscous model
include the nonlinear behaviour of the damper force with respect to the change in velocity.
The nonlinear behaviour provides a high damping force for the small vibration amplitudes
(velocity). In viscous dampers, the linearity behaviour is governed by; orifice and damper geometry, fluid characteristics, and velocity of the vibrating structure. Many experimental studies were carried out to investigate the behaviour of fluid damper [3],[4]. For example, a recent
experimental study conducted by Badri et al. [5] to investigate the effect of increasing velocity (increasing frequency) of mono tube damper in the damping coefficient value. In addition,
numerical models are also used to characterize the viscous damper’s damping effect. A physical model for a shock absorber was developed by Surace et al. [6]. This model provided a
more realistic representation of the stiffness characteristics than previous simple models.
Reybrouk et al. [7] presented a nonlinear physical model for predicting shock absorber performance. Dyum et al. [8] studied the mechanism of shock absorber rattling noise by valve
behaviour analysis and CFD simulation. Herr et al. [9] identified valve parameters from several simple dynamometer tests and an additional incompressible model. These parameters
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were then used to analytically determine valve flows for given pressure drops in the main
model. Purdy et al. [10] evaluated the flow and performance of an automotive shock absorber
by coupling a Computational Fluid Dynamics method with a dynamic modelling technique.
They evaluated the pressure flow characteristics of the differing valve components using
Computational Fluid Dynamics (CFD). Disk deformation information from finite element
analysis simulations are incorporated into the calculation of blow-off valve opening. They obtained the damping force versus piston velocity curves. The radial flow of magnetic fluid under the piston of a magneto fluid shock absorber was studied by Tallec et al. [11]. Lee et al.
[12] developed a non-linear model that includes the compressibility of the fluid, trapped gas
and expansion of the cylinder. The performance of the shock absorber model was examined as
the parameters were varied. Interaction of fluid and deformable structural parts in the shock
absorber caused difficulties such as; compelling the kinematic compatibility at the fluidstructure interface and updating the geometry of the domain. Maikulal et al. [13] investigated
the damping characteristics when the number of orifice holes changed using CFD. The numerical model results showed a nonlinear increase in the damping force with respect to the
velocity increase.
In this paper, CFD simulations using ANSYS Fluent software is used to model a fluid flow
inside the cylinder of a mono tube shock absorber. The damper’s damping characteristics are
investigated by changing the flow velocity using Rock Oil Rear shock fluid SVI2.5 oil as a
viscous oil of the damper
This paper is outlined as follows; Section 1 introduces the topic and provides a literature review. Section 2 shows the methodology followed for the CFD starting from the governing equations and ending with the boundary conditions. Section 3 discusses the results and the
main findings of this work. Finally, this paper ends at Section 4 which concludes and summarize the scope of this work as well as the main findings.
2 METHODOLOGY
This work will follow a methodology used by Maikulal et al. [13], when a CFD model
simulates the flow inside a viscous damper. Following the same approach, a mono tube
damper with new orifice design will be characterized over different velocities. The model is
characterizing the viscous damper by calculating the damping coefficient at compression and
rebound side based on their damping forces. Damping forces when using SIV-2.5 oil is analysed for different velocities and the variation of damping coefficient value will be investigated. In this section, the internal damper’s chambers will be discussed, followed by the
equations used to obtain the damping forces regarding constant velocities.
2.1 Damping characteristics of a damper
The scope of this work for the hydraulic damper is by identifying the damping action by allowing the hydraulic fluid (mainly a viscous fluid) to throttle through orifice in the piston
(piston valve). The flow will be governed by the physical properties of the fluid such as viscosity and density, and the geometry of the piston valve (orifice). Mainly, the damper modelled for the CFD analysis is a piston cylinder system representing a mono tube shock
absorber containing a hydraulic fluid as shown in Fig. 2 (a). The piston consists of; a rod and
an orifice plate which connects two chambers (Chamber 1 and Chamber 2) showed in Fig. 2.
The orifice plate has a small orifice which exposed to both piston sides and chambers of the
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cylinder as shown in Fig. 2 (b). Chamber 1 represents the rebound piston side and chamber 2
represents the compression piston side.

(a)

(b)

Fig. 2. Hydraulic fluid flow through orifices [13].

  ǡ ǡ
 ȋ Ȍ ȋ ȌLeeaǤȏͳͶȐ
(1)

ton (m/s).

= damping Force ( ),

= Damping Coefficient (

),

= velocity of the pis-

The force of the piston in the two chambers is found by obtaining the pressure and the area
on each piston side (compression and rebound). The force of the compression piston side is
expressed by Guаn et al. [15]
(2)
(3)
where
are piston forces on compression and rebound side, respectively.
and
are the pressure on compression and rebound side ( ),
and
are the area of piston
on compression and rebound sides ( ).
3 NUMERICAL ANALYSIS
3.1 3D CAD modeling
In this study the orifice geometry was reproduced from dimensions used in Maikulal et al.
[13]. The orifices plate was redesigned by modifying the number, and location of the orifice
holes. 8 orifice holes are placed near the edge of the plate separated by an angle (45q). Top
view of the orifice plate is shown in Fig. 3 (a). Fig. 3 (b) shows the 3D CAD drawing of the
plate.
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(a)

(b)

Fig. 3. Orifice’s geometry and orientation.

Fig. 4 shows the 3D drawing of the damper. The idea behind this model is that CFD simulation will be done inside the cylinder of the damper. This can be explained as the domain as
shown in Fig. 4 (a); where the viscous oil will be moving through the orifice plate between
the chambers at a specific velocity. Fig. 4 shows the 3D CAD model of the damper with 8 orifices in ANSYS.

Fig. 4. 3D CAD drawings of the damper.

The CFD analysis will be based on throttling the viscous oil through the orifice of the three
different cases. This will require the drawing of the inside domain of the cylinder. The oil will
be throttled between the two chambers. Therefore, the domain will appear as a solid, but it
will be considered as fluid in the CFD simulations. The orifice plate is placed at the midpoint
of the length of the cylinder which is 118 mm. The volume of the orifice plate and the rod
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(piston) is subtracted so that the domain is only fluid throttling through the orifice for the different three cases.
3.2. Mesh generation and quality
Unstructured automatic fine meshing with 3D tetrahedral cells was used. The meshing
smoothing chooses to be high, while having a normal curvature angle of 15°. The mesh responded to high gradient and curvature areas by providing more cells to those areas. By increasing the number of cells at the throttling area, while having fewer elements at areas near
the inlet, and the outlet ensure accurate results with less computational time. The grid is then
generated having 445076 elements with 87552 nodes, as shown in Fig. 5.

Fig. 5. Meshing.

3.3 CFD methodology, boundary conditions and simulation studies
The CFD modelling involves the numerical solution of the conservation equations in the
laminar and turbulent fluid flow regimes. Therefore, the theoretical predictions were obtained
by simultaneous solution of the continuity and the Reynolds averaged Navier-Stokes (RANS)
equations. The governing equations for an incompressible flow are [16]
Conservation of mass:
(4)
Conservation of momentum:
(5)
Since the flow in the shock absorber is in a state of turbulent motion, it is important to use
an appropriate turbulence model for evaluating the flow field. The standard k–
– model is a
semi-empirical model based on transport equations for the turbulent kinetic energy (k) and it
is dissipation rate ( ). Improvements have been made to the model to improve its performance
by the Realizable k–– model [20]. Realizable k– model have shown substantial improve– model where the flow features include strong streamline curvaments over the standard k–
ture, vortices and rotation. The flow governing equations are solved with ANSYS FLUENT
17R. A standard wall functions is used in order for wall treatment since the most focus is on
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the orifice plate. The velocity and pressure coupling used the SIMPLE algorithm with a second order upwind spatial discretization for a pressure-based study.
4. RESULTS AND DISCUSSION
Static pressure contours are required to identify the forces on the two orifice sides (rebound, compression). The pressure contours for the compression and rebound piston sides for
one case are presented in Fig. 7 (velocity of 0.8 m/s and using SVI-25 oil; 0.009 Pa.s).

Compression side

Rebound side

Fig. 6. Pressure contour for (a) rebound piston side, and (b) compression piston side.

The rebound-compression forces are calculated with respect to the maximum pressure value observed at the contour plot range. These forces are also related to the piston side surface
areas. The compression side area is 1.8569 x10-4 m2, and the rebound surface area is 2.4649
x10-4 m2. The forces acting on small area (rebound) is greater than the forces acting on bigger
area (compression) due to the pressure and area differences.

(a)
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(b)
Fig. 7. Damping coefficient vs velocity (a) at the compression stroke (b) at the rebound stroke.

Damping values results are shown in Fig. 7 for the range of velocity of 0.8 m/s, 1 m/s, 1.2
m/s, and 1.5 m/s. Fig. 7 (a) shows the damping coefficient variation inside the compression
chamber which was found to be; 1.59kN.s/m, 1.97kN.s/m, 2.15kN.s/m, 2.55kN.s/m, respectively. The damping coefficient inside the rebound chamber is shown in Fig. 7(b). The damping constant values with respect to the velocity range was found to be; 2.81kN.s/m,
3.5kN.s/m, 4.5kN.s/m, 5.6kN.s/m.
5 CONCLUSION
In this study, a CFD model was used to characterize a mono tube damper filled with SIV2.5 oil over a range of velocity using Ansys 17 Fluent. The CFD model only takes into consideration the fluid chamber compressibility. However, the contribution of the internal friction
in the damping force was omitted. Based on the obtained numerical damping coefficient values parametric the following was concluded:
1Increasing the velocity tend to contribute in increasing the damping force, and
hence the damping coefficient.
2The damping values in both compression and rebound strokes are increasing
linearly with the increase of velocity for two ranges; (0.8 - 1) m/s and (1.2 - 1.5) m/s. The
damper is experiencing a nonlinear increase of the damping constant at the middle range
of velocity of (1 - 1.3) m/s.
3Using oil with low viscosity value (0.009 Pa.s) combines the linear-nonlinear
behavior.
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Abstract. The objective of this paper is to investigate energy harvesting of train-induced rail
vibrations and to provide a comparison between various feasible harvesting locations based on
the expected electrical power output. The vibrations of the railway track are modelled using
the beam-on-elastic-foundation model under quasi-static loading. The loading applied is from
a passenger train moving at a constant velocity. The vibrations of the railway track are then
used to determine the energy harvested at each location using one-degree-of-freedom models.
The numerical study concludes that the optimal conﬁguration of the harvester is on the rail for
the vibration harvester and as a harvesting rail pad between the sleeper and the rail for the
compression harvester. The harvested energy with each conﬁgurations is O(∼ 10−6 ) and O(1)
J/kg of harvester, respectively.
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1

Introduction

The use of energy harvesting systems has been explored in a wide array of systems ranging
from biomedical application to condition monitoring systems. Zurbuchen et al. [1] developed
a customized pacemaker which was tested to harvest energy from heartbeats while pacing the
heart. Research in embedding piezoelectric harvesters into knee implants showed potential in
improving patient experience and enhancing motion post-surgery [2]. Yip et al. [3] presented
a fully-implantable cochlea for acoustic sensing of the middle ear. Akkaya and Özdemir [4]
designed and tested a cost-effective pieoelectric energy harvester that converts wind energy into
useful electric energy. Mekid et al. [5] even investigated the worthiness of energy harvesting
from ambient radio frequency.
To optimize the operational life of a helicopter blade, Jong et al. [6] recommended a compression (stack-type) harvester designed to monitor blade health and transmit information to
the aircraft using mechanical energy. A compression harvesting system under pavements was
developed by Jiang et al. [7] to investigate the feasibility of powering transport infrastructure using trafﬁc-induced vibrations. Zhang et al. [8] conducted comprehensive simulations
of various bridge properties under different loading conditions and analysed their impact on
vibration-based energy harvesting. Recently, Bendine et al. [9] proposed using a vibration
energy harvester in the form of a cantilever beam to harvest vibration energy from a bridge
subjected to time-dependent moving loads.
This paper targets promoting energy harvesters by proposing ﬁve suitable energy harvesting
conﬁgurations using vibration and stack harvesting technologies. In this paper, energy harvesting from ﬁve locations on a ballasted track using two different harvesters is investigated. The
two harvesters are: vibration harvesters and compression harvesters. The vibration harvester is
studied at two locations: (a) attached to the rail and (b) attached to the sleeper. The compression
harvester is studied at three locations: (a) between the rail and rail pad, (b) between the rail pad
and sleeper and (c) as a rail pad.
The remainder of this paper is organized as follows. In Section 2, a numerical model for
the vibration of the train loading, the vibration of the track and the dynamics of the energy
harvesters are presented. The models adopted for describing rail vibration and energy harvesting
are described in section 2 and section 3, respectively. Section 4 presents the simulation results
and analyses the energy harvesting capability of each of the ﬁve conﬁgurations for various train
speeds. Conclusions for this work are drawn in section 5.
2

Rail Vibration and Energy Harvesting

In this section, a model for the vibration of a railway track is presented. Then, approaches to
harvest energy from rail vibration will be brieﬂy reviewed.
2.1

Railway Track Model

The loading applied on the rail is determined based on a typical passenger train. This choice
is arbitrary and is only used for the purpose of advocating the adoption of energy harvesting
capabilities in the railway sector. The developed model allows for adjustments that can later be
made to accommodate for any train type. For simpliﬁcation, this study considers a train made
of four passenger cars of equal geometry and weight.
To calculate the loading applied by each passenger car the following is assumed:
1. The maximum seating and standing capacity is 376 passengers and thus the total weight
observed accounts for the difference in the tare weight of each car type.
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2. The weight of the train is equally distributed between the cars and the weight of each car
is equally distributed between eight wheels.
3. The load is transmitted to the rail as vertical point loads.
Four train speeds will be considered in the numerical simulations: 20, 40, 80 and 160 km/h.
The mathematical model used to establish the train-induced vibrations of a ballasted track is
the Winkler mathematical model. In order to conform to this model, the two rails in a typical
track system are modelled as a single continuously-supported inﬁnite elastic beam. The loading
applied by two parallel wheels on the rail is combined to produce a single quasi-static, vertical
load. Superposition is enforced to take into account the inﬂuence of successive wheels on an
arbitrary location of the track, i.e., the harvester’s location z as shown in Figure 1.

Figure 1: A beam on Elastic Foundation (Winkler model) subjected to a point load.
The vertical rail displacement ur at any location z is given by:
P
e−λ|z| [cos(λ|z|) + sin(λ|z|)]
ur (t) = −
8EIλ3


with

λ=

4

k
4EI

(1)

where EI is the bending stiffness of the beam representing the two rails and k is the stiffness of
foundation per unit length.
For a load P moving with a constant velocity v that is lower than the critical wave velocity of
the track (i.e., quasi-static), and given that the load is at position x0 at time t = 0 (see Figure 1),
the response of the beam at point x and time t can be calculated by substituting z = x − x0 − vt
in Equation 1.
The direct differentiation of Equation 1, the velocity and acceleration of the rail are numerically evaluated in preparation for the dynamic analysis in Section 3. The velocity and
acceleration of the track can be obtained as:

Pv
−λz
− 4EIλ
[sin(λz)] ∀z ≥ 0
2e
(2)
vr (t) =
Pv
λz
− 4EIλ2 e [sin(λz)] ∀z ≤ 0

P v 2 −λz
e [cos(λz) − sin(λz)] z ≥ 0
8EIλ
ar (t) =
(3)
P v 2 λz
e [cos(λz) + sin(λz)] z ≤ 0
8EIλ
2.2

Rail Stiffness

Due to the variation in the components and their respective characteristics, in order to simulate the track as a whole system the stiffness of the various components were combined. In
the simulated cases, the track components from top to bottom consist of the rail (denoted by
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subscript r), rail pads (denoted by subscript rp), sleepers (denoted by subscript s), ballast foundation (denoted by subscript b) and the ground (denoted by subscript g). As the rail displacement considered is at the web of the rail, the equivalent stiffness (ke ) of the track system is
determined using the stiffness of the components in series.
1
1
1
1
1
1
1
=
+
+ +
≈
+
ke
krp ks kb kg
krp kb
Since the stiffness of both the sleeper ks and ground kg are signiﬁcantly larger than that of
the ballast and rail pad, then
1
1
1
≈
+
ke
krp kb
In the following simulations, the following numerical values will be used: the bending stiffness EI is assumed to be 2.52 × 107 Nm2 and the equivalent stiffness ke is 1.66 × 108 N/m as
per the work of Cleante et al. [17].
2.3

Base-Excitation Energy Harvesters

The ﬁrst systems that were developed to harvest energy from rail vibration were trackmounted [18]. Such harvesters rely on base-excitation ensuing from the track to convert the
mechanical energy to electric energy. However, the base excitation of the track will depend
on the exact mounting location (e.g. sleeper vs rail). With loading applied to the rails being
directly transferred to the sleepers (ks ), the following relationship can be used to represent the
train-induced vibration of the sleeper as a factor of the rail vibration:
ks kr
ur (t) ≈ 0.53ur
(4)
ks + kg
where uh is the displacement of the harvester mh . From Equation 2 and 3 and the rail-sleeper
relationship prescribed above, it is inferred that the sleeper velocity and acceleration can be
determined as a fraction of the rail velocity and acceleration, respectively as


d  k s kr
d 2  k s kr
ur (t) ≈ 0.53vr and as (t) = 2
vs (t) =
ur (t) ≈ 0.53ar (5)
dt ks + kg
d t k s + kg
us (t) =

where vr (t) and ar (t) were obtained in Equations 2 and 3.
Previous literature utilized vibrations at the sleeper to produce energy rather than the rail due
to ease of access. This energy harvesting conﬁguration generated an optimal electrical output
in the order of mW which is sufﬁcient for low-power applications such as warning signals,
switches and health monitoring sensors [19]. The linear power equation adopted in many energy
harvesting works:
Ph = ch vh2
(6)
where subscript h denotes the harvester, P is the electrical energy harvested, c is the damping
and v is the velocity induced by the mechanical vibrations of the rail.
2.4

Compression-Based Energy Harvester

Compression-based harvesters (also known as stack harvesters) are composed of two surface
electrodes with opposing polarities inducing a voltage in the piezoelectric material sandwiched
between them [20, 21]. Throughout this section it is assumed that the strains are uni-directional
and in the direction of the applied loading only.
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(a)

(b)

(c)

(d)

Figure 2: (a) SDOF harvester model mounted on rail (Conﬁguration 1) or on sleeper (Conﬁguration 2), (b) Stack harvester between the rail pad and the rail – Conﬁguration 3, (c) Stack
harvester between the rail pad and the sleeper – Conﬁguration 4, (d) Stack harvester is used as
rail pad – Conﬁguration 5.
3

Harvester Models

In [10, 21], track-mounted harvesters were represented as single-degree-of-freedom (SDOF)
systems. This methodology will be adopted here to study the performance of vibration energy
harvesters and compression energy harvesters.
3.1

Vibration Energy Harvesters

The model shown in Figure 2a is adopted herein in two conﬁgurations: (a) the SDOF harvester is mounted on the rail (Conﬁguration 1) or (b) mounted on the sleeper (Conﬁguration
2).
These models can be used to determine the optimal electrical power output at each train
speed. It must be noted that the dynamic model applied to both conﬁgurations is identical, the
only difference is the base excitation abase applied to the system is dependent on the mounting
location of the harvester. The governing equation of the harvester in this case is
mh ah + ch vh + kh uh = mh abase

(7)

where m is mass in kg, a is acceleration in m/s2 , c is the damping constant, k is the stiffness in
N/m, v is the velocity in m/s, u is the displacement and abase is the base acceleration in m/s2 .
In the forthcoming simulations, the following values
mh = 1, kh = 1.5 and three
√ will be used:
−3
values of the damping ratio will be used ζh = ch / kh mh = 10 , 5.5 × 10− 3 and 10− 2. The
appropriate base acceleration abase is obtained from the Winkler model.
3.2

Compression Energy Harvesters

The compression harvester has three conﬁgurations: (a) the harvester is placed between the
rail and and the rail pad (Conﬁguration 3 in Figure 2b), (b) the harvester is placed between the
rail pad and the sleeper (Conﬁguration 4 in Figure 2c) and (c) the rail pad itself is a compression
harvester (Conﬁguration 5 in Figure 2d). The mass of the compression harvester is assumed to
be only 0.004% of the sleeper’s mass; therefore, the harvester is presented as a point mass for
the three aforementioned conﬁgurations. The governing equations of these three conﬁgurations
are presented below:
The governing equations of Conﬁguration 3 (Figure 2b) is
ch (vr − vrp ) + kh (ur − urp ) − kb,rp ur = 0

4367

with

kb,rp =

kb
1 + kkrpb

(8)

Elshafei et al.

Table 1: Modelled compression harvester parameters

Component
Rail pad, rp
Sleeper, s
Harvester, h

Mass, m [kg]
0
192
7.5 × 10−3

Damping values ζ [dimensionless]
0
0
−3
10 , 5.5 × 10−3 , 10−2

Stiffness k [N/m]
2.1 × 108
∞
7.8 × 108

Conﬁguration 4 (Figure 2c) is governed by the following equation
ms as − ch (vrp − vs ) − kh (urp − us ) + kb us = 0

(9)

The governing equation of Conﬁguration 5 (Figure 2d) is
ms as − ch (vr − vs ) − kh,rp (ur − us ) + kb bus = 0

with

kh,rp =

krp
1 + kkrph

(10)

where kh,rp is equivalent stiffness of the the harvester and rail pad.
Numerical values for the parameters of Equation 8 through Equation 10 are provided in Table
1.
The stiffness of the rail pad and the sleeper are extracted from [20]. The sleepers are introduced into the model also undamped with negligible stiffness. As for the compression harvester,
a cuboid structure of dimensions 10−2 × 10−2 × 10−2 m3 was adopted. The modelled stack harvester is purely made of piezoceramic material with a density of 7500 kg/m3 . Based on an
averaged Young’s modulus value for piezoceramic material and the set dimensions mentioned
earlier, the axial stiffness of the harvester was obtained as listed in Table 1.
4

Results and Discussion

The simulation was run for all velocities under consideration (v = 20, 40, 80, 160 km/h).
Figure 3a and 3b shows the response of the rail under a moving passenger train at speeds 20, 40,
80 and 160 km/h. It can be noted that the sleeper displacement is 53% of the rail displacement
as a result of the relationship employed in Section 2.2.

(a) Rail displacement, ur (t).

(b) Sleeper displacement, us (t).

Figure 3: Vertical displacement for various train speeds, v, using the Winkler model.
Determining the vibration harvester velocity required the numerical integration of Equation
2a using simultaneously state representation of the 2nd order ODE. It can be observed from
Figure 5a between 8 and 20 s that the vibration harvester is in a transient state. The transient
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state in Figure 5b is between 1 and 3s, far shorter and much sooner than Figure 5a. It is evident
from Figures 4a-4d that with increased harvester damping, the time it takes for the harvesting
system to reach rest decreases. It must be noted from Figures 4a-4d that despite the train
having passed, the harvester continues to oscillate and hence producing electrical output at
both velocities for t →
− ∞.

(a) Conﬁguration 1, v = 20 km/h.

(b) Conﬁguration 1, v = 160 km/h.

(c) Conﬁguration 2, v = 20 km/h.

(d) Conﬁguration 1, v = 160 km/h.

Figure 4: Vertical harvester velocity, vh (t), for different conﬁgurations and train speeds.
From Figures 5a-5d it is observed that the peaks of power generated by the harvester correspond with the peaks in velocity from Figures 4a-4d. Thus, the majority of the electrical energy
provided by the harvester is extracted during the transient-state. For forcing frequencies not
equal to the harvester natural frequency, a larger damping is beneﬁcial. However, greater damping of the system does not necessarily guarantee optimal power generation. This is attributed to
larger damping having a detrimental affect on the oscillations of the harvester when not under
resonance [14]. Table 2 presents the results of the the ﬁve investigated conﬁgurations.
Table 2: Energy harvested E in J/kg
Conﬁguration
1
2
3
4
5

Optimal Damping, ζh
10−2
10−2
10−3
10−3
10−2

20
2.85 × 10−6
7.90 × 10−7
1.45 × 106
5.38 × 104
7.18 × 10−2
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Train speed v in km/h
40
80
−6
5.15 × 10
9.92 × 10−6
−8
1.43 × 10
2.75 × 10−6
3.82 × 105
1.84 × 105
2
1.45 × 10
3.00 × 101
1.36 × 10−1 2.71 × 10−1

160
2.00 × 10−5
5.53 × 10−6
9.13 × 104
3.93 × 1010
5.19

Elshafei et al.

(a) Conﬁguration 1, v = 20 km/h.

(b) Conﬁguration 1, v = 160 km/h.

(c) Conﬁguration 2, v = 20 km/h.

(d) Conﬁguration 2, v = 160 km/h.

Figure 5: Harvested electric power, Ph (t), for different harvester conﬁguration and at different
train velocities.
5

Conclusions

To articulate the potential of harvester technology in providing reliable, safe and green energy to power and monitor appliances in industry, this paper proceeded in utilizing preliminary
dynamic models and a typical passenger train to propose an optimal harvesting conﬁguration
for railway application. Current literature on railway harvesting are limited to vibration energy harvesting from sleepers due to ease of access and installation in comparison to alternative
locations. This paper aspires to numerically model multiple harvesting conﬁgurations using
MATLAB and determining an optimal harvesting location and corresponding harvester properties based on performance. Firstly the beam-on-elastic-foundation model for a continuouslysupported inﬁnite beam on ballast foundation was employed to determine the rail responses
under train-induced quasi-static loading. The train modelled was a typical passenger train.
Simpliﬁed mass-spring damper models were used to represent ﬁve different conﬁgurations of
energy harvesters. The ﬁve conﬁgurations considered are labelled 1-5 are in the following order:
Electromagnetic harvester placed on the rails, Electromagnetic harvester placed on the sleeper,
Stack of harvesters above the rail pads, Stack of harvesters between rail pads and sleepers, Stack
harvesting rail pad. The energy harvested at each conﬁguration for a number of train speeds was
evaluated. It was concluded that Conﬁguration 1 is the most favourable for vibration harvester
for all train speeds. As for the stack harvester, the more advantageous conﬁguration is a variable of the train speed. Overall, Conﬁguration 3 and 4 are better at generating electrical energy
under the same conditions than Conﬁguration 5.
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Abstract. The aim of this work is to analyse the impact factors in the Timoshenko beams response under moving loads in terms of both displacements and internal forces, particularly
bending moments. The dynamic response is determined by modal analysis, which consist in
representing the absolute displacement ﬁeld by means of a weighted combination of the undamped system eigenfunctions. This paper presents a ﬁnite-element based approach that can
be used to compute the dynamic internal forces, both in Bernoulli–Euler and Timoshenko beams
models under moving loads. Firstly, this methodology has been validated against an analytical
solution for a single-span bridge. Afterwards, the impact factors in a real four-span bridge are
presented with a discussion of several issues which come up with the resolution of this kind of
problems, such as the damping level and the difference between positive and negative bending
moments. Finally, conclusions about the similarities in the dynamic ampliﬁcation factors for
different magnitudes are discussed, including one case of visible resonant behaviour.
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1

INTRODUCTION

The idea of substituting the dynamic analysis of structures under moving loads by static
analyses where the results are ampliﬁed by an impact factor is as old as the moving load problem
itself. Certainly, static analysis is more amenable to practical application by engineers who
may be specialists in various aspects of structural analysis and design, but with no particular
background in dynamics. Moreover, before the speeds of trains were high enough to raise
concerns about resonance problems, carrying out full dynamic analyses with the sole purpose
of obtaining a certain percentage of increase in structural displacements and internal forces
was not justiﬁed: a simple ampliﬁcation coefﬁcient is generally perceived as sufﬁcient in that
case, also because vibrations levels (accelerations) are not of importance. With the advent of
high-speeds railways, the perspective has changed noticeably.
Presently this issue is tackled in some building codes in a way that leaves margin for interpretation. We consider EN 1991-2 [1] as a reference standard for railway bridge design. Under
certain conditions, an impact coefﬁcient or dynamic enhancement ϕ is to be calculated according to EN 1991-2, as a function of the “maximum dynamic response” and “maximum static
response”, where the meaning of the term “response” is not unambiguous. If the designer is to
provide a solution that complies with the standard employing the least effort, “response” can
be interpreted as “displacement”—particularly, “vertical displacement” when the deformation
is characterised by such type of motion, as it is the case during bending of beam-like structures.
Therefore, the question can be set forth as follows: is it possible to obtain a good approximation to the dynamic enhancement of internal forces (bending moments, shear force, etc.) by
using the dynamic enhancement corresponding to displacements?
Since the computation of dynamic displacements is simpler than for internal forces, an afﬁrmative answer to this question would have certain advantages: a coarser mesh could be used
and, principally, less modes are needed for a good convergence to the dynamic displacements
than to internal forces. The difﬁculties of convergence can be circumvented by using solution
methods that combine quasi-static analysis plus a dynamic increment with respect to the quasistatic solution, as González et al. employed for the shear forces in [2]. However, this approach
is not usually available in commercial Finite Element (FEM) codes. Additionally, less information is generated and manipulated if only displacements are postprocessed to obtain the impact
factors, which results in faster analyses and reduced possibilities of unnoticed errors.
For these reasons, this paper explores the possibility of approximating impact coefﬁcients
for internal forces by means of displacement-based coefﬁcients. The problem is addressed for
bending moments in continuous beams, which is a structural type of great interest in bridge
engineering. Timoshenko beam theory is used as a basis. While this theory is not expected to
produce results signiﬁcantly different from Bernoulli–Euler (B-E) theory for maximum resonant response of railway bridges —due to the usual slenderness of such structures—, there are
other applications of interest where Timoshenko beam theory could be required, as for instance
HyperloopTM tubes of large diameter and small thickness, recently analysed by the authors under the main expected design loads [3].
The dynamic response of continuous beams is determined here by modal analysis. The paper presents a systematic, ﬁnite-element based approach to compute the dynamic internal forces,
both in B-E and Timoshenko beams models under moving loads. In section 2 the closed-form
solution is presented for the vertical displacements and rotations according to Timoshenko’s
theory. Subsequently, the FEM approach is described in section 3. Section 4 presents a validation example of the FEM modal solution against the closed-form version. From there, obtaining
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the internal forces is straightforward. Section 5 shows an application to the computation of impact factors in a real four-span continuous bridge; the results are presented with a discussion
of several issues that come up with the resolution of this kind of problems, such as the poor
convergence of some magnitudes and damping modelisation. Finally, conclusions about the
similarities in the dynamic ampliﬁcation factors for different magnitudes are discussed.
2

CLOSED-FORM SOLUTION

Analytical methods for dynamic response of one-span Bernoulli-Euler beam under concentrated moving loads has been extensively developed in the last few decades. Regarding the
solution to this problem in the framework of Timoshenko’s beam theory, current existing publications address the question employing several methods such as modal expansion, integral
transforms or wave propagation functions to name just a few. A complete treatment is given in
the work of Kim et al. [4].
For the sake of completeness, the essential aspects of the solution corresponding to Timoshenko’s beam theory are summarised in this section. Classical modal expansion approach is
adopted here, in which the complete displacement ﬁeld is represented by means of a weighted
combination of the undamped system eigenfunctions, typically truncated for computational efﬁciency.
Aside from the beam model selected, as is well known, a deﬂection function convergence is
achieved with relatively low modes whereas bending moment and shear forces require far more
terms to attain a reasonable accuracy. Since conventional methods are not able to capture well
the discontinuities in shear diagram and bending moment slope generated at the concentrated
moving load location, some attempts has been made to overcome this limitations, see [5]. For
our purpose, the accuracy achieved with the modal superposition technique is enough to gain
insight into the impact factor properties for the bending moments.
Consider the governing differential equations of a Timoshenko beam model:


∂θy ∂ 2 w
∂ 2w
(1)
= qz
+
m 2 − ks GA
∂t
∂x
∂x2


2
∂w
∂ 2 θy
2 ∂ θy
mry 2 + ks GA θy +
− EIy 2 = my
∂t
∂x
∂x
Once the separation of variables has been imposed w(x, t) = W (x)eiωt , θy (x, t) = Ψ(x)eiωt
on the related homogeneous equation, the spatial displacement function W (x) will be the solution of the following compact equation,
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where the following dimensionless parameters has been deﬁned,
λ = √L
slenderness ratio
I/A
%
ω = ω m/EI L2 adimensional frequency
12EI
bending to shear stiffness ratio
η=
ks GAL2
%
Except for the critical frequency ω c = 12/η λ the general solution is in the form,
W (x) = A1 er1 x/L + A2 er2 x/L + A3 er3 x/L + A4 er4 x/L

(4)

which in turn can be reformulated in terms of trigonometric and hyperbolic functions,
W (x) = C1 sin(ax) + C2 cos(ax) + C3 sinh(bx) + C4 cosh(ax)

(5)

being,
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Additionally, taking into account the boundary conditions of a simply supported beam, these
coefﬁcients Ci can be established as a function of ω except for a constant of proportionality. In
order to let exist a non-trivial solution, the frequency equation for frequencies lower than ω c is
as follows,
−→

sin(aL) = 0

aL = hk π

(6)

Sorting the eigenvalues in increasing order (wk ; k = 1, n) and preserving the number of its
spatial half-waves hk (wave number), their associate eigenfuctions turn out to be,

x
Wk (x) = sin hk π
(7)
L


2 

−hk π
x
η ωk
Ψk (x) =
cos hk π
1−
L
12 hk π
L
in virtue of the orthogonality property of modes, the projection onto the modal space with the
displacement vector Nk (x) = (Wk (x) Ψk (x))T results in a set of independent non-homogeneous
second order differential equation.


P sin hk π Lx
2
q̈k (t) + 2 ζk ωk q̇k (t) + ωk qk (t) =
(8)
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2
with the equivalent modal mass
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its solution for an underdamped system will be,
⎧
(hk π vLt̃ )
⎨ 1 t e−ωk ζk (t−t̃) sin ωd (t − t̃) P sin
dt̃,
mL
k
ω dk 0
Meqk
2


qk (t) =
⎩e−ωk ζk (t−te ) q̇k (te )+ωk ζk qk (te ) sin (ω (t − t )) + q (t ) cos (ω (t − t )) ,
d
e
k
e
d
e
k
k
ωd

if t ≤ te
otherwise.

k

where,
ωdk = ωk
v
te = L/v

%

1 − ζ 2 damped angular frequency
load constant velocity
time when the load leaves the bridge

Adding up the contribution of all retained modes, the displacement and rotation response
will be respectively,
w(x, t) =
θy (x, t) =

n


qk (t)Wk (x)

1
n


(11)

qk (t)Ψk (x)

1

3

FINITE ELEMENT IMPLEMENTATION

An analytical formulation for a one-span simple supported beam has been presented in previous section. However, analytical solution for multiple-span bridges with general boundary
conditions is so arduous and cumbersome to obtain analytically that it is of common use to
employ numerical methods like, in most cases, the Finite Element Method [6]. The FEM permits a systematic implementation to solve general problems, so the implementation to solve the
moving load problem is particularly presented here in this section.
A Timoshenko beam element has been adopted to model the bridge behaviour, as well as the
Bernoulli-Euler to allow a comparison of results. Element mass and stiffness matrices follow
the formulation in [7], while the concentrated moving loads are assembled as equivalent nodal
loads to obtain the global matrices. The equation of motion of the bridge is given in terms of the
displacement vector x, and its derivatives ẋ, ẍ, the force vector f , mass matrix M and stiffness
matrix K as
M ẍ + K x = f

(12)

As well as in the analytical formulation, displacements are represented by a truncated base
of eigenvectors Φk , previously determined by a modal analysis.

k

|ω 2 M − K| = 0
x(t) =
qk (t) Φk
(13)
[ωk2 M − K] Φk = 0
1
The orthogonality property of the undamped eigenvectors permit the projection of the global
matrix equation onto the modal space turning into a set of independent second order differential
equations in which viscous modal damping ζk is then assigned.
q̈k (t) + 2 ζk ωk q̇k (t) + ωk2 qk (t) =
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After each mode coordinate qk (t) is obtained, the displacements are expanded as previously
stated 13. Internal forces, namely bending moment and shear force, are afterwards recovered
by means of the element stiffness matrices Ke and the displacement vector ue of their related
nodes.
F e = K e ue

(15)

Actually, element nodal loads consist of a contribution of stiffness, damping an inertial
forces. Inertial loads at nodes are a result of the space discretization and tends to vanish with the
mesh reﬁnement. Internal damping forces depends on the physical phenomena from which they
are originated. Introducing modal damping leaves the distribution of that forces undetermined
and a hypothesis on how they are generated is required to deﬁne damping forces. In any case,
for a conventional structure damping ζ is usually below 3%, which would represent a negligible
contribution to the total internal force. Thus, if the mesh is reﬁned enough, the stiffness part
can be retained as a very good approximation to the total internal forces.
4
(a)

F
V accuracy of the FEM approach and appropriA validation case is now deﬁned to assess the
span 1
span 2
span 3
span 4
ately tune up the model parameters such as mesh density,
number of retained
modes, integration
time step, etc. Finally, FEM results are compared with the analytical solution for a concentrated
l = 13.5 m
l = 18.0 m
l = 18.0 m
l = 13.5 m
force moving across a simple supported beam with a constant velocity.

4.1
(b)

VALIDATION. SIMPLY-SUPPORTED BRIDGE

BRIDGE PROPERTIES

V
A four-span continuous bridge from the Swedish railway network has been selected
as a
typical structure for the analysis to be presented in the following sections. See the bridge section
properties in Figure 1 and spans length in Figure 3. To deal with the closed-form solution one
d =2m
D = 20 m
central span has been
taken apart as thebavalidation model which is depicted in Figure 1 (right).
7.40 m
7.40 m
4.40 m
4.40 m

(c)

V
1.72 m
1.72 m

l = 18.0 m

6.14 m
6.14 m

Figure 1: Bridge Section and one-span moving load model.
Figuras Articulo HL

1

Section properties are as follows: cross-section area A = 6.46 m2 , second moment of area
about an horizontal axis passing through the c.o.g. I = 1.69 m4 with a linear mass density m =
21400 kg/m including self and death weight. Flexural to shear stiffness factor is estimated in
ks = 0.461 to be used in the Timoshenko beam model. Material properties are E = 36.0 GPa,
ν = 0.3 with a viscous critical damping ratio of ζ = 1.14% for prestressed structures according
to [1].
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4.2

FEM RESULTS vs. CLOSED-FORM SOLUTION

In a single-span SS beam the ﬁrsts few lower modes are the major contributors to the displacement response, with a fast convergence to the complete solution. Therefore, in this section
both analytical and FEM displacement variables are expanded with the contribution of the ﬁrst
ﬁve modes.
As can be seen in Table 1, with a mesh of 100 elements, relative error of FEM compared to
the analytical solution is negligible. Even with 0.75m element length (24 elem) is enough to
accurately capture up to 5 modes with a relative error less than 1.0%.
An interesting fact is that the ﬁrst two eigenfrequencies from B-E theory are quite similar to
that of Timoshenko theory, while higher modes are appreciably stiffer with the B-E modelisation.
frequency (Hz)
Timoshenko
Bernoulli-Euler
r (%)
Mode no. Analytic FEM
r (%) Analytic1 FEM
1
7.968 7.968 0.000%
π2 k
8.175 0.000%
2
29.76 29.76 0.000% (2π)2 k 32.70 0.000%
3
60.97 60.97 0.000% (3π)2 k 73.57 0.000%
4
97.62 97.62 0.001% (4π)2 k 130.8 0.000%
5
137.1 137.1 0.002% (5π)2 k 204.4 0.000%
1

Conversion factor from dimensionless frequency to the angular frequency k =

%

EI/m/(2πL2 )=0.828Hz

Table 1: Timoshenko vs Bernoulli-Euler eigenvalues.
Figure 2 illustrates the displacement transient response of the mid-span section when the
beam is traversed by a concentrated load of 100 kN. An excellent agreement of the FEM solutions compared with the analytical one is obtained with a 100 elements mesh for two different
load velocities in a one-span simple supported bridge. Changes to the spatial discretisation
show that even with a coarse mesh of 4 elements reasonable accuracy is achieved. The use
of different beam models arise some perceivable differences in the transient response, but the
maximum response is quite similar in this example.
TSK Analytical sol.
BNU Analytical sol.
TSK FEM 4el
TSK FEM 100el
TSK Analytical sol.
BNU Analytical sol.
TSK FEM 4el 5m
TSK FEM 100el 5m

Figure 2: Analytical and FEM displacements (TSK - Timoshenko; BNU - Bernoulli-Euler beam
model).
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5

REAL CASE STUDY. FOUR-SPAN BRIDGE

As mentioned before, one four-span continuous bridge from the Swedish railway network
has been selected as a real case study. Figure 3 shows the spans length and Figure 1 depicts the
beam section dimensions whose properties has been described in Section 4.1
5.1

LOAD CASES

Two cases of constant velocity moving loads are considered, and presented in Figure 3. Case
(a) is a single concentrated moving load 100 kN, while (b) is an articulated train (HSLM-A
Train A-3, as deﬁned in [1]) comprising a series of coaches with axle loads of 180 kN.
F
(a)

span 1

span 2

l = 13.5 m

V
span 3

l = 18.0 m

l = 18.0 m

span 4
l = 13.5 m

V

(b)
D = 20 m

dba = 2 m

Figure 3: Bridge dimensions, support conditions and load set (a) single load, (b) HSLM-A3
trainset.

5.2

IMPACT FACTORS

In order to compare the impact factors (IF) of displacements and bending moments, both
are evaluated at the mid-span sections. The IF is deﬁned simply as the ratio between the maximum dynamic effect divided by the maximum static effect. First, positive bending moments at
mid-span are compared with downward displacements in order to analyse possible similarities.
Later, negative bending moments will be also discussed. A 0.75m mesh element length has
been used and response variables are expanded with the contribution of 5 clusters of modes. A
cluster is considered as group of (similar) frequencies equal to the number of spans, which is
typical in continuous beams.
IFs for a single load, Figure 4, does not display too prominent peaks, and values remain lower
than 1.2 in the analysed velocity range. Its aspect reminds of the classical dynamic inﬂuence
lines, obtained for one load in a single span [8]. While for central spans maximum value appears
at 300-350 km/h, outer spans seems to increase their level at velocities higher than 400 km/h.
Also, the curves for spans 1-2 are smoother than for spans 3-4. Of great interest is that IFs for
positive bending moment follow in general the same tendency than the displacement ones for
each span, with somewhat lower values.
When a train of loads is considered, the system can be expected to develop resonance at
certain speeds. Figure 5 presents a noticeable peak around 340 km/h that is more prominent
in spans 1-2-3. Interestingly, as it happened for the single concentrated load, positive bending
moment IFs follow the same tendency than the displacement ones, being slightly lower.

4380

Benjamı́n Pinazo, Salvador Monleón, Carlos Lázaro, and Pedro Museros
Mid-span 2 & 3

Mid-span 1 & 4

sp-2 displ.
sp-2 Moment
sp-3 displ.
sp-3 Moment

sp-1 displ.
sp-1 Moment
sp-4 displ.
sp-4 Moment

Figure 4: IF for a single concentrated moving load, ζ = 1.14%, outer spans (left) and inner
spans (right).
Mid-span 1 & 4

Mid-span 2 & 3

sp-1 displ
sp-1 Moment
sp-4 displ
sp-4 Moment

sp-2 displ
sp-2 Moment
sp-3 displ
sp-3 Moment

Figure 5: IF for HSLM-A3 train, ζ = 1.14%, outer spans (left) and inner spans (right).
As it was expected, a decrement in the damping factor produce a higher ampliﬁcation of the
IF as can be seen in Figure 6. All the conclusions from the previous analyses are applicable to
this case as well.
In this case, the fact that IFs for positive bending moment follow the trends of the displacement IF, being slightly lower, is in accordance with the usual procedure followed in many
technical ofﬁces, in which the displacement IF is also applied for the strength veriﬁcation at
ULS, as it was mentioned in the introductory section.
Mid-span 1 & 4

Mid-span 2 & 3

sp-4 Moment
sp-4 displ
sp-1 Moment
sp-1 displ

sp-3 Moment
sp-3 displ
sp-2 Moment
sp-2 displ

Figure 6: IF for HSLM-A3 train, ζ = 0.50%, outer spans (left) and inner spans (right).
However, the situation is not so clear when negative bending moments at the supports are
analysed. Figures 7 to 9 show the IF for the negative moment in all three supports, along with
the IFs corresponding, in each case, to the mid-span sections of both adjacent spans, as well
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as the average displacement IF of both mid spans. We designate support 2 the one located at
the left end of span 2, according to Figure 3, and similarly for supports 3 and 4. Focussing
on the resonant speed determinant for the bridge design, one ﬁrst conclusion is that IFs for
negative bending moments are lower compared to positive bending moments. Moreover, the
approximation via displacement IFs is not satisfactory: in supports 2 and 3 the displacement
coefﬁcients overestimate the negative bending moment impact, see Figures 7 and 8; besides,
in support 4 the correlation of the peak is good with the average of the displacements, but the
curves are irregular in that speed range and no clear trend can be established (Figure 9).

supp-2 Moment
sp-1 displ
sp-2 displ
sp-1,2 displ (avg.)

Figure 7: IF for HSLM-A3 train, ζ = 1.14%, support 2.

supp-2 Moment
sp-2 displ
sp-3 displ
sp-2,3 displ (avg.)

Figure 8: IF for HSLM-A3 train, ζ = 1.14%, support 3.

supp-4 Moment
sp-3 displ
sp-4 displ
sp-3,4 displ (avg.)

Figure 9: IF for HSLM-A3 train, ζ = 1.14%, support 4.
These ﬁndings suggest that using displacement-based impact factors to amplify static negative bending moments may be less accurate than for positive bending moments. Nevertheless,
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such conclusion is based in the analysis of one representative example and needs further veriﬁcation.
6

CONCLUSIONS

In this paper a Finite Element approach based on Timoshenko beam theory for the calculation of dynamic impact factors in continuous beams has been presented. The time-varying
amplitudes of the modal coordinates have been validated against a closed-form solution of the
equations of motion. The inﬂuence of mesh reﬁnement has been discussed.
Subsequently, the impact factors for positive bending moments at mid-span have been compared with those of downwards displacements. Impact factors for negative bending moments
have been scrutinised as well. First, a single travelling load has been considered; secondly, the
effects of a high-speed train capable of producing resonance have been analysed for an actual
four-span, single-track, continuous railway bridge. In light of the outcomes of these analyses it
can be concluded that:
• Though it is sometimes believed that continuous bridges are largely immune to resonance,
results for the four-span bridge studied here under the HSLM-A3 train display a prominent peak around 340 km/h, with impact factors as high as 1.6 (for damping ζ = 1.14%),
or 2.1 (for damping ζ = 0.5%).
• Inner spans present higher resonant peaks than the end spans.
• Impact factors for positive bending moment follow the same tendencies of the displacement ones for each span, with slightly lower values.
• The preceding conclusions related to the impact factors are valid for different levels of
structural damping.
• The use of displacement-based impact factors to amplify static negative bending moments
may be less accurate than for positive bending moments.
• As it is known, Bernoulli-Euler beam theory overestimates natural frequencies with respect to the Timoshenko beam model. Particulary, the ﬁrst two natural frequencies of a
single-span railway bridge have been found to be quite similar—specially the ﬁrst one.
The difference increases noticeably for the higher modes.
7
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Abstract. This work presents a novel numerical framework for dynamic analyses of structure
systems within the meshless approach Smoothed Particle Hydrodynamics (SPH) method. The
Lagrangian solver DualSPHysics presents several advantages over the widely used Eulerian
solvers, dealing with nonlinearities and multiphase phenomena with reasonable numerical stability and reliability. The proposed procedure exploits the mechanical features provided by
the Project Chrono library to simulate elastic beams. The modelling procedure is of interest for
studying complex soil-, solid-, ﬂuid-structure interactions, involving a system that includes all of
the aforementioned phases in a unitary context. The analytical formulation to pass information
over to the SPH solver for generating a sub-assembly of rigid stubs and elastic hinges, that will
mimic the behavior of a Euler-Bernoulli ﬂexible beam, is presented. The approach is validated
against theoretical Euler-Bernoulli solutions: the agreement between the theoretical solutions
for the behavior of the ﬂexible beams and the presented model is very good and increases when
the number of elements that make up the beam, N , increases. In addition, the behavior of the
ﬂexible beam thus created in the SPH environment is validated considering a sensitivity analysis based on several parameters, such as the model resolution (initial interparticle distance)
and the number of elements.
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1

INTRODUCTION

The Meshfree Particle Methods (MPMs) present several advantages over mesh-based methods, like the natural ability to solve multi-mechanics problems: the Lagrangian nature of this
family of numerical methods allows to compute, with relative ease, multi-mechanics problems
involving complex interfaces and moving boundaries. In particular, the Smoothed Particle Hydrodynamics (SPH) method, is, by now, well established in the Computational Fluid Dynamics
(CFD) discipline, and its effectiveness has been proven in several works, especially when dealing with free-surfaces ﬂows and large deformations [1].
The DualSPHysics code has been applied to several multiphysics phenomena, for example in coastal engineering simulations: to compute forces exerted by large waves on the urban
furniture of a realistic promenade [2], to study the run-up on a real armour block coastal breakwater [3, 4] and to simulate large waves generated by land-slide events [5]. Other successful
applications of DualSPHysics are performed in the ﬁeld of renewable energies, for example
the simulation of Wave Energy Converters (WECs) in several contexts: from the study of the
moorings and ﬂoatings dynamics [6, 7, 8, 9], to the efﬁciency [10] and survivability [11] analysis when combined with closed loops [12, 13], PTO systems [4, 14] or non linear mechanical
constraints [15]. These works present ﬁrst attempts of reproducing the effects of power take-off
systems through simpliﬁed, although reliable, approaches. Speciﬁc validation of Fluid Structure Interactions (FSI) in DualSPHysics are provided by [16]. However, an option to model
ﬂexible objects is not yet available.
In this work, the potentiality of an SPH-based solver, DualSPHysics [17], augmented with
the Project Chrono library [18], developed as a general purpose simulation framework for multibody problems, are utilized to simulate the ﬂexural behavior of one-dimensional beams. Other
approaches to this issue, with the SPH formulation, can be found in several works (for example, [19, 20, 21, 22]). Rigid bodies and mutual constraints allow developing an alternative
framework for the dynamics analysis of structural systems, able to reproduce extremely high
deformations of ﬂexible elements, under complex and time-variant load conditions, or impacts
- useful for simulating the response of engineered structures under the menaces of hazardous
natural events. The aforementioned numerical architecture, in fact, provides a robust and reliable framework for studying ﬂuid-solid interaction, handling arbitrarily deﬁned ﬂuid-structurestructure coupled systems, consenting to specify mutual and/or absolute constraints, such as
joints and sliders. SPH is a suitable method for modelling water-related natural hazards due to
its characteristics [23, 24].
The proposed beam model relies on a lumped elasticity formulation, in which the only deformation allowed is represented by the relative rotation between consecutive trunks. A similar
representation can be found in [25], while a valid application of this formulation to structure
collapse is presented in [26]. To improve this work, following [25] and [26], the interactions
between the rigid bodies, modelled as mutual constraints, can be characterized by elastic, then
plastic behavior, up to a threshold value of stress that determines the collapse. For the peculiarities of the Lagrangian-based method here presented, the latter situation is reproducible with
relative ease, encouraging further investigations. In the SPH-based framework, the dynamics of
the trunks, and so of the beam as a whole, depends on the Newton’s equations for rigid bodies,
computed taking into account the mutual constraints and the interaction with external forces.
A numerical algorithm developed from classical static theories is here proposed (i.e. EulerBernoulli (EB) beam theory), and implemented in DualSPHysics to simulate linear elasticity,
using the features provided by the coupling with Project Chrono. In the following, after the
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presentation of the SPH formulation implemented in the DualSPHysics code, and its coupling
with Project Chrono, the theoretical approach is formulated and validated against EB solutions.
Then, the proposed approach is reproduced in DualSPHysics by combining hinges and rigid
bodies and their response in investigated.
2

SPH FORMULATION

MPMs in general refers to the class of meshfree methods that employ a set of ﬁnite number
of discrete particles to represent the state of a system and to record its movement. Each particle
can either be directly associated with one discrete physical object, or be generated to represent
a part of the continuum problem domain. For CFD problems, each particle possesses a set of
ﬁeld variables such as mass, momentum, energy, positions etc., and other variables (vorticity,
etc.) related to the speciﬁc problem. The advantages of the MPMs methods over conventional
grid-based numerical methods can be roughly summarized as follows:
• the problem domain is discretized with particles without a ﬁxed connectivity, so treatment
of large deformation is relatively easier;
• discretization of complex geometry is simpler as only an initial discretization is required;
• it is easy to obtain the features of the entire physical system through tracing the motion
of the particles, therefore, identifying free surfaces, moving interfaces and deformable
boundaries, is no longer a tough task.
Among the MPMs, the Smoothed Particle Hydrodynamics (SPH) method is employed in the
present work.
2.1

Principles of the SPH method

The strategy in SPH is to discretize the physical domain (ﬂuid and/or solid objects) into
a set of particles, where the physical quantities (position, velocity, density and pressure) are
obtained as an interpolation of the corresponding quantities of the surrounding particles. The
contribution of those particles is weighted using a kernel function, with an area of inﬂuence that
is deﬁned using a characteristic smoothing length. This discretization process is divided into
two key steps [27].
The ﬁrst step is the integral representation or the so-called kernel approximation of ﬁeld functions, consisting in the integration of a multiplication of an arbitrary function and a smoothing
kernel function. The integral representation of a generic spatial function f (r) within an integral
volume Ω, is given by:

< f (r) >=
Ω

f (r’)W (r − r , h)dr

(1)

where W is the so-called smoothing kernel function or kernel. In the smoothing function, h is
the smoothing length deﬁning the inﬂuence area of W (Figure 1).
The second step is the particle approximation. The integral representation is approximated by
summing up the values of the nearest neighbor particles, which yields the particle approximation
of the function at a discrete point (particle).The position rb is deﬁned as the position of a particle
having a ﬁxed mass mb and a ﬁnite volume Vb , related by
Vb =

mb
ρb
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where ρb is the density of particle b = 1, . . . , Np in which Np is the number of particles within
the support domain of particle a. The integral representation can be written in a discrete form
for a particle a, b being part of its support domain:
< f (ra ) >=

Np

mb
b=1

ρb

f (rb )Wab

(3)

where:
Wab = W (ra − rb , h)

(4)

The kernel function, hence, plays a fundamental role in the SPH method. In DualSPHysics
the Wendland [28] quintic kernel function is utilized:
⎧

⎨ 1 − q 4 (1 + 2q) 0 ≤ q ≤ 2
(5)
W (r, h) = αD,n
2
⎩
0
2<q
where:

r
|r − r |
=
h
h
and αD,n is a constant depending on the dimension of the problem.
q=

(6)

W(|ra-rb|,h)

Ω
b

rab

a
κh

Figure 1: Smoothing kernel function.

2.2

Governing equations for rigid bodies

Rigid bodies are sub-sets of SPH particles, the variables of which are integrated in time with
the Newton’s equations for rigid body dynamics, in the domain frame reference.
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The equations of motion are:
dV
(7)
= FΩ
dt
dΩ
J
= FΩ
dt
where FΩ is the total moment with respect to the center of mass, and they assume the following aspect in particle approximation:

dVI
duk
MI
mk
=
(8)
dt
dt
k∈I

duk
dΩI
=
JI
mk (rk − RI ) ×
dt
dt
k∈I
M

where the body I posses a mass MI , velocity VI , inertia tensor JI , angular velocity ΩI and
center of gravity RI . The vectorial quantities are computed at every time step (discretizing
the temporal derivative dtd ). The force by unit mass applied to the particle k belonging to I is
expressed as mk dudtk , encompassing body forces (gravity) and external loads resultants. The net
force on each boundary particle is computed according to the sum of the contributions of all
surrounding ﬂuid particles according to the designated kernel function and smoothing length. It
is clear that every particle within the body has a velocity given by:
uk = V + ΩI × (rk − RI )

(9)

These equations are integrated in times over a staggered interval, in DualSPHysics, using a
computationally simple Verlet based scheme that guarantees a second order spatial accuracy.
For more details about rigid bodies in DualSPHysics, [29] is suggested.
2.3

Coupling scheme

Mechanisms involving contacts and impacts between parts can be modeled in terms of multibody systems with unilateral constraints. Considering the success of SPH for ﬂuid descriptions
and non-smooth multi-body solvers for mechanical systems, attempting to couple both under a
generalized framework should provide new simulation possibilities, by leveraging the strengths
of both methods. Project Chrono is able to simulate a wide range of physical problems, but at
the moment, DualSPHysics uses the rigid body, constraints and collision detection parts of the
library. This allows to use a set of bodies described in meshes, deﬁne restrictions applied to
the bodies (from the implemented list of joints, hinges and springs) and compute interactions
between bodies, in a similar fashion of the DEM implementation, but in a more stable manner.
The implementation strategy is to couple both models with a message passing interface.
Once quantities from the rigid bodies are computed by DualSPHysics (Equation (8)), the time
step, along with the linear and angular accelerations from each body, are sent to the Project
Chrono module [16]. For that time step, Chrono returns the linear and angular velocities, as well
as centres of mass position, computed by integrating the ﬂuid contributions with the dynamic
or kinematic restrictions of the system, including collisions.
3

LUMPED ELASTICITY FORMULATION

The developed approach is based on the discretization of a one-dimensional element (Figure 2) deﬁned under the assumptions of the EB theory, which are here brieﬂy recalled. Being x
the abscissa that identiﬁes the beam axis:

4389

Capasso et al.

• the longitudinal axis of the unloaded, undeformed beam, is rectilinear;
• small shifts;
• inalterability of the cross section, i.e. always planar;
• the generic cross section Σ(x) is always orthogonal to the axis, also in the deformed
conﬁguration;
• isotropic elastic material;
• x dimension predominant with respect to y, z.
As a consequence of these assumptions, considering the behavior of the beam to be only ﬂexural, the function which uniquely describes its deformation is the vertical displacement function
v = v(z), namely the elastic line equation (Figure 2). Furthermore, every cross section is characterized by inﬁnitesimal rigid displacements, expressible as a summation of a translation (v)
and a rotation (ϑ) around its centre of mass G.
L

(a)
Σ(0)

(b)

Σ(x)

G(0)

G(x)

Σ(x)

G(0)

Σ(L)

G(x)

G(L)

x

G(L)

x

ϑ(x)
v(x)

z

z’
y

y’

Figure 2: Representation of a beam with rectilinear axis (a), and relative kinematic parameters (b).

Following these considerations, it is possible to reproduce the displacement function with
the ﬁnite element representation, in which the elements assume a physical dimension, and thus
the latter are governed by the rigid body kinematics. In fact, a generic derivable function, in
this case v = v(x), can be replaced with a series of local deﬁned low-order functions ψi , which
interpolate between the v(xi ) = vi values:

ψ i vi
(10)
v(z) ≈
i

In case ψi is a ﬁrst order polynomial, the approximation is linear, which can be materially
represented by rigid elements, from now on trunks. The numerical properties of the interpolation polynomials are physically the positions and the lengths of the trunks, whose ending cross
section are equipped with rotational hinges. The hinge positions, related to a generic trunk,
identiﬁed respectively as i and i + 1, are expressible with a single rotational parameter, namely
ϑi (Figure 3). The displacement of the point i + 1 is known, once the the angle ϑi (rotation in i)
is note; from the Equation (9) we have:
ui+1 = Ωi × ri,i+1

(11)

.
which becomes in a two-dimensional EB framework, being ri,i+1 = ri+1 − ri = Δx, and
assuming Ω = {0, 0, ϑi }:
(12)
vi+1 = sin ϑi Δx
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The proposed numerical model is elaborated for a cantilever, but its approximations can be
extended to any kind of Boundary Conditions (BC). This particular statical scheme was chosen because several FSI problems present models akin to this one, and also various validation
processes are based on cantilevers (see [30, 31]). The cantilever, hence, is discretized as a
set of rigid trunks and rotational hinges [25]. The hinge is characterized by a proper value of
rotational stiffness Kϑ,i , constant with the length of the trunk Δx, that is deduced from the
geometrical e mechanical properties of the section.
Δx

(a)

(b)

Kϑ,i
i

Rigid element Δxj=1
Mij

i+1
Mi

Hinge i

ϑi

Δxj

ϑi

Hinge i+1

Fj

dij

Figure 3: Vertical displacement of the end of a rigid trunk (a), and discretization scheme (b).

3.1

Numerical discretization

Let us consider the cantilever section in the plane {x, y}, of length Ls and thickness hb , the
beam axis being axis of symmetry and coincident with x. Let As = hs bs be the area of the cross
section, assumed rectangular and constant, bs being the base, aligned with x, Is the moment of
inertia, Es and ρs rispectively the Young’s modulus and density of the material. The beam is
arbitrarily divided in N (identiﬁed with the subscript j) trunks Δx, linked with N (identiﬁed
with the subscript i) hinges (Figure 5). In case of constant spatial discretization, we can deﬁne:
Ls
(13)
N
.
and the generic abscissa is x(i) = xi . Within this framework, following the assumption that the
behavior of the beam is only ﬂexural, as visible in the elastic line equation:
Δx =

M (x)
d2 v(x)
=
−
(14)
dx2
Es Is
the moment is the only components of tension to be dealt with. The moment Mij is deﬁned as
the moment created by the j − th resultant with respect to the i − th hinge:
Mij = dij Fj

(15)

where dij is the lever arm of the force Fj , applied in the center of mass Gj of the trunk, with
Gj > xi . The total moment referred to the i − th hinge is:

. 
Mi =
Mik =
dik Fk
N

N

k=j

(16)

k=j

The local rotation ϑi of the i − th hinge is proportional to the total moment calculated in the
section xi , by the rotational stiffness, following the theory of linear elasticity:
Mi
ϑi =
(17)
Kϑ,i
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This value, which characterizes the ﬂexural behavior of each trunk, can be computed once
the external load is known. To secure a correct numerical result for a cantilever scheme, the
rotational stiffness of the bearing (ﬁrst section) has to be doubled with respect to the generic
stiffness value, since the ﬁrst trunk can be considered semi-ﬁxed. Thanks to rigid body kinematics is possible, then, to obtain the complete displacement function of the beam; let
ϑi =

i


ϑk

(18)

k=1

be the total rotation of the i − th hinge;
v i+1 = Δxj=i sin ϑi

(19)

is, hence, the local vertical displacement of the section xi+1 , and
vi =

i


vk

(20)

k=1

is the total vertical displacement.
This numerical approach, being based on an equilibrium (Equation (17)), can be naturally
extended in the dynamic framework of DualSPHysics and Project Chrono, once deﬁned the
governing parameters to be transmitted: number and dimensions of the trunks and the stiffness
related to each hinge. To complete the implementation of the one-dimensional elastic element
in DualSPHysics, the resolution parameter dp has to be deﬁned, namely the initial inter-particle
distance, as function of the beam thickness hs :
.
dp =

hs
pp(hs )

(21)

where pp(hs ) is the number of particles per straight section.
4

Validation

The use of the SPH formulation to discretize one-dimensional ﬂexible elements has two
main, and consequential, objectives:
1. demonstrate that a ﬁxed set of particles is able to reproduce, properly, the behavior of a
rigid element, subject to active (force dudtk applied to the k − th particle, computed with
Equation (8) by DualSPHysics) and reactive (forces exerted by the mutual and absolute
constraints, computed by the Project Chrono module) forces, and that several rigid elements and links can be combined to mimic one-dimensional ﬂexible beams;
2. proved the ﬁrst statement, the potentialities of the SPH method can be exploited: due
to the use of rigid body dynamics, high order elasticity formulations are not required
to compute extremely high deformations; the natural ability to reproduce free-surface
ﬂows, impacts, complex interfaces, can be used, then, to investigate ﬂuid elastic-structure
interactions (for example [20, 32, 33]).
The validation is based on a static comparison between the analytical and numerical displacement function of a cantilever: being the DualSPHysics framework dynamic, the results of
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a static case can be generalized with ease to a wide ﬁeld of dynamic conditions. The potentialities of this approach in the SPH framework are, then, shown in several works, which represent
various possible physical contests, like interaction with free-surfaces ﬂows or dynamics impacts
with ﬂuid mass (reproducing a dambreak ﬂow impacting a ﬂexible obstacle [31, 33]).
4.1

Cantilever test case: static validation

Here the graphics of the statical deﬂection of the beam, compared against the EB solution,
are exposed. The elastic line equation for a cantilever gives:
qs L2s x2 qs Ls x3
qs x 4
−
+
(22)
4Es Is
6Es Is
24Es Is
where qs = qs (x) is the vertical load (only gravitational load, in this case).
The sensitivity analysis on the model is conducted with variable number of trunks (N ) and
with different values of resolution. The displacement function in the DualSPHysics dynamic
framework is obtained by adding a linear spring element at the free end of the cantilever, as
schematized in Figure 4. The circles in Figure 4(b) represent the hinges, that mutually link the
trunks, identiﬁed with the color bar and a number mk.
van (x) =

fixed boundary

c=0,08 [Ns/m]
trunk j=i
hs=0,005 m
hinge i
Ls=0,079 m

(a)

(b)

Figure 4: Simulation set-up (a) and relative SPH model (b).

The ulterior constraint works uniquely as a liner damper, being the stiffness value set to zero,
thus affecting only the velocity of the oscillation and yielding to the steady state for the system.
In the two-dimensional {O, x, z} space of our simulations, the force exerted by the additional
constraint is:
Fls = cuv,z
(23)
where c is the damping, considering the cantilever axis parallel to x axis.
In the Table 4.1, the model information necessary for the DualSPHysics simulations is recalled, with clear signiﬁcance of the nomenclature. The simulation shows the rising agreement,
in the SPH framework, depending on the number of trunks. The agreement is good, and the
model can be considered effective with the ﬁrst value of resolution,
dp =

0.005
= 0.001 [m]
5

(24)

the displacement function being properly ﬁtted (Figure 5(a)), despite a small deviation around
the centerline, regardless of the number of trunks.This is highlighted in the zoom (Figure 6(a)).
By doubling the resolution, instead, the numerical solution is perfectly reproduced (Figure 5(b)).
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Dimensions
Ls [m]
0.079
0.005
bs [m]
0.005
hs [m]
Physical characteristics
ρs [kg/m3 ]
1100
1.2E+7
Es [N/m2 ]
9.81
g [m/s2 ]
c [Ns/m]
0.08

v(x); van(x) [m]

an

v(x); v (x) [m]

Table 1: Dimension and physical characteristics of the cantilever.

x [m]

x [m]

(a)
10 -3

0

-0.5

v(x); v (x) [m]

-0.5

-1

-1

an

v(x); van(x) [m]

10 -3

0

-1.5

-2

-2.5

-1.5

-2

0

0.01

0.02

0.03

0.04

0.05

0.06

0.07

0.08

x [m]

-2.5

0

0.01

0.02

0.03

0.04

0.05

0.06

0.07

0.08

x [m]

(b)
Figure 5: Comparison between the DualSPHysics results and the analytic solution: ﬁrst value of resolution (dp =
1 [mm]) (a), and second value of resolution (dp = 0.5 [mm]) (b).

It is safe to say, after this test, that the software is able to simulate the static displacement
function of an EB cantilever, and the model converges with the analytical solution as the number
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of trunks increases, as visible in Figure 6. With a higher number of particles the precision is
very high (Figure 6(b)), but more costly in terms of computation, since the resolution value is
unique for all the simulated domain. The particle analysis on the beam model shows that beyond
a certain value of particles per cross section, the agreement remains unchanged. These two
values, the number of trunks and the number of particles, inﬂuence the computational effort: the
former by increasing the number of interactions to be computed by the Project Chrono module,
the latter by increasing the number of discrete entities where the ﬁeld variables have to be
calculated by DualSPHysics, with more neighbors within each support domain. With N = 10,
as seen in Figure 5, the model is already effective in simulating one-dimensional beams; for
what concerns the resolution value, an adequate value of pp(hs ) is enough to guarantee the
numerical stability. It means that, in complex simulation involving ﬂuid domains, the resolution
needed for the beam constitutes the lower limit, which could be increased if required by other
relevant conditions, just as the number of trunks, which can be raised if there are particular
situations or a very high precision is required.
EB solution
N=5
N=10
N=20

v(x); van(x) [m]

an

v(x); v (x) [m]

EB solution
N=5
N=10
N=20

x [m]

x [m]

(a)

(b)

Figure 6: Convergence analysis of DualSPHysics results: ﬁrst value of resolution (dp = 1 [mm]) (a), and second
value of resolution (dp = 0.5 [mm]) (b).

5

CONCLUSIONS AND FUTURE WORK

The results show very good agreement between the analytic solutions and the presented
model, highlighting its applicability to elastic cantilevers, or comparable static schemes, interacting with ﬂuid or, in general, subject to dynamic impacts, time-variant load conditions,
causing extreme deformations and high order effects. The numerous advantages of the SPH
formulation, hence, allow thorough investigation of structure models, based on the proposed
lumped elasticity discretization.
The solid framework of DualSPHysics and Project Chrono, moreover, offers the possibility
to simulate complex multiphysics problems, making it suit to real-world engineering problems.
Possible application ﬁelds are:
• ﬂow-structure interactions of coastal vegetation;
• swinging of wind turbine columns subject to waves or seismic action;
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• modelling of vibrations of one-dimensional structures interacting with Newtonian or nonNewtonian ﬂuids; and
• structure collapse.
In conclusion, the simplicity, the effectiveness and the wide possibilities of implementation,
in several ﬁelds, make this model a valuable starting point to investigate ﬂuid elastic-structure
interactions, or, more widely, elastic structure dynamics.
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[3] C. Altomare, A.J.C. Crespo, B.D. Rogers, J.M. Dominguez, X. Gironella, and M. GómezGesteira. Numerical modelling of armour block sea breakwater with smoothed particle
hydrodynamics. Computers & Structures, 130:34–45, 2014. ISSN 0045-7949. doi: https:
//doi.org/10.1016/j.compstruc.2013.10.011. URL https://www.sciencedirect.
com/science/article/pii/S0045794913002824.
[4] Z. Zang, Q. Zhang, Y. Qi, and X. Fu. Hydrodynamic responses and efﬁciency analyses of
a heaving-buoy wave energy converter with pto damping in regular and irregular waves.
Renewable Energy, 116:527 – 542, 2018. ISSN 0960-1481. doi: https://doi.org/10.1016/
j.renene.2017.09.057.
[5] Renato Vacondio, Benedict Rogers, P.K. Stansby, Paolo Mignosa, and Jon Feldman.
Variable resolution for sph: A dynamic particle coalescing and splitting scheme. Computer Methods in Applied Mechanics and Engineering, 256:132–148, 04 2013. doi:
10.1016/j.cma.2012.12.014.
[6] Minghao Wu, Vicky Stratigaki, Tim Verbrugghe, Peter Troch, Corrado Altomare, Alejandro Crespo, Dogan Kisacik, Lorenzo Cappietti, José Dominguez, Matthew Hall, Moncho
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L. Cappietti, and M. Gómez-Gesteira. Sph simulation of ﬂoating structures with moorings.
Coastal Engineering, 153:103560, 2019. ISSN 0378-3839. doi: https://doi.org/10.1016/j.
coastaleng.2019.103560.

4396

Capasso et al.

[9] Alejandro Crespo, Matthew Hall, J.M. Domı́nguez, Corrado Altomare, Minghao Wu,
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Abstract
Mullions are important structural windows elements that provide their resistance to wind
forces. These elements are of fundamental importance for the energy balance of the building
since their structural behavior deeply affects its energy losses. A proper structural design of
the windows mullions is therefore important for evaluating a suitable stiffness indicator of the
mullions to avoid energy losses. In the present paper, a parametric study aiming to investigate the wind-induced displacements of the window mullions and their compatibility with
their thermal barrier has been conducted. The proposed study aims to evaluate a proper moment of inertia of the aluminum profiles forming the mullions as a function of the windows
exposition for different wind forces depending on the elevation of the building in which the
window has been installed.
Keywords: wind induced effects, window mullions, stiffness indicators.
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1

INTRODUCTION

The This paper discusses the turbulent wind effects on the window mullions for different wind window expositions and different wind velocities. A proper design of the window mullions is of paramount importance for the energy balance of the building since
their structural behavior deeply affects the energy losses of the building [1].
At present, it is always a big challenge for architects and planning engineers to design
new buildings with different shapes with respect to the fact that the wind load is an important input parameter in the design of the windows. Wind forces acting on windows are
strongly dependent on the building shape, on the environment and by the orographic in
which the building has been built, such forces are usually determined by using Computational Fluid Dynamics (CFD) techniques or wind tunnel experiments [2].
In the present paper, a parametric study aimed to investigate the wind-induced displacements of the mullions and their compatibility with the energy losses of the building
has been conducted, the study aims to assess a proper stiffness indicator of the mullions
as a function of the window elevation.
2

DIGITAL SIMULATION OF WIND FIELD VELOCITY

Wind load simulation has been studied acting on the mullions through spatial discretization of the wind field using an idealized grid. At each node of the grid partially correlated wind turbulence time histories of the along-wind field (primary) load component are
synthetically generated by the standard wave superposition method [2, 3]. The turbulent
wind load, generated by assuming the validity of the quasi-steady formulation for pressures and equivalent forces (based on tributary areas), has been imposed for a duration
equal to 600s, with a time step Δt = 0.01s and evaluated for elevation of the idealized grid
(Fig.1).
The pressure coefficients of the surface window Cp have been obtained and adapted
from the results by Hubova et al. [4] in the present case has been prudentially taken Cp=1.
Mean wind velocity U ( H ) can be found through the following relation according to the
reference wind speed Uref,, and the constants kT and z0 provided by the Eurocode 1 [5]:
U ( H ) U ref kT ln

H
z0

(1)

Accounting on the turbulent component of Vturb of the wind, the time varying wind
speed at the altitude H can be expressed as:
V (t ) U ( H )  Vturb (t )

Figure 1 shows an example of the wind velocity simulated time history and its spectral
compatibility.
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(a)

(b)

Figure 1. Wind speed simulation for elevation H=30m, Ubar=28m/s at Href= 10m; (a)Turbulent wind speed
time history in one point of the idealized; (b) comparison between the employed synthetic data, Kaimal reduced
and Kaimal power spectral density function.

According to the above formulated hypothesis, dynamic force Fi(t) acting on the mullion can be written as:
Fi (t )

1
C p ApV 2 (t )
2

Wind force simulation has been performed through a concentrated load force acting on
the center of the span of the elements accounting of an aerodynamic admittance function
of rectangular plates, with “projected area” Ap (Fig. 2) orthogonal to the flow direction [6].
The loads have been evaluated for different “elevation” H and for a constant width B
(mullion distance) of the idealized grid.
3

BACKGROUND MATHEMATICAL MODELS AND BENCHMARK SYSTEM

The present approach is based on the dynamic equilibrium equations of a discretized
uncoupled Single Degree of Freedom (SDOF) lumped masse system [1] comparable to
the one described by Giaccu in [7], in this treatment, structural interaction between mullion and glass has been conservatively neglected, it must be noted that this interaction is
not often fully defined because of the uncertainties due to the assembly of the glass window. Geometrical properties of the glass window are described in Table 1.
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Figure 2. Benchmark model employed for the simulations of wind forces on facade.

Structural properties of the dynamic system have been calculated accounting of the
geometrical features of the glass window illustrated in Fig.2 and in Table 1, which include the mass per unit area of the glass ρglass, the mullion span h, the modulus of elasticity of the aluminum E and its specific mass ρal, the a cross section area of the mullion Amul
and the mass of unit of length of the mullion ρmul.
h
(m)
3.00

B
(m)
1.50

Ap
E
(m2) (MPa)
4.5 6.9×1010

Amul
(m2)
2.24×10-3

ρglass
(kg/ m2)
20.00

ρal
(kg/m3)
2699

ρmul
(kg/m)
6.05

M
(kg)
98.60

Ƀs
(%)
5.0

E
(MPa)
6.9×1010

Table 1: Geometrical and Mechanical properties of the glass window and of the lumped mass model.

Tributary area of the window can be therefore found as Ap= Bh/2, mechanical properties of the lumped mass model can be obtained, accounting of the halved mass of the mullion, as M= ρwind Ap+ ρal h/2 and the stiffness of the spring which can be obtained as
ks=48EI/h3.
The moment of inertia of the profile can be written, accounting of the the radius of gyration
of the mullion rG, as I= Amul r2G and damping constant can be written as c=2Ƀs(kM)0.5, considering a conventional structural damping Ƀs =5%.
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Figure 3. Schematic representation of the mathematical model employed for the simulations.

4

PARAMETRIC STUDY

The parametric study has been conducted according to Eq. 1 for the mean wind speed
Uref=28m/s at reference altitude Href= 10m, with kT=0.17 and for a roughness length
z0=0.03 (m). The maximum displacement for different elevation H of the glass window
has been detect.
For simplicity, the considered moments of inertia correspond to the same cross section
Amul for different slenderness λ of the mullion. Moment of inertia I of the mullion, can be
therefore obtained as function of the slenderness λ through the following relation:
I

§h·
Amul ¨ ¸
©O¹

2

Deflections of the aluminum profiles have been compared with the conventional limit
deflection indicator discussed in [1] (1/200 of the span h) which indicates the threshold
beyond which the thermal barrier rigidity is necessary. The number of mullions considered in the idealized grid is n=6.

Figure 4. Displacement time history for H=40m, Uref=28m/s at Href= 10m and ɉ=45 in comparison with
the displacement threshold h/200.
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Results have been illustrated in Fig.5 as function of the elevation H of the window for
different slenderness λ. Three different slenderness have been considered for the proposed
simulation λ=45, 50 and 55.

(a)

(b)

50

40

30
Threshold
20

10

= 55

0

5

10

15

20

25

Mullion maximum displacement, mm

(c)
Figure 5. Maximum displacement of the mullion in case of Ubar=28m/s at Href= 10m for different elevation H, in comparison with the displacement threshold h/200 for different slenderness ɉ of the mullion
cross section: (a) ɉൌ45, (b) ɉൌ50 and (c) λ=55.

From an examination of the results illustrated in Fig.5, it can be inferred that, slenderness of the mullion plays an important role in the wind induced deflections, in particular,
for the considered case, a slenderness of the aluminum profile λ>55 leads to crossing the
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threshold limit (1/200 of the span h) for all the considered altitudes, whereas profile with
slenderness λ=50 can be utilized used up to heights of 30 m, finally the slenderness λ=45
can be utilized up to heights of 50 m without crossing the threshold.
5

CONCLUSIONS

The comparison of the data obtained during the performed simulations allowed to
study different cases of buildings accounting of different expositions and different wind
loading, a parametric study has been conducted for the considered cases assessing proper
stiffness indicators of the mullions for different window properties and for different window expositions. A parametric study aimed to investigate the wind-induced displacements and of their compatibility with the windows' thermal barrier has been conducted.
Results indicate that slenderness of the mullions plays an important role in limiting the
wind-induced displacements in the mullion of the window since displacements are in turn
directly related to the energy losses of the building. Suitable stiffness indicators of the
mullions were indicated for all considered cases.
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Abstract
In this work the problem of the dynamic response of a flexural elastic plate on a continuously nonhomogeneous viscoelastic cross-anisotropic half-plane or half-space soil medium to a line or
rectangular load moving with constant speed is determined analytically/numerically. Soil nonhomogeneity is associated with elastic moduli increasing with depth. Plate viscous damping is
considered, and the viscoelastic effects of the soil are introduced via hysteric damping. The solution
of the problem is obtained with the aid of the complex Fourier series method involving the
horizontal coordinates and the time. Employment of this method reduces the partial differential
equations of motion for the soil and the plate to ordinary differential equations with variable
coefficients and an algebraic equation, respectively. Those ordinary differential equations are
solved by the method of Frobenius. Verification of the solutions is done by means of comparisons
with known existing analytical solutions for the special cases of isotropy and homogeneity with or
without the plate.
Keywords: Moving loads, dynamic response, elastic plate, soil non-homogeneity, Soil crossanisotropy.
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1

INTRODUCTION

In this work, the dynamic response of a flexural elastic plate to a distributed load moving with
constant speed is determined analytically. The plate is supported by a cross-anisotropic, nonhomogeneous, viscoelastic half-plane or half-space soil medium. Soil viscoelasticity is considered
in order to take into account dissipation of energy [1]. In the context of linear dynamic analysis,
viscoelastic material behavior is usually modeled in the frequency domain by replacing the elastic
moduli by their complex counterparts, which are functions of hysteretic damping [2]. Soil
anisotropy is considered in order to take into account different moduli values along different
directions. In soils, the simple but realistic model of transverse isotropy (or cross-anisotropy) is
considered with elastic moduli being different in horizontal and vertical planes due to the soil layers
deposition process [3-5]. Soil nonhomogeneity is characterized by different physical properties
(density, elastic moduli) at different depths because of the soil overburden. It can be modeled in a
discrete manner by layers or in a continuous manner by assuming density and/or elastic moduli to
vary continuously with depth. In the latter case, it is usually assumed that density is constant and
the elastic moduli vary non-linearly with depth [6-12].
Use is made of the complex Fourier series method involving the horizontal coordinate and the
time to reduce the governing equations of motion of the plate-soil system to algebraic and ordinary
differential equations, respectively. The latter equations because they have variable coefficients are
solved by the method of Frobenius.
The following literature review is restricted to analytical works closely related to the present
work. One can place those works in the following categories:
1) Works associated with a homogeneous or layered, isotropic elastic half-space under point
or distributed, constant or time harmonic loads moving with constant speed, e.g., [13-22].
2) Works associated with elastic beams or plates on a homogeneous or layered, isotropic
half-space under point or distributed, constant or time harmonic loads moving with
constants speed, e.g., [23-26].
3) Works associated with or without plates on a homogeneous or layered, transversely
isotropic (or cross-anisotropic) elastic half-spaces under point or distributed, constant or
time harmonic loads moving with constant speed, e.g., [27-28].
4) Works associated with homogeneous, transversely isotropic (or cross-anisotropic) elastic
half-spaces under dynamic but stationary loads, e.g. [29-31].
5) Works associated with an isotropic, continuously non-homogeneous elastic half-space or
half-plane under dynamic stationary or moving with constant speed [32-34].
6) Works associated with a transversely isotropic (or cross-anisotropic), continuously nonhomogeneous, viscoelastic half-space [35,36] under stationary dynamic.
From the above, one can easily conclude that the only works dealing with all three features of
soil behavior (viscoelasticity, anisotropy and continuous nonhomogeneity) are [35, 36] and the
present work. However, works [35, 36] are associated with stationary and not moving loads as it is
the case with the present work. In addition, no plate effect is considered in [35, 36] as in the present
work. Furthermore, use is made here of the complex Fourier series method, which is able, because
the load speed is constant, to handle both the horizontal coordinate and the time using a single
summation and provide a closed form solution in series form. Most of all the other methods used
in the aforementioned works employ integral transform methods (mainly Fourier and Hankel
transforms) and this requires numerical integration or complicated analytical inversion techniques
instead of simple series evaluation in the present case. This complex Fourier series method has
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been successfully used by Siddharthan et al [37] and Theodorakopoulos [38] in connection with
moving loads on poroelastic half-planes and Beskou et al [39] and Muho and Beskou [40] in
connection with moving loads on anisotropic homogeneous half-plane and isotropic
nonhomogeneous half-plane, respectively.
The obtained analytical solution of the problem considered here is first verified against other
existing analytical solutions pertaining to simpler special cases.
2

PROBLEM DESCRIPTION

Consider a homogeneous isotropic, elastic, thin flexural plate, supported by a cross-anisotropic
(or transversely isotropic) nonhomogeneous viscoelastic half-plane or half-space soil medium
under conditions of plane strain, as depicted in Fig. 1 in the framework of a Cartesian system x and
z or x,y,z, respectively. On the surface of the plate, a uniformly distributed load of intensity F over
a rectangle with sides ʹଵ along the x direction or ʹଵ and ʹଶ along the x and y directions,
respectively, is assumed to move with constant velocity V along the x-direction, as shown in Fig.1.

(a)

(b)

Figure 1: A rectangular distributed load moving with constant speed V on a plate resting on a transversely isotropic
viscoelastic (a) half-plane or (b) half-space with variable with depth moduli.

The equations of motion of the half-plane soil medium read as [41]
μɐ୶୶ μɐ୶

ൌ ɏሷ
μ
μ

(1)

μɐ୶ μɐ

ൌ ɏሷ
μ
μ

(2)

μɐ୶୶ μɐ୶୷ μɐ୶


ൌ ɏሷ
μ
μ
μ

(3)

μɐ୷୷ μɐ୷୶ μɐ୷


ൌ ɏሷ
μ
μ
μ

(4)

μɐ μɐ୶ μɐ୷


ൌ ɏሷ
μ
μ
μ

(5)

and for the half-space as [34]

4409

Niki D. Beskou and Edmond V. Muho

where, ɏ is the soil mass density,  ൌ ሺǡ ǡ ǡ ሻ,  ൌ ሺǡ ǡ ǡ ሻ and  ൌ ሺǡ ǡ ǡ ሻ are the soil
displacements along the x, y and z directions, respectively, and overdots denote differentiation with
respect to time .
The equation of lateral motion of the plate for the half-plane case has the form [42]
μଶ ୮
μ୮
μସ ୮
(6)


 ୮
ൌ ሺǡ ሻ െ ሺǡ ሻ
୮
ସ
ଶ
μ
μ
μ
where wp = wp(x,t) is the lateral plate deflection, mp is the mass per unit length of the plate, cp is
the viscous damping coefficient of the plate, q(x,t) is the interaction of the soil on the plate and D
is the flexural rigidity of the plate defined as


 ܦൌ ܧ ݄ଷ Ȁͳʹሺͳ െ ߥଶ ሻ

(7)

with hp being the thickness of the plate and ܧ and ߥ the modulus of elasticity and Poisson’s ratio
of the plate, respectively. For the half-space case Eq. (6) is replaced by
ସ ୮  ୮ ୮ሷ 
பర

ଶ பర

ሶ ൌ
୮ ୮

ሺǡ ǡ ሻ െ ሺǡ ǡ ሻ

(8)

பర

where, ସ ൌ பర  பర பర  பర is the biharmonic differential operator.
౮

౮ ౯

౯

The soil stresses are expressible in terms of displacements for the present anisotropic and
nonhomogeneous half-plane case as [41]
μ
μ
 ଵଷ ሺሻ
μ
μ
μ
μ
ɐ ൌ ଵଷ ሺሻ  ଷଷ ሺሻ
μ
μ
μ μ
൰
ɐ୶ ൌ ସସ ሺሻ ൬ 
μ μ
ଵଵ ሺሻ

ɐ୶୶ ൌ

(9)
(10)
(11)

and for the half-space as [34]
ɐ୶୶ ൌ

ଵଵ

μ

μ

ଵଶ

μ

μ

ଵଷ

μ
μ

(12)

ɐ୷୷ ൌ

ଵଶ

μ

μ

ଵଵ

μ

μ

ଵଷ

μ
μ

(13)

ɐ ൌ

ଵଷ

μ

μ

ଵଷ

μ

μ

ଷଷ

μ
μ

(14)

ɐ୷ ൌ

μ μ
൰

μ μ

μ μ
൰

μ μ
μ μ
ൌ  ൬  ൰
μ μ

ɐ୶ ൌ
ɐ୶୷

ସସ ൬

ସସ ൬
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for the half-space soil medium [34].
In the above equations, ଵଵ ǡ ଵଶ ǡ ଵଷ ǡ ଷଷ ǡ ସସ and
in terms of the engineering constants as [34]



are elastic constants which are expressible

ଶ

ଵଵ

൫ ᇱ െ  ᇱ ൯

ൌ

(18)

ሺͳ  ሻ൫ ᇱ െ  ᇱ  െ ʹ ᇱ ଶ ൯
ଶ

ଵଶ

൫ ᇱ    ᇱ ൯

ൌ

ଵଷ

ൌ

ଷଷ

ൌ

 ᇱ  ᇱ

ൌ

(20)

 ᇱ െ  ᇱ  െ ʹ ᇱ ଶ
 ᇱଶ ሺͳ െ ሻ

(21)

 ᇱ െ  ᇱ  െ ʹ ᇱ ଶ
ସସ



(19)

ሺͳ  ሻ൫ ᇱ െ  ᇱ  െ ʹ ᇱ ଶ ൯

ൌ

ଵଵ

ᇱ

ൌ

െ
ʹ

ଵଶ

(22)
ൌ


ʹሺͳ  ሻ

(23)

where, , ǡ and  denote elastic modulus, shear modulus, and Poisson’s ratio, respectively and the
primes refer to the vertical axis of rotational material symmetry, which coincides with the -axis
of Fig.1. Those  and without prime refer to the horizontal (x, y) plane of isotropy, while it has
been assumed here that the value of the Poisson’s ratio is the same along the vertical and horizontal
direction.
Substitution of Eqs. (9)-(11) into Eqs. (1) and (2) for the half-plane model or Eqs. (12)-(17) into
(3) and (4) for the half-space model, results in the governing equations of motion of the soil medium
in terms of displacements of the form
߲ ଶݓ
߲ ଶݑ
߲ ଶݑ
߲ݑ
߲ݓ
ᇱ
ᇱ
ܿଵଵ ଶ  ܿସସ ଶ  ܿସସ
 ሺܿଵଷ  ܿସସ ሻ
 ܿସସ
ൌ ߩݑሷ
߲ݔ
߲ݖ
߲ݖ
߲ݖ߲ݔ
߲ݔ
ܿଷଷ

(24)

߲ ଶݑ
߲ ଶݓ
߲ ଶݓ
߲ݓ
߲ݑ
ᇱ
ᇱ
ሻ
ሺܿ

ܿ

ܿ


ܿ
 ܿଵଷ
ൌ ߩݓሷ
ସସ
ଵଷ
ସସ
ଷଷ
ଶ
ଶ
߲ݖ
߲ݔ
߲ݖ
߲ݖ߲ݔ
߲ݔ

(25)

for the half-plane and

μଶ 

ଵଵ
μ ଶ

μଶ 


μ ଶ

μଶ 

ସସ
μ ଶ
μ
ᇱ
 ସସ
ൌ ɏሷ
μ

ᇱ
ସସ

μ
ሺ
μ

ଵଶ 

 ሻ

μଶ 
ሺ
μ μ

ଵଷ 

ସସ ሻ

μଶ 
μ μ

μଶ 


μ ଶ

μଶ 

ଵଵ
μ ଶ

ᇱ
ସସ

μ
ሺ
μ

ଵଶ 

 ሻ

μଶ 
ሺ
μ μ

ଵଷ 

ସସ ሻ

μଶ 
μ μ

μଶ 

ସସ
μ ଶ
μ
ᇱ
 ସସ
ൌ ɏሷ
μ
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μଶ 

ସସ
μ ଶ

μଶ 
μଶ 
μ
ᇱ

 ଷଷ
ሺ
ସସ
ଷଷ
ଶ
ଶ
μ
μ
μ
μ
μ
ᇱ
ᇱ
 ଵଷ
 ଵଷ
ൌ ɏሷ
μ
μ

ଵଷ 

ସସ ሻ

μଶ 
ሺ
μ μ

ଵଷ 

ସସ ሻ

μଶ 
μ μ

(28)

for the half-space, respectively, where primes on ୧୨ ൌ ୧୨ ሺሻ denote differentiation with respect to
the depth Ǥ
The boundary conditions of the half-plane case consist of dynamic equilibrium and
compatibility at the plate-soil interface (where smooth contact is assumed) of the form
ɐ୶ ሺǡ Ͳǡ ሻ ൌ Ͳ

(29)

ɐ ሺǡ Ͳǡ ሻ ൌ െሺǡ ሻ

(30)

ሺǡ Ͳǡ ሻ ൌ ୮ ሺǡ ሻ

(31)

The corresponding boundary conditions for the half-space case have the form
ɐ୶ ሺǡ ǡ Ͳǡ ሻ ൌ Ͳ

(32)

ɐ୷ ሺǡ ǡ Ͳǡ ሻ ൌ Ͳ

(33)

ɐ ሺǡ ǡ Ͳǡ ሻ ൌ െሺǡ ǡ ሻ

(34)

ሺǡ ǡ Ͳǡ ሻ ൌ ୮ ሺǡ ǡ ሻ

(35)

Finally, at a depth  ൌ approaching infinity, all soil displacements become zero due to the
radiation conditions at infinity and one has
ሺǡ ǡ ሻ ൌ Ͳ for half-plane or ሺǡ ǡ ǡ ሻ ൌ Ͳ for half-space

(36)

ሺǡ ǡ ǡ ሻ ൌ Ͳ for half-space

(37)

ሺǡ ǡ ሻ ൌ Ͳ for half-plane or ሺǡ ǡ ǡ ሻ ൌ Ͳ for half-space

(38)

Viscoelasticity in the soil medium is considered in the frequency domain, utilized during the
solution procedure of the next section, by replacing the elastic constants cij by their complex
counterparts ܿ  כaccording to the relation [2]
כ
ܿ
ൌ ܿ ሺͳ  ʹ݅ߦሻ

(39)

resulting from the correspondence principle, where ߦ is the hysteretic damping coefficient and
i=ξെͳ.
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Figure 2: Soil elastic constants ܿǡ increasing with depth z

The nonhomogeneity of the soil is associated here only with a variability of the elastic constants
with depth, i.e., ܿ  ൌ  ܿ ሺݖሻ. It is assumed here that these constants increase with depth  ݖin
accordance with the relation
ܿ ሺݖሻ ൌ ܿ  ሺܿஶ െ ܿ ሻሺͳ െ ݁ ି௭ ሻ

(40)

due to Vrettos [7, 8] as shown in Fig. 2, which is based on tests and provides bounded values of ܿ
at infinity. In the above, ܿ , ܿஶ and ܿ ሺݖሻare elastic constants at the soil surface, at an infinite
depth and at depth  ݖfrom the soil surface, respectively, and ߙ is a constant with dimensions of
inverse length.
3

SOLUTION PROCEDURE

The problem to be solved consists of the governing partial differential equation of motion of the
plate (Eq. (6) or Eq. (8)) and the governing partial differential equations of motion of the soil (Eqs.
(24), (25) or (26)-(28)) subject to the boundary conditions (29)-(31) or (32)-(35). The solution
procedure consists of two major steps: i) reduction of the partial differential equations of the platesoil system to an algebraic and ordinary differential equations, respectively, by using the complex
Fourier series approach [37-40] and ii) solution of the ordinary differential equations with variable
coefficients for the soil by the method of Frobenius [43] and employment of the boundary
conditions to obtain the final response of the plate-soil system to the moving load.
Thus, using the method of complex Fourier series, the load f(x,t)=f(x-Vt) is expanded in series
of the form [39, 40]
ே

݂ሺ ݔെ ܸݐሻ ൌ ܴ݁  ܨ ݁ ఒሺ௫ି௧ሻ

(41)

ୀ

where the load amplitude ܨ is given by
݈ܨ
ǡ
ܮ
ܨ ൌ ൞
ܨ
݊ߨ݈
൰ǡ
ʹ
 ൬
݊ߨ
ܮ

݂ ݊ݎൌ Ͳ
(42a)
݂ ݊ݎൌ ͳǡʹǡ ǥ ǡ ܰ ՜ λ
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for the half-plane model or
ۓ
ۖ
ۖ
ۖ

୬୫

ଵ ଶ
ଵ ଶ

 ൌ  ൌ Ͳ

ଶ
Ɏଵ

Ɏଶ
ଵ
ൌ
ଵ
Ɏଶ
۔
ʹ

ۖ
Ɏଵ
ଶ
ۖ
ͳ
Ɏଵ
Ɏଶ
ۖͶ


ଶ
 ەɎ
ଵ
ଶ
ʹ

 ൌ Ͳǡ  ൌ ͳǡʹǡ ǥ ǡ 
(42b)
 ൌ Ͳǡ  ൌ ͳǡʹǡ ǥ ǡ 
 ൌ ͳǡʹǡ ǥ ǡ ǡ  ൌ ͳǡʹǡ ǥ ǡ 

for the half-space model, respectively.
In Eqs. (41) and (42) and with reference Fig.1, λn=nπ/L are the wavenumber parameters, 2l is
the length of the distributed load, 2L is the wavelength of the system, ܴ݁ denotes the real part and
i=ξെͳ. Because the plate-soil system is linear, its response to the moving load f(x, t) will be of the
form
ே

ݓ ሺݓǡ ݐሻ ൌ ܴ݁  ܹ ݁ ఒሺ௫ି௧ሻ

(43a)

ୀ
ே

ݑሺݔǡ ݖǡ ݐሻ ൌ ܴ݁  ܷ ሺݖሻ݁ ఒሺ௫ି௧ሻ

(44a)

ୀ
ே

ݓሺݔǡ ݖǡ ݐሻ ൌ ܴ݁  ܹ ሺݖሻ݁ ఒሺ௫ି௧ሻ

(45a)

ୀ
ே

ݍሺݔǡ ݖǡ ݐሻ ൌ ܴ݁  ܳ ݁ ఒሺ௫ି௧ሻ

(46a)

ୀ

for the half-plane model or




ݓ ሺݓǡ ݐሻ ൌ ܴ݁   ܹ ɉ ሺെሻ Ɋ 

(43b)

ൌͲ ൌͲ




ݑሺݔǡ ݖǡ ݐሻ ൌ ܴ݁   ܷ ɉ ሺെሻ Ɋ 

(44b)

ൌͲ ൌͲ




ݒሺݔǡ ݖǡ ݐሻ ൌ ܴ݁   ܸ ɉ ሺെሻ Ɋ 
ൌͲ ൌͲ
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(45b)

ݓሺݔǡ ݖǡ ݐሻ ൌ ܴ݁   ܹ ɉ ሺെሻ Ɋ 
ൌͲ ൌͲ




(46b)

ݍሺݔǡ ݖǡ ݐሻ ൌ ܴ݁   ܳ ɉ ሺെሻ Ɋ 
ൌͲ ൌͲ

for the half-space model, respectively, where Wp, U, V, W and Q denote response amplitudes to
be determined and n, m=1,2,…,N,M՜ λ.
In order to avoid numerical problems associated with n=0 or m=0 implying ɉ୬ =0 or Ɋ୫ =0,
respectively, solutions can be derived for each of the following four cases of the load amplitudes
of Eq. (42), i.e., i) n=m=0, ii) m=0, n>0, iii) n=0, m>0 and iv) n>0, m>0. Only the solution for n>0,
m>0 will be derived here. Solutions for the other three cases can be very easily determined
following the same procedure.
Substituting Eqs. (43)-(46) in Eqs. (6), (24), (25) or (26)-(28), omitting the summation symbol
and the common factors ݁ ఒሺ௫ି௧ሻ and introducing the proposed by Vrettos [7, 8] dimensionless
parameters
ߣଶ
ൌ ߚǡ
ܽଶ

ܿஶଵଵ
ܿஶସସ

ߣ
ߣଶ ߩܸ ଶ
ൌ െߛǡ
ൌߠ
ܽ
ܽଶ ܿஶସସ
ܿஶଵଷ
ܿஶଷଷ
ൌ ߜଵ ǡ
ൌ ߜଶ ǡ
ൌ ߜଷ ǡ
ܿஶସସ
ܿஶସସ

(47)

for the half-plane or
మ
మ మ
మ ୡಮరర

మ

ൌ Ʌ,

ୡಮభభ
ୡಮరర

ൌ Ⱦଵ ,

ஜౣ

ൌ Ⱦଶ ,

మ
ୡಮభయ

ൌ Ɂଵ ,

ୡಮరర



ൌ െɀଵ ,


ୡಮయయ

ൌ Ɂଶ ,

ୡಮరర

ஜౣ

ൌ ɀଶ

ୡಮభమ

ୡಮలల

ୡಮరర

ୡಮరర

ൌ Ɂଷ ,

ൌ Ɂସ ,

ൌ Ɂହ

(48)

for the half space model, respectively, one finally receives the form
ߞ ଶ ሺͳ െ ߞሻܷᇱᇱ  ߞሺͳ െ ʹߞሻܷᇱ  ሾߠ െ ߚߜଵ ሺͳ െ ߞሻሿܷ  ݅ߛߞሺͳ െ ߞሻሺͳ  ߜଶ ሻܹᇱ
െ ݅ߛߞܹ ൌ Ͳ

(49)

ߜଷ ߞ ଶ ሺͳ െ ߞሻܹᇱᇱ  ߜଷ ߞሺͳ െ ʹߞሻܹᇱ  ሾߠ െ ߚሺͳ െ ߞሻሿܹ  ݅ߛߞሺͳ െ ߞሻሺͳ  ߜଶ ሻܷᇱ
െ ݅ߛߞߜଶ ܷ ൌ Ͳ

(50)

for the half-plane or
ᇱᇱ
ᇱ
ሺͳ െ ߞሻߞ ଶ ܷ
 ߞሺͳ െ ʹߞሻܷ
 ሾߠ െ ሺͳ െ ߞሻሺߚଵ ߜଵ  ߚଶ ߜହ ሻሿܷ
ᇱ
െ ሺߜସ  ߜହ ሻߛଵ ߛଶ ሺͳ െ ߞሻܸ  ሺͳ  ߜଶ ሻ݅ߛଵ ߞሺͳ െ ߞሻܹ
െ ݅ߛଵ ߞܹ
ൌͲ

(51)

ᇱᇱ
ᇱ
ሺͳ െ ߞሻߞ ଶ ܸ
 ߞሺͳ െ ʹߞሻܸ
 ሾߠ െ ሺͳ െ ߞሻሺߚଵ ߜହ  ߚଶ ߜଵ ሻሿܸ
ᇱ
െ ሺߜସ  ߜହ ሻߛଵ ߛଶ ሺͳ െ ߞሻܷ  ሺͳ  ߜଶ ሻ݅ߛଶ ߞሺͳ െ ߞሻܹ
െ ݅ߛଶ ߞܹ
ൌͲ

(52)

ᇱᇱ
ᇱ
ߜଷ ሺͳ െ ߞሻߞ ଶ ܹ
 ߜଷ ߞሺͳ െ ʹߞሻܹ
 ሾߠ െ ሺͳ െ ߞሻሺߚଵ  ߚଶ ሻሿܹ
ᇱ
ᇱ
 ሺͳ  ߜହ ሻ݅ߛଵ ߞሺͳ െ ߞሻܷ
െ ߜଶ ݅ߛଵ ߞܷ  ሺͳ  ߜଶ ሻ݅ߛଶ ߞሺͳ െ ߞሻܸ
െ ߜଶ ݅ߛଶ ߞܸ ൌ Ͳ

(53)
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for the half-space model, respectively, where primes indicate differentiation with respect to Ƀ.
The above system of two or three coupled ordinary differential equations with variable
coefficients is solved by the method of Frobenius [43].
A power series solution is assumed of the form
ୖ

୬ ሺɃሻ ൌ  ୰ Ƀ୰ା୫

(54)

୰ୀ
ୖ

୬ ሺɃሻ ൌ  ୰ Ƀ୰ା୫

(55)

୰ୀ

for the half-plane or

ஶ

୬୫ ൌ  ୰ Ƀ୰ା୩

(56)

୰ୀ
ஶ

୬୫ ൌ  ୰ Ƀ୰ା୩

(57)

୰ୀ
ஶ

୬୫ ൌ  ୰ Ƀ୰ା୩

(58)

୰ୀ

for the half-space model, respectively, where αr, br and m or ୰ , ୰ , ୰ and  are constants to be
determined and r=0,1,2,…,R՜ λ. Substitution of the expressions (54) and (55) for Un and Wn or
(56)-(58) for Unm , Vnm and Wnm, respectively, into Eqs. (49) and (50) or (51)-(53) after some
manipulations results in the equations
ோ

ሺሾ݉ଶ

 ሺߠ െ ߚߜଵ ሻሿߙ  ሾ݅ߛሺͳ  ߜଶ ሻ݉ሿܾ

ሻߞ 

 ሾሺ ݎ ݉ሻଶ  ሺߠ െ ߚߜଵ ሻሿߙ ߞ ା
ୀଵ

ோ

 ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ሻሿܾ ߞ ା
ୀଵ
ோ

(59)

െ ሾሺ ݎ ݉ሻሺ ݎ ݉ െ ͳሻ െ ߚߜଵ ሿߙିଵ ߞ ା
ୀଵ
ோ

െ ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ െ ͳሻ  ݅ߛሿܾିଵ ߞ ା ൌ Ͳ
ୀଵ
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ோ
ଶ

ሺሾߜଷ ݉  ሺߠ െ ߚሻሿܾ  ሾ݅ߛሺͳ  ߜଶ ሻ݉ሿܽ

ሻߞ 

 ሾߜଷ ሺ ݎ ݉ሻଶ  ሺߠ െ ߚሻሿܾ ߞ ା
ୀଵ

ோ

 ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ሻሿܽ ߞ ା
ୀଵ
ோ

(60)

െ ሾߜଷ ሺ ݎ ݉ሻሺ ݎ ݉ െ ͳሻ െ ߚሿܾିଵ ߞ ା
ୀଵ
ோ

െ ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ െ ͳሻ  ݅ߛߜଶ ሿܽିଵ ߞ ା ൌ Ͳ
ୀଵ

for the half-plane or
ሺሾ ଶ  Ʌ െ ሺȾଵ Ɂଵ  Ⱦଶ Ɂହ ሻሿ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ  ሾሺͳ  Ɂଶ ሻɀଵ ሿ  ሻɃ୩
ஶ

ஶ

ଶ

 ൭ሾሺ  ሻ  Ʌ െ ሺȾଵ Ɂଵ  Ⱦଶ Ɂହ ሻሿ୰ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶሿ୰
୰ୀଵ
ஶ

୰ୀଵ

 ሾሺͳ  Ɂଶ ሻɀଵ ሺ  ሻሿ ୰ ൱Ƀ୰ା୩
୰ୀଵ
ஶ

െ ൭ሾሺ   െ ͳሻሺ  ሻ െ ሺȾଵ Ɂଵ  Ⱦଶ Ɂହ ሻሿ୰ିଵ

(61)

୰ୀଵ
ஶ

െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ୰ିଵ
୰ୀଵ
ஶ

 ሾሺͳ  Ɂଶ ሻɀଵ ሺ   െ ͳሻ  ɀଵ ሿ

୰ିଵ ൱ Ƀ

୰ା୩

ൌͲ

୰ୀଵ

ሺሾ ଶ

 Ʌ െ ሺȾଵ Ɂହ  Ⱦଶ Ɂଵ ሻሿ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ  ሾሺͳ  Ɂଶ ሻɀଶ ሿ  ሻɃ୩
ஶ

ஶ

 ൭ሾሺ  ሻଶ  Ʌ െ ሺȾଵ Ɂହ  Ⱦଶ Ɂଵ ሻሿ୰ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ୰
୰ୀଵ
ஶ

୰ୀଵ

 ሾሺͳ  Ɂଶ ሻɀଶ ሺ  ሻሿ ୰ ൱Ƀ୰ା୩
୰ୀଵ
ஶ

െ ൭ሾሺ   െ ͳሻሺ  ሻ െ ሺȾଵ Ɂହ  Ⱦଶ Ɂଵ ሻሿ୰ିଵ
୰ୀଵ
ஶ

െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ୰ିଵ
୰ୀଵ
ஶ

 ሾሺͳ  Ɂଶ ሻɀଶ ሺ   െ ͳሻ  ɀଶ ሿ
୰ୀଵ
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୰ିଵ ൱ Ƀ

୰ା୩

ൌͲ

(62)
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ሺሾɁଷ  ଶ  Ʌ െ ሺȾଵ  Ⱦଶ ሻሿ
ஶ



െ ሾሺͳ  Ɂଶ ሻɀଵ ሿ  ሾሺͳ  Ɂଶ ሻɀଶ ሿ ሻɃ୩
ஶ

ଶ

 ൭ሾɁଷ ሺ  ሻ  Ʌ െ ሺȾଵ  Ⱦଶ ሻሿ

୰

 ሾሺͳ  Ɂଶ ሻɀଵ ሺ  ሻሿ୰

୰ୀଵ
ஶ

୰ୀଵ

 ሾሺͳ  Ɂଶ ሻɀଶ ሺ  ሻሿ୰ ൱Ƀ୰ା୩
୰ୀଵ
ஶ

െ ൭ሾɁଷ ሺ   െ ͳሻሺ  ሻ െ ሺȾଵ  Ⱦଶ ሻሿ

(63)
୰ିଵ

୰ୀଵ
ஶ

െ  ɀଵ ሾሺ  ሻሺͳ  Ɂଶ ሻ െ ͳሿ୰ିଵ
୰ୀଵ
ஶ

  ɀଶ ሾሺ  ሻሺͳ  Ɂଶ ሻ െ ͳሿ୰ିଵ ൱ Ƀ୰ା୩ ൌ Ͳ
୰ୀଵ

for the half-space model, respectively.
For the case of the half-plane model, equations (59) and (60) are satisfied for all powers of ζ
and hence one obtains a system to determine ߙ and ܾ of the form
ሾ݉ଶ  ሺߠ െ ߚߜଵ ሻሿߙ  ሾ݅ߛሺͳ  ߜଶ ሻ݉ሿܾ ൌ Ͳ

(64)

ሾ݅ߛሺͳ  ߜଶ ሻ݉ሿߙ  ሾߜଷ ݉ଶ  ሺߠ െ ߚሻሿܾ ൌ Ͳ

(65)

and a system of recursive relations to determine αr and br in terms of αr-1 and br-1 ( ݎ Ͳ) of the
form
ሾሺ ݎ ݉ሻଶ  ሺߠ െ ߚߜଵ ሻሿߙ  ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ሻሿܾ ൌ ܨଵ

(66)

ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ሻሿߙ  ሾߜଷ ሺ ݎ ݉ሻଶ  ሺߠ െ ߚሻሿܾ ൌ ܨଶ

(67)

ܨଵ ൌ ሾሺ ݎ ݉ሻሺ ݎ ݉ െ ͳሻ െ ߚߜଵ ሿߙିଵ  ሾ݅ߛሺͳ  ߜଶ ሻሺ ݎ ݉ െ ͳሻ  ͳሿܾିଵ

(68)

ܨଵ ൌ ݅ߛሾሺͳ  ߜଶ ሻሺ ݎ ݉ െ ͳሻ  ߜଶ ሿߙିଵ  ሾߜଷ ሺ ݎ ݉ሻሺ ݎ ݉ െ ͳሻ െ ߚሿܾିଵ

(69)

where

For the case of half-space model, equations (61)-(63) are satisfied for all powers of ζ and hence
one obtains a system to determine ߙ and ܾ of the form
ሾ ଶ  Ʌ െ ሺȾଵ Ɂଵ  Ⱦଶ Ɂହ ሻሿ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ  ሾሺͳ  Ɂଶ ሻɀଵ ሿ



െሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ  ሾ ଶ  Ʌ െ ሺȾଵ Ɂହ  Ⱦଶ Ɂଵ ሻሿ  ሾሺͳ  Ɂଶ ሻɀଶ ሿ



ሾሺͳ  Ɂଶ ሻɀଵ ሿ  ሾሺͳ  Ɂଶ ሻɀଶ ሿ  ሾɁଷ  ଶ  Ʌ െ ሺȾଵ  Ⱦଶ ሻሿ

ൌͲ

and system of recursive relations to determine ୰ , ୰ and
form

୰



(71)

ൌͲ

in terms of ୰ିଵ , ୰ିଵ and

ሾሺ  ሻଶ  Ʌ െ ሺȾଵ Ɂଵ  Ⱦଶ Ɂହ ሻሿ୰ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ୰  ሾሺͳ  Ɂଶ ሻɀଵ ሺ  ሻሿ
ൌ ଵ
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(70)

ൌͲ

(72)
୰ିଵ

୰

of the
(73)
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െሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ୰  ሾሺ  ሻଶ  Ʌ െ ሺȾଵ Ɂହ  Ⱦଶ Ɂଵ ሻሿ୰  ሾሺͳ  Ɂଶ ሻɀଶ ሺ  ሻሿ
ൌ ଶ

୰

(74)

ሾሺͳ  Ɂଶ ሻɀଵ ሿ୰  ሾሺͳ  Ɂଶ ሻɀଶ ሺ  ሻሿ୰  ሾɁଷ ሺ  ሻଶ  Ʌ െ ሺȾଵ  Ⱦଶ ሻሿ

ଷ

(75)

୰

ൌ

where
ൌ ሾሺ   െ ͳሻሺ  ሻ െ ሺȾଵ Ɂଵ  Ⱦଶ Ɂହ ሻሿ୰ିଵ െ ሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ୰ିଵ
 ɀଵ ሾሺͳ  Ɂଶ ሻሺ   െ ͳሻ  ͳሿ ୰ିଵ
ଶ ൌ െሾሺɁସ  Ɂହ ሻɀଵ ɀଶ ሿ ୰ିଵ  ሾሺ   െ ͳሻሺ  ሻ െ ሺȾଵ Ɂହ  Ⱦଶ Ɂଵ ሻሿ୰ିଵ
 ɀଶ ሾሺͳ  Ɂଶ ሻሺ   െ ͳሻ െ ͳሿ ୰ିଵ
ଷ ൌ ɀଵ ሾሺ  ሻሺͳ  Ɂଶ ሻ െ ͳሿ ୰ିଵ  ɀଶ ሾሺ  ሻሺͳ  Ɂଶ ሻ െ ͳሿ୰ିଵ
 ሾɁଷ ሺ   െ ͳሻሺ  ሻ െ ሺȾଵ  Ⱦଶ ሻሿ ୰ିଵ

ଵ

(76)
(77)
(78)

In order for the system of Eqs. (64) and (65) or (70)-(72) to have nonzero solutions, one should
have
݉ܣସ  ݉ܤଶ   ܥൌ Ͳ

(79)

  ݇ܣ  ݇ܤସ   ݇ܥଶ   ܬൌ Ͳ

(80)

for the half-plane or
for the half-space model, respectively, where , , ǡ and are functions of the dimensionless
parameters of Eq. (47) or (48). One can observe that out of the four or six roots of Eq. (79) or (80),
respectively, only the two or the three positive ones are acceptable.
Thus, in view of Eqs. (54), (55) or (56)-(58), the complete solution of Eqs. (49) and (50) or Eqs.
(51) – (53) has the form
ሺଵሻ
ሺଶሻ
ܷ ሺߞሻ ൌ ܣଵ ܷ ሺߞሻ  ܣଶ ܷ ሺߞሻ
ሺଵሻ

(81)

ሺଶሻ

(82)

ܹ ሺߞሻ ൌ ܣଵ ܹ ሺߞሻ  ܣଶ ܹ ሺߞሻ
for the half-plane or
ሺଵሻ

ሺଶሻ

ሺଷሻ

(83)

ሺଵሻ

ሺଶሻ

ሺଷሻ

(84)

୬୫ ሺɃሻ ൌ ଵ ୬୫ ሺɃሻ  ଶ ୬୫ ሺɃሻ  ଷ ୬୫ ሺɃሻ
୬୫ ሺɃሻ ൌ ଵ ୬୫ ሺɃሻ  ଶ ୬୫ ሺɃሻ  ଷ ୬୫ ሺɃሻ
ሺଵሻ

ሺଶሻ

ሺଷሻ

୬୫ ሺɃሻ ൌ ଵ ୬୫ ሺɃሻ  ଶ ୬୫ ሺɃሻ  ଷ ୬୫ ሺɃሻ

(85)

for the half-space model, respectively, where ଵ , ଶ and ଷ are constants of integration to be
determined by the boundary conditions (29)-(31) and (32)-(35) where
ோ
ሺሻ
ܷ ሺߞሻ

ൌ  ܽ ߞ ା

(86)

ୀ
ோ
ሺሻ
ܹ ሺߞሻ

ൌ  ܾ ߞ ା
ୀ
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ஶ
ሺ୧ሻ
୬୫ ሺɃሻ

ൌ  ୰ Ƀ୰ା୩

(88)

୰ୀ
ஶ
ሺ୧ሻ
୬୫ ሺɃሻ

ൌ  ୰ Ƀ୰ା୩

(89)

୰ୀ
ஶ
ሺ୧ሻ
୬୫ ሺɃሻ

ൌ  ୰ Ƀ୰ା୩

(90)

୰ୀ

with i=1,2, (or i=1,2,3) for the two (or three) roots of m (or k) given by Eq. (79) or Eq. (80), the ߙ
and ܾ and ܿ given recursively from the solution of Eqs. (66) and (67) or respectively (73) – (75)
and α0 and b0 and ܿ obtained by assuming ܽ =1 and solving Eq. (64) for ܾ or respectively the
system of Eqs. (70) and (71) for  and  .
Thus, the soil response solution is given by Eqs. (44) and (45) and the plate response solution is
by Eq. (43) for both the half-plane and half-space cases. Once the plate deflection wp is known,
one can obtain the plate bending moment Mxx and shear force Qx from [42]
ܯ௫௫

߲ ଶ ݓ
ൌ െܦ
߲ ݔଶ

(91)

߲ ଷ ݓ
߲ ݔଷ

(92)

ܳ௫ ൌ െܦ
for the half-plane or

߲ ଶ ݓ
߲ ଶ ݓ
ൌ െ ܦቆ ଶ  ݒ
ቇ
߲ݔ
߲ ݕଶ

(93)

߲ ଶ ݓ
߲ ଶ ݓ
ܯ௬௬ ൌ െ ܦቆ ଶ  ݒ
ቇ
߲ݕ
߲ ݔଶ

(94)

߲ ߲ ଶ ݓ ߲ ଶ ݓ
ቆ

ቇ
߲ ݔ߲ ݔଶ
߲ ݕଶ

(95)

߲ ߲ ଶ ݓ ߲ ଶ ݓ
ܳ௬ ൌ െ ܦቆ ଶ 
ቇ
߲ݔ߲ ݕ
߲ ݕଶ

(96)

ܯ௫௫

ܳ௫ ൌ െܦ

for the half-space model, respectively.
4

VERIFICATION AND CONVERGENCE STUDIES

In this final section, the accuracy of the proposed method is validated through comparison with
two special cases for which there exist solutions in the literature involving homogeneous soil with
and without a plate on its surface. The homogeneous soil is approximated by the proposed method
by assigning a very small value to ȩ, e.g., ȩ ൌ ͳͲିସ.
For the first verification it is assumed a load P=80 kN distributed on a line-length l=0.15 m,
which implies a value of F=266.66 kN/m, moving with constant speed V=40 m/s on the surface of
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a half-plane isotropic soil medium. For this soil medium one has mass density ߩ ൌ ͳͺͳ Τଷ ,
Poisson’s ratio  ݒൌ ͲǤ͵ͷ and shear modulus varying with depth according to Eq. (40) with
ܩ =0.077 GPa (or ܧ ൌ ʹܩ ሺͳ  ݒሻሻ with parameters ȩ ൌ ͲǤͷ and ߙ ൌ ͳ݉ିଵ. The absence of
the plate was simulated by giving very small values to the plate parameters. Other parameters used
here are L=80 ݉ and x=L/3. Using the present solution, the soil surface vertical displacement w
versus time t was calculated and the results are given in Fig. 3a together with those from [34]. One
can clearly see in that figure that the two solutions coincide.
For the second verification, the problem of a load moving on the surface of a homogeneous
cross-anisotropic half-space medium is solved by the proposed method and compared with the
solution of Ba et al [27]. Thus, assuming the same values with Ba et al [27], i.e., E=5 GPa,  ᇱ =2E,
v= ᇱ =0.25, ൌ Τʹሺͳ  ሻ, ᇱ =0.3  ᇱ and ɏ=2000 kg/ଷ , one can obtain the normalized vertical
ഥ= Τඥ ᇱ Ȁɏ
displacement 
ഥ = ଵ Ȁ at a depth z=10 m as a function of the normalized load speed 
as shown in Fig. 3b. The concentrated load P was modeled by the proposed method assuming a
very small rectangular area of ଵ ൌ ଶ ൌ ͲǤͲͳͷ m, while the absence of the plate is approximated
by the proposed method by assigning a very small value to ୮ , e.g., ୮ ൌ ͳͲିସ m. Finally, the
solution is obtained assuming ଵ =ଶ =75 m,  ൌ  ൌ ͷͳʹǡ and  ൌ ͷ. One can observe in Fig. 3b
(a) that the response obtained by the proposed method coincides with the solution of Ba et al [24].
Next, a convergence study with respect to the required values of N and R in Eqs. (43a) and (55),
respectively, or N, M, and r in Eqs. (43b) and (58), respectively, is presented, where the maximum
vertical displacement of the plate at the center of the load versus N, M, and r is shown, respectively.
One can observe from Figs. 4 and 5 that values of N, M >400 are sufficient to obtain solutions with
high accuracy. As far as the required maximum value of r is concerned, it should be noted here
that this value depends on the non-homogeneity index ȩ. Thus, for higher values of ȩ, higher values
of r are required. It has been observed that for very small values of ȩ, e.g., homogeneous soil, a
value of  ≥ 5 is sufficient. In order to determine the highest possible required value of r in this
convergence study, a very high value of non-homogeneity index is assumed, i.e., ȩ ൌ ͲǤͻͻ and as
it is shown in Figs. 4b and 5c, values of r ≥ 250 are sufficient to obtain results of high accuracy.
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(b)

(a)

Figure 3: Use of the present solution for the special cases of (a) a nonhomogeneous isotropic half-plane
without plate of [34] and (b) the homogeneous and cross-anisotropic soil of Ba et al [27].

(a)

(b)

Figure 4: Convergence analysis: Maximum plate vertical displacement ݓ versus (a) the number N in Eq. (43a)
and (b) the number R in Eq. (55).
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(a)

(b)

(c)
Figure 5: Convergence analysis: Maximum plate vertical displacement ݓ versus (a) the number N, (b) the
number M in Eq. (43b) and (c) the number r in Eq. (58).

Finally, a comparison of the results produced by the half-plane and half-space models is
presented. Both models share the same material properties for the soil (E=0.2 GPa,  ᇱ =E,
v= ᇱ =0.35, ᇱ =0.30  ᇱ , ɏ=2100 kg/ଷ and ȩ=0.01) and the plate (୮ =30 GPa, ɏ୮ =2300 kg/ଷ ,
୮ =0.2 and ୮ =0.2 m) and are associated with the same data for the moving load (=80 kN,
ଵ =ଶ =0.15 m and V=80 m/s). One can observe in Fig. 6 (a) that the half-space model with the plate
results in much smaller maximum vertical displacement at the surface (z=0 m) compared to that of
the half-plane model with the plate. The same above problem is solved again assuming very small
values for the plate parameters in order to model the absence of the plate and the response is shown
in Fig. 6 (b). One can observe that in this case, both models provide similar maximum vertical
displacement with the half-plane model resulting in a slightly higher displacement. Furthermore, it
is interesting to observe that in both cases the half-plane model results in a much wider
displacement-time response shape than the half-space one and clearly provides higher displacement
values than those from the half-space model away from the area of the load application.
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(b)

(a)

Figure 6: Comparison of the present half-space with the half-plane (a) considering the plate and (b) without the plate.

5

CONCLUSIONS
1. The problem of a distributed load moving with constant speed on the surface of an elastic
plate resting on a non-homogeneous and cross-anisotropic viscoelastic half-plane or halfspace has been analytically treated by using the complex Fourier series method.
2. The proposed solutions were verified for the two special cases of a load acting on a
homogeneous cross-anisotropic elastic half-plane or half-plane.
3. A comparison of the proposed half-space and half-plane models has shown that both models
result in a similar maximum vertical displacement only for the case of the half-plane model
without the plate and under the load where the half-plane displacement has a slightly higher
value. However, the half-plane model without the plate clearly shows higher displacements
than those of the half-space far from the area of the load application. On the other hand, in
case there is a plate, the half-space model results in a much lower vertical response
compared to that of the half-plane one.
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Abstract
Controlling wind-induced vibrations as well as aerodynamic forces is an essential part of the
structural design of tall buildings in order to guarantee the serviceability limit state of the
structure. This paper presents a numerical investigation focused on finding the optimal design
parameters of a Tuned Inerter Damper (TID) based system for the control of wind-induced
vibration in tall buildings. The control system is based on the conventional TID, with the main
difference that its location is changed from the ground level to the last two story-levels of the
structural system. The TID tuning procedure is based on an evolutionary cultural algorithm
in which the optimum design variables defined as the frequency and damping ratios are
searched according to the optimization criteria of minimizing the root mean square (RMS)
response of displacements at the nth story of the structure. A Monte Carlo simulation is used
to represent the dynamic action of the wind in the time domain in which a time-series derived
from the Davenport spectrum using eleven harmonic functions with randomly chosen phase
angles was reproduced. The above-mentioned methodology is then applied on a case-study
derived from a 37-story prestressed concrete building with 144 m height, in which the wind
action overcomes the seismic action. The results showed that the optimally TID is effective to
reduce the RMS response of displacements up to 37.12% which demonstrates the feasibility of
the system for the control of wind-induced vibrations in tall buildings.
Keywords: Evolutionary Cultural Algorithm, Monte Carlo Simulation, Tuned Inerter Damper, Wind-Induced Vibrations.
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1

INTRODUCTION

In recent years, the construction of high-rise buildings has increased, using lightweight and
high-strength materials. Those structures are typically more flexible and exhibit lower damping values, making them more vulnerable to vibration problems induced by wind loads [12].
Consequently, interest in the field of vibration control has increased, leading to the extensive
application of passive control for wind loads. According to Kwok and Samali [1], for several
decades, classic devices such as Tuned Mass Damper (TMD) have been implemented, which
are composed of a mass attached to the building with a system of springs and dashpots that
dissipates energy as a relative movement develops between the mass and structure. In that
sense, Lazar [5] proposed a novel passive control system which is called Tuned Inerter
Damper (TID), similar to the TMD but with the attached mass being replaced by the inerter
device. This inerter is a negligible mass device proposed by Smith [2] that induces an equivalent mass amplification effect called inertance with a 1/200 ratio between the actual mass and
the inertances, as demonstrated in laboratory investigations carried out by Papageorgiou &
Smith [3].
It has been shown that the use of inerter devices in control systems provides considerable
improvements in controlling mechanical vibrations [7]. Different authors [14, 17, 18] have
adapted the inerter device in classic TMDs, obtaining significant enhancements in the dynamic response of buildings under wind-induced vibrations. Subsequently, various authors have
achieved large reductions in the vibrations of a building by applying TID as well as TMDI
systems, overcoming the limitations of the large amounts of mass that have to be implemented in conventional TMDs [15, 26, 27].
This paper presents a numerical investigation focused on finding the optimal design parameters of a Tuned Inerter Damper (TID) based system for the control of wind-induced vibration in tall buildings. The control system is based on the conventional TID, with the main
difference that its location is changed from the ground level to the last two story-levels of the
structural system according to the recommendations provided in [15]. The TID tuning procedure is based on an evolutionary cultural algorithm in which the optimum design variables
defined as the frequency and damping ratios were searched according to the optimization criteria of minimizing the root mean square (RMS) response of displacements at the nth story of
the structure. A Monte Carlo simulation is used to represent the dynamic action of the wind in
the time domain in which a time series derived from the Davenport spectrum is reproduced
using eleven harmonic functions with randomly chosen phase angles. Effective results are expected with the implementation of optimized TID to reduce the RMS response of displacements.
2

MATHEMATICAL MODELS OF A MDOF STRUCTURE EQUIPPED WITH
TID-BASED SYSTEM

The inerter is a two-terminal-one-port mechanical device proposed by Smith [2] with the
property that the equal and opposite force applied at the terminals is proportional to the relative acceleration between the terminals.
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Figure 1: The symbol of inerter.

The mathematical notation corresponding to Figure 1 is:
(1)
Where and represents the relative acceleration between its nodes and the constant b
is called the inertance.
The main focus of this work is to apply the variant of the TID proposed by Caicedo in [15].
Figure 2 presents a 2D shear frame with n horizontal DOF at each level of the building and
wind loads applied at each level. It is observed that the TID is positioned in the last two levels
with , and as the mass, lateral stiffness and damping coefficients of each story level
). Additionally, and are the stiffness and damping that define the behavior
(
of the TID. These two last variables can be rewritten as:
(2)
(3)

In equations (2) and (3), , and are the fundamental circular frequency of the structural system, the frequency and damping ratios between the structure and the TID.
The design procedure to be carried out in this work consists of finding the optimal frequency ratio and damping ratio to minimize the dynamic response of the structure.
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Figure 2: 2D frame equipped with a TID in the last two levels.

The following dynamic equilibrium equations describe the behavior of the n degrees of
)
freedom of each level of the structural system, and the additional degree of freedom (
given the possibility of horizontal movement of the TID.
(4)
(5)
(6)
(7)
(8)

Where the constant 1/200 denotes the ratio between the physical mass of the TID and the inertance (b). The ratio is assumed according to Papageorgiou and Smith [3] and Papageorgiou
et al. [26].
Therefore, the System of Equations can be written in matrix form, corresponding to the
general equation of motion:
(9)

(10)
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(11)

(12)

(13)
(14)

Where M, C and K are the mass, stiffness and damping matrices, and U is defined as the
structure displacement response.
3

TID DESIGN AND OPTIMIZACIÓN PROCEDURE THROUGH CULTURAL
ALGORITHM

This work intends to implement a cultural algorithm for the optimal design of a TID. The
cultural algorithm was first presented by Reynolds in [9] as a complementary algorithm to the
evolutionary computation and natural selection algorithms. Cultural algorithms have been
used for the solution and optimization of multiple engineering problems, such as the vibration
control of vehicles or the design of stabilizers for power systems [10,11].
Figure 3, shows of the three components of the cultural algorithm. The first of the three
components are the population space, which includes the population to be developed and the
evaluation, reproduction, and modification mechanism. The second component is the belief
space, representing the direction in which the population has to seek solutions. Finally, the
third component of the cultural algorithm is made up of the communication protocol, through
which the population and beliefs interact [9]. The functions in Figure 3 are defined as follows:
x
x
x
x

Acceptance function: transfers individual knowledge that satisfies the aptitude value to belief space.
Update function: adjusts the knowledge of the belief space according to the individual knowledge transferred.
Influence function: adjusts the individual knowledge of the population space according to the knowledge of the belief space.
Fitness function: produces the individual knowledge of the next generation according to certain rules.
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Figure 3: Framework of cultural algorithms.

The objective function defined in Eq. 15 will assess the performance of the control system
applied to the case-study structure. This will be determined by means of the dynamic root
mean square (RMS) response of displacements of the last floor of the structure.
(15)

4

WIND EXCITATION MODEL AND FREQUENCY DOMAIN ANALYSIS FOR
THE TID-EQUIPPED SYSTEM

To model the dynamic wind action, a computational simulation based on the Monte Carlo
method is carried out, following the recommendations provided by Franco [21]. The procedure is based on the wind power spectrum developed by Davenport [23] through which it is
possible to separate fluctuating pressure into m harmonic functions (at least 11), one of which
will be resonant. The Monte Carlo method and the Fourier transform are used to reproduce
the fluctuating pressures of the wind.
The building is used as case-study in this investigation. The building, which is the tallest
residential tower in Medellín, with 144 m in height, distributed over 37 floors. The location
and topographical characteristics of the building are used to obtain the basic parameters to be
used in the Synthetic Wind Method. These parameters were taken from the Colombian code,
Reglamento Colombiano de Construcción Sismo Resistente (NSR-10) [24]
5

NUMERICAL RESULTS AND DISCUSSION

Following the procedure exposed previously and the mathematical formulation described
in [19-22], it is possible to obtain the fluctuating pressures as shown in Figure 4.
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Figure 4: Fluctuating Pressure.

Now, the fluctuating forces over 600 seconds are computed from the fluctuating pressures
[25]. It is worth noting that twenty simulations of fluctuating forces were performed to determine the highest displacements achieved at each simulation. Then, a unique fluctuating force
is selected to generate a maximum displacement with a 95% probability of occurrence, following a Gumbel extreme value distribution. Figure 5 shows the time histories of wind loads
on the 37th floor of the building.

Figure 5: Time histories of wind loads on the 37th floor of the building.
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Table 1 reports the design parameters optimized with the Cultural Algorithm. The optimization was carried out considering fixed b values, which represent 2%, 5% and 20% of inertance ratios.
ƒ
0.9882680
0.5000000
0.5000000

b
2%
5%
20%

ζd
0.0000000
0.5000000
0.0219307

Fobj
0.62616
0.68861
0.73547

Table 1: Optimal design parameter for the TID.

On the other hand, Table 2 reports the RMS values of the displacements for the uncontrolled and controlled structure. Furthermore, the percentage of reduction of the RMS is presented as well.

37th
RMS [m]

b
2%
5%
20%

Uncontrolled
Response [m]
0.17363
0.17363
0.17363

Controlled
response [m]
0.10914
0.11954
0.12770

% Reduction
37.12%
31.15%
26,45%

Table 2: Maximum RMS response of displacements of 37th story

Figure 6 shows the variation of the RMS values of the displacements of each degree of
freedom considered. With these results, the efficiency of the TID is demonstrated.

Figure 6: RMS displacement at each story level.
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The maximum uncontrolled RMS response of displacement at the 37th story level in Figure 6 is 0.173 m. The reductions achieved using the optimized TID decrease between 37.12%
and 26.45%, as inertance values increase. Using the b=2% TID, the maximum RMS displacement value is 0.109 m (37.12% reduction); with b=5%, the maximum RMS value diminish to 0.119 m (31.15% reduction); finally, with the b=20% TID, the RMS value of
displacement reduce hardly to 0.128 m (26.45% reduction). Thus, it is clear that the best reductions in the dynamic response, under wind excitations, are attained using the TID with the
lowest inertance value (b=2%).

Figure 7: Time histories of controlled displacement on the 37th floor of the building.

Finally, Figure 7 shows a comparison between the uncontrolled and controlled history of
displacements on the 37th floor of the structure. The peak displacement in Figure 7 was reduced from 0.463 m to 0.345 m using the b=2% TID, which represents a 25.48% overall reduction.
6

CONCLUSIONS
x A numerical investigation on the optimal design parameters of a Tuned Inerter Damper
(TID) based system for the control of wind-induced vibration in tall buildings was presented in this paper. The control system was inspired by the conventional TID, with the
main difference that its location was changed from ground level to the last two levels of
the structural system. To represent the dynamic action of the wind in the time domain, a
Monte Car-lo simulation was used in which a time series derived from the Davenport
spectrum was re-produced using eleven harmonic functions with randomly chosen phase
angles.
x The obtained results shows that TIDs with lower inertance values installed at the last
floors of the building are useful to reduce the dynamic response of the structure under
wind loads. Reductions up to 37.12% were achieved for RMS values of displacement us-
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ing b=2% TID. Moreover, the cultural algorithm proved to be an efficient and useful tool
for determining the optimal TID de-sign parameters, and the effectiveness of modified
TID systems on mitigating wind-induced vibrations in high-rise buildings was demonstrated.
7
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Abstract
The present investigation examines how the properties of the double concave friction pendulum (DCFP) devices influence the seismic performance of isolated multi-span continuous
deck bridges. The numerical simulations are carried out using an eight-degree-of-freedom
model to reproduce the elastic behavior of the pier, associated to the assumption of both rigid
abutment and rigid deck, and the non-linear velocity-dependent behavior of the two surfaces
of the double concave friction pendulum isolators, under a set of natural records with different characteristics. The results in terms of the statistics related to the relevant response parameters are computed in non-dimensional form with respect to the seismic intensity
considering different properties of both DCFP isolators and bridge.
Keywords: Seismic isolation, Double concave friction pendulum isolators, Multi-span continuous deck bridges, Performance-based engineering, Non-dimensional form.
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1

INTRODUCTION

The seismic isolation is one of the most used and efficient techniques able to improve
seismic performance of both new or existing buildings [1]-[2] and infrastructures [3]. With
reference to bridges, the seismic isolation allows to uncouple the super-structure represented
by the deck and the sub-structure represented by the system piers/abutments/foundations. The
main benefit to the structural system relates to significant reduction of forces transmitted from
the deck to the piers under seismic event.
In particular, the quantification of safety level of structures [5] and road infrastructures [6][8] is a relevant topic for research with special reference to areas subjected to high seismicity.
In such areas, the non-linear behaviour of RC members [9]-[11] has a significant influence on
structural response when structures are not provided of appropriate isolation systems. For instance, different investigations focused on the analysis of seismic response of bridges
equipped with isolator devices have been performed over the years [12].
In literature, several studies have been carried out concerning seismic isolation of bridges
trough friction pendulum devices (FPS) [13]-[15]. The FPS bearings are able to make the natural period of the isolated bridge independent from the mass of the deck and allows significant energy dissipation under seismic motion thanks to friction on sliding surfaces [16]. The
FPS bearings can be realized with single (SCFP) or multiple concave sliding surfaces [17][18]. In particular, the use of double concave sliding surface friction pendulum devices
(DCFP) have positive influence on the seismic response of isolated bridges as demonstrated
by [19].
The present study investigates the effectiveness of the use of DCFP to improve the seismic
response of multi-span continuous bridges considering the interaction between piers, abutments and deck [20]. The structural response of the system under seismic excitation is analysed by means of an eight-degree-of-freedom (8-dof) model accounting for the reinforced
concrete (RC) pier stiffness, the DCFP behaviour and the rigid RC abutment.
The seismic action and related uncertainties are reproduced adopting a set of natural records having different spectral characteristics. In detail, a non-dimensional parametric study is
developed for several geometric configurations of the pier and of the DCFP isolators. The responses of the deck, of the pier and of each surface of the DCFP isolators are monitored to
determine effectiveness of the isolation system.
2

DESCRIPTION OF DYNAMIC BEHAVIOUR OF DECK-ABUTMENT-PIER
STRUCTURAL SYSTEM

The structural behavior of the multi-span continuous deck bridge (e.g., isolated three-span
continuous deck bridge) isolated with DPCF is reproduced by means of an 8-degree-offreedom (8-dof) system as shown by Figure 1.
In detail, 5 degrees of freedom relate to the lumped masses associated to the RC bridge
pier (supposed to be elastic), 2 degrees of freedom correspond to the two sliders of the DPCF
bearings and, finally, 1 degree of freedom concerns the mass of the rigid RC deck [14].
The governing equations of motion of the system can be expressed in terms of relative horizontal displacements with respect to the ground (Figure 1(a)) along the longitudinal direction
as follows:
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md ª¬ud t + u g t º¼  F1a (t ) + F1 p (t ) = 0
msa ¬ªusa t + u g t º¼  F1a (t ) + F2 a (t ) = 0

(1 a,b,c,d,e)

msp ¬ªus p t + u g t º¼  F1 p (t ) + F2 p (t ) = 0
m p 5 ª¬u p 5 t + u g t º¼  c p 5 ª¬u p 5 t  u p 4 t º¼  k p 5 ª¬u p 5 t  u p 4 t º¼  F2 p (t ) 0
m pi ª¬u pi t + u g t º¼  c pi ª¬u pi t  u pi 1 t º¼  k pi ª¬u pi t  u pi 1 t º¼ 
 c pi 1 ª¬u pi 1 t  u ppi t º¼  k pi 1 ª¬u pi 1 t  u pi t º¼ 0

for

i 1,..., 4

where u d denotes the displacement of the deck relative to the ground; u sp is the displacement
of the slider of the DCFP device located on the pier with respect to the ground; u sa is the displacement of the slider of the DCFP device located on the abutment with respect to the
ground, u pi (i=1,..,4,5) is the displacement relative to the ground of pier i-th mass; md , msp
and msa are the masses of the deck and of the two DCFP devices installed on the pier and on
the abutment; m pi (i=1,..,4,5) is the i-th lumped mass of the pier segment; k pi and c pi
(i=1,..,5) are the stiffness and associated viscous damping constant for each dof associated to
the pier segments; t is the time instant; Fja t and Fjp t denote the reaction forces of the
DCFP bearings on the abutment and on the pier, respectively, for the upper (j = 1) and lower
sliding surface (j = 2). With reference to the modelling of behavior of the DCFP, the device
can be modelled as a serial combination of two single FPS isolators. Then, according to [17][18], the reaction forces at the upper (j = 1) and lower (j = 2) surface (i.e., F1 and F2) are identical and can be obtained according to the following expression:
F

F1

F2

md g R1 P1 u1 sgn u1  R2 P2 u2 sgn u2
md g
(u ) 
R1  R2
R1  R2

(2)

where u is the global horizontal displacement of the DCFP isolator; u1 represents the horizontal displacement of the upper surface (j = 1); u 2 is the horizontal displacement of the lower
surface (j = 2). The first part of Eq. (2) represents the equivalent restoring stiffness ( kcomb ) of
the DCFP device expressed as:
kcomb

md g
R1  R2

(3)

from which the restoring natural period can be derived as follows:
Td

2S

R1  R2 / g

2S / Zd

(4)

where g is the gravity constant; R1 and R2 denote the upper and lower radius of curvature of
the DCFP bearing. In Eq.(2), P j u j t (with j=1,2) represents the sliding friction coefficient,
which depends on the slider slip velocity u j t along one of the two sliding surfaces and on its
sign, sgn u j (for j=1,2). The second part of Eq.(2) represents the equivalent friction coefficient of the DCFP device [17]:
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Peqv

P1 R1  P2 R2

(5)

R1  R2

Eq.(5) is valid under the assumption that the sliding occurs on the both surfaces of the device and in the same direction.
deck

a)
msa

Surface 1
us,a
Surface 2

DCFPa

b)

ud

md
Surface 1
msp
Surface 2

us,p

DCFPp

msa

DCFPa

up,5

mp5

deck
md
ud = vd + vp,5 + vp,4 + vp,3 + vp,2 + vp,1
Surface 1
Surface 1
up,5 = vp,5 + vp,4 + vp,3 + vp,2 + vp,1
x8
up,4 = vp,4 + vp,3 + vp,2 +mvspp,1
Surface 2
Surface 2
up,3 = vp,3 + vp,2 + vp,1
up,2 = vp,2 + vp,1 DCFPp
up,1 = vp,1
mp5

x7
x6

xp,5

abutment

abutment

up,4

mp4

up,3

mp3

mp1

xp,3

mp3

up,2

mp2

xp,4

mp4

xp,2

mp2
xp,1

mp1

up,1

pier

pier

Figure 1: Representation of the 8-dof model of the bridge. Relative displacements with respect to the ground (a)
and drifts between the different lumped masses (b).

The experimental investigations of [21]-[23] demonstrate that, the coefficient of friction on
sliding surfaces of DCFP can be estimated according to the following expression:
Pj uj

P j ,max  P j ,max  P j ,mini  exp D u j

for j 1, 2

(6)

where, P j ,max denotes the maximum value of friction coefficient at high sliding velocities;
P j ,min represents the value at near-zero sliding velocity. In the present investigation, it is assumed that P j ,max 3P j ,min and D 30 according to the researches of [21]-[23].
3

NON-DIMENSIONAL SYSTEM OF EQUATIONS

The analysis of the seismic behavior of the bridge under seismic action is performed according to non-dimensional form of the system of equations of motion, in line with previous
applications [24]. In order to obtain the response of the DCFP devices along each sliding surface, Eq.(1) can be expressed in terms of drifts between the lumped masses of the structural
system (Fig.1(b)), according to the following relationships:
md x7 t  md x6 t  md x p 5 t  md x p 4 t  md x p 3 t  md x p 2 t  md x p1 t 
 cd xd t + F1a t  F1 p (t ) = md u g t
msp x6 t  mspp x p 5 t  mspp x p 4 t  mspp x p 3 t  mspp x p 2 t  mspp x p1 t  F1 p t  F2 p t
msa x8 t  F1a t  F2 a t

mspp u g t

msa u g t

m p 5 x p 5 t  m p 5 x p 4 t  m p 5 x p 3 t  m p 5 x p 2 t  m p 5 x p1 t  cd xd t  c p 5 x p 5 t 
 k p 5 x p 5 t  F2 p t = m p 5u g t
m p 4 x p 4 t  m p 4 x p 3 t  m p 4 x p 2 t  m p 4 x p1 t  c p 5 x p 5 t  k p 5 x p 5 t  c p 4 x p 4 t  k p 4 x p 4 t = m p 4u g t
m p 3 x p 3 t  m p 3 x p 2 t  m p 3 x p1 t  c p 4 x p 4 t  k p 4 x p 4 t  c p 3 x p 3 t  k p 3 x p 3 t = m p 3u g t
m p 2 x p 2 t  m p 2 x p1 t  c p 3 x p 3 t  k p 3 x p 3 t  c p 2 x p 2 t  k p 2 x p 2 t = m p 2u g t
m p1 x p1 t  c p 2 x p 2 t  k p 2 x p 2 t  c p1 x p1 t  k p1 x p1 t = m p1u g t
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where, in line to Eq.s(2)-(6), the reactions of the DCFP bearings on the sliding surfaces are:
ª 1 § 5
º
·
«
¨ ¦ x pi +x6 + x7  x8 ¸  P1a ( x9 ) sgn x9 »
¹
¼
¬ R1a © i 1

F1a

md g
2

F2 a

§ md
· ª 1
¨ 2  msa ¸ g « R x8  P 2 a x8
©
¹ ¬ 2a

F1 p

§ md g · ª 1
¨ 2 ¸ « R x7  P1 p x7
©
¹ «¬ 1 p

F2 p

§ md
· ª 1
¨ 2  msp ¸ g « R x6  P 2 p x6
©
¹ ¬« 2 p

where, in detail, x9 ud  x8

5

¦x

pi

º
sgn x8 »
¼

sgn x7

º
»
»¼

(8 a,b,c,d)

º
sgn x6 »
»¼

 x6 + x7  x8 . Next, dividing all the equations by the mass md ,

i 1

the system of equation of Eq.(7) becomes:
x7 t  x6 t  x p 5 t  x p 4 t  x p 3 t  x p 2 t  x p1 t  2[ d Zd xd t +


§
gª 1 § 5
·
§ 5
«
¨ ¦ x pi +x6 + x7  x8 ¸  P1a (v ) ¨ sgn ¨ ¦ x pip  x6 + x7  x8
2 ¬ R1a © i 1
¹
©i 1
©



gª 1
x7  P1 p x7
«
2 ¬« R1 p

· ·º
v ¸ ¸» 
¹ ¹¼

º
sgn x7 » = u g t
»¼

Osp x6 t  x p 5 t  x p 4 t  x p 3 t  x p 2 t  x p1 t 


gª 1
x7  P1 p x7
«
2 ¬« R1 p

Osa x8 t 

º §1
· ª 1
sgn x7 »  ¨  Ospp ¸ g «
x6  P 2 p x6
¹ ¬« R2 p
¼» © 2

º
sgn x6 »
¼»

§
gª 1 § 5
·
§ 5
g ¨ ¦ x pip  x6 + x7  x8
«
¨ ¦ x pip +x6 + x7  x8 ¸  P1a (v ) ¨ sgn
2 ¬ R1a © i 1
¹
©i 1
©

§1
· ª 1
 ¨  Osa ¸ g «
x8  P 2 a x8
©2
¹ ¬ R2 a

º
sgn x8 »
¼

Osp u g t

· ·º
v ¸ ¸» 
¹ ¹¼

Osa u g t

2
O p 5 x p 5 t  x p 4 t  x p 3 t  x p 2 t  x p1 t  2[ d Zd xd t  2[ p5
p 5Z p 5 O p 5 x p 5 t  Z p5
p 5O p 5 x p 5 t 

§1
· ª 1
x6  P2 p x6
 ¨  Osp ¸ g «
©2
¹ «¬ R2 p

º
sgn x6 » = O p 5u g t
»¼

(9a,b,c,d,e,f,g,h)

O p 4 x p 4 t  x p 3 t  x p 2 t  x p1 t  2[ p 5Z p 5 O p 5 x p 5 t  Z p25 O p 5 x p 5 t 
2[ p 4Z p 4 O p 4 x p 4 t  Z p2 4 O p 4 x p 4 t = O p 4 u g t
2
O p 3 x p 3 t  x p 2 t  x p1 t  2[ p 4Z p 4 O p 4 x p 4 t  Z p2 4 O p 4 x p 4 t  2[ pp33Z p 3 O p 3 x p 3 t  Z pp3
3 O p 3 x p 3 t = O p 3 u g t

O p 2 x p 2 t  x p1 t  2[ pp33Z p 3 O p 3 x p 3 t  Z p23 O p 3 x p 3 t  2[ p 2Z p 2 O p 2 x p 2 t  Z p2 2 O p 2 x p 2 t = O p 2 u g t
2
O p1 x p1 t  2[ p 2Z p 2 O p 2 x p 2 t  Z p2 2 O p 2 x p 2 t  2[ p1
p1Z p1O p1 x p1 t  Z p1O p1 x p1 t = O p1u g t

introducing the mass ratios; the circular frequency of vibration of the isolated deck and of the
i-th dof of the pier; the damping coefficient of the i-th dof of the pier, as expressed in the following:
O pi

m pi
md

, Osa

msa
, Osp
md

msp
md

, Zd

kcomb
, Z pi
md

k pi
m pi

, [ pi

c pi
2m piZ pi

(10 a,b,c,d,e,f)

In line to [24], the time scale W tZd can be introduced together with the seismic intensity
scale factor a0 , expressed as u g (t ) a0 (W ) . The function (W ) is a non-dimensional function of
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time describing the time history of the seismic input. Finally, the non-dimensional system
equations can be expressed as follows:
\ 7 W  \ 6 W +\ p 5 W +\ p 4 W +\ p 3 W +\ p 2 W +\ p1 W  2[ d\ 7 W 


º
P \
gª 1 1
\ 7 W  1 p 7 sgn
g \7 » 
«
2 «¬ R1 p Zd 2
a0
»¼

gª 1 1 § 5
· ·º
· § P1a (\ 9 ) ··§§
§ 5
¸¸¨¨ sgn ¨ ¦\ pip (W ) \ 6 W +\ 7 W \ 8 W ¸ ¸ » =  (W )
«
¨ ¦\ pi W +\ 6 W + \ 7 W \ 8 W ¸  ¨
a
2 ¬ R1a Zd 2 © i 1
¹ ¹ ¼»
¹ ©
©i 1
0
¹©
gª 1

1

\7 W 
Osp ª¬\ 6 W +\ p 5 W +\ p 4 W +\ p 3 W +\ p 2 W +\ p1 W º¼  «
2 «¬ R1 p Zd 2
º
P \
§1
· ª 1 1
 ¨  Osp ¸ g «
\ 6 W  2 p 6 sgn \ 6 »
2
a0
©2
¹ «¬ R2 p Zd
»¼

Osa\ 8 W 

P1 p \ 7
a0

º
sgn
g \7 » 
»¼

Osp (W )

gª 1 1 § 5
§ 5
· ·º
· § P (\ ) · §
\ pip (W )  \ 6 W +\ 7 W \ 8 W ¸ ¸ » 
¦\ pi W +\ 6 W +\ 7 W \ 8 W ¸¹  ¨ 1aa 9 ¸ ¨ sgn ¨© ¦
«
2 ¬ R1a Zd 2 ¨© i 1
i 1
¹ ¹ ¼»
0
©
¹©

P \
º
§1
· ª 1 1
 ¨  Osa ¸ g «
\ 8 W  2 a 8 sgn \ 8 »
2
R
a
2
Z
©
¹ ¬ 2a d
0
¼

Osa
s (W )

Z
O p 5Z p2 5
O p 5 ¬ª\ p 5 W \ p 4 W \ p 3 W \ p 2 W \ p1 W ¼º  2[ d\ d W  2[ pp55 O p 5 p 5 \ p 5 W  p5
\ p5 W 
Zd
Zd2
º
P \
§1
· ª 1 1
 ¨  Osp ¸ g «
\ 6 W  2 p 6 sgn \ 6 » = O p 5 (W )
2
a0
©2
¹ ¬« R2 p Zd
»¼

Z p5
\ p5 W 
O p 4 ª¬\ p 4 W  \ p 3 W  \ p 2 W  \ p1 W º¼  2[ p5
p5O p5
Zd
Z p4
Z p2 5
Z p2 4
2[ p 4 O p 4
\ p 4 W  O p 5 2 \ p 5 W  O p 4 2 \ p 4 W = O p 4 (W )
Zd
Zd
Zd
Z p4
\ p4 W 
O p 3 ª¬\ p 3 W  \ p 2 W  \ p1 W º¼  2[ p 4 O p 4
Zd
2
Z p3
Z
Z2
2[ p 3 O p 3
\ p 3 W  O p 4 p24 \ p 4 W  O p 3 p23 \ p 3 W = O p 3 (W )
Zd
Zd
Zd
Z
Z
Z2
O p 2 ª¬\ p 2 W  \ p1 W ¼º  2[ pp33 O p 3 p 3 \ p 3 W  2[ p 2 O p 2 p 2 \ p 2 W  O p 3 p23 \ p 3 W 
Zd
Zd
Zd
O p 2

Z p2 2
\ p 2 W = O p 2 (W )
Zd2

O p1\ p1 W  2[ p 2 O p 2

Z p2
Z2
Z2
Z
\ p 2 W  2[ pp11O p1 p1 \ p1 W  O p 2 p22 \ p 2 W  O p1 p21 \ p1 W = O p1 (W )
Zd
Zd
Zd
Zd

(11 a,b,c,d,e,f,g,h)
with the following non-dimensional parameters:
3 Zi

Z pi
, 3 Oi
Zd

3 O sp

Osp , 3 P1a \ 9

3 P1 p \ 7
3P2 p \ 6

P1 p \ 7 g
a0

P2 p \ 6 g
a0

m pi

O pi

md

, 3 O sa

P1a \ 9 g
a0

,

3 P 2a \ 8

,
,

3 [ pi
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Osa ,

[ pi

P2a \ 8 g
a0

(12 a,b,c,d,e,f,g,h,i)
,
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The non-dimensional parameters 3 P1a , 3 P1 p , 3 P 2 a , 3 P 2 p depend from the velocities and are
used as follows:
3*P1a

P1,max,a g
a0

P1,max,p g

, 3*P1 p

a0

P2,max,a g

, 3*P 2 a

a0

, 3*P 2 p

P2,max,p g

(13 a,b,c,d)

a0

With reference to Figure 1, it can be recognized that the peak response in terms of nondimensional parameters can be expressed as:

\ ud

4

ud ,peak Zd2
a0

, \ xd

xd ,peak Zd2
a0

=

( x6  x7 )peak Zd2
a0

,

\up

u p ,peak Zd2

§ 5 ·
Zd2
¨¨ ¦ xi ¸¸
© i 1 ¹peak

a0

a0

(14 a,b,c)

PARAMETRIC INVESTIGATION OF STRUCTURAL RESPONSE UNDER
SEISMIC ACTIONS

Next, the results of parametric analysis of the bridge system isolated with DCFP bearings
of Figure 1 are reported in non-dimensional terms. Firstly, the criteria for selection of earthquake events and the response parameters adopted to monitor the seismic performance are
described.
4.1

Selection of the seismic inputs

In line with the approach of performance-based earthquake engineering (PBEE) [25], the
present investigation accounts for the uncertainties related to the seismic input intensity separately from the ones related to the characteristics of the record (i.e., record-to-record variability). This is possible to the introduction of an intensity measure (IM) that corresponds to the
seismic intensity scale factor a0 . According to the criteria of efficiency, sufficiency and hazard compatibility [26], this study assumes that the spectral pseudo-acceleration, S A , at the
isolated period of the system, Td 2S / Zd (Eq.(4)), represents the adopted intensity measure
IM. In the parametric analyses, [ d is taken equal to zero, in line to [24]. Then, the related
IM= a0 is hereinafter denoted to as S A Td . The record-to-record variability is described
through a set of 30 ground motion records with details in [27]-[30].
4.2

Evaluation of the seismic response

In the present investigation, the peak response parameters considered are the following:
- the peak deck response ud ,peak , that corresponds to the peak isolator global response on
-

the abutment;
the peak isolator global response on the pier, xd ,peak ;

-

the peak displacement at the top of the pier u p,peak with respect to the ground.

According to the nondimensionalization previously introduced, the solution of Eq. (11) for
the ground motions records allows to determine a set of samples of the mentioned above output variables. Next, the non-dimensional response parameters are assumed consistent with a
lognormal probabilistic model as widely employed in PBEE [31] and in other studies [32][39]. The statistical parameters for lognormal distribution can be derived from generic response parameter D (i.e., the extreme values of \ u , \ x and \ u of Eq.s (11) and (14)) by
d

p

p

estimating the mean value GM D and the coefficient of variation E D of the observed samples as follows:
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N

GM D

E D

ln d1  ln ª¬GM D º¼

2

(15)

d1  ...  d N

 ......  ln d N  ln ª¬GM D º¼
N 1

2

(16)

where dh represents the h-th sample value of D associated to the h-th accelerogram and N is
the total number of samples equal to the total number of accelerograms herein adopted
(h=1,…,N). According to the lognormal distribution assumption, the k-th percentile of the generic response parameter D can be derived as follows:
dk

GM ( D) exp[ f (k ) E ( D)]

(17)

where f (k ) assume the values of f (50) 0 for 50-th percentile and f (84) 1 for 84-percentile,
respectively [40].
4.3

Outcomes from non-dimensional analyses

This section reports the results of the parametric investigation developed in line to the proposed criteria for nondimensionalization of the equations of motion. The influence of the
properties of the DCFP isolators and bridge geometry on the seismic performance of the
structural system under the ground motion records has been investigated. The following parametric analysis has been carried out:
- the parameters 3 [ [ d and 3 [ [ p are assumed equal to 0% and 5%;
d

p

-

the isolated bridge period Td has been assumed as 2s, 2.5s, 3s, 3.5s and 4s;
the RC pier period Tp equal to 0.2s [19];
the five pier lumped masses 3 O O p has been considered equal to 0.1, 0.15 and 0.2 [19];
the two DCFP devices on the abutment and on the pier have identical properties (i.e., follows that 3*P1a 3*P1 p 3*P1 as well as 3 O sa 3 O sp 3 O s ) and the mass ratio 3 O s is set equal
to 0.005; R1 / R2 equal to 2, P1,max / P2,max equal to 4, P j ,max / P j ,min (with j 1, 2 ) equal to 3;
- the parameter 3*P1 is assumed to vary in the range between 0 (no friction) and 2 (very
high friction) (specifically, 95 values are considered).
Then, the non-dimensional parametric investigations have been carried out on 1425 different systems, defined by varying the main structural properties within the two bearing cases,
assuming 30 different ground motions. For each value of the parameters of interest in the
parametric study, the differential equations of motion, (i.e., Eq. (11)), have been solved for
the 30 different ground motions. The Bogacki-Shampine integration algorithm available in
Matlab-Simulink [41] has been adopted.
Fig.s 2-4 show the statistics (GM and E values) of the non-dimensional peak response parameters considered, obtained for different values of the system properties varying in the
range of interest. Each figure contains three surface plots, corresponding to the different values of 3 O .
Fig. 2 plots the results concerning the peak normalized displacement of pier top \ u with
p

respect to the ground. It is noteworthy that for very low 3 P1 values, GM \ u
*

p

decreases by

increasing 3*P1 , whereas it increases for high 3*P1 values. Thus, there exists an optimal value
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of 3*P1 such that the peak displacement of pier top is minimized. This optimal value varies
between 0 and 0.5 depending on the values of Td and 3 O . In addition, GM \ u
significantly with increasing 3 O . The parameter Td has an influence on GM \ u

p

p

decreases
leading to a

general decrease for an its increase thanks to the effectiveness of the seismic isolation. The
dispersion E \ u shows a maximum value approximatively at the same value of 3*P1 that
p

gives the minimum GM \ u . The response dispersion increases with increasing the mass rap

tio 3 O . From low to high values of Td , E \ u

p

also increases.

a)

b)

3O
3O

Figure 2: Normalized displacement of pier top vs. 3 Pand Td: median value and dispersion for Tp= 0.2s and for
different values of 3O. The arrow denotes the increasing direction of 3O.

a)

b)

3O
3O

Figure 3. Normalized deck displacement vs. 3 Pand Td: median value and dispersion for Tp= 0.2s and for different values of 3O. The arrow denotes the increasing direction of 3O.

Fig. 3 shows the response statistics of the peak normalized deck displacement \ u , which
d

also corresponds to the peak global response of the bearing placed on the abutment. Obviously, GM \ u decreases significantly as 3*P1 increases. In general, the values of GM \ u
d

d

slightly increase for increasing values of both Td and 3 O . The values of the dispersion
E \ u , plotted in Fig. 3 (b), are very low for low 3*P1 values due to the high efficiency of the
d

IM, and attain their maximum for high values of 3*P1 . The other system properties have a reduced influence on E \ u

d

compared to the influence of 3*P1 .

Fig. 4 shows the variation of the peak global response with regard to the bearing placed on
the pier \ x . As already observed for GM \ u , also GM \ x tends to show a decrease
d

d
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against increasing 3*P1 values. The dispersion is low in correspondence of low 3*P1 values due
to the high efficiency of the IM, attaining its peak for high 3*P1 values. Note that the influence
of 3 O is slightly more marked for GM \ x

d

with respect to GM \ u

d

leading to lower values

due to the flexibility of the pier.
a)

b)

3O

3O

Figure 4. Normalized pier bearing global displacement vs. 3 Pand Td: median value and dispersion for Tp=
0.2s and for different values of 3O. The arrow denotes the increasing direction of 3O.

The existence of an optimal value of the normalised friction coefficient of the upper surface 3*P1 for the both DCFP devices able to minimize the displacement of pier top (Fig. 2) is
the result of counteracting effects that occur for increasing values of the friction coefficient.
5

CONCLUSIONS

This paper analyzes the seismic performance of multi-span continuous deck bridges isolated with DCFP devices considering the pier-abutment-deck interaction. The results of an extensive non-dimensional parametric study encompassing a wide range of isolator and bridge
properties have been illustrated monitoring various response parameters of interest related to
both the isolators and the pier. Specifically, the RC pier is considered elastic, whereas the RC
deck and RC abutment are assumed rigid. The results in terms of geometric mean and dispersion for each peak normalised response parameter are summarized as follows.
Regarding the pier performance, there exists an optimal value of sliding friction coefficient
for each surface of the DCFP device able to minimize the pier response. This optimal value
depends on the bridge and isolator properties.
Regarding the deck performance, which also corresponds to the peak global response of
the bearing placed on the abutment, the response decreases significantly as the sliding friction
coefficient increases. Slightly lower results are achieved for the global response of the bearing placed on the pier.
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Abstract
The scope of the present study is focused on the evaluation of the seismic response of bridges
isolated by single concave sliding pendulum isolators (FPS) for the different structural properties when the presence of the rigid abutment is considered or neglected (i.e., isolated viaducts). In this way, they have been defined two specific multi-degree-of-freedom (mdof)
models to simulate the elastic behavior of the reinforced concrete pier in combination to the
infinitely rigid presence of the deck and to the presence of the rigid abutment if considered.
Both the numerical models also account for the non-linear velocity-dependent behavior of the
FPS bearings. Considering the aleatory uncertainty in the seismic input by means of several
natural records with different characteristics, a parametric analysis is developed for several
structural properties. The relevant results expressed as the statistics in non-dimensional form
with respect to the seismic intensity have permitted to study the differences between the two
numerical models in relation to the effectiveness of the seismic isolation.
Keywords: Seismic isolation, Bridge, Friction pendulum isolators, Performance-based engineering, Seismic reliability.
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1

INTRODUCTION

Seismically isolated bridges permit to obtain a substantial reduction of the deck acceleration and, as consequence, of the forces transmitted to the pier in comparison to non-isolated
bridges as widely demonstrated in many studies focusing with both elastomeric (LRB) and
frictional (FPS) isolators [2]-[8]. This topic is in line with the issue of the infrastructure safety
[9]-[10]. Tongaonkar and Jangid [11] evaluated the effects of soil-structure interaction on the
peak responses of a three-span continuous deck bridge isolated by the elastomeric bearings
particularly, showing their influence to assess the bearing displacements at abutment locations.
Contextually, friction pendulum system (FPS) devices have been widely used for their capability to provide an isolation period mass independent and to assure high dissipation and recentering in addition to their longevity and durability properties [12]-[14]. Several
experimental and numerical researches have explored the behavior of the FPS devices [15][23]. The seismic response of isolated multi-span continuous deck bridges is investigated in
[24] confirming the effectiveness of simplified models in relation to the flexibility of the deck
and of the piers. In [25]-[26], it was carried out a large parametric analysis demonstrating the
influence of the design parameters on the response of a three-dimensional multi-span continuous steel girder bridge model seismically isolated by the FPS isolators. Moreover, other works
have been more oriented to develop design approaches for the isolators. In this context, the
seismic reliability-based design (SRBD) approach has been proposed and widely discussed in
[27]-[34] as a new methodology mainly aim to provide design solutions for seismic devices
taking into account the main uncertainties relevant to the problem itself.
The main goal of this work consists in evaluating the influence of the pier-abutment-deck
interaction on the seismic response of bridges isolated by single concave sliding pendulum
isolators (FPS) mainly comparing the results with those coming from the seismic response of
isolated bridges without considering the presence of the rigid reinforced concrete (RC) abutment (i.e., isolated viaducts). With this aim, two different multi-degree-of-freedom (mdof)
models representative, respectively, of a single-column bent viaduct [22] and a multi-span
continuous deck bridge [7],[13] are defined. Specifically, a six-degree-of-freedom model is
used to represent the dynamic behaviour of both the isolated bridge systems. In fact, in both
the mdof models, five vibrational modes are considered to describe the elastic behavior of the
RC pier and an additional degree of freedom represents the response of the infinitely rigid RC
deck isolated by the FPS devices. If considered, the presence of the RC abutment is assumed
rigid and so no degree of freedom is related to that. The FPS isolator behavior is described
through a widespread velocity-dependent model. In order to obtain a system response independent from the specific seismic source, a non-dimensional formulation of the motion equations proposed in [20] and herein extended and, in addition, a parametric analysis considering
several structural properties is performed with the aim to investigate the differences between
the two mdof models in relation to the relevant response parameters. The uncertainty in the
seismic input is taken into account by means of a set of natural records with different characteristics. Finally, the optimum values of the sliding friction coefficient able to minimize the
pier displacements relative to the ground as a function of the structural properties and of the
seismic input intensity considering or neglecting the rigid presence of the abutment (i.e., single-column bent viaduct and multi-span continuous deck bridge) have been derived.
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2

NON-DIMENSIONAL MOTION EQUATIONS

The motion equations, in terms of drifts between the different degrees of freedom, governing
the seismic response when the isolated system refers to a multi-span continuous deck bridge
(e.g., three-span continuous deck bridge) [7],[13], and the presence of the rigid RC abutment
is considered (Figure 1(b)), subjected to the seismic input along the longitudinal direction,
u g t , are:
md ud t + md u p 5 t  md u p 4 t  md u p 3 t  md u p 2 t  md u p1 t  cd ud t + Fp t  Fa (t ) = md u g t
m p 5u p 5 t  m p 5u p 4 t  m p 5u p 3 t  m p 5u p 2 t  m p 5u p1 t  cd ud t  c p 5u p 5 t  k p 5u p 5 t  Fp t = m p 5u g t
m p 4u p 4 t  m p 4u p 3 t  m p 4u p 2 t  m p 4u p1 t  c p 5u p 5 t  k p 5u p 5 t  c p 4u p 4 t  k p 4u p 4 t = m p 4u g t

(1)

m p 3u p 3 t  m p 3u p 2 t  m p 3u p1 t  c p 4u p 4 t  k p 4u p 4 t  c p 3u p 3 t  k p 3u p 3 t = m p 3u g t
m p 2u p 2 t  m p 2u p1 t  c p 3u p 3 t  k p 3u p 3 t  c p 2u p 2 t  k p 2u p 2 t = m p 2u g t
m p1u p1 t  c pp22u p 2 t  k p 2u p 2 t  c p1u p1 t  k p1u p1 t = m p1u g t

where u d denotes the horizontal displacement of the deck relative to pier, u p1,u p 2,u p 3,u p 4,u p 5
are the pier displacements relative between two consecutive dof, md , m p1 , m p 2 , m p 3 , m p 4 , m p 5
respectively the mass of the deck and of each dof of the pier, k p1, k p 2, k p 3, k p 4, k p 5 and

c p1, c p 2, c p 3, c p 4, c p 5 respectively the stiffness and inherent viscous damping coefficient of each
dof of the pier, cd the bearing viscous damping factor, t the time instant, the dot differentiation over time.
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Figure 1: 6dof model of a bridge isolated by FPS bearings without pier-abutment-deck interaction (i.e., viaduct)
(a); 6dof model of a bridge isolated by FPS bearings considering pier-abutment-deck interaction (b); FPS response (c).

The forces related to both the isolator device placed at the pier level Fp t and at the abutment level Fa t are the following:
Fp t

md g
2

ª 1
º
« ud t + P p ud sgn ud »
«¬ Rp
»¼
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md g ª 1
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2 ¬ Ra

Fa t
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u
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(
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)
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(
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pi ¸
a ¨ d
pi
p ¸
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i 1
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©
¹
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©
¹¼

(2b)

md g / R , g is the gravity constant, R is the radius of curvature of the FPS
the sliding friction coefficient, which depends on the bearing slip horizontal

velocity ud t [31], and sgn(∙) denotes the sign function. As reported in [14], the fundamental
vibration period of an isolated bridge, Td 2S R / g , corresponding to the pendulum behaviour component, depends only on the radius of curvature R. According to [16]-[19], the sliding friction coefficient of teflon-steel interfaces can be expressed by the following equation:

P ud

Pmax  Pmax  Pmin  exp
e p D ud

(3)

where Pmax and P min represent, respectively, the maximum value of sliding friction coefficient attained at large velocities and the value at zero velocity. In this study, it is considered
that Pmax 3Pmin with the exponent D equal to 30 [20].
What is worth underlying is that, differently to the reaction force of the seismic device on
the pier, the reaction force as well as the friction coefficient related to the abutment isolator
depend on both the horizontal velocity and displacement [31] of the deck with respect to the
ground.
By dividing Eq. (1) by the mass deck md , the following equation system is obtained:
º
gª 1
ud t + u p 5 t  u p 4 t  u p 3 t  u p 2 t  u p1 t  2[ d Zd ud t + « ud t + P p ud sgn ud » 
2 «¬ R p
»¼

(4a)

gª1 §
·º
·
§
· §
sgg ¨ ud (t )  ¦ u pipi ¸ » = u g t
 « ¨ ud (t )  ¦ u pi ¸ + Pa ¨ ud (t )  ¦ u pip ¸ sgn
2 ¬ Ra ©
i 1
i 1
i 1
¹ ©
¹¼
¹
©
5

5

5

2
O p 5 ¬ªu p 5 t  u p 4 t  u p 3 t  u p 2 t  u p1 t ¼º  2[ d Zd ud t  2[ p5
p 5Z p 5 O p 5u p 5 t  O p 5Z p 5u p 5 t 
º
gª 1
 « ud t + P p ud sgn ud » = O p 5u g t
2 ¬« Rp
»¼
2
O p 4 ª¬u p 4 t  u p 3 t  u p 2 t  u p1 t º¼  2[ p5
p 5Z p 5 O p 5u p 5 t  O p 5Z p 5u p 5 t  2[ p4
p 4Z p 4 O p 4u p 4 t 
2
O p 4Z p 4u p 4 t = O p 4u g t
2
2
O p 3 ª¬u p 3 t  u p 2 t  u p1 t º¼  2[ p4
p 4Z p 4 O p 4u p 4 t  O p 4Z p 4u p 4 t  2[ p3
p 3Z p 3O p 3u p 3 t  O p 3Z p 3u p 3 t = O p 3u g t

(4b)

(4c)
(4d)

O p 2 ª¬u p 2 t  u p1 t º¼  2[ pp33Z p 3O p 3u p 3 t  O p 3Z p23u p 3 t  2[ pp22Z p 2O p 2u p 2 t  O p 2Z p2 2u p 2 t = O p 2ug t

(4e)

O p1u p1 t  2[ pp22Z p 2O p 2u p 2 t  O p 2Z p2 2u p 2 t  2[ pp11Z p1O p1u p1 t  O p1Z p21u p1 t = O p1ug t

(4f)

and the following ratios are introduced:

Zd

kd
, Z pi
md

k pi
m pi

, [d

cd
, [ pi
2md Zd

c pi
2m piZ pi

, O pi

m pi
md

with i 1, ..., 5

(5)

The first two terms denote, respectively, the circular frequency of vibration of the isolated
deck and of the i-th lumped mass of the pier; [ d is the damping factor of the isolated deck,
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[ pi is the damping factor corresponding to the i-th dof in which the pier has been discretized.
The last term represents the i-th mass ratio between the i-th lumped mass of the pier and the
deck mass.
With the aim to extend the non-dimensionalization approach proposed by [20]-[21], let us
kd / md is the fundamental circular frequency
introduce the time scale W tZd , in which Zd
of the isolated system with infinitely rigid superstructure, and the seismic intensity scale a0 ,
so that u g (t )

a0 (W ) , where (W ) is a non-dimensional function of time describing the seis-

mic input time-history, the following non-dimensional equations can be obtained:
Pp \ d g
ª1
º
sgn
\ d W +\ p 5 W +\ p 4 W +\ p 3 W +\ p 2 W +\ p1 W  2[ d\ d W + « \ d W 
g \d » 
2a0
«¬ 2
»¼
5
5
ª1
g § §
5
· ·§
§
· ·º
g ¨\ d (W )  ¦\ pi (W ) ¸ ¸ » =  (W )
 « \ d W + ¦ i 1\ pi W 
¨ Pa ¨\ d (W )  ¦\ pi (W ) ¸ ¸¨ sgn
2a0 © ©
i 1
i 1
©
¹ ¹¼
¹ ¹©
¬2
Z p5
O p 5\ p 5 W 
O p 5 ª¬\ p 5 W \ p 4 W \ p 3 W \ p 2 W \ p1 W º¼  2[ d\ d W  2[ p5
p5
Zd
O p 5

Z p25
Zd2

\ p5

Pp \ d g
º
ª1
sgn \ d » = O p 5 (W )
W  « \d W 
a
2
2
»¼
0
¬«

(6a)

(6b)

Z p5
Zp4
Z p25
Z p2 4
O p 4 ª¬\ p 4 W \ p3 W \ p 2 W \ p1 W º¼  2[ p5p5
O p5\ p5 W  2[ pp44
O p 4\ p 4 W  O p5 2 \ p5 W  O p 4 2 \ p 4 W = O p 4 (W )
Zd
Zd
Zd
Zd

(6c)

Zp4
Z p3
Z p2 4
Z p23
O p 3 ª¬\ p 3 W \ p 2 W \ p1 W º¼  2[ pp44
O p 4\ p 4 W  2[ pp33
O p3\ p3 W  O p 4 2 \ p 4 W  O p3 2 \ p3 W = O p3 (W )
Zd
Zd
Zd
Zd

(6d)

Z p3
Zp2
Z p23
Z p2 2
O p 2 ª¬\ p 2 W \ p1 W º¼  2[ pp33
O p 3\ p 3 W  2[ pp22
O p 2\ p 2 W  O p 3 2 \ p 3 W  O p 2 2 \ p 2 W = O p 2 (W )
Zd
Zd
Zd
Zd

(6e)

O p1\ p1 W  2[ pp22

Zp2
Z p1
Z p2 2
Z p21
O p 2\ p 2 W  2[ pp11
O p1\ p1 W  O p 2 2 \ p 2 W  O p1 2 \ p1 W = O p1 (W )
Zd
Zd
Zd
Zd

(6f)

§ 5
·
u pi ¸ Zd2
¦
2
¨
2
u p, peak Zd © i 1 ¹ peak
ud , peak Zd
and \ u p
deThe non-dimensional parameters \ ud
a0
a0
a0
scribe the peak dynamic response of the deck and of pier, respectively. Moreover, from Eq.(5),
it is possible to observe that the five non-dimensional 3 terms [20]-[21],[35]-[36] that control the system non-dimensional response are:

3 Zi

Z pi
, 3 O pi O pi
Zd

m pi
md

, 3[d

[ d , 3[

pi

[ pi with i 1,...,5

(7)

in particular, 3 Zi represents the i-th frequency ratio, 3 O pi is the i-th mass ratio as previously
defined, 3 [ pi and 3 [d are the inherent viscous damping related to the i-th dof of the pier and
to the isolator/deck, respectively. Regarding the control parameters of the pier, indeed, the
parameters Z pi are related to the fundamental vibration pulsation Z p (the first vibration mode)

4456

P. Castaldo, and G. Amendola

Op

as well as the sum of the mass ratios is related to the overall mass ratio 3 O

5

¦m

pi

/ md

i 1

and, finally, all the damping factors are assumed equal to 3 [ p

[p .

The normalized friction coefficients for the FPS devices on the pier and on the abutment
are the derived, respectively:

Pp \ d
a0

3P p \ d

5
§
·

P
\
\ pi ¸ g
¦
a¨ d
5
g
·
§
i 1
©
¹
, 3 P a ¨\ d  ¦\ pipi ¸
a0
i 1
©
¹

(8)

and since these parameters depend on the response through the corresponding velocities, each
one is used in its stead as follows [20]:

3 P p*

P p ,max g
, 3 P a*
a0

Pa ,max g
a0

(9)

*
It is worth underlining that even if the two FPS devices are equal, 3 P p

3 P a* , during the

dynamic response the terms of Eq.(8) depend on different velocities.
On the other hand, in the case of a single-column bent viaduct (or neglecting the presence
of the abutment) [22],[37], the same 6-degree-of-freedom (dof) model presented above, having 5 degrees of freedom for the elastic RC pier and 1 degree of freedom for the rigid RC
deck mass equipped with FPS devices is adopted and shown in Figure 1(a).
The main difference in the form of the equation of motion when the abutment is neglected
consists in the absence of the term related to the isolator force placed on the abutment and at
the beginning of the paragraph indicated as Fa t .
Note that cracking phenomena [38]-[42] of the RC deck are herein neglected.
3
3.1

GROUND MOTIONS AND INTENSITY MEASURE
Seismic records

In this study, the record-to-record variability is considered using 30 seismic records selected from 19 seismic different events [43]-[45]. Table 1 reports the details of the earthquakes
used for the study.
#

Year

Earthquake Name

1
2
3
4
5
6
7
8
9
10
11
12
13

1994
1994
1994
1999
1999
1979
1979
1995
1995
1999
1999
1992
1992

Northridge
Northridge
Northridge
Duzce, Turkey
Hector Mine
Imperial Valley
Imperial Valley
Kobe, Japan
Kobe, Japan
Kocaeli, Turkey
Kocaeli, Turkey
Landers
Landers

Recording
Station
Name
Beverly Hills - Mulhol
Canyon Country-WLC
LA – Hollywood Stor
Bolu
Hector
Delta
El Centro Array #11
Nishi-Akashi
Shin-Osaka
Duzce
Arcelik
Yermo Fire Station
Coolwater
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Vs30
[m/sec]
356
309
316
326
685
275
196
609
256
276
523
354
271

Source
(Fault Type)
Thrust
Thrust
Thrust
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip

M
[-]
6.7
6.7
6.7
7.1
7.1
6.5
6.5
6.9
6.9
7.5
7.5
7.3
7.3

R
[km]
13.3
26.5
22.9
41.3
26.5
33.7
29.4
8.7
46
98.2
53.7
86
82.1

PGAmax
[g]
0.52
0.48
0.36
0.82
0.34
0.35
0.38
0.51
0.24
0.36
0.22
0.24
0.42
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14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30

1989
1989
1990
1987
1987
1987
1992
1999
1999
1971
1976
1980
1979
1997
2000
2000
2003

Loma Prieta
Loma Prieta
Manjil, Iran
Superstition Hills
Superstition Hills
Superstition Hills
Cape Mendocino
Chi-Chi, Taiwan
Chi-Chi, Taiwan
San Fernando
Friuli, Italy
Irpinia
Montenegro
Umbria Marche
South Iceland
South Iceland (a.s.)
Bingol

Capitola
Gilroy Array #3
Abbar
El Centro Imp. Co.
Poe Road (temp)
Westmorland Fire Stat.
Rio Dell Overpass
CHY101
TCU045
LA - Hollywood Stor
Tolmezzo
Bisaccia
ST64
ST238
ST2487
ST2557
ST539

289
350
724
192
208
194
312
259
705
316
425
496
1083
n/a
n/a
n/a
806

Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Strike-slip
Thrust
Thrust
Thrust
Thrust
Thrust
Thrust
Normal
Strike-slip
Strike-slip
Strike-slip

6.9
6.9
7.4
6.5
6.5
6.5
7.0
7.6
7.6
6.6
6.5
6.9
6.9
6.0
6.5
6.5
6.3

9.8
31.4
40.4
35.8
11.2
15.1
22.7
32
77.5
39.5
20.2
21.3
21.0
21.5
13
15.0
14.0

0.53
0.56
0.51
0.36
0.45
0.21
0.55
0.44
0.51
0.21
0.35
0.94
0.18
0.19
0.16
0.13
0.30

Table 1: Seismic records used and them characteristics.

3.2

Intensity measure

The intensity scale factor, a0 , of Eq. (5) is the seismic intensity measure (IM) used in this
study coherently with the performance-based earthquake engineering (PBEE) [46],[47]. In
this study, the abovementioned term coincides with to the spectral pseudo-acceleration,
S A Td , [ d , corresponding to the isolated period of the bridge Td 2S / Zd with the damping
ratio 3 [d

[ d . As also observed in [20]-[22], since the spectral acceleration is related to the

spectral displacement S A Tb , [ d

Zd2 Sd Td , [ d , if all the records are normalized with re-

spect to S A Td , [ d , the normalized displacement and force of the isolated bridge deck, in the
hypothesis of both a rigid substructure (pier) and absence of the sliding friction, are equal to 1
for each record without any record-to-record variability. In the following analysis, the damping ratio [ d is set equal to zero [20],[34],[48] and the corresponding IM is hereinafter denoted
to as IM=a0= S A Td .
4

PARAMETRIC STUDY

In the analysis carried out in this study, the effects of higher order modes due to the flexibility of the elastic RC pier together with of the pier-abutment-deck interaction are investigated and the seismic performance of isolated bridges is assessed. This section describes the
results of the parametric study carried out on the two systems of Figure 1 to evaluate the performance of bridge isolated with FPS bearings for different structural properties. The first
subsection deals with the response parameters relevant to the seismic performance and the
second subsection illustrates the parametric study results.
4.1

Non-dimensional response parameters examined

The following response parameters relevant to the seismic performance assessment of isolated bridges are considered: the peak deck displacement relative to the pier for the model of
Figure 1(a) as well as the peak deck displacement relative to the pier or to the abutment for
the model of Figure 1(b), ud , peak , either important for the design of the FPS isolator and of
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the seismic joint deck-abutment, the peak pier displacement u p , peak

5

(¦ u p i ) peak (related to
i 1

the internal forces in the bridge substructure) for the both models. All these relevant response
parameters can be defined in non-dimensional form, in line with Eq.s (4) and (6), as follows:
5

\u

ud , peak Z
a0

d

2
d

, \ up

u p, peak Z

2
d

(¦ u pi ) peak Zd2
i 1

a0

(10)

a0

Eq.s (4) and (6) are repeatedly and numerically solved in Matlab–Simulink [49] computing
a set of samples for each response parameter for the two structural models. As also described
in [20],[21],[48],[50], the response parameters are modeled in probabilistic terms [51]-[58]:
the generic response parameter D (i.e., the extreme values \ u d , \ u p of Eq. (10)) can be fitted
by a lognormal distribution estimating the sample geometric mean, GM D , and dispersion,

E D , defined, respectively:
GM D

E D

V ln D

N

ln d1  ln ª¬GM D º¼

d1  ...  d N
2

 ......  ln d N  ln ª¬GM D º¼
N 1

(11)
2

(12)

in which dh is the h-th sample realization of D, and N represents the total number of samples
(i.e., ground motions): h=1,…,N. The kth percentile of the response parameter D can be evaluated as:
dk

GM ( D) exp[ f (k ) E ( D)]

(13)

where f ( k ) is a function that assumes the following values f (50) 0 , f (84) 1 and
f (16) 1 [59], for the 50th, 16th and 84th percentile, respectively.
4.2

Non-dimensional results

In this section, the results of the parametric study for the two structural configurations developed on the equivalent 6dof systems, for the different structural properties and 30 ground
motion records, are illustrated and commented. Specifically, in line with
[2],[11],[13],[25],[60], the parameters 3 [d [ d and 3 [ p [ p are assumed respectively equal
to 0% and 5%, the isolation period Td varies in the range between 2s, 2.5s, 3s, 3.5s and 4s, the
*
elastic RC pier period Tp equal to 0.2s, 3 O O between 0.1, 0.15 and 0.2, 3 P between 0
and 2. The latter one is related to the FPS device on the pier for the model without the abutment and to the FPS isolators, assumed equal, on the pier and on the abutment for the model
*
*
*
of Figure 1(b): 3 P p 3 P a 3 P . For each parameter combination and for the two structural
configurations, the differential motion equations (Eq.s (6) and (12)) have been repeatedly and
numerically solved adopting the Bogacki-Shampine and Runge-Kutta-Fehlberg integration
algorithm available in Matlab-Simulink [49]. After that, for each normalized response parameter, the geometric mean, GM, and the dispersion, E, have been evaluated by means of Eq.s
(11) and (12) and are illustrated in Figures 2-3 for the both structural models. Each figure con-
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tains different meshes as many as the values of 3 O : the arrow indicates the increasing values
of 3 O . Note that for the configuration with the pier-abutment-deck interaction (i.e., multispan continuous deck bridge), the peak normalized deck displacement, showed in Figures 2,
has always been the one between the deck and the abutment. This is because of the elastic response of the pier that reduces the relative displacement between the deck and itself.

GM(\ud )

c)

GM(\ud )

a)

3O

3 *P [-]

3O

Td [s]

3 *P [-]

Td [s]

b)

d)

3O

E(\ud )

E(\ud )

3O

3 *P [-]

3 *P [-]

Td [s]

Td [s]

Figure 2: Normalized deck displacement vs. 3 Pand Td: median value ((a): analysis with only pier; (c): analysis
with the pier-abutment-deck interaction) and dispersion ((b): analysis with only pier; (d): analysis with the pierabutment-deck interaction) for Tp =0.2s and for different values of 3l.
*
In Figures 2, GM \ ud is quite equal to unit for 3 P

0 . For 3 *P z 0 , GM \ u

d

slightly for increasing Td because of the period elongation. Obviously, GM \ ud

increases
decreases

*
significantly as 3 P increases showing an hyperbolic trend while it is not heavily influenced

*
by 3 O . The dispersion E \ u , for high Td , increases for increasing values of 3 P , as a red

sult of the reduction of the efficiency of the IM. Obviously, in the situation corresponding to
3 *P 0 , the dispersion is quite zero for all the values of Td and of 3 O considered. The mass
ratio 3 O does not affect significantly the response dispersion. Despite the trends of the both
statistics are similar for the two configurations, it is possible to observe that the values of
GM \ ud are larger in the case of the model without the pier-abutment-deck interaction. On
the other hand, higher values of E \ u

d

are achieved for the model with the pier-abutment-

deck interaction.
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a)

3O

3 *P [-]

GM(\ up )

GM(\up )

c)

3O

3 *P [-]

Td [s]

b)

Td [s]

3 *P [-]

3O

E (\ up )

E(\up )

d)

3O

3 *P [-]

Td [s]

Td [s]

Figure 3: Normalized pier displacement vs. 3 Pand Td: median value ((a): analysis with only pier; (c): analysis
with the pier-abutment-deck interaction) and dispersion ((b): analysis with only pier; (d): analysis with the pierabutment-deck interaction) for Tp =0.2s and for different values of 3l.

Figure 3 represents the response statistics of the normalized pier displacement \ u p . For the
both structural configurations, GM \ u p

decreases for higher values of Td and of 3 O as

well as for decreasing values of T p ; whereas it first decreases and then increases for increas*
*
ing values of 3 P , meaning that there is an optimal value of 3 P able to minimize the geomet-

ric mean of the pier displacement. This optimal value varies in a range that depends on the
values of Td and 3 O and on the structural configuration. Note also that for not optimal values
*
of 3 P , GM \ u p is not so high. Conversely, GM \ u p presents higher values for the struc-

tural configuration without the pier-abutment-deck interaction (i.e., single-column bent via*
duct). The values of the dispersion E \ u p are very low for low 3 P values due to the high
*
efficiency of the IM used in this work, and reach their peak for values of 3 P close to the op-

timal ones. The other system parameters have a reduced influence on E \ u p

compared to

*
the influence of 3 P . Higher values are achieved for the structural configuration with the pier-

abutment-deck interaction (i.e., multi-span continuous deck bridge).

4461

P. Castaldo, and G. Amendola

5

OPTIMAL VALUES OF THE SLIDING FRICTION COEFFICIENTS

Once the results from the analysis are obtained, for each parameter combination (i.e.,
3 O and Td ) and structural model (i.e., single-column bent viaduct and multi-span continuous
deck bridge), the optimal values of the normalized sliding friction coefficient, 3*P ,opt , that
minimize the median (50th percentile) of the normalized pier displacements \ u p have been
assessed and are reported in Figure 4. Figure 4 reports the variation of 3*P ,opt with 3 O and
Td and in relation to the two structural models (Figure 4a,b). The optimal values of the slid-

ing friction coefficient manifest a slightly increase as Td decreases, and this is valid for the
either the configurations. It is also observed that, especially for high Td values, 3*P ,opt increases by increasing 3 O in order to dissipate more energy.
a)

3P,opt [-]

b)

3 O [-]

Td [s]

Figure 4: Optimal values of normalized friction that minimize the 50th percentile of the normalized pier displacements vs. 3land Td, for Tp=0.2s; (a) with only pier; (b) with the pier-abutment-deck interaction.

6

CONCLUSIONS

This paper summarizes the seismic performance of bridges and viaducts isolated with single concave friction pendulum system bearings focusing on the influence of the pierabutment-deck interaction on the seismic response. The analysis carried out aim to define the
optimal isolator friction properties taking into account the uncertainty in the seismic input.
Adopting the nondimensionalization of the motion equations, a wide parametric analysis considering several structural properties has been conducted by monitoring the response parameters of interest regarding both an isolated bridge where only the pier response is considered
and an isolated bridge where the interaction between pier and abutment is taken into account
(i.e., single-column bent viaduct and multi-span continuous deck bridge, respectively). The
seismic response of these systems is modelled by employing a six-degree-of-freedom system
mainly to capture the effects due to the higher modes of the elastic pier.
As far as the deck response is concerned, the geometric mean of the normalized deck displacement tends to slightly increase for increasing isolation period because of the period elongation and it decreases significantly as the normalized friction increases. It presents higher
values in the case of the model with only pier (i.e., single-column bent viaduct). The dispersion increases for increasing both isolation period and normalised friction coefficient. It presents higher values in the case of the model with the pier-abutment-deck interaction.
With regards to the pier response, the geometric mean of the normalized displacement decreases for increasing values of isolation period and of mass ratio, whereas it first decreases
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and then increases for increasing values of normalized friction. Assuming that, an optimal
value of normalized friction coefficient such that the pier displacement is minimized does exist. Regarding the dispersion, higher values are observed for the pier-abutment-deck interaction model.
Finally, the optimal values of the normalized friction coefficient, able to minimize the 50th
percentile of the pier response, as a function of the structural properties and for the both structural models, are estimated. Higher optimum friction coefficients are required, when the pierabutment-deck interaction (i.e., multi-span continuous deck bridge) is taken into account.
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Abstract
Cantilever walls are a popular type of retaining system. The slip mode of failure of these retaining systems under seismic loading has recently been studied. Cantilever walls must be
designed in a manner such as to minimize the seismic displacement. The "conventional" slidingblock model is the most commonly used simplified model predicting the seismic displacement
of slopes for given earthquake motions. However, in dynamic analyses, usually the seismic motion is applied at the underlying bedrock and the seismic displacement along a slip surfaces
depends not only on the seismic response of the slip surface, but also on the dynamic characteristics of the soil profile both above and below the slip surface. The present work proposes a
cost-effective method predicting the seismic displacement of cantilever walls, and applies it for
their smart design. In order to achieve the paper first proposes a method predicting the critical
acceleration value of cantilever walls retaining systems by application of equations predicting
the critical acceleration value for gravity walls for the slip mode of failure of these retaining
systems. Then the paper proposes a method predicting the seismic displacement of cantilever
walls considering the dynamic response of the underlying soil profile by applying a recently
developed 1-D 2-body dynamic stick-slip method at the particular geometry of cantilever walls.
Finally, based on the above, the paper proposes a cost-effective method for smart design of
cantilever walls, and presents a typical example. The work illustrated that the de-amplification
effect of the seismic response can be crucial if the soil underlying the wall is soft and deep and
in this case a wall with a looser backfill may be preferable.

Keywords: cantilever walls, sliding-block model, dynamic response, seismic displacement,
slip surface, coupled analyses, smart design
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1

INTRODUCTION

Engineers usually assess the seismic safety of slopes and retaining structures using the dynamic factor of safety calculated from loads. However, evaluations based on the dynamic factor
of safety have the serious drawback that they do not consider the seismic displacement, which
is directly related to damage and recently design of retaining structures is based on prediction
of the seismic displacement along its slip surface and its comparison with the tolerable displacement that this structure can sustain [1].
Cantilever walls of L or inverted T-shape are a popular type of retaining system. The design
exploits the stabilizing action of soil weight over the footing slab against both sliding and overturning. It is widely considered as advantageous over conventional gravity walls for it combines
economy and ease in construction and installation [2]. Design of cantilever walls depends on
its dimensions, but also the soil type used in the backfill, as well as its compaction. Cantilever
walls must be designed in a manner such as to minimize the seismic displacement. The slip
mode of failure of these earth structures under seismic loading has been studied by Kloukinas
et al. [3]. However, the seismic displacement along a slip surface and, additionally, its dependence on the dynamic characteristics of the backfill and the soil profile below has not been studied.
The "conventional" Newmark sliding-block model [4], illustrated in Fig. 1, is the most commonly used simplified model predicting the seismic displacement of natural slopes and retaining structures for given earthquake motion [1, 5, 6]. As illustrated in Fig. 1a, a rigid block rests
on an inclined plane. The resistance along the block-inclined plane boundary follows the MohrCoulomb law. Critical acceleration is the minimum horizontal acceleration which causes movement of the block. Every time where the applied horizontal acceleration is larger than the critical
acceleration, the block slides. The total displacement is obtained by the addition of the partial
slips. This model is used for the prediction of permanent seismic movement of slopes and retaining structures along a predefined slip surface, by appropriately selecting the equivalent critical and applied acceleration values of the rigid block [5]. For gravity walls, according to the
Monobe-Okabe theory [7, 8], methods have been developed to determine the critical acceleration value, both by iteration [9] and analytically by first indicating the appropriate slip surface
[10, 11].
In dynamic analyses, usually the seismic motion is applied at the underlying bedrock and
the seismic displacement along a slip surfaces depends not only on the seismic response of the
slip surface, but also on the dynamic characteristics of the soil profile both above and below the
slip surface [12-14]. Katsenis et al., [13, 14] simulated the effect of the soil profile on the
seismic displacement along the slip surface using a 1-D dynamic system of 2 continuous bodies
separated by a horizontal slip which simulates the seismic displacement of the conventional
sliding-block model.
The present work proposes a method predicting the seismic displacement of cantilever walls,
and applies it for its smart design. In particular, the simplified geometry of Fig. 2 and table 1 of
a cantilever wall above a soil layer is considered. In order to achieve the paper first proposes a
method predicting the critical acceleration value of cantilever walls by application of equations
predicting the critical acceleration value for gravity walls given by [11] for the slip mode of
failure of these retaining systems identified by [3]. Then the paper proposes a method predicting
the seismic displacement of cantilever walls considering the dynamic response of the soil profile be first describing the Katsenis et al. [13] model and then applying it at the particular geometry of cantilever walls. Finally, the paper proposes smart design of cantilever walls by first
presenting typical results of the Katsenis et al. [13, 14] model and then applying them for cantilever walls smart design.
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Figure 1: A block sliding in an inclined plane (the “conventional” sliding-block model

Figure 2: The problem considered: A canteliver wall above a soil layer

Wall

Backfill

Soil-wall interface
Underlying soil

Parameter
Weight per unit length
Length inside backfill
Height above base
Friction angle at base
Height
Shear Wave velocity
Unit weight
Friction angle
Friction angle
Height
Shear Wave velocity
Unit weight

Symbol
Wc
b
Hc
φc
Hb
Vs-b
ρb
φb
φΙ = φb
Hs
Vs-s
ρs

Table 1: Model parameters defining the cantilever walls considered in the present study
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2

PROPOSED METHOD PREDICTING THE CRITICAL ACCELERATION OF
CANTILEVER WALLS

2.1 State of the art: The critical acceleration value for gravity walls
Gravity walls are relatively rigid structures walls used for supporting soil laterally so that it can
be retained (Fig. 3a). The applied force in walls under a horizontal acceleration value is estimated by the Mononobe-Okabe equation [7, 8], and typically iteration is performed to estimate
the estimate the critical acceleration causing failure, i.e. the value for limit equilibrium [9-11].
Furthermore, Stamatopoulos and Velgaki [10] observed that for failure of gravity walls, a
wedge in the backfill behind the wall reaches an active state, and that the wall and the backfill
slide outward, and thus the soil-wall system consists really of two bodies: (a) the active soil
wedge that slides with the inclination of least resistance in the backfill, and (b) the wall that
slides along the soil-wall boundary in the foundation (Fig. 3b).
Stamatopoulos et al. [11] developed an analytical equation predicting the critical acceleration value of the soil-wall system of Fig. 3a and table 2, by solving the force equilibrium
equations assuming a geometry consisting of two rigid blocks [15]. For a horizontal wall and
backfill with inclination αB-I and for only frictional resistance at both the backfill and the soilwall boundaries, this equation gives
ac-i = g AAΒ / BBΒ

(1a)

where g is the acceleration of gravity
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(1c)

and
X = 2 WW / (γ Ho2),
G=tanφW ,

D=tanδ ,
F=tanφI ,

B=tanφB ,
Ai=tanαB-i

(1d)

where the parameters WW , γ, Ho, δ , (αBcr-i) are illustrated in Fig. 3, φB is the frictional resistance
at the backfill, φW is the frictional resistance at the foundation soil-wall boundary and φI is the
frictional resistance at the backfill soil-wall boundary.
The critical acceleration value ac corresponds to the critical rupture angle αBcr-i which is
the value of αΒ-i, which minimizes ac-i in Eq. (1). As illustrated by [10], ac-i is a parabola in terms
of (αΒ-i), having a single well-defined minimum. It is inferred that estimating numerically Ai, and
thus αBcr-i also, is a simple matter using, for example, the bisection method [16].
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(a)

(b)

Figure 3: (a) Wall- retained soil geometry considered by [11] and (b) its simulation with a two-body model [11]

Wall
Backfill
Soil-wall interface

Parameter
Weight
Friction angle at base
Height
Unit density
Friction angle
Friction angle
Inclination

Symbol
W
φw
H
γ
φb
φΙ
δ (Fig. 5)

For Cantilever wall
W=Wc + γb Hc [b +Hc tan(αi-φb)]/2
φc
Ηc
γs
φs
φs
α-φb

Table 2: Parameters which define the Stamatopoulos et al. [11] model considered in section 2.1 and the corresponding values for the cantilever wall of Fig. 2.

2.2 The critical acceleration value of cantilever walls
Figure 4 presents the mode of failure of cantilever walls proposed by Kloukinas et al. [3],
where θ2 is related to θ1 and the frictional resistance of the backfill (φb) as
θ 2 = θ1 - φ b

(2)

Based on this mode of failure, it can be inferred that the sliding mechanism of cantilever
walls can be simulated as a wall-backfill 2-body system of Fig. 3, where the first body corresponds to the cantilever wall and part of the backfill to the left of the slip segment AA’ of Fig.
4, and the second body corresponds to the backfill part to the right of the slip segment AA’ of
Fig. 4. Table 2 gives the equivalent values of the system of Fig. 3 solving the cantilever wall of
Fig. 2. A condition needed for this solution, is that the slip surface passes through the ground
surface of the backfill, or that
Tan(αb-i-φb) < b/Hc

(3)

It is inferred that equations (1) and the procedure outlined in section 2.1 with the values
given in table 2 and the condition of equation (3) can be applied to estimate the critical acceleration value for relative motion of cantilever walls of the geometry of Fig. 2. A microsoft excel
worksheet was programmed to estimate the critical acceleration value of cantilever walls of the
geometry of Fig. 2, based on the procedure described above.
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Figure 4: The mode of failure of cantilever walls proposed by Kloukinas et al. [3], where θ2 is related to θ1 with
equation (2)

3

PROPOSED METHOD PREDICTING THE SEISMIC DISPLACEMENT OF
CANTILEVER WALLS CONSIDERING THE DYNAMIC RESPONSE OF THE
SOIL PROFILE

3.1 State of the art: The Katsenis et al., [13, 14] model
Katsenis et al. [13, 14] simulated the field configuration of a slope with a slip surface where
seismic displacement may accumulate as a result of a horizontal shear wave of Fig. 5a with a
1-D dynamic system of 2 continuous bodies separated by a horizontal slip element. In particular,
the Katsenis et al., [13, 14] model, illustrated in Fig. 5b and table 3, considers the 1-dimensional
dynamic response of a horizontal soil profile of depth (h1+h2) with a slip element at depth h1.
Different shear wave velocities (Vs-1, Vs-2), densities (ρ1, ρ2) and damping (λ1, λ2) may exist
above and below the slip element. The slip element simulates the seismic displacement of the
conventional sliding-block model, where its resistance is defined by the critical horizontal value
(ac), for which relative movement in only one direction occurs.
The numerical code associated with the numerical model above is derived by extending
the derivation proposed by [17]. When seismic displacement accumulates along the slip surface,
the method simulates the independent movement of the two bodies, and thus the solution is
“coupled”. Additional options exist in the model where (a) the rotation of the slip surface with
displacement is simulated by adjusting the critical acceleration value (ac) in terms of the accumulated seismic displacement and (b) the non-linear shear stress-stain response of the soil profile is simulated. However, these options are not applied in the present application.
When applying the model, if the soil profile of body i is non-uniform, the average properties may be used [14]. In this respect, in the case of stratified deposit with Mi sub-layers with
height Hk-i and shear wave velocity VSk-i , it is recommended to estimate Vsi based on an equation proposed by Vijayendra et al. [18] as:

Vsi 

hi
H k i

k 1 VS k  i

(4)

Mi
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(a)

(b)

Figure 5: The Katsenis et al. [13, 14] model: (a) field configuration of a slope with a slip surface where seismic
displacement may accumulate as a result of a horizontal shear wave, (b) simulation of (a) with a 1-D dynamic
system of 2 continuous bodies separated by a horizontal slip element.

Upper (1)
Body
Lower (2)
Body
Slip surface

Parameter
Height
Shear Wave velocity
Density
Height
Shear Wave velocity
Density
Critical acceleration for
relative movement

Symbol
h1
Vs-1
ρ1
h2
Vs-2
ρ2
ac

For Canteliver wall
Hb /2
Vs-b
ρb
Hs+ Hb /2
(Hb /2+Hs) / [ Hb/(2 Vs-b)+ Hs/Vs-s]
(Hb /2+Hs) / [ Hb/(2 ρb)+ Hs/ρs]
Specified in section 2.2

Table 3: Parameters which define the Katsenis et al. [13, 14] model for the linear case. The corresponding values
when this model is applied to simulate cantilever walls is also given.

3.2 Proposed method
In order to perform the numerical simulation of the seismic displacement of the cantilever wall of Fig. 2 considering the dynamic response of the soil profile both above and below
the slip surface, we apply the 1-D coupled stick-slip dynamic model of Fig. 5b. The upper body
of the dynamic system corresponds to the wall backfill above the slip plane. The lower body of
the dynamic system corresponds to the wall backfill below the slip plane and the underlying
soil profile. The critical acceleration of the stick-slip element for a cantilever wall was evaluated
in section 3.
Based on the above, table 3 gives the corresponding when the Katsenis et al. [13, 14] model
is applied to simulate the response of the cantilever wall of Fig. 2. As body 2 corresponds to
both the wall backfill below the slip plane and the underlying soil profile, the average values
are obtained using equation (3).
4

SMART DESIGN OF CANTILEVER WALLS

4.1 Results of the Katsenis et al. [14] model
Katsenis et al. [14] present the computed permanent seismic displacement (uf) for the Aegion
1995 seismic motion with ac=0.5m/s2 and (ii) Mid-Niigata Prefecture 2004 seismic motion with
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ac=3m/s2. Table 4 gives the characteristics of the input motions considered and the critical acceleration ac was selected as 0.5m/s2 and 3m/s2 for the input motions (i) and (ii) respectively,
because they correspond to a rigid system having seismic displacement of about 5-10cm, which
is the tolerable displacement value for typical structures.
In particular, they define
Ts1=4 h1/Vs-1

(5a)

Ts-ave = 4 (h1/Vs-1+ h2/Vs-2)

(5b)

and Fig. 6 presents the computed permanent seismic displacement (uf) versus (a) Ts1/Tm for
h1+h2=30m, ρ1=ρ2=2 Mg/m3 and λ1=λ2=0.15 (a) for the coupled case with Vs-2=Vs-1, h2=1m,
15m, 25m, (b) Ts1/Tm for h2=15m, Vs-2= 25, 75, 150, 300, 500, 5000m/s and (c) Ts-ave/Tm
of the results of Figs (a), (b) for (i) the Aegion 1995 seismic motion with ac=0.5m/s2 (ii) MidNiigata Prefecture 2004 seismic motion with ac=3m/s2. Table 4 gives the characteristics of the
input motions considered.
It can be observed that if uf is plotted in terms of the ratio Ts-ave/Tm, the scatter in results for
different Vs2 and h2 decreases considerably. It is inferred that the dynamic effect on uf can
partly be interpreted by relating uf to Ts-ave. In particular, similarly to the response predicted
by [16], but by replacing Ts with Ts-ave, it can be observed that the dynamic response (a) does
not exist for Ts-ave=0, (b) as Ts-ave increases, it produces maximum response when Ts-ave
approximately when Ts-ave=Tm and (c) as Ts-ave further increases, the dynamic response decreases towards zero.
No

Earthquake Title

amax
(m/s2)

1
2

Aegion, 1995
Mid-Niigata Prefecture, 2004

2.1
5.8

Predominant
Period (Tp)
(s)
0.42
0.52

Mean
Period (Tm)
(s)
0.62
0.81

Magnitude

Arias Intensity
(cm/sec)

6.1
6.8

52
996

Table 4. Characteristics of the input motions considered in Fig. 6.
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(i)

(ii)

(a)

(b)

(c)

Fig. 6: The computed permanent seismic displacement (uf) versus (a) Ts1/Tm for h1+h2=30m, ρ1=ρ2=2
Mg/m3 and λ1=λ2=0.15 (a) for the coupled case with Vs-2=Vs-1, h2=1m, 15m, 25m, (b) for the coupled case with
h2=15m, Vs-2= 75, 150, 300, 500m/s and (c) uf versus Ts-ave/Tm of the results of Figs (a), (b). For (i) the Aegion 1995 seismic motion with ac=0.5m/s2 (ii) Mid-Niigata Prefecture 2004 seismic motion with ac=3m/s2. Table 4 gives the characteristics of the input motions considered.

4.2 Indicative approximate criterion for de-amplification
According to Fig 6, the seismic displacement decreases and takes values less than 0.05m, at
large values of the ratio Ts-ave/Tm, and certainly when
Ts-ave / Tm > 4

(6a)

According to Eurocode 8 [21] at rock site the dominant period is less than 0.4 sec. It is
inferred that de-amplification of the seismic response occurs when
Ts-ave > 1.6s

(6b)

According to equations (4) and (5b), in the canteliver wall of Fig. 2,
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Ts-ave = 4 (Hb/Vs-b+ hs/Vs-s)

(7)

Thus, according to eqs. (6b) and (7), for de-amplification of the seismic response
4 (Hb/Vs-b+ hs/Vs-s) > 1.6s

(8a)

or
Hb/Vs-b > 0.4s - Hs/Vs

(8c)

Fig. 7 presents the limit shear wave velocity of the backfill (Vs-b) in terms of the height of
the backfill (Hb) and the ratio (Hs/Vs-s) of the underlying soil satisfying equation (8c). Figure 7
illustrates that the de-amplification effect of the seismic response can be crucial for loose backfill and if the soil underlying the wall is soft and deep. On the other hand, for small ratios of
(Hs/Vs-s) of the underlying soil, smaller than 0.1, the de-amplification requires Vs-b values for
the backfill, which are too small for practical application.

Figure 7: The limit shear wave velocity of the backfill (Vs-b) in terms of the height of the backfill (Hb) and the
ratio (Hs/Vs-s) of the underlying soil satisfying equation (8c).

4.3 Proposed smart design method
Typically, in cases where cantilever walls must be designed, the density of the backfill may be
selected from loose to dense and this may affect the seismic displacement. Table 5 gives typical
values of shear wave velocity [19], frictional resistance [20] and unit density in terms of soil
density. Certainly dense construction is more costly and considering the soil strength along the
slip surface produces less displacement. However, this may not hold in all cases: the previous
section illustrated that considerable de-amplification may occur in softer layers.
The model proposed in section 3 above, which simulates in a cost-effective manner not
only the mode of failure and corresponding displacement along the slip surface, but also the
dynamic response of the backfill and underlying soil layer, allows the investigation and proposition of smart design of cantilever walls by performing relative parametric analyses. Such analyses are proposed to establish smart design of cantilever walls for given underlying soil
conditions, and in particular the density of its backfill. Design seismic motions at the underlying
bedrock, representative of the site under consideration, must be applied for this purpose.
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φ (ο)
Vs (m/s)
γ (kN/m)

Loose (L)
25
100
18

Medium (M)
35
150
20

Dense (D)
40
350
22

Table 5: Typical values of shear wave velocity [19], frictional resistance [20] and unit density for loose, medium
and dense sands used in the analyses.

4.4 Typical example
In order to illustrate smart design of cantilever walls and its dependence to the underlying
soil profile, we consider a cantilever wall with the typical properties given in table 6a above
three different underlying soil profiles: C1, C1, C3 with properties given in table 6b. The backfill was considered to be in the loose, medium and dense states, with the corresponding properties of table 5. The seismic motion Mid-Niigata Prefecture 2004 was applied at the underlying
rock.
(a) Wall
Parameter
Value
Wc (kN/m) 112.5
6
Hb (m)6
5.5
Ηc (m)
3
b (m)
25
φc (o)
(b) Underlying soil profile: C1, C1, C3 cases
Value
C3
C2
Parameter C1
10
50
10
Hs (m)
100 300
Vs-s (m/s) 100
2
2
2
ρs (Τ/m3)
Table 6: Parametric analyses: Model parameters used: (a) Wall and (b) Underlying soil profile: C1, C1, C3 cases

Table 7 presents the results of the parametric analyses and Figure 8 plots the computed ratio
of the seismic displacement when the backfill is in the loose and dense states (uf-loose/uf-dense), in
terms of the ratio Hs/Vs-s of the underlying soil profile. It can be observed that if the ratio
Hs/Vs-s is large, which corresponds to the case C2 where the soil underlying the wall is soft
and deep, the loose backfill wall gives less seismic displacement and thus, for this case of seismic motion, it is recommended for optimum design.
Case
C1
C2
C3

Loose
0.88
0.02
0.7

Medium
0.7
0.06
0.65

Dense
0.61
0.08
0.36

Table 7: Results of the parametric analyses: The final seismic displacement (in m) in terms of the underlying soil
type and the soil density of the backfill.

4477

uf-loose /uf-dense

Loukas C. Katsenis, Constantine A. Stamatopoulos and Vassilis P. Panoskaltsis

2.5
2
1.5
1
0.5
0
0

0.1

0.2

0.3

0.4

0.5

0.6

Hs/Vs-s
Figure 8: Results of the parametric analyses: The ratio of the seismic displacement when the backfill is in the
dense and loose states in terms of the ratio Hs/Vs-s

5

DISCUSSION

The analysis of the present paper are initial findings of on-going research regarding smart
design of cantilever walls. The theoretical work predicting the critical acceleration of cantilever
walls may be generalized considering walls of more general geometry and strength. The proposed method predicting the seismic displacement of cantilever walls considering the dynamic
response of the soil profile may be (i) improved by considering the non-linear soil response [22]
and (ii) verified by the comparison of predictions with results of relative elaborate numerical
analyses [11]. Furthermore, smart design of cantilever walls recommendations may be established more adequately by performing extensive parametric analyses where different soil profiles are studied and more seismic motions are applied.
6

CONCLUSIONS

The paper considers the cantilever wall of the geometry of Fig. 2 and (a) proposes a method
predicting the critical acceleration value in section 2, (b) proposes a method predicting the seismic displacement considering the dynamic response of the soil profile in section 3 and (c) studies the de-amplification effect and proposes a methodology for smart design in section 4. The
work illustrated that the de-amplification effect of the seismic response may be crucial if the
soil underlying the wall is soft and deep and in this case a wall with a looser backfill may be
preferable.
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Abstract
The structural control, basically, promotes a change in the damping and stiffness properties of
the structure, either by the addition of external devices or by the action of external forces. It
can be classified as: passive control, active control, hybrid control or semi-active control
(Soong & Dargush, 1997). The hybrid mass damper (HMD) is a system that deals with the
combination of a tuned mass damper (TMD) with an active control actuator. In addition to
requiring lower control forces and maintaining its efficiency over a long range of frequencies,
this system has a more robust and reliable control, when compared to active and passive alone
(Collette & Chesné, 2016). Among the structures, the wind turbine stands out, which is
supported by towers, which due to its geometry and height, are slender, flexible and can suffer
excessive levels of vibration caused by the operation of the turbine, as well as by external forces
(Woude & Narasimhan, 2014). In this work it is proposed the application of a structural control
system, in the way of HMD, to protect a wind tower with theoretical dimensions and with a
simplified as single degree of freedom model, submitted to wind and seismic loads that leads to
levels of undesirable vibrations that may compromise the safety and integrity of the structure.
In addition, it is proposed to compare the performances obtained from the system without
control and by the Instantaneous Optimal Control (IOC), Proportional Integral Derivative
(PID) and Linear Quadratic Regulator (LQR) controllers with numerical simulations
performed using the MAPLESOFT, MATLAB and its Simulink control toolbox. The results
obtained numerically were analyzed and compared with each other, and it was observed that
HMD was efficient in reducing the dynamic response of the tower. Although it is a preliminary
model, it is a basis for studies in this area to evolve into a more sophisticated model and fullscale applications.
Keywords: Hybrid mass damper; Wind Turbine; Seismic; Instantaneous Optimal Control;
Proportional Integral Derivative; Linear Quadratic Regulator.
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1

INTRODUCTION

According to GWEC [1], despite being a pandemic year, 2020 was a record year of
wind growth with an estimated 82.3 GW of new wind energy capacity globally, according
to initial calculations by GWEC, which represents an increase of 36% in installations.
This expansive growth on energy generation is reflected to technological development,
as well as in the development of increasingly tall and slender wind turbines, and as a
consequence, these turbines can suffer severe dynamic excitations, thus reaching the
service limit state for excessive vibrations [2, 3].
One way to reduce excessive vibration levels, maintain the stability and safety of
systems and avoid collapse is to use the structural control solution, which can be classified
into four categories, such as passive, active, hybrid and semi-active control. These four
categories are based on applying external corrective forces or on the installation of
external devices in order to reduce the levels of vibrations experienced by the structures
and/or promoting variations in stiffness and damping properties of the main structure [4].
Each structural control category has a specific characteristic and can have more than
one control method. The hybrid control has characteristics of passive control added to
active control ones, always with the aim of increasing the performance of the system
when compared, with a purely passive control. Making also the system less dependent on
energy, when compared with the active control alone. The hybrid control uses actuators
and energy dissipators [5].
According to Bhaiya [6] and Hu and He [7], the hybrid controller has a wider
frequency range than the passive controller, making it more efficient and requiring less
force than the active one, which reduces the cost of the system. In the case of a power
failure or failure of the active control component, the passive component of the hybrid
control still offers some level of protection The hybrid mass damper (HMD) is the
combination of a tuned mass damper (TMD) with an active control actuator [8, 9].
S. Xie, X. Jin, J. He et al. [10] developed a numerical model of a reduced-order
offshore wind turbine, subjected to wind loads, sea waves and earthquakes for hybrid
control. The authors found that the HMD system can better reduce the displacement from
the top of the tower compared to the passive TMD system before and during earthquakes,
although the need of high input control power and large displacements of the TMD.
D. Lima, P. López-Yánez and M. Pereira [11] presented a a vibration control device
design for a 120-meter-high steel tubular tower for a wind turbine. Three types of
absorbers were then studied comparatively: tuned mass damper (TMD), active mass
damper (AMD) and hybrid mass damper (HMD). They used the Linear Quadratic
Regulator (LQR) to obtain the optimal control variables introduced by the actuators
hydraulic. It was found that the HMD achieves excellent levels of vibration reduction for
the tower subjected to harmonic actions, in a transient and permanent (stationary) regime,
resonant to the first mode of vibration of the structure without control.
M. Rahman, Z. Ong, Zhi Chao, W. Chong et al. [12] implements a proportional
derivative integral controller (PID) designed and optimized to find the ideal required force
for actuators and, therefore, reduce the vibration of the wind generator tower. The active
vibration control system with an optimized PID controller in the wind turbine tower
offered a higher rate of vibration reduction under different loads compared to the
uncontrolled and passive control system.
Yanik [13] makes a comparison between the LQR controller and the Instantaneous
Optimal Controller (IOC) using seismic forcing for a semi-active system applied in a 3storey building and a 5-storey building.
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In this work it is proposed the application of a structural control system, considering a
HMD, to protect a wind tower with theoretical dimensions considering a simplified single
degree of freedom model. It is submitted to wind and seismic loads that leads to levels of
undesirable vibrations that may compromise the safety and reliability of the structure. In
addition, it is proposed to compare the performances obtained from the system without
control and with an HMD using different controllers: Instantaneous Optimal Control
(IOC), Proportional Integral Derivative (PID) and Linear Quadratic Regulator
(LQR)through numerical simulations.
2 MATHEMATICAL FORMULATION
The large wind turbine studied in this work is composed of a tall, slender and flexible
tower that supports the blades and nacelle at the top. The system has infinite degrees of
freedom, however, through a modal reduction technique, it is possible to model it as a
discrete system with multiple degrees of freedom (MDOF) [14]. The effects of rotating
the blades and their vibrations in the flapwise and edgewise directions are not considered
in this preliminary model [2]. This structure can be modeled as a system having N degrees
of freedom with a TMD device installed and subjected to external dynamic excitation
[15]. Figure 1 represents the turbine and the system modelled as a cantilever beam with a
tip mass.

Figure 1. (a) Tubular structures of steel tower of wind turbines; (b) Schematic description of a cantilever
beam with a tip mass [2].

In systems with multiple degrees of freedom, it is possible to reduce the structural
response to a single degree of freedom and obtain the structural response for structural
systems that vibrate mainly on a single mode, usually the first [4, 8, 14].
Although the structural model of the wind turbine has multiple degrees of freedom,
the system under study was reduced to a single degree of freedom [4] and a hybrid tuned
mass damper was added to the top of the turbine, which is connected to the main system
with the intention of decreasing the amplitude of the structure vibration [2, 4].
The main system representing a wind turbine, reduced to a single degree of freedom
associated with an HMD, shown in Figure 2, has two degrees of freedom, where ࡹଵ is
the mass, ࡷଵ is the stiffness and ଵ is the damping of the main system, while ࡹଶ is the
upper mass of HMD, ࡷଶ is the stiffness of HMD and ଶ is the damping of HMD, ࡲሺݐሻ is
the dynamic load applied on the structure, ࢛ሺݐሻ is the control force, while ࢟ሺݐሻ and ࢠሺݐሻ
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are the horizontal displacements of the main system and the HMD, respectively.

Figure 2. Two degrees of freedom model: main system + mass damper tuned with ࢛ሺݐሻ (HMD) actuator
[16].

The equations of motion of the main system with a connected HMD, including the
force applied to the base of the structure ݃ሺݐሻ, and control force ࢛ሺݐሻ is given by (2):
ࡹ ࢟ሷ ሺݐሻ   ࢟ሶ ሺݐሻ  ࡷ ࢟ሺݐሻ ൌ ࡲ
ࡹ ࢠሷ ሺݐሻ   ࢠሶ ሺݐሻ  ࡷ ࢠሺݐሻ ൌ െࡹ ࢟ሷ ሺݐሻ  ݃ሺݐሻ  ࢛ሺݐሻ

(1)
(2)

Three control algorithms were used to calculate the control force ࢛ሺݐሻ in order to
compare their performances: Linear Quadratic Regulator (LQR), Proportional, Integral,
Derivative (PID) and Instantaneous Optimal Control (IOC). The Optimal Control aims to
control the dynamic system at a minimum cost, the optimization process is performed
through the Linear Quadratic Regulator (LQR). The LQR can be presented as a regulator
that stabilizes the system's response. It is a controller capable of optimizing through
control considering the constraints of a cost function and uses all states of the system for
feedback, while the gain of control is selected in a way that the performance index
subjected to the constraints of the system state equation is minimized [17, 18]. Although
the LQR controller deals better with systems with multiple inputs and multiple outputs,
on the other hand it has certain difficulties in defining the cost function and the weighting
matrices [19, 20].
For modeling the LQR controller, it is necessary to represent the equations of motion
of the system in state space form, according to the state equation (3) and the output
equation (4) for n degrees of freedom.
Where A is the state matrix, B is the input matrix, C is the output matrix and D is the
direct transmission matrix. Equations (5) and (6) represent the equations of motion of the
system under study in this work in the state space.
࢞ሶ ሺݐሻ ൌ ࢞ሺݐሻ  ࢛ሺݐሻ
࢟ሺݐሻ ൌ ࢞ሺݐሻ  ࢛ܦሺݐሻ
ቜ

ࢄሶଵ
Ͳ
ቝൌቒ
െࡹି ࡷ
ࢄሶଶ
ࢅ ൌ ͳڿ

ࢄଵ
ࡵ
Ͳ
ି ቓ ࢄ ඈ  ቒ ି ቓ ࢛
െࡹ 
ࡹ
ଶ

ࢄଵ
Ͳ
Ͳ Ͳ Ͳ  ۀࢄ ඈ  ቒ ቓ
Ͳ
ଶ
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For structural control, the classical optimal control problem consists in finding the
control vector ࢛ሺݐሻ that minimizes the quadratic performance index [21]:
௧

ࡶ ൌ න ሾ࢞ࢀ ሺݐሻࡽ࢞ሺݐሻ  ࢛ࢀ ሺݐሻࡾ࢛ሺݐሻሿ ݀ݐ

(7)

௧బ

where ࡽ is a real, symmetrical and positive semi-defined ʹ݊ ݊ʹݔreal, matrix and ࡾ
is a real, symmetric and positive defined ݉ ݉ݔmatrix. The matrices ࡽ and ࡾ are
weighting matrices, whose magnitudes are defined according to the relative importance
given to the state variables and the control forces in the minimization process.
According to Meirovitch [21], in structural applications, the Riccati matrix, ࡼሺݐሻ can
be approximated by a constant matrix ࡼ. The minimization of the index falls on the
solution of the Riccati equation.
ͳ
ࡼ െ ࡼࡾି ࢀ ࡼ  ࢀ ࡼ  ʹࡽ ൌ Ͳ
ʹ

(8)

Having knowledge of the weighting matrices ࡽ and ࡾ, it is possible to obtain the
control gain, that is ࡳ given by
ͳ
ࡳ ൌ െ ࡾି ࢀ ࡼ
ʹ

(9)

The optimal control law establishes a linear relationship of the control vector࢛ሺݐሻ.
ͳ
࢛ሺݐሻ ൌ ࡳ࢞ሺݐሻ ൌ െ ࡾି ࢀ ࡼ࢞ሺݐሻ
ʹ

(10)

When࢞ሺݐሻ is known, ࢛ሺݐሻ can be obtained through equation (10) generating a closed
loop system. ࡴࢌሺݐሻ is the portion related to external loading. The behavior of the
optimally controlled structure is described by
࢞ሶ ሺݐሻ ൌ ࢞ሺݐሻ  ࢛ሺݐሻ  ࡴࢌሺݐሻ
࢞ሶ ሺݐሻ ൌ ሺ  ࡳሻ࢞ሺݐሻ  ࡴࢌሺݐሻ

(11)
(12)

It can be seen that the effect of closed loop control is to change the state matrix of
the system from  (open loop system) to   ࡳ (closed loop system).
Another controller used in the comparison of the present work was the Proportional
Integral Derivative (PID), this controller features the use of closed loop control loop
feedback to keep the actual output of a process as close as possible to the destination
output or setpoint [19].
The MATLAB control system's Simulink toolbox provides algorithms and
applications for systematically analyze, design and adjust linear control systems. It is
possible to specify a system as a transfer function, status space, zero pole gain or
frequency response model.
The response of the PID controller was calculated using Simulink using the closed
loop block diagram with the insertion of external forces such as wind and earthquake.
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The transfer function of the system in relation to the HMD installed on top of the wind
turbine, presents the ratio between the displacement of the main system (output) and the
control force (input). Figure 3 represents a block diagram of Simulink with PID control
under the action of external forces.

Figure 3. Closed loop block diagram with PID [16].

The instantaneous optimal control (IOC) is a variation of the classic optimal control
aiming at computational cost savings since it does not require the solution of the Riccati
equations [20]. For this controller, the same formulation of the equations of motion of the
system was used in the form of state equations of state shown previously eq. (3) and eq.
(4). This algorithm is easier to implement, since it is not necessary to calculate the Riccati
matrix [8].
The quadratic performance index, represented by eq. (13), is minimized in each
instant of time,
ࡶሺݐሻ ൌ ்࢞ ሺݐሻࡽ࢞ሺݐሻ  ்࢛ ሺݐሻࡾ࢛ሺݐሻ

(13)

where T is the modal matrix, whose columns are the eigenvectors of A.
(14)

࢞ሺݐሻ ൌ ࢀ࢝ሺݐሻ

From the decoupled state equations, the diagonal matrix with the eigenvalues of A is
obtained.
 ٿൌ ࢀି ࢀ

(15)

Over a short time step ȟݐ, the modal state vector ࢞ሺݐሻ can be expressed as
݀ሺ ݐെ ȟݐሻ ൌ ሺٿȟݐሻࢀିଵ ቄ࢞ሺ ݐെ ȟݐሻ 

௧
ଶ

ሾ࢛ሺ ݐെ ȟݐሻ  ࡴࢌሺ ݐെ ȟݐሻሿቅ (16)

The weighting matrices Q and R are also arbitrarily defined in the IOC case, they
influence the control force and the displacement suffered represented by equations (17)
and (18), respectively.
࢛ሺݐሻ ൌ െ
࢞ሺݐሻ ൌ ቂࡵ 

௧ మ
ସ

௧
ଶ

ࡾି ࢀ ࡽ࢞ሺݐሻ

ࡾି ࢀ ࡽቃ

ିଵ

ቂࢀࢊሺ ݐെ ȟݐሻ 

(17)
௧
ଶ

ࡴࢌሺݐሻቃ

(18)

The optimized control force was calculated according to the procedures used by S.
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Avila and P. Gonçalves [22].
3 RESULTS
In this, it is considered a wind turbine, previously studied by S. Avila, M. Shzu, M.
Morais et al. [2]. The structure was reduced to a single degree of freedom model and
subjected to the following loads: earthquake El Centro [23]; harmonic loading ݂ሺݐሻ ൌ
ʹͷͲͲ݊݁ݏሺݐݓሻ applied at the top of the tower. The mass, damping and stiffness properties
of the structure are, respectively, ࡹ ൌ ͵ͶǡͺͻͻǡͲͲ,  ൌ ͲǡͲͲȀ and ࡷ ൌ
Ͷ͵ǡͳǡͲͲȀ. HMD properties were calculated using Den Hartog equations [24]:
ࡹ ൌ ͻǡͻͺ,  ൌ ͶʹǡʹͶȀ and ࡷ ൌ ͺǡͻͲͻͳͲଷ Ȁ. The damping
ratio, ζ, is assumed to be 2% of the critical value.
Initially, the controller of the LQR type had the control force in the HMD actuator
calculated and one of the factors that influence the achievement of good results through
this algorithm is the choice of the weighting matrices Q and R. The values of the
coefficients of the weighting matrices Q and R are defined according to the relative
importance given to state variables and control forces in the minimization process [21,
22]. The weighting matrices used in the analysis were as follows:
ͳͲଵ
ࡽൌ൦ Ͳ
Ͳ
Ͳ

Ͳ
ͳͲଶ
Ͳ
Ͳ

Ͳ Ͳ
Ͳ Ͳ
൪
ͳͲଶ Ͳ
Ͳ
ͳ

ࡾ ൌ ሾͳሿ

(19)

(20)

The LQR was performed using a function from the MATLAB library and still using
a closed-loop block diagram using the Matlab Simulink toolbox. Figure 4 represents the
block diagram of the LQR controller for the hybrid mass damper under the action of wind
force (represented by the sinusoidal excitation) and seismic excitation (represented by the
El Centro earthquake), where A is the state matrix, B is the input matrix, C is the output
matrix and G is the gain.

Figure 4. Block diagram of the LQR controller with HMD [16].
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The displacement time history of the main structure is shown in Figure 5, comparing
the use of a tuned mass damper (TMD) and an HMD, considering seismic and wind
excitations with LQR controller. It can be seen that the HMD demonstrated an excellent
performance, reducing, approximately, up to 6 times the amplitude of vibration presented
with the passive control (TMD), when compared to the HMD.

Figure 5. Time history displacement of the main system (comparative AMS x HMD) [16].

Then, numerical simulations are performed using the PID controller to obtain the
HMD control force and the displacement of the main system [16]. The gains of the PID
controller were obtained through the MATLAB computer package tuning tools and the
Simulink toolbox. Figure 6 presents the block diagram for system analysis with HMD
using the PID controller to calculate the control force. The system is subjected to the same
wind and earthquake excitations, through the PID block and the transfer function of the
hybrid system.

Figure 6. Block diagram of the PID controller with HMD [16].

Figure 7 shows the comparison of the response, in terms of the evolution of
displacement, for the HMD, of the main system using the system without control and the
LQR and PID controllers. It is possible to observe that the LQR controller has a better
performance than the PID controller, with a reduction, compared to the uncontrolled
system response, of approximately 63% and 43%, respectively.
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Figure 7. Time history displacement of the HMD using the LQR and PID controllers [16].

The rms displacement value, for the HMD, obtained for the system without control
was 0.2098 m, while for the system with LQR controller, the displacement was 0.04506
m and for the PID it was 0.09592 m. For the LQR and PID controllers, there was a
reduction in the rms response of approximately 78.5% and 54.2%, respectively.
Figure 8 presents the comparison of the evolution in time of the control force required
in the LQR and PID controllers, where the maximum required force is 28030 N and 2735
N, respectively. It appears that the required control force, using the LQR, was
approximately 10 times greater than the control force obtained with the PID controller.

Figure 8. Time evolution of the control force required in the LQR and PID [16].

The IOC also needs an adjustment in the weighting matrices, where equations (21)
and (22) present the matrices Q and R, respectively.
Ͳ
Ͳ
Ͳ
Ͳ
ࡽൌ൦
ǤͷͶ Ͳͳ כଷ Ͳ
ͳ ିͲͳ כଷ 
Ͳ
ࡾ ൌ ሾͳͲͲͲͲͲͲሿ
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For the IOC algorithm, the calculations were performed using MATLAB, where it
was possible to obtain the answer in a time range of 600 s. Figure 9 shows the evolution
in time of the displacement of the main structure controlled by an HMD with an IOC
controller. It is possible to observe that the amplitude of the response has an order of
magnitude ten times smaller than those obtained in the simulations with the LQR and PID
controllers.

Figure 9. Time history displacement of the structure controlled by an HMD using the IOC
controller.

Figure 10 represents the force response required by the IOC to control the dynamic
response. It appears that the order of magnitude of the control force is a thousand times
smaller compared to those corresponding to the LQR and PID controllers.

Figure 10. Time evolution of the control force required by the IOC controller.
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4 CONCLUSION
In this work, the use of an hybrid mass damper for the analysis of the dynamic
response and required control force of a wind tower model is studied. Three controllers
are compared: LQR, PID and IOC. The analysis are performed using the wind turbine
parameters model presented by S. Avila, M. Shzu, M. Morais et al. [2]. The results are
obtained through numerical analysis considering dynamic excitations of wind and
earthquake.
Although the LQR controller has a better response and a lower rms value than the
PID, the two controllers reduce the system response satisfactorily. The IOC controller
reduces the displacement of the system by up to 10 times and the force required to control
the system is in the order of a thousand times less than the previous controllers.
It can be seen, therefore, that of the three controllers analyzed, the IOC was the one
that presented the best performance, without adding computational effort. It even has the
advantage of not relying on the solution of the Riccati problem, which can be
computationally costly in the case of problems with a higher order. However, its
efficiency is quite sensitive to the choice of suitable weighting matrices. For future work,
it is interesting to carry out experimental studies using the Hardware in the Loop
methodology to consolidate the comparative study.
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Abstract
Modernity and advances in civil design are directed at increasingly tall and slender buildings, adding vibrations to structures that generate discomfort, being necessary to mitigate the
amplitudes of vibrations produced by low-frequency excitations, characterized in these buildings. In this sense, for some time, experimental studies have been developed with the objective
of investigating low-cost scale models, which allow a more detailed study of this type of phenomenon. In this paper, the experimental validation of a dynamic parameterization of lowfrequency periodic base motion, considering one degree of freedom, with a synchronized electrodynamic system and controlled with Arduino microcontroller boards is presented. Developed using a small-scale homemade shake table, the system was applied to case studies as a
control system using a simple pendulum. The necessary tools are presented to measure the
system's responses over time; the dynamic response of the vibratory system can simulate several excitation frequencies. The results obtained in the proposed experimental tests are feasible, with satisfactory precision. The documented results can support an overview of the trend
in the efficiency of vibrating table tests in the study of low-frequency vibration control.
Keywords: Shake Table, Arduino, Low-frequency, Control, Experimental Study.
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1

INTRODUCTION

Modernity and advances in civil engineering design are directed at increasingly tall and
slender buildings, causing vibrations to structures that generate discomfort, being necessary to
mitigate the amplitudes of vibrations produced by low-frequency excitations, characterized in
these buildings. In this sense, experimental studies have been developed aiming to investigate
low-cost scale models, which allow a more detailed study of this type of phenomenon.
Shaking tables are equipments widely used in engineering laboratories, in order to analyze
the behavior of structures subjected to seismic actions [1,2]. Small-scale shake tables are
widely used, due to its practicality and low-cost, to study the dynamic behavior of a dynamic
system. You can find several manufacturers of this equipment for commercial purchase. Or
you can also design a homemade one.
Experimental studies with pendulum elements are often used in literature for experimental
studies of its nonlinear behavior, to identify oscillation frequency and damping properties, for
example. As well, they are always present in basic physics disciplines, teaching science, engineering, and/or technology courses.
Huang [3] and Soeiro [4] define some types of dynamic actuators (known in laboratories as
shakers) as a device used to induce vibration in a system, with controlled amplitude and frequency. It may be mechanical, electromagnetic, electrodynamic or hydraulic. Oliveira [5]
stated that an electrodynamic actuator is the most common excitation mechanisms in vibration
laboratories to simulate controlled excitation (sinusoidal, random and mechanical shock). The
electrodynamic shakers can perform tests that identify important dynamic parameters such as:
resonance frequencies, resistance to fatigue and product durability. The use of these actuators
is very common due to the cost-benefit ratio and their load capacity of up to 30 kN with a frequency range of 5-20 kHz [6]. At this frequency range, it can be achieved displacements up to
25 mm [7]. But these industrial solutions can reach thousands of dollars.
Damci and ùekerci [8] compared the results of a homemade shake table with commercial
ones with similar characteristics. The shake table was excited using a small-scale structure
excited by a step motor actioned by Arduino microcontrollers, to precisely achieve the imposed base-motion. The use of small-scale shake tables is the most common way to perform
vibration tests for industrial applications [9]. Liu et al. [10] stated that the shake table test has
been increasingly used to study the dynamic responses of structures in these decades. And this
device is a powerful tool for researchers and designers to examine dynamic system performance.
In this paper, the experimental validation of a dynamic parameterization of low-frequency
periodic base motion, considering one degree of freedom, with a synchronized electrodynamic
system and controlled with Arduino microcontroller boards is presented. Developed using a
small-scale homemade shake table, the system was used to case studies like a control system
using a simple pendulum. The necessary tools to measure the system's responses along time
are presented; the dynamic response of the vibratory system can simulate several excitation
frequencies. The results obtained in the proposed experimental tests are feasible, with satisfactory precision.
2

SHAKE TABLE

The shake table is a type of electrodynamic actuator capable of carrying out controlled displacements on a sliding table with prescribed amplitude and frequency. A schematic drawing
of the shake table used in this work is shown in Figure 1.
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Figure 1 – Shaking Table Scheme

The shake table equipment, to generate and analyze electrodynamic excitation, is divided
into two systems: movement of the mechanical system and data acquisition. For the mechanical system, a sliding platform is used to simulate the movement of seismic vibrations at low
frequencies, a stepper motor as a source of mechanical force capable of generating potential
energy, which allows the movement of the platform and a microcontrolled board that encodes
the controlled movement to be transferred electronically to the stepper motor that transforms
the force.
In this work, a handcrafted shaking table sampled was used (Figure 2). With base dimensions of 0.423 x 0.048 x 0.100 m, two axial axes (0.423 m) that serve as a guide and support,
a trapezoidal spindle with 8 mm in diameter and an adaptation for the connection of the mechanical energy generator system, which is able to move the square iron base, with base dimensions of 0.100 x 0.100 m, that simulates a car.

Figure 2 – Eletro-mechanical devices of Shake Table

The electro-mechanical actuator is a bipolar stepper motor bipolar Nema 17 to perform
very precise angular movements, in discrete or fractional steps, controlled by A4988 driver
module [11]. The stepper motor Nema 17 is a high torque motor with dimensions 42 x 34 mm,
the equivalent rotation angle of 1.8° for a complete lap (a spin of 360°). To know the steps
taken to complete a lap or revolution, what is known as PPR (steps per revolution or pulses
per revolution), the following calculation is performed:
=

360°
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=

360°
= 200
1.8°

(2)

Stepper motors can be controlled in open loop, as they have a known position at all times
[12] In this case the motor is connected to a microdevice controller, capable of controlling the
interpolation of the flow current in stepper motors, controlling the size of the pulse. The slower the rotation, the larger the pulse size, smoothing the resulting movement of the motor. One
of the main advantages of this device is being able to manually set the maximum output current, allowing the application of voltages above the motor's nominal value. The controller
drive has a voltage regulator with an intelligent system that automatically adapts the decay
mode, a thermal protector that shuts down allowing the temperature control and, a protection
against cross currents that generates a reduced dissipation in the power and allows the immediacy in the precision.
To find the reduction in the size of the pulse, the complete cycles are divided into smaller
steps, smoothing the movement of the motor, after all, the smaller the step, the greater the
precision. The 1.8 ° angle can be divided up to 256 times, obtaining steps up to 0.007 degrees
(1.8 x 0.007) or 51,200 micro steps. To establish communication with the engine it is using an
Arduino Uno, which is the most popular microcontroller model and widely used for its simplicity, accessibility and low power consumption; the programming is done through the regular computer, connected by a USB port that establishes a communication link with the flash
memory built into the Arduino, the USB socket also supplies power to the Arduino. The programming used is the C programming language and through execution in the integrated development environment (IDE) as explained by S. Monk [13] allowing one program to run at a
time.
In Figure 3, the components of the mechanical system of the handmade vibrating table are
sampled.

Figure 3 – Composition of the handmade shake table.

3

METHODOLOGY

Initially, the evaluation and behavior of the shaking table is carried out and then a simple
pendulum excited by the table is analyzed.
For the movement of the vibrating table, energy is transformed using an electric motor,
step-by-step, controlled by a potentiometer and a microcontroller, capable of directing the information from the programming code that allows excitation and rotation control to be carried
out. Low frequencies in the range of 0.3 Hz and 2.1 Hz were considered, varying in steps of
0.2 Hz, verifying the limitations of displacement of the table in its maximum trajectory and
minimum motor capacities. In order to guarantee greater reliability to the study [14], an ap-
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propriate number of repetitions were carried out for each study. In this sense, the number of
repetitions of sixty-four (64) periods was considered for each operating mode of the engine in
random order and in duplicate; also, it saves the life of the controller drive in function of
thermodynamic capacity for the most rambling mode of the engine and the storage capacities
of the data analysis program according to the resources available for the study.
The technique used in this study for data acquisition was video capture, performed using a
Samsung-SM-G920A Smartphones camera, Android version 5.0.2, with resolution adapted to
FHD (60fps) 1920x1080, and speed of 60 images for approximate seconds according to the
instrument's specifications. Where the object of the center of analysis of differentiated color is
identified that will facilitate and it was used a measuring tape that allows to carry out the necessary calibration on the screen in the data analysis software with the intention of guaranteeing the accuracy of the data under study. Figure 4 shows the image of the slide platform with
the identification of the elements that allowed the object to be marked, calibrated, to locate the
known points and the Cartesian axis, and to define the units considered.

Figure 4 – Detail of sliding platform with follower point.

In this work, the free software Tracker is used to analyze the results (Figure 5), which
was also used by Bezerra Jr. et al. [15] for their analysis of the results, they specified the
software's capacity to measure several quantities in two-dimensional space, based on a standard established by the user. The software identifies the number of frames per second of the
video in analysis, presenting the data and graphics corresponding to the study of physical
phenomena, automatically and in real time, such as: displacements, velocities, accelerations,
time, angular frequencies, among others, making it possible to carry out various analysis, such
as comparing results, identifying discrepancies in movement patterns and analyzing performances. Bonventi Jr. and Aranha [16] describes that the software also allows you to make adjustments to various functions and even to build your own mathematical models.
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Figure 5 – Motion of sliding platform analyzed by Tracker software.

4

RESULTS

The results of the study consist of validating the movement of the vibratory table movement, and studying simple pendulum tests.
4.1 Validation of the Shake Table
The study of the motor oscillation movement for five (5) different configuration of the
stepper motor + A4988 controller on the Arduino platform, Table 1, was performed.
Mode
Full
Half
¼
1/8
1/16

Steps
(PPRM)
200
400
800
1600
3200

Angular
Speed ( )
1,85
1,49
1,07
0,68
0,39

Motor
Deceleration (%)
(20)
(28)
(36)
(42)

Table 1 – Operating Parameters of the A4988 Controller on the NEMA motor rotational movement.

By enabling one of these operation modes of the stepper motor [11], the waveform obtained resembles the square wave, Figure 6. The precision of periodicity is observed. Figure 6
shows the experimental result of rotation of the stepper motor for modo mode, obtaining an
oscillation frequency of 0.6 Hz and an average angular velocity amplitude of 2.62 rad / s,
analogous to Brites, [17]. The experimental result was obtained through motion capture by
video analyzed by the Tracker program.
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Figure 6 – Angular rotation of the stepper motor for the operation mode ¼.

For the validation of the movement of the shake table, the acceleration time history of the
sliding platform is shown in Figure 7 showing a triangular waveform. As expected, a triangular wave-type displacement has the following shape as a series of Fourier:
8

( )=

( 1)

sin(

2

(3)

)

where, = 2 + 1 = 1,3,5, …. Note that from the triangular wave, the square wave is obtained with the time derivative of the expression (3) referring to the velocity of movement of
the platform and similar to the angular velocity of the stepper motor.

x(t) = x +

8

(n

f)

A( 1)
sin(n
(2n)

f t)

(4)

Figure 7 compares the experimental results and the simulated theoretical model regarding
the acceleration of the platform. There is a gap between the experimental results and the theoretical model due to inaccuracies in the excitation frequency.

Figure 7 – Comparation of experimental data and analytical waveform of sliding platform acceleration
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When analyzing the time-history acceleration of the platform in different directions, the
Figure 8 shows the acceleration of the platform in the x-direction (parallel to the movement of
the platform) and the y-direction (perpendicular to the movement of the platform) measured
by a smartphone Samsung-SM-G920A, Version of Android 5.0.2 and by the program Tracker.
As expected, the platform response (in the x-direction) presents the expected waveform for
acceleration, as Figure 8. The acceleration in the x-direction is ten times greater than the acceleration in the y-direction (perpendicular) demonstrating a good relationship signal-to-noise
ratio for this frequency 1,1 . These parasitic accelerations are due to noise mainly due to
small clearances in the linear platform mechanism.

Figure 8 – Time history acceleration of the platform to the excitation frequency
(a) Steering acceleration-X (b) Steering acceleration -Y.

.

When analyzing the experimental results for other excitation frequencies, the shake table
shows signs of acceleration with different magnitudes depending on the number of steps of
the stepper motor. A series of experimental measurements of the acceleration of the platform
for excitation frequencies between 0,3
to 2,1
for a range of 0,2 . Only the results
are presented for the frequencies of 0,3 (Figure 9), 0,7 (Figure 10) e 1,7 (Figure 11).
The results show good signal-to-noise ratios for frequencies above 0,5 . Due to mechanical
gaps, failures in the platform support, and inaccuracies in the stepper motor action, the acceleration signal for low frequencies is less than the noise for low frequencies (
0,5 ).

Figure 9 – Time history acceleration in the X-direction for the excitation frequency 0.3 Hz.
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Figure 10 - Time history of acceleration in the X-direction for the excitation frequency 0.7 Hz.

Figure 11 - Time history acceleration in the X-direction for the excitation frequency 1.7 Hz.

The analysis in the frequency domain of the temporal signals results in a spectrum of acceleration amplitudes for the excitation frequencies de 0,9
(Figure 12), 1,2
(Figure 13)
e 2,1
(Figure 14). The frequency peaks are observed for the respective fundamental frequencies and its odd harmonics
( = 1,3,5, … ), accordingly the expression of the
Fourier series (1).
҄

( )=

where,
=

+

Fourier coefficients are
( )
,
=

cos(

)+

sin(

obtained through
( ) cos(

)

the

( 5)

temporal
,
=

expressions
( )

cos(
; is a temporal arbitrary instant [18]. The amplitude spectrum has even symmetry and the phase spectrum has unique symmetry. When evaluating the acceleration spectra,
it is found discrete spectra containing a number of harmonics integer multiples of the signal
fundamental frequency.
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Figure 12 - Spectral response from acceleration to excitation frequency 0.9 Hz.

Figure 13 - Spectral response from acceleration to excitation frequency 1.5 Hz.

Figure 14 - Spectral response from acceleration to excitation frequency 2.1 Hz.
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4.2 Free Pendulum Vibration Test
In order to study a practical application of the platform, it was studied the dynamic behavior of a simple pendulum (Figure 15) with length = 0,255 between the contact point and
the mass center of the small sphere of mass = 0,04101 , considering local gravity acceleration in Brasilia DF-Brazil (15°45’43’’S 47°52’25’’W) = 9,7808439 / . Using motion capture by video with the Tracker software, the dynamic behavior of the simple
pendulum is studied.

Figure 15 – Simple Pendulum

At first, the preliminary results to determine the behavior of the pendulum's amortization
are presented, varying the amplitude of the sphere's displacement in small angles and considering the approximation
acceptable. The initial movement is generated carefully
and searching that the effects of air displacement can be minimized.
The motion equation of the pendulum can be written as:
+2

+

(5)

sin =0

where is the angle of the pendulum, the period of undamped linear oscillation is
=
=2
g , it is function of local gravity acceleration g and pendulum length L, as2
suming that sin Ĭ , and the exact oscillation period T It is given by [19]:
T=T( ) To 1+

1
16

2

+

11
3072

4

+

173
737280

6

+…

(6)

Providing an initial disturbance, Figure 16 presents the comparison of the experimental response of the simple pendulum obtained by motion capture in the Tracker and the result of the
theoretical model obtained by numerical simulation with MatLab software. In this case, the
amplitude of displacement of the pendulum mass is of 0.2094
. There is a certain similari-
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ty in the temporal results of the angular position of the mass between the theoretical models
and the experimental result. The damping model needs to be improved.

Figure 16 – Damped Response of the Simple Pendulum: Experimental results x numerical simulation.

The period of experimental oscillation is compared as a function of the angle of oscillation
of the simple pendulum according to the expression (6). Figure 17 presents a comparison between the theoretical results with the experimental period extracted from the temporal response. The experimental results show an evolution close to the theoretical solution and an
evolution dependent on the maximum period of oscillation angle.
0,21

Position

(rad)

0,2
0,19
0,18

T experimental
T theoretical

0,17
0,16
0,15
1

1,02
Periodo T (s)

1,04

Figure 17 - Period Relationship - Position of a Simple Pendulum
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5

CONCLUSION

This work performs an experimental study of a low-frequency handcrafted electrodynamic
shake table. Initially, the validation of the shake table dynamic is done using video motion
capture through Tracker software for experimental frequencies between 0.3 and 2.1 Hz. The
dynamic displacement, velocity, and acceleration of the shake table platform are compared to
analytical solution achieving reasonable agreement. Finally, the free vibration of a simple
pendulum motion is acquired through video motion capture. The experimental data is compared to theoretical models that show a good agreement with reasonable accuracy.
The authors suggest carrying out future work to verify and adapt the study, based on the
results obtained in the validation of the shake table, the study of the dynamic response of a
simple pendulum, or coupled pendulums, or of a tuned liquid column damper (TLCD).
6
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Abstract
A new optimal damper design method, called ‘consecutive design generation method
(CDGM)’, is presented for elastic-plastic multi-degree-of-freedom (MDOF) building structures under multiple-level earthquake ground motions (GMs). The procedure of the proposed
method is as follows: (i) Set a variety of levels of input GMs {IM1,..., IM L }
( IM1  ...  IM L ) . (ii) Obtain the optimal design under GM with IM IM1 using an optimization method. (iii) Obtain the optimal design under GM with IM IM 2 by a local search
around the optimal design under GM with IM IM1 as the initial design. (iv) Obtain the optimal design under GM with IM IM3 by a local search around the optimal design under
GM with IM IM 2 as the initial design, and the same procedure is repeated under GMs with
other IMs. By using the proposed method, all the optimal designs can be obtained with much
lower computational effort than the method repeating an ordinary optimization procedure
under every-level GM. The proposed method helps to understand how the distribution of added damper damping coefficients changes as the level of GMs changes. Furthermore, a simple
design guideline for the problem, which design to be chosen from various optimal designs, is
presented based on the ‘ideal drift response curve’, which is also a new concept. Two representative recorded ground motions are employed as a set of GMs and the proposed method is
applied to these GMs. The influence of the number of GMs and the level of GMs on the optimal damper design is clarified.
Keywords: Earthquake response, Elastic-plastic response, Seismic design, Viscous damping,
Optimal damper placement, Robust design.
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1

INTRODUCTION

Problems of optimal design of passive dampers have been tackled by many researchers (for
example see [6, 11]). Zhang and Soong [15] proposed a sequential procedure to obtain the optimal placement of viscoelastic dampers. Then this method was extended to a simpler method
by Garcia [5]. Takewaki [10] developed an optimality criteria-based algorithm to minimize
the sum of the amplitudes of the transfer functions at the fundamental natural frequency under
a constraint on the sum of the additional damping coefficients. Silvestri and Trombetti [9]
demonstrated the effectiveness of mass-proportional damping systems. Some researchers
compared several methods for optimal damper placement ([2, 4, 14]).
In most researches on optimal damper placement, elastic frames are treated and a limited
number of researches deal with optimal damper placement problems for inelastic frames (for
example, [1, 7, 12]). In the presence of yielding in a frame, the setting of the level of input
ground motions (GMs) used for the optimization affects the final design. However, even in
these studies, a problem how to determine the level of input GMs has not been examined. An
optimal damper distribution designed under a specified-level GM may not be necessarily effective for larger-level GMs. Especially, a model optimally designed in the elastic range exhibits a large plastic deformation concentration to specific stories for larger inputs [2, 3].
Therefore, a design effective for various levels of GMs is desirable.
In this paper, a new optimal damper design method, called a ‘consecutive design generation method (CDGM)’, is presented for elastic-plastic multi-degree-of-freedom (MDOF)
building structures under multiple-level GMs. The procedure of the proposed method is as
follows: (i) Set a variety of levels of input GMs {IM1,..., IM L } ( IM1  ...  IM L ) . (ii) Obtain
the optimal design under GM with IM IM1 using an optimization method. (iii) Obtain the
optimal design under GM with IM IM 2 by a local search around the optimal design under
GM with IM IM1 as the initial design. (iv) Obtain the optimal design under GM with
IM IM3 by a local search around the optimal design under GM with IM IM 2 as the initial design, and the same procedure is repeated under GMs with other IMs. By using the proposed method, all the optimal designs can be obtained with much lower computational effort
than the method repeating an ordinary optimization procedure under every-level GM. The
proposed method helps to understand how the distribution of added damper damping coefficients changes as the level of GMs changes. Furthermore, a simple design guideline for the
problem, which design to be chosen from various optimal designs, is presented based on the
‘ideal drift response curve’, which is also a new concept. Two representative recorded ground
motions are employed as a set of GMs and the proposed method is applied to these GMs. The
influence of the number of GMs and the level of GMs on the optimal damper design is clarified.
2

PROBLEM OF OPTIMAL DAMPER PLACEMENT

In this section, two kinds of problems of optimal damper placement are presented. An ordinary problem of optimal damper placement (OPODP) is stated as minimizing the maximum
interstory drift under the condition on the specified total quantity of added viscous damping
coefficients and the specified level of input GMs. Another problem is to find the problem of
optimal damper placements under consecutive-level GMs (PODPCG). The problem PODPCG
is mainly dealt with in this paper. Since elastic-plastic MDOF structures are dealt with, the
setting of the level of input GMs affects the final design. Therefore, solving the problem
PODPCG helps to understand how the distribution of added damper damping coefficients
changes as the level of GMs increases. The relation of the problems OPODP and PODPCG
will be explained, and a solution algorithm will be proposed for the problem PODPCG.
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2.1

Problem of optimal damper placement for consecutive-level ground motions

Consider first the problem OPODP.
[Ordinary Problem of Optimal Damper Placement (OPODP)]
Find cadd
so as to minimize dmax

max{dmax,i }
i

subject to cadd  1 Wc (const.)
where cadd , dmax,i ,Wc denote the added damping coefficient vector, the maximum interstory
drift in the i-th story, the sum of the added damping coefficients, respectively.
Consider next the problem PODPCG.
[Problem of Optimal Damper Placements for Consecutive-level GMs (PODPCG)]
opt
Obtain the L sets of damper placements copt
add ( IM 1 ),..., c add ( IM L ) ( IM 1  ...  IM L )
where IM , L, copt
add ( IM j ) denote the level of input GMs, the number of IMs , the optimal
damper placement under the GMs with IM IM j , respectively.
opt
All the optimal designs copt
add ( IM 1 ),..., c add ( IM L ) are obtained by solving the problem
OPODP L times for each level of the input GMs. However, it is preferable to avoid such iteration for lower computational effort. To overcome this difficulty, a simple and efficient approach including a local search is proposed.
2.2

Solution algorithm: consecutive design generation method

The solution algorithm for the problem PODPCG may be described as follows.
[Algorithm: Consecutive Design Generation Method (CDGM)]
Step 1 Set a variety of levels of input GMs {IM1,..., IM L } ( IM1  ...  IM L ) .
Step 2 Obtain copt
add ( IM 1 ) using an optimization method. Put i o 1 .
opt
Step 3 Obtain copt
add ( IM i 1 ) by a local search around c add ( IM i ) as the initial design.
3.1 Find the story j which exhibits the largest value of d max, j .
3.2 Select the stories in which dampers are installed (exclude the stories without
damper). Then find the story k which exhibits the minimum value of d max,k from
those stories.
3.3 Update the damping coefficients c j o c j  'c, ck o ck  'c .
3.4 Repeat 3.1-3.3 nls times.
3.5 Select the design which exhibits the minimum value of dmax from nls designs.
Step 4 Put i o i  1 . If i L is satisfied, then finalize the process. If i  L is satisfied, return
to Step 3.

The overview and the flow of this algorithm are shown in Figure 1. It is noted that the sensitivity-based approach [3, 8] is adopted to obtain copt
add ( IM 1 ) in this paper. It is also pointed
out that the local search method used in Step 3, 4 is quite simple, but it works well so far as
the value of 'IM ( IM i 1  IM i ) is small (the effectiveness of the proposed local search
method is demonstrated through the numerical examples in Section 3.1 and 3.2).
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c3

c1  c2  c3
IM 4
IM 3

Wc (const.)

Start

Optimal damper placement
under constant IM

Set a variety of levels of input GMs

Earthquake level increment

IM 2

c2

IM1

Carry out optimization under GMs with IM1 (the lowest IM)
and set i=1

Obtain design under GMs with IMi+1 by a local search
around optimal design under GMs with IMi as initial design

c1
c3
c2

Local search
(modifying)

Set i → i+1

i<L

i=L

c1

End

Figure 1: Overview and schematic diagram of proposed solution algorithm.

NUMERICAL EXAMPLE
Consider two shear building models of 12 stories with different story stiffness distributions.
Model 1 has a trapezoidal distribution of story stiffnesses ( (k1 / k12 ) 4 ). Model 2 has a uniform distribution of story stiffnesses. The undamped fundamental natural period of these two
models is 1.2[s] and the structural damping ratio is 0.01 (stiffness proportional type). All the
floor masses have the same value. The common story height is 4[m] and the common yield
interstory drift is 4/150[m]. The story shear-interstory drift relation obeys the elastic perfectlyplastic rule.
2.3

Influence of level of input ground motion

In this section, the influence of the level of input GMs on the final design is investigated.
El Centro NS component during the Imperial Valley earthquake in 1940 is employed here.
The level of the GM is adjusted by the peak ground velocities (PGV). 51 levels of the GM
(from PGV =0.5 [m/s] to PGV =1.5 [m/s] by the increment 0.02 [m/s]) are used to obtain the
optimal designs. The sensitivity-based approach [3, 8] is adopted to obtain copt
add (PGV=0.5)
and the required number of time-history response analyses is about 6000 to obtain
copt
add (PGV=0.5) . The targeted value of the sum of the added damping coefficients is set to
Wc 10 u107 [Ns/ m] . The value of Wc is given so that the final design has the fundamentalmode damping ratio of about 0.05. nls 50 and 'c Wc / 240 are employed for the local
search. The total number of time-history response analyses is 6000  nls u (51 1) 8500 .
Figures 2 and 3 show the optimal designs for Model 1 and 2. It can be observed that the
proposed method certainly provides effective designs for various levels of GMs for both
Model 1, 2. This means that the proposed local search method works well even though the
local search method is quite simple. It can also be said that, as PGV used for the design becomes larger, the dampers concentrated to the specified stories spread around those stories
and the distributions of added damping coefficients become smoother. This is because those
surrounding stories without dampers tend to exhibit large deformation concentrations for larger levels of GMs. For Model 1, the added dampers are allocated only in the 6-10th stories in
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the case of PGV  0.7[m/ s] . As PGV becomes larger, the dampers are allocated to the 4-5th
stories. For Model 2, the dampers allocated only in the 1-3th stories for smaller PGV spread
to the 4-6th stories as PGV becomes larger. Furthermore, the distribution of added damping
coefficients shows a drastic change just after dmax / d y attains 1 as shown in Figures 2c and
3c. For larger levels of GMs, the distribution changes gently.

PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=1.1 [m/s]

PGV
=0.9 [m/s]

PGV
=1.3 [m/s]

PGV
=1.5 [m/s]

added damping coeff. [107 m/s]

(a)

PGV
=1.3 [m/s]

PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.5 [m/s]

PGV
=1.1 [m/s]

dmax / dy

(b)
c1
c2
c3
c4

elastic design

c5
c6
c7
c8

c9
c10
c11
c12

elastic design

elastic design

(c)
Figure 2: Optimal designs of added viscous damper for multiple-level GMs (Model 1), (a) distribution of added
damping coefficient, (b) distribution of d max,i / d y , (c) change of added damping coefficient of each story.
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PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.1 [m/s]

PGV
=1.3 [m/s]

PGV
=1.5 [m/s]

added damping coeff. [107 m/s]

(a)
PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.1 [m/s]

PGV
=1.3 [m/s]

PGV
=1.5 [m/s]

dmax / dy

(b)
c1
c2
c3
c4

c5
c6
c7
c8

c9
c10
c11
c12

elastic design
elastic design

elastic design

(c)
Figure 3: Optimal designs of added viscous damper for multiple-level GMs (Model 2), (a) distribution of added
damping coefficient, (b) distribution of d max,i / d y , (c) change of added damping coefficient of each story.

2.4

Influence of number of input ground motions

In this section, the influence of the number of input GMs on the final design is investigated.
Hachinohe NS component during the Tokachi-oki earthquake in 1968 and El Centro NS component are employed. All the other parameters for the optimization are the same as those in
Section 3.1. It should be noted that the predominant period of Hachinohe NS component is
longer than that of El Centro NS component.
Figures 4 and 5 show the optimal designs for Model 1 and 2. It can be observed that, in the
case of PGV d 0.9[m/ s] , the optimal distributions of added damping coefficients are the same
as those in Section 3.1. This is because El Centro NS component provides the response envelopes. When PGV used for the design becomes larger, Hachinohe NS component is critical in
the lower stories. This means that, as PGV becomes large and the plastic deformation level
increases, the equivalent natural period is lengthened. For Model 1, the distributions of the
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added damping coefficients are smoother than the optimal distributions designed only under
El Centro NS component. For Model 2, similar to the case in Section 3.1, the added dampers
are concentrated to the lower stories. This is because Model 2 has a uniform distribution of
story stiffnesses and tends to exhibits plastic deformation concentration in the lower stories
for large inputs. It can also be said that, while almost all the stories exhibit plastic deformations for large inputs in the case of Model 1, the upper stories remain elastic for large inputs in the case of Model 2. Therefore, the value of dmax / d y of Model 2 for larger inputs are
larger than that of Model 1.

PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.1 [m/s]

PGV
=1.3 [m/s]

PGV
=1.5 [m/s]

added damping coeff. [107 m/s]

(a)

El Centro NS

PGV
=1.3 [m/s]

Hachinohe NS

envelop

PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.5 [m/s]

PGV
=1.1 [m/s]

dmax / dy

(b)
c1
c2
c3
c4

elastic design

c5
c6
c7
c8

c9
c10
c11
c12

elastic design

elastic design

(c)
Figure 4: Optimal designs of added viscous damper for multiple-level two GMs (Model 1), (a) distribution of
added damping coefficient, (b) distribution of d max,i / d y , (c) change of added damping coefficient of each story.
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PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.1 [m/s]

PGV
=1.3 [m/s]

PGV
=1.5 [m/s]

added damping coeff. [107 m/s]

(a)
PGV
=0.5 [m/s]

PGV
=0.7 [m/s]

PGV
=0.9 [m/s]

PGV
=1.1 [m/s]

PGV
=1.3 [m/s]

PGV
=1.5 [m/s]

El Centro NS
Hachinohe NS
envelop

dmax / dy

(b)
c1
c2
c3
c4

c5
c6
c7
c8

c9
c10
c11
c12

elastic design
elastic design

elastic design

(c)
Figure 5: Optimal designs of added viscous damper for multiple-level two GMs (Model 2), (a) distribution of
added damping coefficient, (b) distribution of d max,i / d y , (c) change of added damping coefficient of each story.

2.5

IDA analysis and ideal drift response curve

In this section, IDA analysis [13] is conducted for the models obtained in Section 3.2. El
Centro NS component and Hachinohe NS component are adopted for IDA. PGV is increased
from 0.5 [m/s] to 1.5 [m/s] by 0.02 [m/s].
Figures 6a and 7a show the maximum interstory drift distributions by IDA analysis for the
models designed under these two GMs with PGV=0.5, 1.0, 1.5 [m/s]. The input level
PGV=0.5 corresponds to elastic design. It can be observed that the models designed for
PGV=0.5, 1.0 [m/s] exhibits large deformation concentrations in specific stories for these two
GMs with larger PGV. Figure 6c and 7c illustrate the critical earthquakes in the applications
of IDA. El Centro NS component is critical in the lower range of PGV and Hachinohe NS
component is critical in the upper range of PGV for all models since the predominant period
of the latter is longer than that of the former as stated in Section 3.2.
Figures 6b and 7b show the IDA curves and the ideal drift response curves. An ideal drift
response curve is a plot of the optimized maximum deformations versus design IM. The opti-
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mal designs for various levels of GMs are obtained by conducting CDGM, and simultaneously the ideal drift response curve is provided. The IDA curves for all the optimal designs never
cross the ideal drift response curve, and the IDA curve for each optimal design is tangent to
the ideal drift response curve only at the point where IM corresponds to the design IM. It can
be observed that the IDA curves for the models designed for PGV=1.5 [m/s] run near the ideal drift response curves.
designed with
PGV=1.0 [m/s]

PGV=0.5 [m/s]

PGV=0.5 [m/s]

PGV=0.5 [m/s]

PGV=1.5 [m/s]

PGV=1.5 [m/s]

PGV=1.5 [m/s]

designed with
PGV=1.5 [m/s]

designed with
PGV=0.5 [m/s]

(a)

ideal drift response curve
designed with
(a) PGV㸻0.5m/s (
(b) PGV㸻1.0m/s (
(c) PGV㸻1.5m/s (

designed with
(a) PGV㸻0.5m/s (
(b) PGV㸻1.0m/s (
(c) PGV㸻1.5m/s (

)
)
)

Hachinohe NS
El Centro NS

)
)
)

(b)

(c)

Figure 6: IDA analysis for 3 models designed under GMs with PGV=0.5, 1.0, 1.5 [m/s] (Model 1), (a) distribution of d max,i / d y , (b) IDA curves and ideal drift response curve, (c) active EQ.

designed with
PGV=1.5 [m/s]

designed with
PGV=1.0 [m/s]

designed with
PGV=0.5 [m/s]

PGV=0.5 [m/s]

PGV=0.5 [m/s]

PGV=0.5 [m/s]

PGV=1.5 [m/s]

PGV=1.5 [m/s]

PGV=1.5 [m/s]

(a)
ideal drift response curve

designed with
(a) PGV㸻0.5m/s (
(b) PGV㸻1.0m/s (
(c) PGV㸻1.5m/s (

designed with
(a) PGV㸻0.5m/s (
(b) PGV㸻1.0m/s (
(c) PGV㸻1.5m/s (

)
)
)

)
)
)

Hachinohe NS
El Centro NS

(b)

(c)

Figure 7: IDA analysis for 3 models designed under GMs with PGV=0.5, 1.0, 1.5 [m/s] (Model 2), (a) distribution of d max,i / d y , (b) IDA curves and ideal drift response curve, (c) active EQ.
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As shown in Figures 6 and 7, the model optimally designed for a specified-level GMs is
not necessarily effective for other levels of GMs. Therefore, a design guideline for the problem, which design to be chosen from the various optimal designs, is needed. In this paper, a
simple index for selection is introduced as follows,

max{dmax ( IM )  IDRC( IM )}
IM

where IDRC denotes the value of the ideal drift response curve. It can be said that the design,
which minimizes the proposed index, shows high robustness (effective for various levels of
GMs). Figure 8 indicates the procedure for selecting such design.
Figures 9 and 10 show the values of the proposed index for the models obtained in Section
3.2 and the IDA curves for the models which minimize the proposed index. It can be observed
that, as PGV used for the design becomes larger, the value of the proposed index generally
decreases. It can also be said that the elastic designs provide the highest value of the index.
For both Models 1 and 2, the designs, which minimize the index, are effective for various levels of the GMs. Especially for Model 2, the IDA curve for the selected design runs quite near
the ideal drift response curve. This is because Model 2 tends to exhibit plastic deformation
concentration in the lower stories for large inputs as stated in Section 3.2.
Start

Carry out Consecutive Design Generation Method

Choose candidates from various optimal designs

Carry out IDA analysis for candidates

Plot ideal drift response curve (IDRC) and IDA curves of candidates

Choose design which minimize index

End

Figure 8: Schematic diagram for choosing robust design for various levels of GMs.

elastic design

ideal drift response curve
minimum

designed with PGV=1.48 [m/s]

Figure 9: Proposed index and IDA curve for design with minimum index (Model 1).
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elastic design
ideal drift response curve

designed with PGV=1.38 [m/s]

minimum

Figure 10: Proposed index and IDA curve for design with minimum index (Model 2).

3

CONCLUSIONS

A new optimal damper design method is presented for elastic-plastic MDOF building
structures under multiple-level earthquake ground motions (GMs). The main conclusions can
be summarized as follows.
x A consecutive design generation method (CDGM) was proposed for the abovementioned problem. By using CDGM, all the optimal designs can be obtained with much
lower computational effort than the method repeating an ordinary optimization procedure
under every-level GM. CDGM also helps to understand how the distribution of added
damper damping coefficients changes as the level of GMs changes.
x As the level of input GMs used for the design becomes larger, dampers concentrated to
the specified stories spread around those stories and the distribution of the added damping coefficients becomes smoother.
x As the number of input GMs used for the design increases, the distribution of the added
damping coefficients becomes smoother.
x Models designed for lower-level GMs may exhibit large plastic deformation concentrations in specific stories for larger-level GMs.
x A new concept of ‘ideal drift response curve’ was presented for selecting a robust design
for various levels of GMs. This is a plot of the optimized maximum deformation versus
design IM (level of input GMs). The optimal designs for various levels of GMs were obtained by conducting CDGM, and simultaneously the ideal drift response curve was provided.
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Abstract
Greece is divided into three seismic hazard zones ZI, ZII, ZIII. In the present research work,
the same building in the three seismic zones of Greece is modeled, analysed and dimensioned
and then the construction cost of its structural body is estimated. The building modeling was
performed in SAP2000 using linear finite elements. The analysis of the building was performed by dynamic spectral analysis methods using the design spectrum of EC8. A fifteenstorey building with a standard floor plan per floor was used. The purpose of this research
paper is to study the possible influence of seismicity, based on which the dimensioning takes
place, on the construction cost of the load-bearing structure of a fifteen-storey building with a
standard floor plan per floor. The degree of influence is studied by estimating the quantities
of materials required depending on the seismic hazard zone. Interesting comparisons take
place between the results for the three different seismic hazard zones. Useful conclusions are
drawn regarding the influence of seismicity on the construction cost of the load-bearing
structure of reinforced concrete buildings.

Keywords: Seismic zone, Construction cost, Multi-storey building
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1

INTRODUCTION

Greece ranks sixth in the world in the list of most seismic countries. Although it occupies
0.02 of the Earth's surface, it releases 2% of global seismic energy each year and more than
50% of the European. Therefore, Greece is challenged to face earthquake phenomenon by improving the construction of structures, taking under consideration the parameters of safety and
cost. According to those factors, the earthquake resistant regulations have been evolved
worldwide [1]–[3], facing with great effectiveness the safety of human life. In the seismic design of reinforced concrete structures, a key parameter is the seismic design actions, based on
which the structures in each area are designed (Table 1).
The seismic design actions of the structures depend on the seismic hazard of each area and
their values are determined in the Seismic Hazard Map, which is an integral part of the Earthquake Regulation [2], [3]. Seismic hazard is the maximum expected value of a seismic parameter for a given recurrence period or for a specific probability of non-overcoming and a
specific period of time. The results of seismic hazard studies are given in the form of maps or
curves that provide the distribution of the selected ground motion measure and the probability
that it will be exceeded or not exceeded in a certain period of time (Figure 1). Usually, the
probability of distribution is estimated by 10% of excessing a defined value of land movement
for the time period of 50 years or equal, an average repetition of 475 years.
The expected values of the ground acceleration are derived from seismic hazard studies, after statistical processing of seismic events that have occurred in the wider project area. Such
studies are prepared for large and important projects, while for ordinary constructions the
prices are given by the regulations, depending on the area in which the construction is going
to take place. According to EC8 [2] and Greek Seismic Code [3], national areas are subdivided into seismic zones (Z1, Z2 and Z3) depending on the local hazard (Figure 1). By definition,
it is assumed that within each zone the hazard is constant and is described by a single parameter, the value of the maximum reference ground acceleration αgR, which corresponds to soil
category “A” and characterizes the seismic activity in each zone. Considering the above, the
present work aims to investigate whether the design and study of a building in each seismic
zone, can affect the cost of construction of its load-bearing structure. Several studies have
been conducted regarding the cost, as far as various types of structures are concerned [4]–[10].
This study aims to investigate the cost in terms of the construction cost of load-bearing structure of multi-storey buildings and if and how it is affected by the seismicity of the area.

Table 1: Ground acceleration values [3].
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Figure 1: Seismic hazard map of Greece [3].

2
2.1

ANALYTICAL RESEARCH
Building data

The building under consideration is symmetrical, with a rectangular floor plan with dimensions of 25 x 25 m, slab thickness equal to 15 cm, total height 46.50 m (all floors are 3 m, except the 1st floor which has a height equal to 4.5 m) and will not include basement. The
influence of the soil is neglected and rigid connections are used for the building’s supports
[11]–[16]. In the center of the floor plan, there are two symmetrical cores consisting of 8
walls with different dimensions (6 along the Y axis and 2 along the X axis), which are connected by three beams 1m long and 0.70 m high. Also, there are two walls in the perimeter of
the floor plan along the Y axis, which have enlarged boundary edges at their both ends (Figure 2), in order for phenomena of lateral buckling at seismic walls to be avoided [17]–[31].
Regarding the dimensions of the cross-sections of the structural elements, the crosssections of the columns of the building remain constant for the 1st floor (ground floor) and the
2nd, while the rest are reduced by 5 cm per floor. The cross-sections of the beams remain
fixed on all floors, while the cross-sections of the walls vary in height and are reduced per 5
floors by 12.5 cm. The construction materials of the building are concrete C30/37 and steel
B500C. The cross sections of the beams remain the same in every storey but the cross sections of the walls shift per floor and decrease per 5 storeys for 12.5 cm. The construction materials of the building, is C30/37 concrete and Steel B500C. Finally, below are presented the
floor plan and the table of cross sections of the structural elements of the building.
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Figure 2: Typical floor plan.

Floor
st

1 (Ground floor)
2
3
4
5
6
7
8
9
10
11
12
13
14
15

Height
(m)
4.50
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00
3.00

Beam dimensions (cm)
Perimetric
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70

Internal
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60
25x60

Wall thickness
(cm)

Column dimensions
(cm)

50
50
50
50
50
37.5
37.5
37.5
37.5
37.5
25
25
25
25
25

100x100
100x100
95x95
90x90
85x85
80x80
75x75
70x70
65x65
60x60
55x55
50x50
45x45
40x40
35x35

Table 2: Dimensions of the structural elements.

4523

Paulina A. Tselempi, Theodoros A. Chrysanidis

2.2

Construction

The building, as a typical construction, is stressed by gravity loads which are the permanent loads (self-weight, etc.), the live loads (human load, etc.) and the seismic loads. For the
building in question, the loads are shown in Table 3.
PERMANENT LOADS
N/A

Type

Value

1

Flooring

1.40 kN/m2

2

Partition brick structures

1.00 kN/m2

3

Perimeter brick structures

8.00 kN/m

4

Roofing

3.50 kN/m2

5

Parapet roof load

3.60 kN/m2

LIVE LOADS
N/Α

Type

Value

1

Ground floor

2.00 kN/m2

2

Typical floors

2.00 kN/m2

3

Roof

2.00 kN/m2

SPECTRUM DATA EC8
N/Α

Type

Data

1

Spectrum type

Horizontal design spectrum type 1

2

Soil category

Β

3

Factor β

0.20

4

Seismic acceleration factor α

For the three categories: α =0.16, 0.24, 0.36

5

Gravity acceleration g

9.81 m/sec2

6

Coefficient behavior q

Calculation based on EC8

Table 3: Building loads.

2.3

Modelling

The modeling of the load-bearing structure of the building will be performed with the finite
element software SAP2000. The individual structural elements that were modeled are the
beams, the columns and the seismic walls of the building. Also, it is essential to simulate the
diaphragm function of the slabs on each floor. The dynamic spectral method analysis according to the EC8 [2] will be applied for the seismic actions of the building.
In conclusion, through the simulation some results will be extracted according to which the
building will be dimensioned for the three seismic hazard zones and these are the design moments of the beams, the values for N, M33, M22 of the vertical elements. Figure 3 presents the
3D model of the building.
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(a)

(b)

Figure 3: Views of the 3D building model: (a) Linear finite elements (b) Sections.

2.4

Dimensioning of the building

The dimensioning of the building will be based on EC8 [2] and EC2 [32], for each seismic
hazard zone only for the 14th floor level. The horizontal structural members dimensioned are
the slabs of the 14th floor and the beams of this level, while the vertical structural members are
the columns and the structural walls. Figure 4 and Figure 5 present indicative reinforcement
of the beam and the slab respectively resulted by the building design.

Figure 4: Beam reinforcement of the 14th floor.

4525

Paulina A. Tselempi, Theodoros A. Chrysanidis

Figure 5: Slab reinforcement of the 14th floor.

2.5

Measurements of building materials

The measurement of building materials used for the construction of the load-bearing structure (concrete and steel) for all three seismic zones will be calculated considering the results
of the design. Table 4 displays the measurements for the concrete material, which remain the
same for all three seismic zones. Similar calculations have taken place for the measurement of
the steel material used for the concrete reinforcements.
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STOREY
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15

CONCRETE MEASUREMENT
BEAMS COLUMNS WALLS
(m3)
(m3)
(m3)
33.08
139.2
63.08
33.08
91.20
41.33
33.92
82.31
41.61
34.72
73.87
41.90
35.55
65.89
42.18
36.35
58.37
31.85
37.19
51.30
32.06
37.99
44.69
32.28
38.82
38.53
32.49
39.62
32.83
32.70
40.46
27.59
21.95
41.26
22.80
22.09
42.09
18.47
22.23
42.89
14.59
22.37
43.69
11.17
22.52
TOTAL

SLABS
(m3)
90
90
90
90
90
90
90
90
90
90
90
90
90
90
90

TOTAL
(STOREY) (m3)
325.36
255.61
247.84
240.49
233.62
216.57
210.55
204.96
199.84
195.15
180.00
176.15
172.79
169.85
167.38
3196.16

Table 4: Concrete measurement.

3
3.1

RESULTS ANALYSIS
Concrete measurements

Figure 6 shows the amount of concrete per floor and Figure 7 displays the amount of concrete occupied by the structural elements of the load-bearing structure.

Figure 6: Percentage of concrete per floor (%).
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Figure 7: Percentage of structural elements in the total concrete (%).

From the previous diagrams, it is obvious that the 1st floor occupies the largest percentage
of concrete in relation to the other floors, while at the same time the percentage of the other
floors decreases from floor to floor. Also, the slabs occupy the largest percentage of the total
concrete with 42.2%, followed by the columns with 24%, the beams with 18% and finally the
walls with 16%.
3.2

Steel measurements

3.2.1. Steel measurement per seismic zone
Table 5 presents the quantities of steel in kgr that result for the structural elements of the
building, in each seismic zone. The same results are displayed in the form of a column graph
in Figure 8.
REINFORCEMENT STEEL MEASUREMENT
Seismic zone

Slabs

Beams

Columns

Walls

TOTAL

Ι

9214.32

6353.50

2615.83

2826.53

21010.18

ΙΙ

9214.32

6416.78

2623.71

3019.44

21274.25

ΙΙΙ

9214.32

6455.03

2631.59

3261.77

21562.71

Table 5: Structural element steel weight for the three seismic zones.
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Figure 8: Total weight of reinforcement steel of structural elements of the 14th floor for each seismic zone.

3.2.2. Percentage change of steel weight between the seismic zones

(a)

(b)

(c)

(d)

Figure 9: Percentage change of weight of steel reinforcement of the 14th floor for each seismic zone concerning:
(a) All structural elements, (b) Beams, (c) Columns, (d) Seismic walls
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From Figure 9, it appears that:
• The transition from Zone I with seismic acceleration αg = 0.16g, to Zone II with seismic acceleration αg = 0.24g causes:
- 1.24% increase of the total steel weight for all structural elements
- 1.00% increase of the steel weight for the beams
- 0.3% increase of the steel weight for the columns
- 6.39% increase of the steel weight for the structural walls
• The transition from Zone II with seismic acceleration αg = 0.24g, to Zone III with seismic
acceleration αg = 0.36g causes:
- 1.34% increase of the total steel weight for all structural elements
- 0.59% increase of the steel weight for the beams
- 0.29% increase of the steel weight for the columns
- 7.43% increase of the steel weight for the structural walls
• The transition from Zone I with seismic acceleration αg = 0.16g, to Zone II with seismic acceleration αg = 0.36g causes:
- 2.56% increase of the total steel weight for all structural elements
- 1.57% increase of the steel weight for the beams
- 0.60% increase of the steel weight for the columns
- 13.34% increase of the steel weight for the structural walls
Therefore, if the weight percentage of the individual structural elements of the structure
(columns, beams and structural walls) increases from Zone I to Zone II and Zone III, except
for the steel weight for the slabs that remains constant in the three seismic zones, that fact results to the increase of the total steel weight of the 14th floor.
3.2.3. Percentage of reinforcement steel per structural element for each seismic zone
Figure 10 shows the percentage of steel weight of each structural element in all three seismic zones. According to these figure, it is concluded that:
 Slabs occupy the largest percentage of steel in Zone I: 44%, while in Zone II: 43% and
in Zone III: 42.7%.
 Beams occupy the second largest percentage of steel in Zone I: 30%, while in Zone II:
30% and in Zone III: 29%.
 Structural walls occupy the third largest percentage of steel in Zone I: 13%, while in
Zone II: 14.2% and in Zone III: 15.1%.
 Columns occupy the smallest percentage of steel in Zone I: 12.5%, while in Zone II:
12.3% and in Zone III: 12.2%.
Furthermore, the design and detailing of the various structural elements has shown that
during the transition from Zone I to Zone II and II:
 The beams maintain their longitudinal reinforcement constant, while the transverse
reinforcement shows some increase.
 The columns also maintain their longitudinal reinforcement stable, while the
transverse reinforcement shows some increase.
 Finally, the structural walls show an increase in their transverse reinforcement and the
T3 and T10 structural walls (Figure 5) also show increases in their longitudinal
reinforcement.
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(a)

(b)

(c)
Figure 10: Percentage of steel weight per structural element for: (a) Zone I, (b) Zone II, (c) Zone III.
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4

CONCLUSIONS

The structure studied in the present research is a fifteen-storey reinforced concrete building
without a basement with rectangular conventional floor plan. It has been designed for all three
seismic hazard zones Zone I, Zone II and Zone III. The resulting conclusions can be
summarized as follows:
1. Walls show the largest percentage increase in steel weight with the increase of seismic
acceleration.
2. At the beams, the steel weight increases much less than in seismic walls.
3. At the columns, the steel weight increases even less than the beams.
4. Therefore, the seismic walls are the dominant structural element in the building’s
system. Thus, it is a wall-governed system.
5. The increase of seismic acceleration αg:
 From Zone I to Zone II is about 50%, while the percentage increase of the total
amount of materials is only 1.24%.
 From Zone II to Zone III is about 50%, while the percentage increase of the total
amount of materials is only 1.34%.
 From Zone I to Zone III is about 125%, while the percentage increase of the total
amount of materials is only 2.56%.
6. Thus, the percentage increase in the total demand on steel is quite small.
7. So, we conclude that for a fifteen-storey reinforced concrete building, with a strong
core wall arrangement, the influence of seismic hazard on the construction cost of the
load-bearing system should not be significant because the percentage increase of
materials required is much smaller than the large percentage increases of the
respective seismic accelerations.
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Abstract
In the present research work, an attempt is made to investigate the possible influence of the
seismic acceleration on the construction cost of the load-bearing anti-seismic structure of reinforced concrete (R/C) buildings. It is not uncommon for the design engineer to be confronted with the question of dimensioning a building for seismicity greater than that provided by
the relevant seismic regulations. More specifically, the Greek Seismic Code (EAK 2000) provides for three different seismic hazard zones. Will the choice of the engineer, then, affect the
construction cost and if so, to what extent does it influence it? A fifteen-storey building with a
standard floor plan per floor was used for this study. The building simulation took place using
the SAP2000 analysis and dimensioning software. The seismic regulation used is Eurocode 8.
The study of the influence of seismicity takes place by measuring the quantities of concrete
and steel reinforcement construction materials. Analyses of the results and comparisons between them are made for all three seismic zones. Useful conclusions are drawn regarding the
influence of seismicity on the construction cost of the load-bearing structure of R/C buildings.
Keywords: Cost, Seismicity, Load-bearing structure
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1

INTRODUCTION

Construction cost is an issue that has troubled engineers, consultants and contractors
worldwide [1], [2]. The basic problem has to do in achieving the best technical solution in
terms of safety along with the best solution possible in terms of economy; meaning a technoeconomical best solution for the design of a structure that should take into account the influence of the soil properties, too [3], [4]. In simple words, the goal is to achieve both safety [5]–
[14] and economy at the same time when the consultant engineers design a structure. This issue has troubled engineers for all types of structures: (a) Buildings [15]–[17], (b) bridges [18],
[19], (c) other types of structures [20]–[22]. Thus, this analytical study investigates the influence of seismicity to the construction cost of the load-bearing structure of reinforced concrete
(R/C) buildings.
2

CONSTRUCTION DESCRIPTION

In the present work, the study of a load-bearing structure of a R/C building in the three
seismic hazard zones is carried out. This is a fifteen-storey building, double symmetrical that
has a rectangular plan with dimensions of 25 x 25 m, which corresponds to a total area of
E=625 m2, without a basement. In the center of the floor plan, there is a strong core consisting
of 8 walls of different dimensions, 6 along the Y axis and 2 along the X axis. At the perimeter
of the plan, there are two walls along the Y axis, which have enlarged boundary edges at their
ends. The cross-sections of the columns of the building are the same for the 1st (ground floor)
and 2nd floor, while after they are gradually reduced to the other floors, except for the walls
T3 and T10, whose cross-sections are reduced as they depend on the enlarged boundary edges
of their ends. Below is a summary table with the geometric elements of the floor plan (Table
1), as well as a top view of the floor plan of the building (Figure 1).
BEAM DIMENSIONS

FLOOR

HEIGHT
(m)

PERIMETER

INTERIOR

1st (Ground)
2
3
4
5
6
7
8
9
10
11
12
13
14
15

4.5
3
3
3
3
3
3
3
3
3
3
3
3
3
3

25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70

25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70
25x70

Table 1: Geometric plan elements
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WALL
THICKNESS
(cm)
50
50
50
50
50
37.5
37.5
37.5
37.5
37.5
25
25
25
25
25

COLUMNS
(cm)
100x100
100x100
95x95
90x90
85x85
80x80
75x75
70x70
65x65
60x60
55x55
50x50
45x45
40x40
35x35
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Figure 1: Floor plan of the building

3

BUILDING MODELING

The construction materials of the load-bearing body are:
x Concrete quality C30/37
x Steel quality B500C
According to Eurocode 2 [23] the measure of elasticity is equal to Ecm = 32 GPa. The value
of the Poisson ratio is considered to be zero, according to the specifications of the code for
cracked concrete sections.
The beams are simulated using a linear finite element in space placed on the centripetal axis of the structural element. Due to the diaphragm action of the slabs, they are considered to
have a T-type cross section. The columns are modeled in the same way as the beams, using
linear finite elements and with reduction of their properties due to cracked concrete cross section (stage II). The modeling of the walls is done with the help of the “equivalent frame mod-
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el”. It has to do with the replacement at each level using a linear element that is placed on the
center of gravity of the wall with reduced properties for cracked sections. The wall is connected to the neighboring beams by means of rigid bodies. The building 3D model is displayed on Figure 2.

Figure 2: 3D illustration of the building

4

LOADS

The dead loads of the structure according to which the building is dimensioned, are presented below in Table 2:
DEAD LOADS
N/A
1

Type
Flooring

Value
1.40 kN/m2

2

Partition brick walls

1.00 kN/m2

3

External brick walls

8.00 kN/m

4

Roofing

3.50 kN/m2

5

Parapet roof load

3.60 kN/m2

Table 2: Dead loads

4538

Thomas-Erik N. Makris, Theodoros A. Chrysanidis

x
x
x

The load of the partition brick walls is considered to be evenly distributed over the
entire surface of the floor plan.
The load of the external brick walls is applied only on the perimeter beams and directly on them.
On the roof of the top floor around the perimeter, it is considered that there is a parapet with a height equal to 0.90 m.

Table 3 shows the live loads of the construction.
LIVE LOADS
N/A
1

Type
Ground floor

Value
2.00 kN/m2

2

Other floors

2.00 kN/m2

3

Top roof

2.00 kN/m2

Table 3: Live loads

The spectrum data used according to Eurocode 8 [24] are shown below in Table 4:
EC8 SPECTRUM DATA
N/Α
1
2
3
4
5
6

Type
Spectrum
Soil Category
β
Seismic acceleration factor a
Gravity acceleration g
Behavior factor q

Data
Type 1
Β
0.20
For all three categories i.e., a = 0.16, 0.24, 0.36
9.81 m/sec2
Calculations based on EC8

Table 4: Spectrum data

Based on the results of the dynamic analysis of the building for each seismic zone, for the
two seismic combinations along the X and Y axes, the percentage of the seismic force received from the walls was determined. In this way, it is proved that the static system under
consideration is a wall system in every direction and for every seismic zone.

Base shear force
Τ1, Τ2 (Χ-axis)
Τ3, Τ10 (Υ-axis)
Τ4, Τ5, Τ6, Τ7, Τ8, Τ9 (Υ-axis)
Percentage of shear force by walls

ZONE Ι
G+0.3Q+Ex+0.3Ey
429.76
379.75

88.36% > 65%

G+0.3Q+0.3Ex+Ey
887.01
460.21
415.97
99.91% > 65%

Table 5: Indicative percentages of seismic force carried by the structural walls (Zone I)
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5

DYNAMIC ANALYSIS

Table 6 displays the sum of mass activated in each eigenmode. According to EC8 [24], dynamic spectral analysis requires activation of a mass percentage of at least 90% of the total
mass of the building per direction.
Participating mass

Eigenmode
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23

Participating mass

Eigenmode

SumUX

SumUY

SumRZ

0.679
0.679
0.679
0.877
0.877
0.877
0.942
0.942
0.942
0.969
0.969
0.969
0.982
0.982
0.989
0.989
0.993
0.993
0.993
0.995
0.995
0.997
0.997

0.000
0.690
0.690
0.690
0.865
0.867
0.867
0.922
0.929
0.929
0.959
0.960
0.960
0.977
0.977
0.977
0.977
0.987
0.987
0.987
0.992
0.992
0.992

0.000
0.000
0.712
0.712
0.713
0.852
0.852
0.860
0.917
0.917
0.918
0.951
0.951
0.951
0.951
0.971
0.971
0.971
0.982
0.982
0.982
0.982
0.989

24
25
26
27
28
29
30
31
32
33
34
35
36
37
38
39
40
41
42
43
44
45

SumUX

SumUY

SumRZ

0.998
0.998
0.998
0.998
0.999
0.999
0.999
0.999
0.999
1.000
1.000
1.000
1.000
1.000
1.000
1.000
1.000
1.000
1.000
1.000
1.000
1.000

0.992
0.995
0.995
0.995
0.995
0.997
0.997
0.997
0.998
0.998
0.998
0.999
0.999
0.999
0.999
0.999
0.999
1.000
1.000
1.000
1.000
1.000

0.989
0.989
0.989
0.993
0.993
0.993
0.993
0.995
0.995
0.995
0.997
0.997
0.997
0.997
0.997
0.998
0.998
0.998
0.999
0.999
1.000
1.000

Table 6: Percentage of mass activated in each eigenmode

The results of Table 6 show that:
x In the first eigenmode, 68% of the mass is activated and is translational by X.
x In the second eigenmode, 69% of the mass is activated and is translational by Y.
x In the third eigenmode, 71% of the mass is activated and a torsional result is obtained.
x The requirement of the code for 90% of the mass to be activated for movements in X
and Y directions arises in the ninth eigenmode.
6

DIMENSIONING OF BUILDING

Building has been dimensioned for all three seismic zones based on the reinforcement calculated for the ground floor slab. Figure 3 shows the plan view of the layout and the quantity
of the reinforcement of the ground floor slab which resulted based on the necessary calculations for seismic zone I.
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Figure 3: Ground floor slab reinforcement arrangement

7

CALCULATION RESULTS AND ANALYSIS

The engineering study of a building, in addition to the construction plans and the static calculations, also includes the pre-measurement of the project for the estimation of the construction costs. This section presents the measurements of the quantities of concrete and steel for
the construction that has been studied, analyzed and dimensioned for all three seismic zones.
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Figure 4: Percentage of concrete per floor

Figure 5: Percentage of total amount of concrete per structural element

It is therefore concluded that the first floor has the largest percentage of concrete while at
the same time the percentage of the concrete is reduced from floor to floor (Figure 4). Also,
the slabs occupy by far the largest percentage of the total amount of concrete with a percentage of 64.29%, followed by the seismic walls with 13.01%, the columns with 12.07% and finally the beams with 10.63% (Figure 5).
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Figure 6: Percentage increase in total steel weight of ground floor seismic walls’ steel (Zones I-III)

Figure 7: Percentage increase in total steel weight of ground floor beams’ steel (Zones I-III)

Figure 8: Percentage increase in total steel weight of ground floor structural components (Zones I-III)
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From the above diagrams that emerged from the measurements of the building materials
for each seismic zone, it is observed that:
1. During the increase of the seismic acceleration in the building in question, it is observed
that the steel of the seismic walls has the largest percentage increase of its weight.
Specifically, during the passage from (Figure 6):
x Zone I (ag = 0.16g) Æ Zone II (ag = 0.24g) percentage increase of 9.69%
x Zone II (ag = 0.24g) Æ Zone III (ag = 0.36g) percentage increase of 10.58%
x Zone I (ag = 0.16g) Æ Zone III (ag = 0.36g) percentage increase of 19.24%
The steel of the beams increases by much less (Figure 7):
x Zone I (ag = 0.16g) Æ Zone II (ag = 0.24g) percentage increase of 0.09%
x Zone II (ag = 0.24g) Æ Zone III (ag = 0.36g) percentage increase of 0.09%
x Zone I (ag = 0.16g) Æ Zone III (ag = 0.36g) percentage increase of 0.19%
Therefore, the walls have a dominant position in the load-bearing structure, as the static
system is governed by the wall behavior.
2. The increase in seismic acceleration from (Figure 8):
x Zone I to Zone II is of the order of 50% while the percentage increase in the total
amount of material is only 1.41%, i.e., many times smaller.
x Zone II to Zone III is of the order of 50% while the percentage increase in the total
amount of material is only 1.61%, i.e., many times smaller.
x Zone I to Zone III is of the order of 125% while the percentage increase in the total
amount of material is only 3.01%, i.e., many times smaller.
8

CONCLUSIONS

In conclusion, in a reinforced concrete building, with strong structural walls, designed and
dimensioned according to modern seismic codes, the influence of seismic hazard on the construction cost of the building is not significant, due to the small percentage increase in total
material costs in comparison to the drastic percentage increases of the respective seismic accelerations.
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Abstract
Naturally Buckling Braces (NBBs) utilize a built-up dual material steel section given a parallel
offset (i.e., eccentricity) from the normal working points of a conventional brace. NBB sections
consists of a low-yield-point steel (LYS) channel and a high-strength steel (HSS) channel
connected in parallel through steel battens. This new brace configuration provides a combined
axial-flexural behavior that improves the buckling performance and post-yielding stiffness of
braced framed structures. In this paper, on the basis of test results on a full-scale NBB specimen,
a detailed computational study is performed with the aid of the finite element software ABAQUS.
The specimen is subjected to a low-cycle fatigue protocol with increasing amplitudes and
repeated inelastic loading cycles at the event of local buckling. The parametric study aims to
evaluate partial strengthening methods for NBB sections that aim to delay local buckling
initiation and local buckling growth. It was found that the energy dissipation capacity of NBBs
can be enhanced up to 40% at a story drift ratio (SDR) of 2.0% by using transverse rib stiffeners
at the central part of the LYS channel, while the use of thicker channel battens can provide
further restrain to local buckling growth up to a 3.0% SDR.
Keywords: Buckling; Dual strength; Eccentricity; Full-scale cyclic tests; FEM; Rib stiffeners.
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1. INTRODUCTION
Steel braces are often used as vertical and lateral load resistant systems in multi-story
buildings for dissipating large amount of input energy under damaging dynamic loads, such as
strong winds and earthquakes. While the most frequently used Concentrically Braced Frames
(CBFs) consisting conventional steel braces increase the lateral stiffness of steel framed
structures and decrease the lateral story drift, they exhibit a marked strength deterioration under
large compression loads due to sudden geometric instabilities (global and local buckling)
followed by fracture [1-4]. Buckling Restrained Braced Frames (BRBFs) have been proved as
reliable, more ductile alternative to CBFs providing a relatively large strength and stiffness
under both tension and compression loads. However, in both CBFs and BRBFs, residual story
displacements, and in a worst-case loading scenario, a soft-story failure mechanism may occur
under rare earthquake events, resulted by their inherent low post-yielding stiffness [5-7].
Recently, the authors and co-workers developed an alternative brace known as Naturally
Bucking Brace (NBB) [8] aiming at enhancing the poor post-yielding or post-buckling behavior
of current brace design. The main advantages of NBBs are the relatively high tensile postyielding stiffness and the delay of mid-length local buckling, thereby fracture. NBB consists of
a built-up dual-material steel section made of a low-yield-point steel (LYS) channel and a highstrength steel (HSS) channel arranged in parallel and joined together through a series of battens
that secure compactness of the section. An intentional eccentricity is introduced along the brace
length that inherently subjects the brace to bending loads in addition to axial loads [9]. The
effective combination of the two steel grades (i.e., large material contrast) and eccentricity helps
the brace to develop a stable and advantageous hysteretic behavior, a concept that was recently
extended in uniform circular steel cross sections [10].
Local buckling can initiate at lower drift levels in full-scale specimens compared to small
scale specimens and can suddenly reduce the load carrying capacity of the member. Various
studies explored the use of stiffeners to resist local buckling and it was found to be an effective
method. Mulligan and Pekoz [11] who investigated the effect of edge stiffeners in lipped
channel sections found a significant improvement in the local-buckling resistance. Further
works suggested enhancing local-buckling resistance through selecting optimum stiffener
position and proportion for web stiffeners [12] and proper configuration and sectional sizes for
longitudinal stiffeners in case of bolted side plated beams [13].
In this paper, based on the experimental test results on cyclic performance of full-scale NBBs,
a finite element analysis study is performed to calibrate the computational model with the
experimental results, which are found to be in a good agreement. Additional finite element
models with rib stiffeners and stronger channel battens are developed to perform an elaborate
parametric study focusing on the effectiveness of such strengthening methods in eliminating the
local buckling related failures and thereby enhancing its energy dissipation capacity.
Application of rib stiffeners seemed to be a candid way of strengthening open channel sections
like NBB. The effect of several parameters, such as, the number and thickness of stiffening ribs
as well as the thickness of channel battens is examined.
2. CONFIGURATION OF NBB
NBB consists of two cold-formed LYS and HSS channels connected along the brace length at
multiple points. Steel battens are welded to each channel as shown in Fig. 1. The brace-ends are
free to rotate about x-axis (in-plane buckling) while are fixed to rotate about y-axis (out-of-plane
buckling). LYS exhibits a low yielding stress (120~220MPa) and a high inelastic deformation
capacity (30~50%) which enhances the overall ductility of NBB. On the other hand, HSS exhibits
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a high yielding stress (600~800MPa) which enhances the overall strength of NBB, but emphasis
needs to be given in the lower ductility (10~15%) of HSS.
End plate㻌
Line of force action㻌
Low yield steel (LYS)㻌

eƎ

Batten㻌

eƎ LYS㻌

y㻌
Line of
force action㻌

x㻌
HSS㻌
Center of gravity㻌

Center of gravity㻌High strength steel (HSS)㻌

Figure 1: Overview of Naturally Buckling Brace.

The presence of eccentricity redistributes the internal stresses in a way that HSS remains
elastic until very large inelastic deformations. At the same time, the very high ductility of LYS
is efficiently and uniformly exhausted. This configuration and contrast of the material properties
eventually contributes to the high post-yielding stiffness of NBBs. Under cyclic loading, unlike
the unstable phenomenon of the axial buckling, NBB bends stably due to the combined axialflexural behavior [8-10].
3. EXPERIMENTAL TEST ON NBB
3.1. Overview of the test specimen
A full-scale NBB specimen denoted as SP1 was subjected to a quasi-static cyclic testing to
evaluate its seismic performance. The design details of SP1 are summarized in Table 1. Japanese
steels SM570 and LY225 are used for the fabrication of HSS and LYS channels, respectively. The
channel battens are made of SS400 steel and are welded to the surface of each channel flanges
through fillet welding.
The gusset-plate connection that accommodates in-plane member buckling is designed based
on the AISC design specifications [14, 15]. A clearance distance twice the gusset-plate thickness,
t p (56mm), is considered. Assuming that a pin is formed at the middle of clearance distance, the
pin-to-pin length of NBB, L is equal to 2,825mm. The actual intentional eccentricity determined
based on the center of gravity is eƎ (see Figure 1) but as the center of gravity has been moved
towards the LYS channel due to asymmetrical sections about x-axis in NBB, the measured
eccentricity is denoted as e#. The member slenderness about x-axis is denoted as Ȝ x and
thickness of steel sections as t HS and t LY and that of battens as t_Batten. The quantities ı y,H S , ı u
H S and ı y,LY , ı u,L Y refers to the yield stress and ultimate stress of HSS and LYS channel
respectively.
SPECIMEN

CROSS SECTION

B

SP1

D

HIGH-STRENGTH STEEL
(HS)

HƎ

e#

t_Ba
tten

Ox

t HS

V y,HS

V u,HS

H HS

LOW YIELD-POINT-STEEL
(LY)

t LY

V y,LY

V u,HS

H LY

mm

mm

mm

mm

mm

mm

mm

MPa

MPa

%

mm

MPa

MPa

%

164

166

78.7

85

6

44.0

9.13

638

690

13.4

12.1

231

308

47.2

Table 1: Dimensions and material properties of test specimens.

The loading protocol consists of two symmetric cycles laterally imposed at each load
amplitude of 0.25, 0.5, 0.75, 1.0, 1.5, and 2.0% story drift ratio (SDR) except for the SDR at
which local buckling occurs in compression. At this SDR, loading cycles are repeated five times
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in order to evaluate the post-local bucking behavior of the brace to cumulative damage. In SP1,
the local buckling initiated during 1.5% SDR. More details can be found elsewhere [16].
3.2. Cyclic behavior
Fig.2a shows the axial load – axial displacement relationship of SP1. A high energy
dissipation capacity without any strength deterioration was observed until an axial displacement
of 27.6 mm (i.e., 1.5% SDR). Fig. 2b depicts the overall deformation of brace specimen for an
axial displacement of 27.6 mm (i.e., 1.5% SDR) under the 2nd compression cycle. The specimen
deformed in-plane of the frame and no excessive concentration of local deformation was
observed. Until 4th compression cycle of repeated loading at 1.5% SDR, a slight strength
deterioration was observed. Although local buckling was more intense during the 5th repeated
cycle of 1.5% SDR, the compressive strength maintained 79% of the strength that recorded in
the 1st compressive cycle of this repeated loading. For an axial displacement of 36.7 mm (i.e.,
2.0% SDR), local buckling increased and the compressive strength started to deteriorate but the
tensile strength was further increased. During the 2nd cycle of the 2.0% SDR, the fillet welding
around the steel battens was failed and battens were detached from the LYS channel during the
compressive loading.
Axial load (kN)
(a)
Test
Model

Axial disp. (mm)
(a)

(b)

Figure 2: Test results; (a) Axial load – axial displacement relation, (b) Deformed shape at 1.5% SDR.

4. FINITE ELEMENT MODELING OF NBB AND PARAMETRIC STUDY
A computational study of the cyclic behavior of the NBB specimen was performed using the
finite element (FE) simulation software ABAQUS [17]. To verify the reliability of the proposed
detailed FE model, the computational simulation results were compared with the experimental
results. The loading pattern followed for the finite element analysis is the same as the one used
in experiment.
4.1. Finite Element Model
Fig. 3 illustrates the FE model of NBB with an HSS channel section and a LYS channel
section connected through battens. The model was divided into 30 elements along the steel
section and more than 100 elements along the length for each section. Fine rectangular mesh
along with linear quadrilateral 4-noded S4R shell elements of reduced integration were used.
Tie constraint was used to define the contact between battens and channel section surfaces. Both
ends of the brace were provided with gusset plates having a 2t p clearance distance to act as
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pinned connections at an eccentricity specified in Table 1. A multi-point constraint (MPC) was
used to connect the gusset plates and the brace member. An incremental displacementcontrolled analysis was performed to one brace end for simulation. The brace was arranged in
the same angle as in the experiment.

(a)

(b)

Figure 3: Finite element modeling: (a) entire FE model with gusset plates; (b) Meshed view of the model.

The properties of specimen used for the computational study are summarized in Table 2. The
comparison of results from experimental and FE analysis studies are shown in Fig. 4. From the
figure, one can observe that the FE model was able to simulate the test with a good accuracy.
The full details of the gusset-plate connections were not modelled as a choice to reduce the
computational time and complexity of the model. The FE model meticulously captured local
buckling at 2% SDR as observed in the experiment. Local buckling was induced during the 1st
compression cycle of 1.5% SDR and became evident at a 2% SDR. The sudden drop in strength
under compression can also be observed from the FE hysteretic loop similar to test results.
L

e#

t LY

t HS

V y,LY

(mm)
2825

(mm)
85

(mm)
12

(mm)
9

(MPa)
231

SPECIMEN
SP1

V y,HS
(MPa)
638

t_Batten
(mm)
6

t_Stiffener
(mm)
0

Stiffener
No. (n)
0

Table 2: Properties of different specimens used for numerical simulation.
1600
1200

Lateral load
(kN)
Specimen 1
FE Analysis

800
400
0
-400
-800

Strength drop in
Compression

-1200
-3

-2

local buckling
-1

0

1

2
3
SDR (%)

(a)

(b)

Figure 4: Test results compared with FE analysis results: (a) Lateral load - SDR relation; (b) Deformed shape
at the mid-length of the LYS channel.

4.2. Parametric study and performance evaluation indices
As local buckling was observed in LYS channel of NBB during the experimental study,

4551

Shadiya Jamshiyas, Kazuhiro Hayashi, Xiaopo Yang and Konstantinos A. Skalomenos

strengthening of NBB by utilizing stiffeners in the critical zones or by increasing the thickness
of battens is explored through a parametric study. The use of stiffeners appears to be a
straightforward strengthening approach as NBB consists of open channel sections. The
stiffeners combined with the eccentricity distribute more evenly the local stresses in the middle
area delaying the onset of local buckling. The parametric study investigated the influence of the
number and thickness of stiffeners as well as the thickness of battens.
Using the hysteretic curves of each analysis model, the normalized dissipated energy is
calculated to evaluate the hysteretic behavior and energy dissipation capacity of braces [18]. On
the basis of this index, one can evaluate the influence local buckling has on the cyclic response
and how the progress of local bucking affects the dissipative capacity of the member. More
specifically, a comparison is made according to the equivalent viscous damping ratio, ȟ eq , by
adopting the relation [19]:

[ =

ܧௗ
2Sܨ '

(1)

where E d is the energy dissipation in each complete cycle of the force-displacement curve;
F m is the maximum force in a given cycle and ǻ m is the corresponding displacement. The results
are calculated considering a symmetrical hysteretic F-ǻ relation as obtained for chevron brace
configurations (i.e., both compression and tension cycles are considered). It should be noted
that ȟ eq accounts for the energy dissipation by nonlinear F-ǻ relations as expected during strong
earthquakes.
Moreover, equivalent plastic strain (PEEQ) curves are prepared as additional performance
evaluation index to ȟ eq , in order to identify the best brace configuration in terms of ductility
capacity. PEEQ is a scalar measure of the accumulated plastic strain. For loading with reversals
like cyclic loading, PEEQ will continue to increase if the plastic strain rate is non-zero
(regardless of sign) and is an important index to evaluate the cumulative damage of a structural
member. Higher the plastic strain, lower will be the ductility performance of the model. Effect
of each parameter is discussed in the following sections.
4.2.1. Effect of number of stiffeners
In order to evaluate the effect of numbers of stiffening ribs on NBB’s cyclic performance,
four NBB models with different numbers of stiffening ribs were developed on the basis of
design details of SP1. The model properties are shown in Table 3. Nomenclature of the
specimens used for the study follows the order, SP1-nSTt_Stiffener-Bt_Batten where ST stands
for stiffeners, B for battens, ‘n’ for number of stiffeners, t_Stiffener for thickness of stiffeners
and t_Batten for thickness of battens. Fig. 5a-d shows the different specimen categories along
with their stiffener and numbers. Transverse rib stiffeners were placed exactly along the position
of the battens and in the clearance distance between them throughout the central part of the LYS
channel. Fig. 6 shows the ȟ eq curves and PEEQ curves. PEEQ always refers to areas prone to
local buckling (i.e., usually in the middle length of the brace). In addition, Fig. 6b plots the
threshold for PEEQ § 58). This value corresponds to the PEEQ at which local buckling
occurred in FE simulations of SP1 (Fig. 4: 1st compression cycle of 1.5% SDR). It should be
noted that ȟ eq was computed considering the complete cycles of the response at each amplitude
(i.e., compression and tension). In Fig. 6b, the horizontal axis refers to the 2nd tensile loading
cycle of each SDR of the low-cycle fatigue protocol considered in this study.
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SPECIMEN

L
(mm)
2825
2825
2825
2825
2825

SP1
SP1-1ST9-B6
SP1-5ST9-B6
SP1-9ST9-B6
SP1-12ST9-B6

e#
(mm)
85
85
85
85
85

t LY
(mm)
12
12
12
12
12

t HS
(mm)
9
9
9
9
9

V y,LY

V y,HS

(MPa)
231
231
231
231
231

(MPa)
638
638
638
638
638

t_Batten
(mm)
6
6
6
6
6

t_Stiffener
(mm)
0
9
9
9
9

Stiffener
No. (n)
0
1
5
9
12

Table 3: Properties of SP1 specimens with varying number of stiffening ribs.

Figure 5: Specimen categories with varying specimen numbers.
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Figure 6: Relation of SDR with: (a) Equivalent damping ratio; (b) Equivalent plastic strain (PEEQ) for the FE
models under the influence of varying stiffener number.

SP1 with stiffeners has an increase of 35% in its damping ratio at 2% SDR compared to SP1
without stiffeners (Fig. 6a), thereby strengthening it against local buckling. With the increase
of the number of stiffening ribs in the model, its equivalent damping ratio value also increases
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from 0.29 for non-strengthened model to 0.41 for model with stiffeners. It can be noted that
when the number of stiffening ribs increases to 9 (SP1-9ST9-B6), the curve tends to be stable.
However, when the number of stiffening ribs increases to 12 (SP1-12ST9-B6), the equivalent
damping ratio curve at this point almost matches that SP1-9ST9-B6, indicating no further
improvement, thus making SP1-9ST9-B6 the ideal configurations for this specimen.
In the effective strain curve of PEEQ (Fig. 6b), both SP1-9ST9-B6 and SP1-12ST9-B6
exhibit the lowest PEEQ value at 2% SDR. Moreover, for 1.5% SDR, PEEQ is lower than the
threshold for both models. It should be noted that, once local buckling occurs, plastic strain
accumulation takes place in the vicinity of damaged area resulting in very high values of PEEQ.
4.2.2. Effect of stiffener thickness
To evaluate the effect of different thicknesses of stiffening ribs on NBB performance, three
models with properties summarized in Table 4 were created. The ȟ eq curves and PEEQ curves
of the three models are shown in Fig. 7 in the same manner with Fig. 6.
SPECIMEN
SP1-9ST6-B6
SP1-9ST9-B6
SP1-9ST12-B6

L
(mm)
2825
2825
2825

e#
(mm)
85
85
85

t LY
(mm)
12
12
12

t HS
(mm)
9
9
9

V y,LY

V y,HS

(MPa)
231
231
231

(MPa)
638
638
638

t_Batten
(mm)
6
6
6

t_Stiffener
(mm)
6
9
12

Stiffener
No. (n)
9
9
9

Table 4: Properties of specimens with varying stiffener thickness.

By observing Fig. 7a, the ȟ eq for all FE models are not very different but takes the maximum
value, i.e., 0.40 when the thickness of the rib stiffener is 12 mm (SP1-9ST12-B6) closely
followed by stiffener thickness of 9 mm (SP1-9ST9-B6). On the contrary, the damping ratio is
lowest, i.e., 0.37 when the rib thickness is 6 mm (SP1-9ST6-B6).
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Figure 7: Relation of SDR with: (a) Equivalent damping ratio; (b) Equivalent plastic strain (PEEQ), for the
FE models under the influence of varying stiffener thickness.

By observing the PEEQ curves, the model SP1-9ST9-B6 exhibits the lowest strain values
indicating a higher reserved ductility capacity to tension loads. Moreover, for 1.5% SDR, PEEQ
is lower than the threshold for all cases indicating that local buckling is likely to be prevented
during the compression cycles of 1.5% SDR. Fig. 7b indicates that the thicker stiffeners are
effective to restrain local buckling, but once local buckling occurs, they tend to increase plastic
strain demands in the vicinity of damaged area more than the medium thickness ribs. As a result,
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9mm stiffeners were found to be most efficient in reducing local buckling of SP1.
4.2.3. Effect of batten thickness
Apart from unstiffened SP1, two models with batten thicknesses 9 mm and 12 mm were
modelled without stiffeners to understand the effect of batten thickness alone. The use of thicker
battens would be an alternative strengthening process to stiffening ribs. The properties of
models are shown in Table 5. The ȟ eq curves and PEEQ curves as obtained from the FEA are
shown in Fig. 8a and b respectively.
SPECIMEN

L

e#

t LY

t HS

V y,LY

V y,HS

t_Batten

t_Stiffener

SP1
SP1 - B9
SP1 - B12

(mm)
2825
2825
2825

(mm)
85
85
85

(mm)
12
12
12

(mm)
9
9
9

(MPa)
231
231
231

(MPa)
638
638
638

(mm)
6
9
12

(mm)
0
0
0

Stiffener
No. (n)
0
0
0

Table 5: Properties of specimens with varying batten thickness.
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Figure 8: Relation of SDR with: (a) Equivalent damping ratio; (b) Equivalent plastic strain (PEEQ), for the
FE models under the influence of varying batten thickness.
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Figure 9: Comparison between SP1 and SP1-9ST9-B12 analysis results: (a) Lateral load – SDR relationship;
(b) Damping ratios – SDR relation.

The difference between the ȟ eq curves of the group of models in Table 5 is small, and almost
coincide for models with batten thicknesses of 9 mm (SP1-B9) and 12 mm (SP1-B12),
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respectively, as shown in Fig. 8a. However, for 2% SDR, the damping ratio of SP1-B9 is nearly
0.31 while that of SP1-B12 is higher and equals 0.37. This is because SP1–B9 exhibits greater
strength degradation than SP1–B12 at 2% SDR but almost similar values of PEEQ at 1.5% SDR
indicates a similar damage at this drift level. Based on these observations, both battens appear
to be effective, but SP1–B12 can be considered as the one with the more stable cyclic behavior.
On the basis of the above parametric study, a better cyclic behavior was observed in the FE
model designed to have 9 stiffeners with 9 mm thickness and channel battens with 12 mm
thickness. This model is denoted as SP1-9ST9-B12 and is compared with the non-strengthened
FE model SP1 in Fig. 9a and b. Overall, a 43% increase was observed in its ȟ eq compared to
SP1 with no stiffeners at 2% SDR, while no sudden drop of compressive strength was observed
until the very end of the damaging loading protocol. The use of sufficiently thick stiffeners and
battens can strengthen NBB’s energy dissipation capacity up to high inelastic levels. Future
experimental works can validate these findings.
6. CONCLUSIONS
In this research, strengthening methods of Naturally Buckling Braces (NBB) against local
buckling and cumulative damage were investigated through a parametric computational study
using finite element (FE) analysis methods. The study proposes the use of sufficiently thick
stiffeners and battens in order to enhance NBB's energy dissipation capacity up to high inelastic
levels. Main conclusions are as follows:
x

x

x

x

The application of transverse rib stiffeners in the LYS channel of NBB sections for a length
equal to the two-third of the total length of the section was found to be beneficial to
strengthen NBBs against local buckling failures.
About 40% increase of the energy dissipating capacity at a 2% SDR was observed in the
rib-strengthened NBBs compared to the non-strengthened NBBs. Specimen with a
slenderness ratio equal to 44, requires at least 9 stiffeners and channel battens of 12 mm
thickness.
By comparing the equivalent damping ratio and the cumulative strain curves for the FE
analysis models, it can be concluded that the number of rib stiffeners has the greatest impact
to improve the cyclic behavior of NBB, followed by the thickness of battens. The thickness
of rib stiffeners has the smallest influence on the energy dissipation capacity of NBB but rib
stiffeners of at least 9 mm thickness shall be used for the NBB section with channel widthto-thickness ratio 13.6.
Based on FE analysis results, local buckling can be reduced up to a SDR equal to 3% in
strengthened full-scale NBBs.
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Abstract
Yield penetration occurs from the critical section towards both the shear span and the support
of reinforced concrete columns; physically it refers to the extent of the nonlinear region and
determines the pullout slip measured at the critical section. Contrary to the fixed design values adopted by codes of assessment, the yield penetration length is actually the only consistent definition of the notion of the plastic hinge length, whereas the latter determines the
contribution of pullout rotation to column drift and column stiffness. Yield penetration in the
anchored reinforcing bar inside the shear span of the column where it occurs, destroys interfacial bond between bar and concrete and reduces the strain development capacity of the reinforcement. This affects the plastic rotation of the member by increasing the contribution of
bar slippage. Results obtained from the analytical procedures introduced in this paper are
compared with experimental evidence from tests conducted on circular reinforced concrete
bridge piers under cyclic loading designed and detailed according with Eurocode 8-II (2005).
It can be seen that the produced monotonic envelope for applied shear load versus the slip of
the extreme tensile reinforcing bar of the circular section of the bridge piers under study is in
good agreement with the experimental results.

Keywords: yield penetration, bar slippage, circular bridge piers, pull-out rotation
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1

INTRODUCTION

This paper presents a unidirectional bond model and its correlation with an experimental
campaign of reinforced concrete bridge piers under cyclic excitation. The prototypes that were
used in this study in order to determine the details of the specimens of the experimental study
were monolithic concrete bridges located along the Egnatia highway [1] in Greece. The specimens (A1-A6) were designed to represent single column-to-superstructure connections.
Four connection specimens (A1-A4) modeled at 1/5 scale the geometry and actions occurring
in connections swaying in the direction perpendicular to the bridge axis (Fig. 1.a,b) whereas
the remaining two specimens (A5,A6) modeled connections swaying in the direction parallel
to the bridge axis (Fig.1c). In the remainder of this presentation these are denoted as group A
specimens (A1-A6). All connections comprised a T-joint, but joint geometry and reinforcement arrangement were parameters of investigation (Fig. 2). Specimen A1 was designed and
detailed according with EN 1998-2, 2005 [2] (Fig. 2). Specimen A2 was designed with the
same geometry as A1, but with part of the required joint reinforcement placed in the primary
beams adjacent to the joint. This alternative placement of joint shear reinforcement is allowed
in EN 1998-2, 2005 [2] and CALTRANS (2004) [3] so as to avoid reinforcement congestion
(Fig.2). Specimen A3 was designed with the same dimensions as A1, but with an inspection
opening in the joint body in order to evaluate this construction practice in bridge monolithic
joint connections (Fig. 2). Specimen A4 was designed with reduced cap beam width, in order
to check whether the increased width for cap beams required by EN 1998-2, 2005 [2] is indeed an essential requirement (Fig.2). Specimen A5 was designed also according with EN
1998-2, 2005 [2], but it was tested for force and moment transfer acting in the direction of the
bridge axis. This is the first reported beam-to-column specimen designed with a hollow section of beam (Fig. 2). Moreover, it has an opening for inspector passage in the joint panel (as
in the case of specimen A3), in order to evaluate the influence of the openings when force
transfer occurs in the longitudinal bridge axis (Fig. 2). Specimen A6 was designed with the
same dimensions as A5, but without the opening for inspector passage in the joint panel.
All steel reinforcements used for the construction of the specimens were EN 1992, 2005 [4]
compliant C500 deformed bars, with a nominal yield strength of fy=500MPa, ratio of maximum strength to yield strength between 1.15 and 1.35 (1.15fu/fy1.35) and tension strain
ductility at failure in excess of 7.5 (İu/İy7.5). Concrete material properties were determined
from standard compression tests of 150x300 mm concrete cylinders that had been cast and
cured along with the test specimens (Table 1, average values at time of component testing).
Table 1: Concrete material properties for all specimens [1].

Specimen

Days of
test
A1
176
A2
251
A3
259
A4
302
A5 beam
30
column 28
A6 beam
88
column 86
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fcm
(MPa)
27.55
29.14
29.30
29.85
26.00
33.95
26.30
45.00

Ecm,o
(MPa)
9910
12445
11725
10705
9440
15595
5970
14645
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Figure 1: Representation of the prototype bridge structure commonly encountered in Egnatia Avenue and the test
model for: (a-b) A1 to A4 specimens and (c) A5 and A6 specimens [1].

2

PROPOSED ALGORITHM OF THE UNIDIRECTIONAL BOND MODEL

The deformation capacity of frame elements comprises contributions of flexural, shear and
reinforcement pullout components. The estimation of the available deformation capacity of a
column is linked to the length of plastic hinges. Following an implicit assumption that all
terms are additive, the flexural component of lateral displacement is obtained from the sum of
an elastic component, owing to the flexural deformation occurring along the length of the
member, and a plastic component that is practically owing to the inelastic rotation that occurs
in the small region near the face of the support where moments may exceed the yielding limit.
When comparing these deformation estimates with the experimental evidence from predominantly flexural components, it is found that there is a great disparity between measured and
estimated deformation capacities characterized by notable scatter [5], [6]. Several attempts to
identify the source of inaccuracy have motivated the progress made in that field, not the least
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Figure 2: Geometry and reinforcement arrangement for Group A specimens [1].

the empirical expressions for deformation capacity which are included in EN 1998-3, 2005 [7]
that completely bypass the requirement of calculating the plastic hinge length. Another approach, initiated by Priestley et al. (1996) [8] and then followed by several other researchers,
and the approach to deformability by EN 1998-1, 2004 [9] estimates the plastic hinge length
including the length of yield penetration inside the anchorage (see, for example, the detailed
analysis in [8]).
In new structural design with EN 1998-1 2004 [9], the plastic hinge length is also used in
reinforced concrete (RC) seismic detailing in order to determine the region where additional
confinement requirements apply, this is apart from its use in seismic assessment to estimate
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the flexural deformation capacity. Due to its importance in these applications as the key to
understanding deformability of members, the plastic hinge has been the subject of many experimental and analytical studies and the expressions derived have been quantified and calibrated against several hundreds of tests on isolated column specimens. Still, the disconnect
between observation and theory persists, and is considered a major roadblock in establishing
the performance criteria for many special categories of members (e.g. walls, columns carrying
a high axial load, very slender columns, etc.).
In the typical test, a cantilever column fixed at the base and carrying a constant axial load
is driven to a protocol of reversed cyclic lateral load displacement history at the top. Deformation capacity of such members is usually described by the chord rotation that may be sustained by the member prior to loss of its lateral load strength. Apart from the rotation due to
flexural curvature that occurs along the length of the member, lumped rotation at the critical
section resulting from inelastic strain penetration into the support (e.g. footing) as well as inside the shear span adds up in the reported drift ratios at different levels of performance. This
share of deformation is attributed to reinforcement pullout due to the incompatible length
change between the bar and the surrounding concrete.
In columns that do not fail by web crushing, pullout rotation increases gradually with imposed drift, claiming a predominant share of the members’ deformation capacity near the ultimate limit state.
The following algorithm (Fig. 3) is established in order to define the locations of primary
cracks and bar strain, slip and bond distribution along the shear span Ls of a laterally loaded
reinforced concrete column as well as the yield penetration length (plastic hinge length). The
equations of the proposed algorithm are given in Megalooikonomou et al. 2018 [10]:
Initial Data: Using standard section analysis obtain M-I (Moment -curvature) and M-İ
(Moment – Tensile Strain of Reinforcement) diagrams (or better a unified diagram M-I -İ)
given the Axial Load N for the typical section of the reinforced concrete column studied:
1st Step: Select value of bar strain, İo(1)=İo, after crack formation at the support (Fig. 3).
2nd Step: Find the corresponding moment, Mo at the support, from moment-bar strain diagram. Solve for the length of the disturbed region [10] ƐD1 emanating from the first crack.
3rd Step: Increase strain at critical section to İo(2) = İo(1) +'İo. Find the location xcr,2 of the
second crack. Check if second crack will occur: (a) inside ƐD1, or (b) in the undisturbed region
Ls- ƐD1.
4th Step: (a) If next crack forms within ƐD1, repeat Step 3 for İo(3) = İo(2) +'İo. (b) Otherwise, find the new distrurbed region ƐD2 that extends beyond xcr,2.
5th Step: Find total disturbed length, ƐDo=xcr,2+ ƐD2
6th Step: Solve for İ(x) (strain) , s(x) (slip), fb(x) (bond stress) for xcr,2xƐDo . In this
phase of the solution and up to stabilization of cracking elastic bond is assumed in ƐD2 .
7th Step: Repeat steps 2 to 6 for İo(i) = İo(i-1) +'İo until stabilization of cracking (i.e., no
more primary cracks can develop: H ostbl H o( i ) ). Final length of disturbed zone is obtained
from the nth increment using this procedure: ƐDo=xcr,n+ ƐD,n.
8th Step: Increase İo(i) = İo(i-1) +'İo > H ostbl . Solve for one continuous disturbed region ƐDo
t xcr,n+ ƐD,n allowing for bond plastification and debonding as well as bar yielding (anchorage
solution) up to either (a) İo exhausting the ultimate strain of the M-İ diagram, or (b) ƐDo exceeding the available development length of the bar in the shear span, taken here as (Ls+hhook),
where hhook refers to the bent length of a hooked anchorage (according with fib Model Code
(2010) [11] the contribution of a hook to the strength of an anchored bar is 50Abfbmax, which
corresponds to an additional anchored length, 'Lb=hhook=12.5Db). If (b) controls, continue
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beyond that point for higher strains using the anchorage solution presented in [10] for the entire length ƐDo.
9th Step: The last converged value of lr in the shear span is added to the corresponding
yield penetration length into the anchorage resulting in the definition of the total plastic hinge
length Ɛpl.

Figure 3: a) Column under lateral sway and b) cantilever model for its deformation analysis

3

CORRELATION WITH THE EXPERIMENTAL RESULTS

It is evident that yield penetration occurs from the critical section towards both the shear
span and the support of columns; physically it refers to the extent of the nonlinear region and
determines the pull-out slip measured at the critical section. Contrary to the fixed design values adopted by codes of assessment, the yield penetration length is actually the only consistent definition of the notion of the plastic hinge length, whereas the latter determines the
contribution of pull-out rotation to column drift and column stiffness. When a reinforced concrete (RC) column is subjected to lateral sway as a result of earthquake action, the large strain
demand in the end sections is supported by development of a strain distribution in the anchorage (Fig 3). This causes the bars to displace (or slip) relative to the anchoring concrete at the
column fixed end(s). The lumped slip causes rigid-body rotation of the column, thereby alleviating partially the column deformation. This reinforcement slip is assumed to occur in the
tension bars only and cause the rotation about the neutral axis. Development of flexural yielding and large rotation ductilities in the plastic hinge zones of frame members is synonymous
with the spread of bar reinforcement yielding. Yield penetration in the anchored reinforcing
bar inside the shear span of the column where it occurs, destroys interfacial bond between bar
and concrete and reduces the strain development capacity of the reinforcement. This affects
the plastic rotation of the member by increasing the contribution of bar slippage. Results obtained from the analytical procedures introduced in the previous section are compared here
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with experimental evidence from the tests conducted on reinforced concrete bridge piers under cyclic loading reported previously.
In the following figures the aforementioned comparison is depicted and it can be seen that
the produced monotonic envelope for applied shear load versus the slip of the extreme tensile
reinforcing bar of the circular section of the bridge piers is in good agreement with the experimental evidence [1], [10].

Figure 4: Correlation of the unidirectional bond model with the experimental response of specimen A1.

Figure 5: Correlation of the unidirectional bond model with the experimental response of specimen A2.
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Figure 6: Correlation of the unidirectional bond model with the experimental response of specimen A3.

Figure 7: Correlation of the unidirectional bond model with the experimental response of specimen A4.
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Figure 8: Correlation of the unidirectional bond model with the experimental response of specimen A5.

Figure 9: Correlation of the unidirectional bond model with the experimental response of specimen A6.

4

CONCLUSIONS
x The experimental study demonstrated that design and detailing of pier-superstructure
monolithic connections according with the EN 1998-2 (2005) [2] leads to a satisfactory
performance under earthquake loading. Based on the observed response it was concluded that special care ought to be provided for the design of the anchorages of the pier longitudinal reinforcement according with EN 1992-2 (2005) [4], in order to prevent joint
failure due to anchorage pull-out. Placing a fraction of the necessary vertical joint reinforcement in the beams outside the joint, as suggested in EN 1998-2 (2005) [2] for congestion-free alternative detailing did not compromise the strength of the joint, whereas
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this practice facilitates placement of the reinforcement during construction. In all cases
discontinuities in the joint body such as openings for passage ought to be avoided.
x According to these experimental observations the analytical evidence showed that
through the proposed algorithm, the bar strain distributions and the extent of yield penetration from the yielding cross section towards the shear span and towards the support
were resolved and calculated analytically by reference to the state of reinforcement strain.
The numerical results are well correlated with the experimental evidence and are consistent with the experimental trends described above confirming that the plastic hinge
length is controlled by the residual bond that may be mobilized along the yielded reinforcement.
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Abstract
Analytical fragility curves for structures used in chemical plants are not commonly derived
because of the high computational cost. In contrast, empirical curves are utilized within a quantitative risk assessment framework given that they can be found easily and adopted for different
structural configurations. Arguably, analytical fragility curves can account for dynamic idiosyncrasies due to the interaction of a supporting structure and equipment that diversify from
one process unit to another. Additionally, the use of an efficient and sufficient earthquake intensity measure is essential for deriving robust fragility curves. Peak ground measures that are
commonly adopted for risk assessment may not be efficient to describe more complex systems
with higher mode effects.
Using time-efficient modelling, the present analytical study intends to evaluate the seismic risk
to a hydrodesulphurization unit, a process used in modern refineries to remove sulphur from
refined petroleum products. The 3D model of the unit consists of an irregular steel supporting
structure, several vessels as well as a piping network. To attain a robust modelling, the effects
of panel zone configuration is examined. Furthermore, the seismic response of steel structure
and piping is seen through the lens of different intensity measures. In the end, the most efficient
and sufficient intensity measure is considered to derive fragility functions and estimate the annual frequency of exceedance of two different limit states. The results show that the steel frame
is more vulnerable than the piping due to pounding effects of a heavy vessel at high level. In
addition, the results highlighted that the spectral acceleration is an efficient and sufficient intensity measure. However, the spectral acceleration should be used at different vibration periods due to higher mode effects of equipment, which cannot always be expressed as a percentage
of fundamental period of the structure. Thus, the standard approach based on the average spectral acceleration, as proposed in the literature, may not apply for process units of this type.
Keywords:SURFHVVXQLWVWHHOVWUXFWXUHSLSHVVHLVPLFKD]DUGG\QDPLFLQWHUDFWLRQIUDJLOLW\
ULVNDVVHVVPHQW
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1

INTRODUCTION

,QFKHPLFDOSODQWVVXSSRUWLQJVWUXFWXUHVDUHXVHGWRFDUU\SLSLQJDQGHTXLSPHQWIRUPHFKDQ
LFDOVDIHW\DQGPDLQWHQDQFHUHDVRQV6XSSRUWLQJVWUXFWXUHVFDQYDU\RQSXUSRVHDQGFRQILJX
UDWLRQEXWWZRPDLQFRQILJXUDWLRQVFDQEHGHVFULEHG SLSHUDFNVDUHXVHGWRFDUU\SLSLQJWKDW
WUDQVIHUVSURGXFWVIURPRQHSURFHVVXQLWWRDQRWKHUDQG VWHHOWRZHUVDUHFRQVWUXFWHGWRVXS
SRUWYHVVHOVDQGSLSLQJDWGLIIHUHQWKHLJKWV,QSLSHUDFNVWKHVXSSRUWLQJVWUXFWXUHVDUHTXLWH
UHJXODUDQGWKH\DUHXVXDOO\FRQVLGHUHGDVFDQWLOHYHUVGXULQJGHVLJQDQGDVVHVVPHQWEHFDXVH
RIWKHODFNRIGLDSKUDJPDWLFEHKDYLRXUDQGEHFDXVHRIWKHSRLQWIRUFHVRISLSHVDWWKHWRS )LJXUH
D ,QVWHHOWRZHUVVWUXFWXUHVDUHPRUHLUUHJXODULQWHUPVRIPDVVDQGVWLIIQHVVWKH\SUHVHQW
KLJKHUPRGHHIIHFWVDQGFDQEHKLJKULVHWRDFFRPPRGDWHDOOWKHUHTXLUHGHTXLSPHQW )LJXUH
E ,QERWKFDVHVKRZHYHUWKHSRWHQWLDOULVNGXHWRSLSLQJIDLOXUHFDQEHWKHUHDVRQIRUFDWD
VWURSKLFFDVFDGLQJHIIHFWVJLYHQWKHKD]DUGRXVPDWHULDOVLQYROYHG
(DUWKTXDNHVFRQWLQXHWRH[SRVH(XURSHDQFRXQWULHVSDUWLFXODUO\LQWKH0HGLWHUUDQHDQVHD
WRKLJKULVNZKHUHVHLVPLFHYHQWVKDYHWULJJHUHGVLJQLILFDQWGHVWUXFWLRQRYHUWKHODVWGHFDGHV
>@$GGLWLRQDOO\QXPHURXVPDMRUDFFLGHQWVHYHQWVKDYHEHHQWULJJHUHGE\WKHVHLVPLFKD]DUG
GXHWRGDPDJHWRSLSLQJDQGVXSSRUWLQJVWUXFWXUHVFDXVLQJKXPDQORVVHVHQYLURQPHQWDOFRQ
WDPLQDWLRQDQGILQDQFLDOORVVHV >@±>@ 7KHOLIHVDYLQJLVVXHRIVHLVPLFLQWHJULW\LQVLGHFKHP
LFDO SODQWV ZDV DOVR LOOXVWUDWHG E\ >@ ZKR LGHQWLILHG  1DWHFK DFFLGHQWV WULJJHUHG E\
HDUWKTXDNHVLQYROYLQJSLSHZRUNFRPSRQHQWV GLUHFWO\RULQGLUHFWO\GDPDJHG 

6

(T

a)

b)

)LJXUH'LIIHUHQWW\SHVRIVXSSRUWLQJVWUXFWXUHVLQVLGHFKHPLFDOSODQWVD SLSHUDFNE WRZHUZLWKSURFHVV
HTXLSPHQW

6HLVPLFDVVHVVPHQWLVHVVHQWLDOIRUULVNUHGXFWLRQLQVLGHFKHPLFDOSODQWV2QHRIWKHPRVW
GHFLVLYHVWHSVRIWKHULVNDVVHVVPHQWRIPDMRUDFFLGHQWVWULJJHUHGE\VHLVPLFHYHQWVLVWKHXVH
RIIUDJLOLW\IXQFWLRQV>@ZKLFKH[SUHVVWKHFRQGLWLRQDOSUREDELOLW\RIUHDFKLQJRUVXUSDVVLQJD
VSHFLILFGDPDJHVWDWHJLYHQDQ,QWHQVLW\0HDVXUH ,0 RIHDUWKTXDNHVKDNLQJ)UDJLOLW\IXQF
WLRQV FDQ EH XWLOL]HG SULRU WR DQ HDUWKTXDNH ZLWKLQ D FRQVHTXHQFHEDVHG DQDO\VLV WR GHVLJQ
VWUHQJWKHQLQJPHDVXUHVDQGGHYLVHHPHUJHQF\UHVSRQVHSODQVDVZHOODVLQWKHDIWHUPDWKRIDQ
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HDUWKTXDNHWRSULRULWL]HLQVSHFWLRQDQGGHWHUPLQHPHGLXPDQGORQJWHUPUHVSRQVHDQGUHFRY
HU\ >@>@ $OWKRXJKWKHUREXVWQHVVRIDQDO\WLFDOIUDJLOLW\FXUYHVIRUFULWLFDOSURFHVVXQLWVLV
FUXFLDOIRUULVNUHGXFWLRQLQVLGHSURFHVVSODQWVPDQ\UHVHDUFKHUVVWLOODGRSWHPSLULFDORQHVHJ
IURP+$=86>@EHFDXVHWKH\DUHHDVLO\DYDLODEOHDQGKDYHDSSOLFDELOLW\WRGLIIHUHQWSURFHVV
XQLWV2WKHUGDWDEDVHVHJ6<1(5*>@LQFOXGHERWKHPSLULFDODQGDQDO\WLFDOIUDJLOLW\FXUYHV
WKRXJKWKH\DUHQRWH[KDXVWLYHLQWHUPVRIWKHYDULRXVSURFHVVXQLWVWKDWFDQEHIRXQGLQSHWUR
FKHPLFDOSODQWVDQGGRQRWDFFRXQWIRUWKHIUDJLOLW\RIHTXLSPHQWVHSDUDWHO\$WOHDVWWRWKH
$XWKRUV¶NQRZOHGJHWKHOLWHUDWXUHRQWKHIUDJLOLW\GHULYDWLRQRIVXSSRUWLQJVWUXFWXUHVWKDWDF
FRXQWIRUG\QDPLFLQWHUDFWLRQZLWKHTXLSPHQWLVYHU\VFDUFH(YHQWKRXJKVRPHVWXGLHVKDYH
EHHQ FRQGXFWHG LQ WKH SDVW WKH\ PDLQO\ UHJDUGHG WKH IUDJLOLW\ DVVHVVPHQW DW WKH FRPSRQHQW
OHYHODQGXVXDOO\QHJOHFWHG WKHG\QDPLFFRXSOLQJEHWZHHQ WKHVXSSRUWLQJ VWUXFWXUHV DQG WKH
HTXLSPHQW >@±>@ 
$SDUWIURPPRGHOOLQJXQFHUWDLQWLHVUREXVWIUDJLOLW\IXQFWLRQVVKRXOGEHH[SUHVVHGE\VHOHFW
LQJVHLVPLF,0WKDWDUHUHSUHVHQWDWLYHRIWKHVHLVPRORJLFDOSURSHUWLHVRIJURXQGPRWLRQUHODWHG
WRVLWHDQGVRXUFH VXIILFLHQF\ DQGZKLFKUHGXFHWKHUHFRUGWRUHFRUGUDQGRPQHVV HIILFLHQF\ 
$VXIILFLHQW,0LVFRQGLWLRQDOO\LQGHSHQGHQWRIPDJQLWXGH0DQG-R\QHU%RRUHGLVWDQFH5ME
WKXVWKHVHSDUDPHWHUVKDYHOLWWOHHIIHFWRQWKHUHVXOWLQJVHLVPLFGHPDQGPRGHO$GGLWLRQDOO\
DQHIILFLHQWPHDVXUHUHVXOWVLQORZYDULDELOLW\RIVHLVPLFGHPDQGDQGHQDEOHVWKHHYDOXDWLRQRI
WKHGHPDQGZLWKWKHOHDVWSRVVLEOHQXPEHURIJURXQGPRWLRQV7KHHIILFLHQF\DQGVXIILFLHQF\
RIGLIIHUHQW,0VKDYHDOUHDG\EHHQDGGUHVVHGIRUFRPPRQFLYLOLDQDVVHWVEULGJHVDQGWUDQVSRUW
SLSHOLQHV >@±>@ )RUH[DPSOH>@FRQGXFWHGDOLWHUDWXUHUHYLHZRQWKHH[LVWLQJIUDJLOLW\
FXUYHVIRUWKH(XURSHDQEXLOGLQJVWRFNDQGLWZDVFRQILUPHGWKDWW\SLFDOJURXQGPHDVXUHVHJ
SHDNJURXQGDFFHOHUDWLRQYHORFLW\DQGGLVSODFHPHQWDVZHOODVVSHFWUDOPHDVXUHVDWWKHIXQGD
PHQWDOSHULRGRIVWUXFWXUHVZHUHFRQVLGHUHGHIILFLHQW:KHQLWFRPHVWREXLOGLQJVZLWKQRQ
VWUXFWXUDOFRPSRQHQWVDQDYHUDJHVSHFWUDODFFHOHUDWLRQEDVHGRQO\RQWKHIXQGDPHQWDOSHULRG
RIDEXLOGLQJZDVSURSRVHGE\>@DQG>@VRWKDWLWFDQEHHDVLO\DSSOLHGLQDULVNDVVHVVPHQW
SURFHGXUH+RZHYHUZKHWKHUWKLV,0FDQEHDSSOLHGIRUKLJKLUUHJXODUDQGFRPSOH[V\VWHPV
OLNHSURFHVVXQLWVRUQRWLVVWLOODQRSHQTXHVWLRQWKDWZLOOEHGLVFXVVHGLQWKHFXUUHQWZRUN
7KHSUHVHQWDQDO\WLFDOVWXG\LQWHQGVWR H[DPLQHWKHVHLVPLFUHVSRQVHRIDSURFHVVXQLW 
FRPSDUH WKH HIILFLHQF\ DQG WKH VXIILFLHQF\ RI FRPPRQ DQG UHFHQWO\SURSRVHG PHDVXUHV IRU
ZKLFKJURXQGSUHGLFWLRQPRGHOVDUHHDVLO\DYDLODEOHDQGZKLFKFDQEHXVHGZLWKLQDTXDQWLWD
WLYHULVNDVVHVVPHQWDQG HVWLPDWHWKHVHLVPLF ULVN LQ WHUPV RIPHDQDQQXDO IUHTXHQF\RI
FROODSVHIRUIXUWKHUGHFLVLRQPDNLQJHJUHWURILWWLQJRUUHVSRQVHSODQQLQJ
2

DERIVATION OF ANALYTICAL FRAGILITY

2.1 Methodology
'LIIHUHQWIUDJLOLW\DQDO\VLVPHWKRGVFDQEHDGRSWHGWRGHULYHWKHIUDJLOLW\RIDVWUXFWXUDOV\V
WHP7KHPHWKRGVDUHJHQHUDOO\FDWHJRUL]HGDVQDUURZDQGZLGHUDQJHGHSHQGLQJRQWKHUDQJH
RI,0YDOXHV&RQVLGHULQJWKDWSURFHVVXQLWVDUHODUJHLQVFDOHDQGFRPSOH[VWLFNPRGHOOLQJ
VKRXOGEHXVHGDFFRXQWLQJDOVRIRUWKHDQDO\VLVPHWKRGZLWKWKHOHDVWSRVVLEOHFRPSXWDWLRQDO
FRVW,QDGGLWLRQZKHQDGGUHVVLQJWKHIUDJLOLW\RIFULWLFDOSODQWVZKHUH KLJKOHYHORIGDPDJH
PXVWEHDYRLGHGRUVKRXOGRFFXUDWODUJHVHLVPLFLQWHQVLW\RQO\LWLVSUXGHQWWRORFDOL]HWKH
LQYHVWLJDWLRQRIDQLQGXVWULDOVWUXFWXUHDWOHDVWSUHOLPLQDULO\DWORZHUSHUIRUPDQFHOHYHOHJ
VHUYLFHDELOLW\RUOLIHVDIHW\
7RWKLVHIIHFW WKHVRFDOOHGFORXG DQDO\VLV WKDWEHORQJV WR QDUURZUDQJH PHWKRGV ZLOOEH
XVHGIRUWKHSUHVHQWVWXG\7KHSUREDELOLVWLFHVWLPDWLRQRIDQHQJLQHHULQJGHPDQGSDUDPHWHU
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JLYHQDQ,0LVDWWDLQHGWKURXJKWKHOHDVWVXPRIWKHVTXDUHVRIWKHUHVLGXDOVPHWKRGDVGH
VFULEHGLQ>@7KHORJDULWKPLFOLQHDUUHJUHVVLRQRIVHLVPLFGHPDQG('3DVDIXQFWLRQRI,0
LVFRQVLGHUHGDQGGHVFULEHGE\(TXDWLRQ
 ܲܦܧൌ ሺܽ ή ܯܫ ሻ ή ߝ

(1)

ߟఌ ൌ ͳܽ݊݀ߪఌ ൌ ߚாȁூெ

ZKHUHaLVDQLQWHUFHSWDQGbLVWKHVORSHLQORJVSDFH7KHORJQRUPDOUDQGRPYDULDEOHεKDV
PHGLDQηεHTXDOWRXQLW\DQGLWVORJDULWKPLFVWDQGDUGGHYLDWLRQılnεLVHTXDOWRWKHVWDQGDUG
GHYLDWLRQ RIWKH('3IRUDJLYHQYDOXHRI ,0 ȕ('3_,0 7KHODWWHUFRQVWLWXWHVDPHWULFRIWKH
HIILFLHQF\RIWKHUHJUHVVLRQRIWHVWHG,0VWRGHVFULEHWKHVHLVPLFUHVSRQVHRIDVWUXFWXUH
$VVXPLQJWKDWWKH('3IROORZVDORJDULWKPLFVWDQGDUGGLVWULEXWLRQIRUDJLYHQ,0WKHORJ
DULWKPRIWKHPHGLDQln(ηEDP|IM)LVHTXDOWRWKHPHDQRIWKHORJDULWKPRI('3μlnEDP|IM7KH
VWDQGDUGGHYLDWLRQRIWKHORJDULWKPRI('3σlnEDP|IMLVHTXDOWRWKHGLVSHUVLRQRI('3βlnEDP|IM
7KHUHIRUHWKHSDUDPHWHUVRIWKHOLQHDUUHJUHVVLRQaDQGbFDQEHREWDLQHGE\HVWLPDWLQJWKH
PHGLDQXVLQJOLQHDUUHJUHVVLRQLQWKHORJDULWKPLFVSDFHRI³FORXG´GDWD7KHFXPXODWLYHORJQRU
PDOGLVWULEXWLRQRIWKHREVHUYHGGDWDLVH[SUHVVHGE\(TXDWLRQ
ܲሾܲܦܧ  ܲܦܧ ȁܯܫሿ ൌ ߔ ቆ

ሺܽ ή ܯܫ ሻ െ  ߟாȁூெ
ଶ
ߚாȁூெ

ሺܯܫሻ െ  ߟூெȁா
ቇ
ൌ ߔቆ
ߚூெȁாǡ௧௧

ቇ
(2)

7KHWRWDOGLVSHUVLRQβIM|EDP,totDFFRXQWVIRUWKUHHW\SHVRIXQFHUWDLQW\QDPHO\VHLVPLFGHPDQG
ȕ('3_,0 FDSDFLW\ ȕ& DQGOLPLWVWDWH ȕ/6 GHILQLWLRQ7KHILUVWW\SHRIXQFHUWDLQW\ZLOOEHHYDO
XDWHGYLDQRQOLQHDUG\QDPLFDQDO\VHVLQ6HFWLRQ7KHVHFRQGDQGWKLUGXQFHUWDLQW\W\SHVDUH
VHWHTXDOWRDQGUHVSHFWLYHO\EDVHGRQFRPPRQYDOXHVWKDWFDQEHIRXQGLQ>@$PRUH
ULJRURXVGHILQLWLRQRIWKHODVWWZRW\SHVRIXQFHUWDLQW\ZRXOGUHTXLUHDIXUWKHUGHWDLOHGH[DPL
QDWLRQZKLFKLVEH\RQGWKHVFRSHRIWKHSUHVHQWVWXG\)LQDOO\WKHWRWDOGLVSHUVLRQLVHYDOXDWHG
E\(TXDWLRQ
ͳ
ଶ
ଶ
(3)
ߚூெȁாǡ௧௧ ൌ ට൫ߚாȁூெ
 ߚଶ  ߚௌ
൯
ܾ
3

CASE-STUDY

7KHFDVHVWXG\GHDOVZLWKWKHVHLVPLFDVVHVVPHQWRIDQH[LVWLQJGHVXOSKXUL]DWLRQSURFHVV
XQLWWKDWLVPDGHRIVWHHO )LJXUHE ,WZDVRULJLQDOO\GHVLJQHGDFFRUGLQJWR>@IRUDKLJK
VHLVPLFLW\UHJLRQ%\YLUWXHRIDUHFHQWXSGDWHRIVHLVPLFKD]DUGPDSVLQWKHUHJLRQRILQWHUHVW
>@ WKHVHLVPLFLQWHJULW\RIWKHSURFHVVXQLWVKRXOGEHDVVHVVHG7KHQHZDFFHOHUDWLRQYDOXHV
6 JDQG66 JZHUHXVHGIRUVHOHFWLQJVHLVPLFUHFRUGVFRQVLVWHQW ZLWK WKHVHLVPLF
KD]DUG7KHV\VWHPLVGLYLGHGLQWRWZRSDUWVLQRUGHUWRIDFLOLWDWHWKHDVVHVVPHQWLQWKHIROORZLQJ
LQSDUWLFXODUWKHILUVWSDUWUHJDUGVWKHKLJKULVHVWHHOVWUXFWXUH 6 ZLWKWKHYHUWLFDOYHVVHODWWKH
WRS )LJXUHD E ZKLOVWWKHVHFRQGSDUWLVFRPSRVHGRIDORZULVHVWHHOVWUXFWXUHZLWKHTXLS
PHQW (T WKDW FRQVLVWV RIKRUL]RQWDOYHVVHOV DQGSLSHV )LJXUHE  ,QWKLV UHVSHFWVHHDOVR
)LJXUHE7KHV\VWHPZDVDVVHVVHGLQWKHQRQOLQHDUUHJLPHXVLQJ>@DQG>@DVUHIHUHQFH
FRGHV
3.1 Modelling characteristics
7KHVWUXFWXUDOPHPEHUVDUHPDGHRIVWHHO$670$$0ZLWKH[SHFWHG\LHOG I\HV DQG
XOWLPDWHVWUHQJWK IXHV 03DDQG  03DUHVSHFWLYHO\ PRGXOXV RIHODVWLFLW\ ( 
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HTXDOWR*3D3RLVVRQUDWLR Ȟ HTXDOWRDQGNLQHPDWLFK\VWHUHWLFEHKDYLRXU7KHODWHUDO
ORDGUHVLVWLQJV\VWHPLVIRUPHGE\RUGLQDU\EUDFHGIUDPHVLQWKH;GLUHFWLRQDQGRUGLQDU\PR
PHQWIUDPHVLQWKH<GLUHFWLRQ+RUL]RQWDOEUDFLQJLVSODFHGLQWKH;<SODQHDQGVRPHYHUWLFDO
FURVVEUDFLQJVFDQDOVREHIRXQGLQWKH<GLUHFWLRQ
6HYHUDOSURFHVVYHVVHOVHJKHDWH[FKDQJHUVXUJHGUXPDQGVWHDPJHQHUDWRUDUHVXSSRUWHG
RQWKHVWHHOVWUXFWXUHDQGDUHFRQVLGHUHGLQWKHPRGHOOLQJ$OVRWKHUHLVDSLSLQJQHWZRUNWKDW
FRQQHFWVWKHYHVVHOVDWGLIIHUHQWKHLJKWV3LSHVKDYHWKUHHGLIIHUHQWQRPLQDOGLDPHWHUV '1 
YL]'16'1DQG'160RUHLQIRUPDWLRQDERXWWKHJHRPHWULFDOSURSHUWLHV
RISLSHVFDQEHIRXQGLQ>@7KHSLSHVDUHPDGHRIVWHHO$3,/;ZLWKH[SHFWHG\LHOGLQJ
I\HS DQGXOWLPDWHVWUHQJWK IXHS HTXDOWR03DDQG03DUHVSHFWLYHO\7KHPRG
XOXVRIHODVWLFLW\ ( DQG3RLVVRQUDWLRDUHHTXDOWR*3DDQGUHVSHFWLYHO\$QHZNLQH
PDWLFKDUGHQLQJLVFRQVLGHUHGZLWKUXSWXUHVWUDLQDW7KHSLSLQJLVVXSSRUWHGRQWKHVWHHO
VWUXFWXUHPDLQO\ZLWKVOLGLQJDQGJXLGHGVXSSRUWVVRWKDWSLSHVDUHIUHHWZRPRYHLQWKHORQJL
WXGLQDOGLUHFWLRQKRZHYHUVRPHIL[HGSRLQWVDUHDOVRXVHGSDUWLFXODUO\ DWWKHFRQQHFWLRQRI
SLSHVZLWKHTXLSPHQWDWWKHEDVHIORRU7KHGHVFULSWLRQRIVXSSRUWVDWGLIIHUHQWFRRUGLQDWHVRI
WKHV\VWHPLVRPLWWHGIRUEUHYLW\

S

S

Eq

Eq

a)

b)

)LJXUH;=SODQHZLWKSDUW6 VWUXFWXUHDQGYHUWLFDOYHVVHO DQG<=SODQHZLWKSDUW6DQG(T HTXLSPHQW 
7DEOH,PSDFWRISDQHO]RQHPRGHOOLQJRQWKHILUVWYLEUDWLRQSHULRG

Modal Analysis
X-direction

Y-direction

Panel Zone

T(sec)

ΔΤ(%)

Mx/My (%)

Centerline

1.084

N.A.

32/7

Rigid offset
Scissor
Centerline
Rigid offset
Scissor

1.115
1.073
1.175
1.048
1.172

+2.95
-1.01
N.A.
-10.71
-0.20

22/18
34/5
7/32
18/22
7/34

1$1RW$YDLODEOH
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%HIRUHFRQVLGHULQJWKHDVVHVVPHQWRIWKHV\VWHPLQWKHQRQOLQHDUUDQJHXVLQJ >@LWZDV
QHFHVVDU\WRH[DPLQHDQXPEHURIPRGHOOLQJDVSHFWV)LUVWWKUHHGLIIHUHQWFRQILJXUDWLRQVRI
SDQHO]RQHZHUHFRQVLGHUHGWRH[DPLQHWKHHIIHFWVRQYLEUDWLRQSHULRGRIWKHVWUXFWXUHQDPHO\
FHQWHUOLQHZLWKRXWULJLGRIIVHWFHQWHUOLQHZLWKRIIVHWDQGVFLVVRUPRGHODVGHVFULEHGLQ>@,W
FDQ EH VHHQ LQ 7DEOH  WKDW WKH PD[LPXP UHGXFWLRQ RI SHULRG EHWZHHQ WKH FHQWHUOLQH PRVW
IOH[LEOH  DQG ULJLG RIIVHW FRQILJXUDWLRQ ZDV HVWLPDWHG URXJKO\ DW  LQ WKH < GLUHFWLRQ
ZKHUHDVWKHGLIIHUHQFHZLWKWKHVFLVVRUPRGHOGLGQRWH[FHHGLQERWKGLUHFWLRQV)XUWKHU
PRUHWRH[DPLQHWKHLQIOXHQFHRIIOH[LELOLW\RIWKHEHDPWRFROXPQFRQQHFWLRQVPDLQO\LQWKH
;GLUHFWLRQWZRGLIIHUHQWODWHUDOUHVLVWLQJV\VWHPVZHUHFDOLEUDWHG,QDGGLWLRQWRWKHRULJLQDO
V\VWHPDGXDOV\VWHPZDVPRGHOOHGZLWKERWKGLUHFWLRQVEHLQJUHVWULFWHG$IWHUFRPSDULQJWKH
YLEUDWLRQPRGHVIRUWKHWZRGLIIHUHQWVWUXFWXUDOW\SHVLWZDVFRQFOXGHGWKDWWKHPD[LPXPGLI
IHUHQFHZDVDQGLQWKH;GLUHFWLRQDQG<GLUHFWLRQUHVSHFWLYHO\*LYHQWKDWWKHULJLG
SDQHO]RQHDQGWKHIOH[LELOLW\RIFRQQHFWLRQGLGQRWLQIOXHQFHFRQVLGHUDEO\WKHUHVSRQVHWKH
VFLVVRUPRGHOZLWKWKHRULJLQDOFRQILJXUDWLRQRIIUDPHVZDVFRQVLGHUHGLQWKHDVVHVVPHQW)L
QDOO\7DEOHTXRWHVWKHILUVWIRXUYLEUDWLRQSHULRGVRIWKHHQWLUHV\VWHPDVLQIHUUHGIURPPRGDO
DQDO\VLV
7DEOH7KHILUVWIRXUPRGHVRIYLEUDWLRQRIWKHV\VWHP

Structural
Part S
Structural
Part E

Mode #
Mode 1

T(sec)
1.175

Mx/My (%)
32/7

Mode 2
Mode 3
Mode 4

1.084
0.495
0.450

7/32
30/0
0/17

7KHSODVWLFGHIRUPDWLRQRIVWUXFWXUDOPHPEHUVZDVGHVFULEHGE\FRQFHQWUDWHGKLQJHPRGHO
OLQJ$OWKRXJKGLVWULEXWHGSODVWLFLW\IRUPXODWLRQVPD\FDSWXUHWKHVWUHVVVWUDLQEHKDYLRXUDORQJ
WKHVWUXFWXUDOPHPEHURUORFDOEHKDYLRXUVXFKDVEXFNOLQJRIIODQJHVWKH\UHTXLUHKLJKFRPSX
WDWLRQDOHIIRUWZKLFKEHFRPHVHYHQPRUHSURKLELWLYHIRUODUJHVFDOHPRGHOVOLNHWKHSURFHVV
XQLWXQGHUH[DPLQDWLRQ2QWKHRWKHUKDQGSRLQWKLQJHVFDQEHPRUHDGHTXDWHWRFDSWXULQJWKH
QRQOLQHDUGHJUDGLQJUHVSRQVH>@,QWKHIUDPHZRUNRIWKLVVWXG\FRQFHQWUDWHGSODVWLFLW\ZDV
XVHGDOORZLQJIRUDQDQDO\VLVWKDWLVERWKWLPHHIILFLHQWDQGHIIHFWLYHXQGHUWKHFRQGLWLRQWKDW
WKHUHVSRQVHRIWKHV\VWHPLVQRWLQYHVWLJDWHGEH\RQGWKHFROODSVHSUHYHQWLRQOLPLWVWDWH&RQ
FHUQLQJWKHSODVWLFGHIRUPDWLRQ RQSLSHVILEHUVHFWLRQVZLWK LQWHJUDWLRQSRLQWV ZHUHXVHG
0RUHLQIRUPDWLRQDERXWWKLVPHWKRGFDQEHIRXQGLQ>@DQG>@
3.2 Selection of records
7KHVHOHFWLRQRIDVXIILFLHQWQXPEHURIUHFRUGVIRUVHLVPLFULVNDVVHVVPHQWLVFUXFLDOIRUWKH
DFFXUDWHSUHGLFWLRQRIWKHV\VWHPUHVSRQVH7KLVFRPHVDVDIXQFWLRQRIWKHDQDO\VLVPHWKRGIRU
GHULYLQJIUDJLOLW\IXQFWLRQV)RUH[DPSOHWKHFORXGDQDO\VLVPHWKRGWKDWWKHSUHVHQWVWXG\HP
SOR\VUHTXLUHVDVXIILFLHQWQXPEHURIUHFRUGVZLWKYDOXHVFORVHWRRUODUJHUWKDQWKHOLPLWVWDWH
RILQWHUHVW>@$GGLWLRQDOO\WKHPHWKRGIRUVHOHFWLQJDVHWRIUHFRUGVFRQVLVWHQWZLWKWKHVHLV
PLFKD]DUGLVHTXDOO\LPSRUWDQWIRULPSURYLQJWKHVXIILFLHQF\DQGHIILFLHQF\RIWKH,0V7RWKLV
HIIHFW D QXPEHU RI  IDUILHOG UHFRUGV IURP 1*$ :HVW  GDWDEDVH ZHUH VHOHFWHG ZLWK WKH
FRQGLWLRQDOVSHFWUXPDSSURDFK DVGHVFULEHGE\ >@ 7KHVSHFWUD RIWKHVHOHFWHG UHFRUGVDUH
VKRZQLQ)LJXUH7KHPRPHQWPDJQLWXGHRIUHFRUGV0ZYDULHVIURPWRWKH-R\QHU
%RRUHGLVWDQFH5MEVSDQVIURPWRNPDSSUR[LPDWHO\6KRUWHUGLVWDQFHZDVQRWFRQVLG
HUHGWRDYRLGLQFOXGLQJSXOVHOLNHUHFRUGVZKLFKDUHEHLQJLQYHVWLJDWHGE\WKH$XWKRUV$OVR
WKHDYHUDJHVKHDUZDYHYHORFLW\RIWKHXSSHUPRIVRLOSURILOH9VZDVIRXQGLQWKHUDQJH

4573

*HRUJH.DUDJLDQQDNLVDQG/XLJL'L6DUQR

RINPWRNPZKLFKUHIHUVWRVRLOW\SH'DFFRUGLQJWR>@7KHUHFRUGVZHUHVKRUWHQHG
XVLQJWKHVLJQLILFDQWGXUDWLRQUXOHDQGWKHPD[LPXPVFDOHIDFWRUZDVVHWWR)LQDOO\LW
VKRXOGEHHPSKDVL]HGWKDWWKHUHFRUGVZHUHFRQGLWLRQHGDWWKHILUVWYLEUDWLRQSHULRGRIWKHVWHHO
VWUXFWXUH7LQWKHZHDNHVWGLUHFWLRQ<7KLVGHFLVLRQZDVPDGHRQWKHEDVLVRIWKHVLJQLILFDQW
LQWHUVWRUH\GULIWUDWLRREVHUYHGDWWKHSRLQWZKHUHWKHYHUWLFDOYHVVHOLVVXSSRUWHGDWWKHWRSRI
WKHVWHHOVWUXFWXUH$GGLWLRQDOO\>@VKRZHGWKDWULVNEDVHGDVVHVVPHQWVGRQRWYDU\EDVHGRQ
WKHFKRLFHRIFRQGLWLRQLQJSHULRGJLYHQWKDWKD]DUGFRQVLVWHQF\LVDFKLHYHG

)LJXUH5HVSRQVHVSHFWUDRIWKHVHOHFWHGIDUILHOGUHFRUGV

4

SEISMIC RISK ASSESSMENT

4.1 Methodology for nonlinear analysis
%HIRUHUXQQLQJQRQOLQHDUDQDO\VHVWKHDFFHSWDQFHFULWHULDVKRXOGEHGHILQHG7KHUHDUHWKUHH
PDLQDVSHFWVWKDWQHHGWREHDFFRXQWHGIRUZKHQGHILQLQJSHUIRUPDQFHOHYHOVIRULUUHJXODUV\V
WHPVOLNHWKHSURFHVVXQLW)LUVWO\WKHVWUXFWXUDOW\SHVKRXOGEHFRQVLGHUHG7KHXQLWLVDFRQ
FHQWULFDOO\EUDFHGIUDPHLQWKH;GLUHFWLRQDQGRUGLQDU\PRPHQWIUDPHZLWKVRPHEUDFLQJLQ
WKH < GLUHFWLRQ DV ZHOO $OVR LW ODFNV GLDSKUDJPDWLF EHKDYLRXU ZKLFK FDQ UHVXOW LQ XQHYHQ
GHIRUPDWLRQDWWKHVDPHKHLJKW7KXVDFFHSWDQFHFULWHULDVKRXOGQRWEHWKHVDPHDVIRUFRPPRQ
EXLOGLQJVWUXFWXUHVFRQVLGHULQJDOVRWKHKLJKHUULVNWKDWSURFHVVSODQWVSRVHWRKXPDQVDQGHQ
YLURQPHQW6HFRQGO\WKHVFDOHRIWKHPRGHOQHFHVVLWDWHVWKHXVHRIDQHQJLQHHULQJSDUDPHWHU
WKDWLVDEOHWRGHVFULEHWKHGDPDJHDWJOREDOOHYHODQGFDQEHPRQLWRUHGHDVLO\7KHVKHDURU
PRPHQWIRUFHRIEHDPVDQGFROXPQVDVZHOODVWKHD[LDOIRUFHRIEUDFHVFDQEHVXLWDEOHSDUDP
HWHUVIRUPRGHOVZLWKVPDOOHUVFDOH)LQDOO\WKHVHOHFWHGSDUDPHWHUVKRXOGEHDEOHWRGHVFULEH
WKHGDPDJHWRSLSHV)RUWKHDIRUHPHQWLRQHGUHDVRQVWKHLQWHUVWRUH\GULIWUDWLR ,'5 ZDVVH
OHFWHGDVDJOREDODQGJHQHUDOO\UHFRJQL]HGGHPDQGSDUDPHWHUE\VHLVPLFFRGHV >@ WRGH
VFULEHWKHGDPDJHRQWKHVWHHOVWUXFWXUH7KHDFFHSWDQFHFULWHULDIRU,'5DUHVKRZQLQ7DEOH
IRUWZRGLIIHUHQWOLPLWVWDWHVQDPHO\VHUYLFHDELOLW\ 6/6 DQGVDIHOLIH 6//6 OLPLWVWDWH>@
LQYHVWLJDWHGWKHVHLVPLFUHVSRQVHRIDVWRUH\VWHHOPRPHQWIUDPHDQDO\WLFDOO\DQGH[SHULPHQ
WDOO\LQGLFDWLQJWKDWWKHEHJLQQLQJRI\LHOGLQJDQGEXFNOLQJRIPHPEHUVRFFXUVDW,'5YDOXHV
HTXDOWRDQGUHVSHFWLYHO\*LYHQWKHKLJKHUULVNWKHSUHVHQFHRIEUDFLQJDQGLUUHJXODULW\
RIWKHSURFHVVXQLWORZHUYDOXHVWKDWWKRVHLQGLFDWHGE\>@ZHUHVHWIRUWKH6/6DQG6//6LQ
7DEOH:KHQLWFRPHVWRSLSLQJWKH\LHOGLQJVWUDLQLVFRPPRQO\VHOHFWHGDVWKHORZHUERXQG
DU\ RI 6/6 ERWK XQGHU WHQVLRQ DQG FRPSUHVVLRQ 0RUH LQIRUPDWLRQ DERXW WKH OLPLW VWDWHV RI
SLSLQJFDQEHIRXQGLQ>@DQG>@
)XUWKHUPRUHSUHOLPLQDU\WLPHKLVWRU\DQDO\VHVZHUHFRQGXFWHGXVLQJXQVFDOHGUHFRUGV
WKDWH[DPLQHGWKHVHLVPLFUHVSRQVHRIWKHVWUXFWXUHDQGGHILQHGWKHVFDOLQJIDFWRUWKDWLVUH
TXLUHGWRHTXDORUWRH[FHHGWKH6//6ZKLFKZDVVHWDVDSHUIRUPDQFHREMHFWLYH)RUWKHFORXG
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DQDO\VLVPHWKRGWKHUHLVDUXOHRIWKXPEVD\LQJWKDWRIVHOHFWHGUHFRUGVVKRXOGH[FHHGWKH
GHVLUHGOLPLWVWDWH >@ 7RDWWDLQWKLVJRDOWKHUHFRUGVZHUHLQLWLDOO\VFDOHGZLWKDVFDOLQJ
IDFWRUWKDWGLGQRWH[FHHGDQGWKHQWKHIDFWRUZDVVFDOHGGRZQWRUHGXFHWKHELDVGXHWRVRPH
VLJQLILFDQWGHIRUPDWLRQWKDWZDVREVHUYHGERWKRQVWHHOVWUXFWXUHDQGSLSHV
4.2 Efficiency and sufficiency of tested seismic IMs
7KHVFRSHRIWKHSUHVHQWVWXG\LVWRILQGDQ,0WKDWLVVXIILFLHQWDQGHIILFLHQWERWKIRUWKH
VWUXFWXUHDQGSLSHVDQGZKLFKFDQEHFRPELQHGZLWKDVLPSOHJURXQGSUHGLFWLRQPRGHOIRUULVN
DVVHVVPHQW&RQVLGHULQJWKDWWKHV\VWHPLQFOXGHVVWUXFWXUDODQGQRQVWUXFWXUDOFRPSRQHQWVDQG
WKHGHILFLHQF\RIWKHOLWHUDWXUHRQ WKHVHLVPLFUHVSRQVHRISHWURFKHPLFDO SODQWV XQLWV LWZDV
GHFLGHGWRFRPSDUHPHDVXUHVRIWKUHHGLIIHUHQWFDWHJRULHVQDPHO\GXUDWLRQDPSOLWXGHDQG
SHULRGUHVSRQVHEDVHG7KHILUVWFDWHJRU\FRQVLVWHGRI$ULDV,QWHQVLW\ $,>@ FXPXODWLYHDQG
VWDQGDUGL]HG FXPXODWLYHDYHUDJHYHORFLW\ &$9 DQG6&$9 >@ >@  DQGWKH VHFRQG RQH
LQFOXGHGWKHSHDNJURXQGDFFHOHUDWLRQDQGYHORFLW\ 3*$DQG3*9 $SDUWIURPWKHVSHFWUDO
DFFHOHUDWLRQDWWKHILUVWYLEUDWLRQSHULRGRIERWKVWUXFWXUDOSDUWV6D 7V DQG6D 7(T WKHHIIHFWLYH
SHDNDFFHOHUDWLRQ (3$>@ DQGWKHUHFHQWO\LQWURGXFHGHTXLSPHQWDYHUDJHVSHFWUDODFFHOHU
DWLRQ ($6$5>@ ZHUHDOVRFRQVLGHUHGLQWKHSHULRGUHVSRQVHEDVHGFDWHJRU\

a)

b)

)LJXUH5HJUHVVLRQIRUVWUXFWXUDOSDUW6XVLQJD3*$LQWKH<GLUHFWLRQDQGEGDPSHG6D GHVLJQYDOXHV
3*$GDQG6DGDUHHTXDOWRJDQGJUHVSHFWLYHO\ 
7DEOH0HGLDQGLVSHUVLRQDQGFRHIILFLHQWRIGHWHUPLQDWLRQIRUVWUXFWXUDOSDUW6DQG6//6

Intensity measure (IM)
AIy (m/s)
Duration-based
CAVy(g-s)
PGAy/PGAd
Amplitude-based
PGVy (cm/s)
EPAy (g-s)
Period
response-based
Sa(TS)/Sad

μlnEDP|IM
22.77
3.57
2.47
104.90
0.81
2.40

βEDP|IM
0.43
0.40
0.42
0.34
0.29
0.16

R2
0.10
0.22
0.14
0.44
0.60
0.87

7KHUHVXOWVIURPWKHOLQHDUUHJUHVVLRQDQDO\VLVRI,'5DVDIXQFWLRQRI3*$DQG6DIRUWKH
VWUXFWXUDOSDUW6LQWKH<GLUHFWLRQDUHVKRZQLQ)LJXUHD EUHVSHFWLYHO\7KHPRVWUHPDUNDEOH
RXWFRPHUHJDUGVWKHFRQVLGHUDEO\ORZHUGLVSHUVLRQRI6DFRPSDUHGWRWKH3*$7KLVRXWFRPH
VWHPV IURP WKH IDFW WKDW WKH FRQFHQWUDWHG PDVV RI WKH YHUWLFDO YHVVHO DW WKH WRS JRYHUQV WKH
UHVSRQVHUHVXOWLQJLQWKHKLJKHVW,'5DWWKHVDPHKHLJKW7KHORZYDULDELOLW\RIWKHUHVSRQVHLV
VWUHQJWKHQHG IXUWKHU E\ FRQGLWLRQLQJ WKH UHFRUGV DW WKH ILUVW IXQGDPHQWDO PRGH WKDW SHUWDLQV
PDLQO\WRWKHYLEUDWLRQRIWKHYHUWLFDOYHVVHO2EYLRXVO\WKH3*$WKDWLVSURSRVHGE\+$=86
>@LVQRWHIILFLHQWDQGVKRXOGQRWEHSUHIHUUHGRYHU6DIRUULVNDVVHVVPHQWRIWKLVSURFHVVXQLW
$OVRWKHUHVWRI,0VZHUHREVHUYHGWREHOHVVHIILFLHQWWKDQ6D 7DEOH ,WLVHPSKDVL]HGWKDW
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7DEOHTXRWHVRQO\WKHGLVSHUVLRQGXHWRUHFRUGWRUHFRUGUDQGRPQHVV7KHUHVWWZRW\SHVRI
XQFHUWDLQW\DUHQRWLQFOXGHGWRDYRLGEOXUULQJWKHFRPSDULVRQ

a)

b)

)LJXUH5HJUHVVLRQIRUVWUXFWXUDOSDUW(TLQWHUPVRID,'5RIVWHHOVWUXFWXUHLQWKH;GLUHFWLRQDQGEFRPSUHV
VLRQVWUDLQRQSLSHH[SUHVVHGDVDIXQFWLRQRIGDPSHG6D(T GHVLJQYDOXH6D(TGHTXDOWRJ 
7DEOH0HGLDQGLVSHUVLRQDQGFRHIILFLHQWRIGHWHUPLQDWLRQIRUVWUXFWXUDOSDUW(T

Intensity measure (IM)
AIx (m/s)
Durationbased
SCAVx (g-s)
PGAx/PGAd
Amplitudebased
PGVx (cm/s)
E-ASA40x (g)
Period
reEPAx (g-s)
sponseSa(TEq)/SaEqd|ec
based
Sa(TEq)/SaEqd|IDR

μlnEDP|IM
6.48
1.85
1.48
118.90
0.94
0.75
1.29
3.12

βEDP|IM
0.54
0.59
0.36
0.63
0.35
0.44
0.31
0.22

R2
0.31
0.15
0.69
0.05
0.71
0.53
0.77
0.83

)XUWKHUPRUHWKHUHJUHVVLRQIRUWKHVWUXFWXUDOSDUW(TZKLFKUHIHUVWRWKHVWHHOVWUXFWXUHRXW
ILWWHGE\WKHKRUL]RQWDOYHVVHOVDQGSLSHVLVH[SUHVVHGLQWHUPVRILQWHUVWRUH\GULIW,'5(TDQG
SLSHVWUDLQ GXHWR FRPSUHVVLRQHFDV DIXQFWLRQRIVSHFWUDO DFFHOHUDWLRQDW WKHIXQGDPHQWDO
IUHTXHQF\RIWKHHTXLSPHQW6D 7(T  PRGHLQ7DEOH ,QWKLVUHVSHFWVHH)LJXUHD E,W
FDQEHVHHQWKDWWKH6/6IRUWKHVWUXFWXUHRFFXUUHGDWORZHU6DFRPSDUHGWRSLSHV$GGL
WLRQDOO\WKHGLVSHUVLRQIRUWKHVHLVPLFUHVSRQVHRIWKHVWUXFWXUHZDVORZHUWKDQWKHSLSHZKLFK
FDQEHDFOHDULQGLFDWLRQWKDWWKHYXOQHUDELOLW\RIWKHHTXLSPHQWVKRXOGEHWWHUEHH[SUHVVHGLQ
WHUPVRIVWHHOVWUXFWXUHGHIRUPDWLRQ,WLVUHDVRQDEOHWKDWWKHUHVSRQVHRISLSHVUHVXOWHGLQKLJKHU
GLVSHUVLRQVLQFHWKHG\QDPLFLQWHUDFWLRQRIVWUXFWXUHYHVVHODQGSLSHFDQEHFRPHFRPSOH[LI
WKHSLSHLVQRWULJLGO\VXSSRUWHGRQWKHUDFN7KHUHVWRI,0VWKDWZHUHH[DPLQHGUHVXOWHGLQ
KLJKHUGLVSHUVLRQWKDQWKHDERYHPHQWLRQHGPHDVXUHV 7DEOH ,WLVHPSKDVL]HGKHUHLQWKDWLQ
FRQWUDVWZLWK>@ZKRIRUPXODWHG(6$5 5PHDQVWKHSHUFHQWDJHLQFUHDVHRIYLEUDWLRQSHULRG 
EDVHGRQWKHIXQGDPHQWDOSHULRGRIDVWUXFWXUHLQWKLVFDVHVWXG\WKHIXQGDPHQWDOSHULRGRIWKH
VWUXFWXUH6D 76 LVPXFKJUHDWHUWKDQWKHSHULRGRIHTXLSPHQW6D 7(T DQGWKXVLWZDVGHFLGHG
WRXVHWKHODWWHUDVDUHIHUHQFHSHULRGDQGLQFUHDVHLWE\LQRUGHUWRDFFRXQWIRUDGGLWLRQDO
PRGHVRIYLEUDWLRQRIHTXLSPHQW QRWVKRZQLQ7DEOH 1HYHUWKHOHVVLWDSSHDUHGWKDWKLJKHU
PRGHVDSDUWIURP7(TGLGQRWDIIHFWWKHUHVSRQVHRIHTXLSPHQW2WKHUUHVHDUFKHUVVXFKDV>@
KDYHSURSRVHGVLPLODU,0VZKLFKGRQRWDSSO\WRRXUFDVHGXHWRWKHKLJKLUUHJXODULW\RIWKH
SURFHVVXQLW
)XUWKHUPRUHWKHGHSHQGHQF\RI,0VRQPDJQLWXGH0DQG-R\QHU%RRUHGLVWDQFH5MEZDV
H[DPLQHGEDVHGRQWKHSYDOXH$SYDOXHJUHDWHUWKDQLVFRPPRQO\DFFHSWHGDVDWKUHVK
ROGIRUDFFHSWLQJWKHQXOOK\SRWKHVLVZKLFKVWDWHVWKDWWKHFRHIILFLHQWRIUHJUHVVLRQLV]HUR$V
GHSLFWHGLQ7DEOHVRPHPHDVXUHVDUHVXIILFLHQWIRUERWKSDUDPHWHUVDQGRWKHUVRQO\IRURQH
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RIWKHP,WLVHPSKDVL]HGWKDWWKH6D 76 SURYHGWREHVXIILFLHQWIRUERWKVHLVPRORJLFDOSDUDP
HWHUVWKXVLWPHHWVWKHUHTXLUHPHQWVWREHXVHGIRUULVNDVVHVVPHQWLQWKHIROORZLQJ(YHQWKRXJK
WKH6D 7(T ZDVVXIILFLHQWDVDIXQFWLRQRI,'5LWZDVQRWHYDOXDWHGDVVXIILFLHQWZLWKUHVSHFW
WRSLSHVWUDLQİF 7DEOH 1HYHUWKHOHVVWKHGLVSHUVLRQRI6D 7(T _,'5LVERWKHIILFLHQWDQG
VXIILFLHQW DQGWKXV LWFDQEHXVHGDVDSURSHU ,0 IRUWKHULVN DVVHVVPHQW RIWKHHTXLSPHQW
)LQDOO\ WKH 3*$ ZDV DOVR D VXIILFLHQW ,0 EXW ORZHU HIILFLHQF\ ZDV HVWLPDWHG FRPSDUHG WR
6D 7(T 
7DEOH6XIILFLHQF\RILQWHQVLW\PHDVXUHVFRQVLGHUHGIRUVWUXFWXUDOSDUW6

p-value

Intensity measure
(steel structure)
Duration-based
Amplitudebased
Period
response-based

M
0.0094
0.2536
0.0029
0.1638
0.0706
0.7095

AIy
CAVy
PGAy/PGAd
PGVy
EPAy
Sa(TS)/Sad

Log(Rjb)
0.9673
0.3713
0.5643
0.5775
0.6480
0.4879

7DEOH6XIILFLHQF\RILQWHQVLW\PHDVXUHVFRQVLGHUHGIRUVWUXFWXUDOSDUW(T

p-value

Intensity measure
(equipment)
AIx
Durationbased
SCAVx
AmpliPGAx/PGAd
tudePGVx
based
E-ASA40x
Period
EPAx
responseSa(TEq)/SaEqd|ec
based
Sa(TEq)/SaEqd|IDR

M
0.0585
0.0514
0.6947

Log(Rjb)
0.2069
0.0997
0.5745

0.1601

0.0267

0.0884
0.1631
0.0373
0.4369

0.1912
0.3594
0.2231
0.5460

4.3 Risk estimation
%DVHGRQWKHSUHYLRXVUHVXOWVWKHIUDJLOLW\RIWKHV\VWHPZDVGHULYHGXVLQJWKH6DDV,0IRU
ERWKVWUXFWXUDOSDUWV )LJXUHD E $OVRIRUWKHVWUXFWXUDOSDUW(TWKHIUDJLOLW\IRUWKH6/6RI
WKH PRVW YXOQHUDEOH SLSH ZDV GHSLFWHG DV ZHOO LQ )LJXUH E IRU WKH VDNH RI FRPSDULVRQ 7R
GHULYH WKH PHDQ DQQXDO IUHTXHQF\ RI H[FHHGDQFH IRU HDFK /6 Ȝ WKH IUDJLOLW\ FXUYHV ZKHUH
LQWHJUDWHGZLWKWKHVHLVPLFKD]DUGFXUYHVIRUERWKSDUWV )LJXUHD E 7KHKD]DUGFXUYHSUR
YLGHVWKHPHDQDQQXDOIUHTXHQF\RIH[FHHGDQFH0$)IRUHDFKYDOXHRI6D7KHYDOXHVRIȜ
IRUWKH6/6DQG6//6DUHTXRWHGLQ7DEOH)RUWKHSDUW6LWFDQEHVHHQWKDWȜLVHTXDOWR
\UVRULQRWKHUZRUGVWKHPHDQUHWXUQSHULRGRIH[FHHGDQFHRIWKH6/6LV\HDUV
&RQFHUQLQJ WKH 6//6 DQG VWUXFWXUDO SDUW (T WKH PHDQ UHWXUQ SHULRG LV VLJQLILFDQWO\ KLJKHU
%DVHGRQWKHIUDJLOLW\DQDO\VLVUHVXOWVLWFDQEHPHQWLRQHGWKDWWKHSHUIRUPDQFHREMHFWLYHRI
³FRQWUROGDPDJH´RQWKHVWUXFWXUHDV VWLSXODWHGLQ >@LV PHW KRZHYHUWKHHVWLPDWHGULVN
VKRXOGIXUWKHUEHDVVHVVHGDFFRXQWLQJIRUDJUHDWHUQXPEHURIUHFRUGVDQGVRLOGHIRUPDELOLW\
HIIHFWV,QVXFKFDVHWKHULVNFDQEHFRPPXQLFDWHGWRDVWDNHKROGHUIRUIXUWKHUGHFLVLRQPDNLQJ
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a)

b)

)LJXUH)UDJLOLW\FXUYHVIRUWKHDVWUXFWXUDOSDUW6DQGEVWUXFWXUDOSDUW(T

a)

b)

)LJXUH+D]DUGFXUYHVIRUWKHDVWUXFWXUDOSDUW6DQGEVWUXFWXUDOSDUW(T
7DEOH$QQXDOIUHTXHQF\RIH[FHHGDQFHDQGUHWXUQSHULRGIRUWKHWZROLPLWVWDWHVDQGVWUXFWXUDOSDUWV

SLS
SLLS

PART S
λ
Return period
-1
(yrs )
(yrs)
0.0021
476
1.32·10-4
7,576

PART Eq
λ
Return period
-1
(yrs )
(yrs)
0.0014
716
4.67·10-5
21,426

CONCLUSIONS
7KHSUHVHQWDQDO\WLFDOVWXG\HYDOXDWHGWKHVHLVPLFULVNRIDFKHPLFDOSURFHVVXQLWDFFRXQWLQJ
IRUG\QDPLFLQWHUDFWLRQZLWKHTXLSPHQW7KHPDLQFRQVLGHUDWLRQVDQGRXWFRPHVFDQEHVXP
PDUL]HGDVIROORZV
x 7KHV\VWHPZDVVHSDUDWHGLQWRWZRGLIIHUHQWVWUXFWXUDOSDUWVSDUW6DQG(T7KHSDUW
6LQFOXGHGWKHKLJKULVHVWHHOVWUXFWXUHDIIHFWHGPDLQO\E\DKHDY\YHUWLFDOYHVVHODW
WKHWRSZKLOVWWKHSDUW(TFRQVLVWHGRIWKHORZULVHVWHHOVWUXFWXUHDQGKRUL]RQWDO
YHVVHOV7KLVVHSDUDWLRQZDVQHFHVVDU\VLQFHWKHWZRSDUWVH[KLELWHGFRQVLGHUDEO\
GLIIHUHQWYLEUDWLRQSHULRGVDQGWKHVHFRQGSDUWLQFOXGHGWKHPRVWYXOQHUDEOHSLSH
x 8VLQJDVHWRIIDUILHOGUHFRUGVWKHVWHHOVWUXFWXUHZDVIRXQGWREHPRUHYXOQHUDEOH
WKDQWKHSLSLQJQHWZRUNLQERWKSDUWV6DQG(T7KLVLVEHFDXVHRIWKHH[FHVVLYH
FRQFHQWUDWHGPDVVRIYHVVHOVWKDWLQFUHDVHGWKHGHIRUPDWLRQRIVWHHOPHPEHUV
x 'LIIHUHQW ,0VZHUH FRQVLGHUHG +RZHYHUIRUERWKVWUXFWXUDO SDUWV6DQG(TWKH
VSHFWUDODFFHOHUDWLRQZDVHYDOXDWHGDVERWKWKHPRVWHIILFLHQWDQGVXIILFLHQW,0WR
GHVFULEHWKHVHLVPLFGHPDQGERWKRQWKHVWHHOVWUXFWXUHDQGSLSLQJDOWKRXJKFRQVLG
HULQJDGLIIHUHQWYLEUDWLRQSHULRGIRUHDFKSDUW7KLVRXWFRPHEULQJVLQWRTXHVWLRQ
WKH DSSOLFDWLRQ RI DYHUDJH VSHFWUDO DFFHOHUDWLRQ DV SURSRVHG LQ WKH OLWHUDWXUH IRU
FKHPLFDOSURFHVVXQLWVZLWKQXPHURXVHTXLSPHQW
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GHIRUPDELOLW\VKRXOGDOVREHFRQVLGHUHGWRKDYHDIXOO\UHDOLVWLFHVWLPDWLRQRIJOREDO
ULVNRIWKHSHWURFKHPLFDOSODQWIDFLOLW\
$SDUWIURPIDUILHOGVHLVPLFPRWLRQVDQHDUILHOGVHWRIUHFRUGVZLOOEHXVHGLQWKHIXWXUHWR
H[DPLQHWKHVHLVPLFYXOQHUDELOLW\RIWKHV\VWHPDFFRXQWLQJIRUVRLOVWUXFWXUHLQWHUDFWLRQ,QWKH
HQGWKHUHVXOWVIURPWKHIUDJLOLW\DQDO\VLVZLOOEHXVHGIRUGHWHUPLQLQJFRQVHTXHQFHVFHQDULRV
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Abstract
For super high-rise buildings, higher order modal shapes may have a significant impact on
the structural response under seismic excitations. Since conventional pushover analysis procedure only includes the contribution from the first modal response, it is not able to accurately account for the varying dynamic characteristics of a super high-rise building. Based on
mode superposition response spectrum method, modal pushover analysis (MPA) procedure is
proposed to consider enough number of modes, which improves the conventional pushover
analysis procedure to a certain extent. Based on a case-study super high-rise structure, this
paper comparatively investigates the seismic responses of the structure using conventional
pushover procedure and MPA procedure, and the accuracy of the results are validated
through comparison with nonlinear time history analysis. The results show that the MPA procedure has a great improvement in accuracy as compared to the conventional pushover procedure. It is also demonstrated that the calculated structural response from MPA are in very
good agreement with the results from nonlinear time history analysis, such as peak story displacements and story forces, while reducing computing time tremendously which improves the
efficiency of seismic analysis of super high-rise buildings.
Keywords:6XSHU+LJK5LVH%XLOGLQJV0RGDO3XVKRYHU$QDO\VLV1RQOLQHDU7LPH+LVWRU\
$QDO\VLV6HLVPLF5HVSRQVH
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1

INTRODUCTION

7KHSKLORVRSK\RIVHLVPLFGHVLJQIRUEXLOGLQJVWUXFWXUHVKDVEHHQJUDGXDOO\HYROYHGIURP
IRUFHEDVHGGHVLJQWRGLVSODFHPHQWEDVHGDQGSHUIRUPDQFHEDVHGGHVLJQGXULQJWKHSDVWGHF
DGHV 3XVKRYHU DQDO\VLV SURFHGXUH NQRZQ DV D QRQOLQHDU VWDWLF DQDO\VLV SURFHGXUH ZKLFK
FRXOGEHDQDOWHUQDWLYHWRQRQOLQHDUWLPHKLVWRU\DQDO\VLV 17+$ SURFHGXUHKDVEHHQZLGHO\
XVHGDQGDGRSWHGZLWKLQWKHVFRSHRISHUIRUPDQFHEDVHGGHVLJQ>@,QVSLWHWKDWWKH3XVKRYHU
DQDO\VLV SURFHGXUH KDV WKH EHQHILWV RI VLPSOLFLW\ DQG UHODWLYH DFFXUDF\ WKH IXQGDPHQWDO DV
VXPSWLRQVEHKLQGWKHSURFHGXUHKDVOLPLWHGLWVXVHWRDFHUWDLQH[WHQWHVSHFLDOO\IRUKLJKULVH
VWUXFWXUHVZKLFKDUH WKHUHVSRQVHRIWKHVWUXFWXUHLVUHODWHGWRDFHUWDLQHTXLYDOHQWVLQJOH
GHJUHH RI V\VWHP 6'2)  DQG   WKH GHIRUPDWLRQ HQYHORS DORQJ WKH VWUXFWXUH KHLJKW LV DV
VXPHGWRPDLQWDLQFRQVWDQWWKURXJKRXWWKHHQWLUHVHLVPLFEHKDYLRUHYROXWLRQHYHQIRUWKHQRQ
OLQHDUUHVSRQVHVWDJH2EYLRXVO\WKHVHDVVXPSWLRQVKDYHH[FOXGHGWKHKLJKHUPRGHUHVSRQVHV
ZKLFKVKRXOGEHHYLGHQWLQKLJKULVHDQGVXSHUKLJKULVHVWUXFWXUHV)RUWKLVHQG&KRSUDHWDO
>@KDVSURSRVHGDQHZ3XVKRYHUDQDO\VLVSURFHGXUHLH0RGDO3XVKRYHU$QDO\VLV 03$ 
SURFHGXUHZKLFKDQDO\]HDVWUXFWXUHXVLQJ3XVKRYHUDQDO\VLVDWVHYHUDOVHOHFWHGPRGHVDQG
FRPELQHV WKH PRGDO UHVSRQVHV XVLQJ D FHUWDLQ FRPELQDWLRQ UXOH WR JHW WKH ILQDO UHVSRQVH
6LQFHWKLVSURFHGXUHLVDEOHWRLQFOXGHWKHKLJKHUPRGHUHVSRQVHVLWEHFRPHVPRUHSRSXODU
WKDQ FRQYHQWLRQDO 3XVKRYHU DQDO\VLV IRU VHLVPLF SHUIRUPDQFH DVVHVVPHQW RI KLJKULVH EXLOG
LQJV
7KLVSDSHUFRPSDUDWLYHO\LQYHVWLJDWHVWKHVHLVPLFUHVSRQVHRIDFDVHVWXG\VXSHUKLJKULVH
VWUXFWXUH XVLQJ 03$ SURFHGXUH 9DULRXVQXPEHUVRIPRGHVDUHVHOHFWHGLQFOXGLQJRQO\RQH
PRGH ZKLFK EHFRPHV WUDGLWLRQDO 3XVKRYHU DQDO\VLV  LQ RUGHU WR DVVHVV WKH DFFXUDF\ RI WKH
SURFHGXUH7KHUHVXOWVIURP03$DUHWKHQFRPSDUHGZLWKWKHUHVXOWVIURP17+$WRHYDOXDWH
WKHDFFXUDF\RI03$SURFHGXUH
2

PROCEDURE OF MODAL PUSHOVER ANALYSIS

$EULHILQWURGXFWLRQWRWKHPDLQSURFHVVRI03$SURFHGXUHXVHGLQWKHFXUUHQWVWXG\DUH
SUHVHQWHGLQWKHIROORZLQJWH[W0RUHGHWDLOVUHJDUGLQJWKHWKHRU\DQGDQ\VSHFLILFDWWHQWLRQV
WKDWVKRXOGEHSDLGGXULQJDQDO\VLVFRXOGEHIRXQGLQOLWHUDWXUH>@7KHVWHSE\VWHSLOOXV
WUDWLRQRIWKH03$DQDO\VLVSURFHVVDUH
 6WHS&DOFXODWHWKHVWUXFWXUDOYLEUDWLRQSHULRGV Tn DQGYLEUDWLRQPRGHV Mn ˗
 6WHS)RUWKHnWKYLEUDWLRQPRGHHVWDEOLVKWKHEDVHVKHDUYHUVXVWRSGLVSODFHPHQWUHOD
WLRQVKLS LH3XVKRYHUFXUYH EDVHGRQDFRQVWDQWODWHUDOIRUFHGLVWULEXWLRQ sn mMn 
 6WHS7UDQVIHUWKHDQDO\]HG3XVKRYHUFXUYHWRWKHLGHDOL]HGGRXEOHEURNHQ3XVKRYHU
FXUYHIRUWKHnWKYLEUDWLRQPRGHWKHQWUDQVIHUWKHLGHDOL]HGFXUYHWRWKHFDSDFLW\FXUYH LH
DFFHOHUDWLRQ YHUVXV GLVSODFHPHQW UHODWLRQVKLS  IRU WKHnWK PRGDO HODVWRSODVWLF 6'2) V\VWHP
DFFRUGLQJWRWKHIROORZLQJHTXDWLRQV
Fsny Vbny

Ln
Mn
urny
Dny

* nMrn
ZKHUH M n LVWKHHTXLYDOHQWPRGDOPDVVDQG * n LVWKHPRGDOFRQWULEXWLRQFRHIILFLHQW
 6WHS  &DOFXODWH WKH VWUXFWXUDO UHVSRQVHV rn RI WKH nWK YLEUDWLRQ PRGH XVLQJ HODVWR
SODVWLFUHVSRQVHVSHFWUXP
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 6WHS5HSHDWWKHDERYH6WHSVDQGIRUDOOWKHYLEUDWLRQPRGHVGHWHUPLQHGWRXVHLQ
WKH03$DQDO\VLV
 6WHS2EWDLQWKHWRWDOVHLVPLFGHPDQGVEDVHGRQDFHUWDLQFRPELQDWLRQUXOHVXFKDV
WKHVTXDUHURRWRIVXPRIVTXDUHV 6566 UXOH

¦r


n

r



WK

ZKHUH rn LVWKH n PRGDOVHLVPLFGHPDQGDQG r LVWRWDOVHLVPLFGHPDQG
3
3.1

THE CASE-STUDY SUPER HIGH-RISE BUILDING
Description of the building

,Q WKLV VWXG\ D VXSHU KLJKULVH EXLOGLQJ LV VHOHFWHG DV WKH FDVHVWXG\ VWUXFWXUH IRU 03$
DQDO\VLV)LJXUHVKRZVWKHW\SLFDOIORRUSODQRIWKHVWUXFWXUH$VVKRZQWKHVWUXFWXUDOV\V
WHPRIWKHEXLOGLQJLVIUDPHFRUHZDOOV\VWHPZKLFKLVWKHPRVWFRPPRQO\XVHGV\VWHPIRU
VXSHUKLJKULVHEXLOGLQJVLQ&KLQD7KLVV\VWHPFRPELQHVUHLQIRUFHGFRQFUHWH 5& ZDOOFRUHV
LQWKHSODQFHQWHU DQGFROXPQV LQWKHSHULPHWHU WRUHVLVWODWHUORDGVWKXVREWDLQLQJWKHEDO
DQFH EHWZHHQ ODWHUDO UHVLVWDQFH DQG VWLIIQHVV DORQJ ZLWK DUFKLWHFWXUDO IXQFWLRQV 7KH IUDPH
FROXPQVRIWKHEXLOGLQJDUHFRQFUHWHILOOHGVWHHOWXEH &)7 FROXPQVDQGWKHIUDPHEHDPVDUH
5& EHDPV DQG VWHHO EHDPV 7KH FRXSOLQJ EHDPV RI FRUH ZDOOV DUH VWHHOFRQFUHWH FRXSOLQJ
EHDPVDQG5&FRXSOLQJEHDPV,QRUGHUWRLQFUHDVHWKHODWHUDOVWLIIQHVVRXWULJJHUVDQGPHJD
EUDFHVDUHXVHGDWVHYHUDOVWRULHVDORQJWKHEXLOGLQJKHLJKW7KHWRWDOKHLJKWRIEXLOGLQJLV
PZLWKVWRULHV6WUXFWXUDOFRQFUHWHVWUHQJWKLV&EDVHG RQ&KLQHVHGHVLJQFRGH>@IRU
FROXPQVDQGFRUHZDOOVDQG&IRUIORRUV7KHVWUXFWXUDOVWHHOLV4DQGUHLQIRUFLQJVWHHO
LV+5%IRUIRUFHUHVLVWLQJEDUVDQG+5%IRUKRRSVDQGVWLUUXSV$FFRUGLQJWR&KLQHVH
VHLVPLFGHVLJQFRGH>@WKHEXLOGLQJLVGHVLJQHGIRUDVLWHRIGHJUHHUHSUHVHQWLQJKLJKVHLV
PLFLW\ WKHSHDNJURXQGDFFHOHUDWLRQIRUGHVLJQHDUWKTXDNHLVJ 7KHVLWHFODVVLV,,,DQG
WKH VHLVPLFLW\ JURXS LV , UHVXOWLQJ WKH VLWH FKDUDFWHULVWLF SHULRG RI  VHF 'HDG DQG OLYH
ORDGVIRUERWKIORRUDQGURRIVWRULHVDUHN1PDQGN1PUHVSHFWLYHO\7KHGHVLJQRIWKH
EXLOGLQJ LV SHUIRUPHG EHIRUH WKH DQDO\VLV RI WKH VWXG\ XVLQJ WKH &KLQHVH VWUXFWXUDO GHVLJQ
VRIWZDUH3.30>@$OLVWRIWKHVWUXFWXUDOPHPEHUVL]HVFDQEHUHIHUUHGWRDVLQ7DEOH IRU
KRUL]RQWDOPHPEHUV DQG7DEOH IRUYHUWLFDOPHPEHUV 
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1RWH 7KHPHDQLQJRIVHFWLRQVL]HRI&)7FROXPQLVKHLJKW ZLGWK WKLFNQHVVRIVWHHOSODWHLQKHLJKWGL
UHFWLRQ WKLFNQHVVRIVWHHOSODWHLQZLGWKGLUHFWLRQ 7KHUHFWDQJXODUVWHHOWXEHLVXVHGIRUWUXVVDQGEUDFH
DQG WKH PHDQLQJ RI VHFWLRQ VL]H LV KHLJKW ZLGWK WKLFNQHVV RI VWHHO SODWH LQ KHLJKW GLUHFWLRQ WKLFNQHVV RI
VWHHOSODWHLQZLGWKGLUHFWLRQ
7DEOH9HUWLFDOPHPEHUV¶VHFWLRQVL]H 8QLWPP 

3.2

Numerical modeling

7R FRQGXFW WKH 03$ QRQOLQHDU VWDWLF DQDO\VLV WKH QXPHULFDO PRGHO RI WKH FDVHVWXG\
EXLOGLQJLVHVWDEOLVKHGXVLQJ3(5)250'VRIWZDUH>@7KHEXLOGLQJFRUHZDOOVDUHPRG
HOHGXVLQJ*HQHUDO:DOOHOHPHQWLQ3(5)250'FRQVLGHULQJERWKWKHD[LDOIOH[XUDOLQWHU
DFWLRQDVZHOODVQRQOLQHDUVKHDUEHKDYLRU7KHD[LDODQGIOH[XUDOEHKDYLRURIWKHFRUHZDOOV
DUHPRGHOHGXVLQJILEHUVHFWLRQEDVHGPRGHOVZKLOHWKHVKHDUEHKDYLRULVPRGHOHGE\GHILQ
LQJ VKHDU PDWHULDO LQ 3(5)250' 7KH &)7 FROXPQV DUH PRGHOHG XVLQJ ILEHU VHFWLRQ
EHDPFROXPQ HOHPHQW ZKLFK VLPLODUO\ LV FDSDEOH WR VLPXODWH WKH D[LDOIOH[XUDO LQWHUDFWLRQ
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EHKDYLRURIWKHFROXPQV)RUVLPSOLFLW\DOOWKHEHDPVDUHPRGHOHGXVLQJFRQFHQWUDWHGSODVWLF
LW\EHDPFROXPQHOHPHQWDQGWKHPRPHQWFXUYDWXUHFRQVWLWXWLYHUHODWLRQVKLSIRUWKHFRQFHQ
WUDWHG SODVWLF KLQJH LQ WKH HOHPHQW FRXOG EH GHWHUPLQHG EDVHG RQ WKH VWDWLF HODVWRSODVWLF
PHWKRG)RUFRXSOLQJEHDPVLWLVFULWLFDOWRLQFOXGHVKHDUHIIHFWLQWKHHOHPHQWWRPRGHOVKHDU
PHFKDQLVPRIFRXSOLQJEHDPV$OOWKHPDWHULDOPRGHOVDUHGHWHUPLQHGDFFRUGLQJWRFXUUHQW
GHVLJQFRGHVDVZHOODVVHYHUDOUHIHUHQFHJXLGHOLQHV>@)LJXUHVKRZVWKHHOHYD
WLRQYLHZRIWKHFRQVLGHUHGVXSHUKLJKULVHEXLOGLQJPRGHO1RWHWKDWWKLVEXLOGLQJPRGHOLV
DQDO\]HGRQO\WKURXJKRQO\RQHRIWKHKRUL]RQWDOGLUHFWLRQV WKH;GLUHFWLRQ LQWKHIROORZLQJ
WH[WIRUVLPSOLFLW\7DEOHVKRZVWKHFRPSDULVRQRIWKHILUVWILIWKPRGDOSHULRGUHVXOWV LQ;
GLUHFWLRQ  IURP ERWK 3(5)250' DQG 3.30 ZKLFK LQGLFDWHV JRRG DJUHHPHQW EHWZHHQ
GLIIHUHQWDQDO\WLFDOVRIWZDUH

D 7KUHHGLPHQVLRQDOYLHZ E ;GLUHFWLRQYLHZ

 F <GLUHFWLRQYLHZ

)LJXUH(OHYDWLRQYLHZRIWKHEXLOGLQJPRGHO

0RGH ;GLUHFWLRQ 






3.30






3HUIRUP'






(UURU






7DEOH0RGDODQDO\VLVUHVXOWVLQ;GLUHFWLRQ

4

GROUND MOTION DATA

)RUQRQOLQHDUWLPHKLVWRU\DQDO\VLVDWRWDORIILYHJURXQGPRWLRQVDUHVHOHFWHGLQWKHFXU
UHQWVWXG\LQFOXGLQJIRXUUHFRUGHGQDWXUDOVHLVPLFH[FLWDWLRQVIURP3((5JURXQGPRWLRQGD
WDEDVHDQGRQHDUWLILFLDOJURXQGPRWLRQ7DEOHSUHVHQWVWKHEDVLFLQIRUPDWLRQIRUWKHILYH
HDUWKTXDNHJURXQGPRWLRQVLQFOXGLQJHDUWKTXDNHUHFRUGV¶VLWHVWDWLRQ\HDUDQGGXUDWLRQWLPH
)LJXUHDVKRZVWKHGHVLJQVSHFWUXPZLWKGDPSLQJUDWLREDVHGRQ&KLQHVVHLVPLFGHVLJQ
FRGH>@DORQJZLWKWKHLQGLYLGXDOJURXQGPRWLRQVSHFWUXP)LJXUHEVKRZVWKHFRPSDULVRQ
RIWKHDYHUDJHJURXQGPRWLRQVSHFWUXPZLWKWKHGHVLJQVSHFWUXP,WFDQEHUHIHUUHGIURPWKH
ILJXUHWKDWWKHDYHUDJHVSHFWUXPRIWKHJURXQGPRWLRQVPDWFKHVZHOOZLWKWKHGHVLJQVSHFWUXP
LQDQRYHUDOOVHQVH
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D $FFHOHUDWLRQUHVSRQVHVSHFWUXPRIJURXQGPRWLRQV

$FFHOHUDWLRQ J



$YHUDJH
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3HULRG VHF

E $YHUDJHDFFHOHUDWLRQUHVSRQVHFXUYHRIJURXQGPRWLRQV
)LJXUH5HVSRQVHVSHFWUXPRIWKHJURXQGPRWLRQV

5
5.1

SEISMIC RESPONSE RESULTS
Pushover curves

,QWKLVVHFWLRQVHLVPLFDQDO\VLVUHVXOWVIRUWKHFDVHVWXG\EXLOGLQJIURPWKH03$DQDO\VLV
DQGLWVFRPSDULVRQZLWKWUDGLWLRQDO3XVKRYHUDQDO\VLV LHXVHWKHILUVWPRGHIRU03$RQO\ 
DUHSUHVHQWHG$VPHQWLRQHGWKHDFFXUDF\RIWKH03$UHVXOWVLVDVVHVVHGWKURXJKFRPSDULVRQ
ZLWKUHVXOWVIURPQRQOLQHDUWLPHKLVWRU\DQDO\VLV$VSHU03$SURFHVVLOOXVWUDWHGHDUOLHUWKH
EXLOGLQJPRGHOLVVXEMHFWHGWRDVSHFLILFODWHUDOIRUFHGLVWULEXWLRQ LHPRGDOIRUFHGLVWULEX
WLRQ ILUVWWKHQWKHVWDWLFSXVKRYHUDQDO\VLVLVFRQGXFWHGIRUHDFKPRGHUHVSHFWLYHO\6LQFH
WKHDLPRIWKHFXUUHQWVWXG\LVWRGHPRQVWUDWHWKHDFFXUDF\RIWKH03$SURFHGXUHUDWKHUWKDQ
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%DVH6KHDU)RUFH 01



%DVH6KHDU)RUFH 01

%DVH6KHDU)RUFH 01

VHLVPLFSHUIRUPDQFHDVVHVVPHQWRQO\WKHYLEUDWLRQPRGHVLQWKH;GLUHFWLRQDUHFRQVLGHUHG
7KHPD[LPXPQXPEHURIPRGHVLQ;GLUHFWLRQFRQVLGHUHGLQWKHFXUUHQW03$DQDO\VLVLVILYH
)LJXUH  VKRZV WKH 3XVKRYHU FXUYHV LH EDVH VKHDU YHUVXV URRI GLVSODFHPHQW UHODWLRQVKLSV
IRUDOOWKHILYHPRGDOUHVSRQVHV6LQFHWKHHTXLYDOHQW6'2)V\VWHPZLWKODUJHUYLEUDWLRQSH
ULRG KDV OHVV ODWHUDO VWLIIQHVV WKH SXVKRYHU FXUYH WHQGV WR EH PRUH IOH[LEOH ODUJHU GLVSODFH
PHQW (DFKSXVKRYHUFXUYHLVWKHQWUDQVIHUUHGWRWKHFDSDFLW\FXUYHVDQGLVXVHGWRFRPSDUH
ZLWKWKHGHPDQGFXUYH DOVRWUDQVIHUUHGIURPUHVSRQVHVSHFWUXPDVLQ6HFWLRQ LQRUGHUWR
GHWHUPLQHWKH³3HUIRUPDQFHSRLQW´,QWKLVFDVHWKHVHLVPLFLQWHQVLW\LVVHOHFWHGWREHWKHGH
VLJQHDUWKTXDNHOHYHOLHGHJUHHVHLVPLFLW\ 3*$ J 2QFHWKH³3HUIRUPDQFHSRLQW´
IRUHDFKPRGHKDVEHHQGHWHUPLQHGWKHWRWDOUHVSRQVHRIWKHVWUXFWXUHXVLQJ03$FRXOGEH
HDVLO\GHWHUPLQHGWKURXJK6566FRPELQDWLRQUXOH
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%DVH6KHDU)RUFH 01

%DVH6KHDU)RUFH 01
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5RRI'LVSODFHPHQW PP












   

5RRI'LVSODFHPHQW PP

G 0RGH PRGHLQ;GLUHFWLRQ  H 0RGH PRGHLQ;GLUHFWLRQ 
)LJXUH3XVKRYHUFXUYHV

5.2

Story drifts and peak displacements

)LJXUH  DQG )LJXUH  VKRZ WKH VWRU\ GULIW UHVSRQVH DQG SHDN VWRU\ UHVSRQVH DORQJ WKH
EXLOGLQJ KHLJKW IURP ERWK WKH 03$ DQG 17+$ DQDO\VLV UHVXOWV 7KH UHODWLYH HUURU IRU HDFK
03$UHVXOWV LQFOXGLQJRQHPRGHWRILYHPRGHV ZLWK17+$UHVXOWVDUHDOVRJLYHQ,WFDQEH
VHHQFOHDUO\IURPWKHILJXUHZLWKPRUHPRGHVFRQVLGHUHGLQWKH03$UHVXOWVPRUHDFFXUDF\
UHVXOWV UHODWLYH WR 17+$ UHVSRQVH FRXOG EH DFKLHYHG 0RUHRYHU IRU WKH FDVHVWXG\ VXSHU
KLJKULVH EXLOGLQJ DOO WKH 03$ UHVXOWV VKRZ TXLWH JRRG UHVXOWV IRU WKRVH VWRULHV XQGHU 
+RZHYHUIRUWKRVHVWRULHVDERYH03$UHVXOWVZLWKPRUHWKDQWKUHHPRGHVVKRZHYLGHQWO\
PXFK EHWWHU DFFXUDF\ DV FRPSDUHG ZLWK 03$ UHVXOWV ZLWK RQO\ WZR RU RQH LH WUDGLWLRQDO
3XVKRYHU DQDO\VLV  PRGHV FRQVLGHUHG 1RWHG WKDW RQO\ WKH ;GLUHFWLRQ LV FRQVLGHUHG LQ WKH
DQDO\VLVDQGIRUWKHILUVWWKUHHPRGHVLQ;GLUHFWLRQWKHWRWDOQXPEHURIPRGHVVKRXOGEH
ZKHQDOOWKHWKUHHGLUHFWLRQVDUHLQFOXGHG
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5.3

Story shear forces and overturning moments

6LPLODUO\)LJXUHDQG)LJXUHVKRZWKHVWRU\VKHDUIRUFHUHVSRQVHDQGVWRU\RYHUWXUQLQJ
PRPHQWUHVSRQVHIURPERWKWKH03$DQG17+$DQDO\VLVUHVXOWV7KHUHODWLYHHUURUIRUHDFK
03$UHVXOWV LQFOXGLQJRQHPRGHWRILYHPRGHV ZLWK17+$UHVXOWVDUHDOVRJLYHQ6LPLODUWR
WKHUHVXOWVRIVWRU\GULIWVDQGVWRU\GLVSODFHPHQWVSUHVHQWHGDERYHLWLVUHIHUUHGIURPWKHILJ
XUHVWKDWWKH03$UHVXOWVZLWKPRUHPRGHVLQFOXGHGLQWKHDQDO\VLVPRUHDFFXUDF\RIWKHUH
VXOWVFRXOGEHDFKLHYHGUHODWLYHWR17+$UHVSRQVH)RUWKHVKHDUIRUFHUHVSRQVH03$UHVXOWV
ZLWKPRGHV EOXHOLQHVLQWKHILJXUH VKRZVEHWWHUDFFXUDF\LQDQRYHUDOOH[WHQW )LJXUHE 
+RZHYHU IRU RYHUWXUQLQJ PRPHQW UHVSRQVH 03$ UHVXOWV ZLWK  PRGHV EOXH OLQHV  VKRZV
PXFKEHWWHUUHVXOWVIRUVWRULHVDERYHDVFRPSDUHGWRUHVXOWVIURPWUDGLWLRQDOSXVKRYHUSUR
FHGXUH LHRQO\RQHPRGHFRQVLGHUHG 
6

CONCLUTIONS

7KLVVWXG\LQYHVWLJDWHVWKHHIIHFWVRIWKH0RGDO3XVKRYHU$QDO\VLV 03$ SURFHGXUHIRUD
FDVHVWXG\VXSHUKLJKULVHEXLOGLQJDQGWKHDFFXUDF\RIWKH03$UHVXOWVLVYDOLGDWHGWKURXJK
FRPSDULVRQZLWK17+$UHVSRQVHV7KHIROORZLQJFRQFOXVLRQVDUHGUDZQIURPWKHVWXG\
 +LJKHUPRGHHIIHFWVFRXOGEHLQFOXGHGLQ03$SURFHGXUHZKLFKVKRZVWKHDGYDQWDJH
IRU 03$ DQDO\VLV RYHU WUDGLWLRQDO 3XVKRYHU DQDO\VLV HVSHFLDOO\ IRU DQDO\]LQJ KLJKULVH DQG
VXSHU KLJKULVH EXLOGLQJV ,Q WKLV VWXG\ WKH DFFXUDF\ RI 03$ LV VXIILFLHQW ZKHQ PRUH WKDQ
WKUHHPRGHV LQ;GLUHFWLRQ DUHFRQVLGHUHGLQ03$ FRUUHVSRQGLQJWRPRGHVZKHQDOOWKH
WKUHHGLUHFWLRQVDUHFRQVLGHUHG 
 03$SURFHGXUHVKRZVDJUHDWLPSURYHPHQWLQDFFXUDF\DVFRPSDUHGWRWKHFRQYHQWLRQ
DOSXVKRYHUSURFHGXUH 03$ZLWKRQO\RQHPRGHFRQVLGHUHG ,WLVDOVRGHPRQVWUDWHGWKDWWKH
FDOFXODWHG VWUXFWXUDO UHVSRQVH IURP 03$ DUH LQ YHU\ JRRG DJUHHPHQW ZLWK WKH UHVXOWV IURP
17+$LQWHUPVRIVWRU\GLVSODFHPHQWV DQGGULIWV DQGVWRU\IRUFHV VKHDUIRUFHDQGRYHUWXUQ
LQJPRPHQW ZKLOHUHGXFLQJFRPSXWLQJWLPHWUHPHQGRXVO\ZKLFKLQWXUQLPSURYHVWKHHIIL
FLHQF\RIVHLVPLFDQDO\VLVIRUVXSHUKLJKULVHEXLOGLQJV
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Abstract
Grille-type steel plate concrete composite shear wall (GSPCW) is an innovative shear wall
system consisting of steel faceplates, steel tie plates and infilled concrete. Compared with traditional steel plate concrete composite shear wall, GSPCW has the following advantages: 1)
high buckling resistance, and 2) simple structural measures and convenient construction. This
paper presents a numerical study of the GSPCW using DIANA software and comprehensively
investigates the influence of varying design parameters on the seismic performance. First,
DIANA models are established for considered GSPCW specimens and validated through
comparing numerical results with previous test data. The verified model is further used to
perform a parametric study to understand the influence of several design variables on seismic
behavior of GSPCW, including steel ratio, axial load ratio, height-width ratio, aspect ratio of
grille as well as concrete compressive strength. Results indicate that the former four parameters have remarkable impacts on seismic behavior of GSPCW: 1) The load and deformation
capacity of a GSPCW increase significantly as the steel ratio increase; 2) The load capacity
and ductility increase to a certain degree with increase of axial load ratio, however excessively high axial load ratio may have a negative impact on ductility behavior; 3) The load capacity and stiffness of a GSPCW decrease with the increase of height-width ratio; 4) The
aspect ratio of grille has a hooping effects on the infilled concrete, which should be reasonably considered during design; 5) Compared with other parameters, the influence of concrete
compressive strength is negligible. The conclusion from the parametric study might be utilized for engineering practice of GSPCW in future.
Keywords: Steel Plate Concrete Composite Shear Wall, DIANA Software, Finite Element
Model Analysis, Seismic Behavior Research.
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1

INTRODUCTION

Steel plate concrete composite shear wall is a shear wall formed by arranging steel plates
on one or both sides or inside of the concrete slab, and combining the two materials through
shear nails or bolt tie rods on the steel plate. According to the different steel layout of steel
plate concrete composite shear wall, it can be roughly classified into three types, single-sided
steel plate concrete composite shear wall, double-sided steel plate concrete composite shear
wall and embedded steel plate concrete composite shear wall [1]. Domestic and foreign scholars currently have conducted many researches on various steel plate concrete composite shear
walls. The previous researches indicate that steel plate concrete composite shear wall has
higher load carrying capacity, larger stiffness, better ductility and energy dissipation capacity
[3, 4, 5].
To further improve the seismic behavior of steel plate concrete composite shear wall, W.
Xu [6] proposes grille-type steel plate concrete composite shear wall, which is consisted of
steel faceplates, steel tie plates and infilled concrete. And W. Xu has conducted a series of
researches in a certain degree.
The initial study about grille-type steel plate concrete composite shear wall is carried out
by X. Guo [7]. He analyzes the influence of different factors on the seismic behavior of grilletype steel plate concrete composite shear wall with embedded corrugated steel plate through
experimental research and numerical simulation. The results indicate that the out-of-plane deformation of steel plates on the both sides of the shear wall is restricted due to the existence of
concrete slab and ties of corrugated steel plate, thereby improving the out-of-plane buckling
resistance of steel plates in the shear wall. Then T. Xu [8] and S. Ye [9] further improve the
structure of grille-type steel plate concrete composite shear wall to replace the embedded corrugated steel plate to single independent steel plate. They find the new type of the shear wall
has good seismic performance.
The two-dimensional numerical model of the grille-type steel plate concrete composite
shear wall (abbreviated as GSPCW) is established in DIANA based on the two shear walls in
S. Ye [9]. And 18 GSPCW specimens with various design parameters are designed to systematically investigate the influence of design parameters on GSPCW, including steel ratio, axial
load ratio, height-width ratio, aspect ratio of grille as well as concrete compressive strength.
The conclusion will provide reference for engineering applications in future construction
works.
2

BRIEF DISCRIPTION OF PREVIOUS TESTS

This paper selects two GSPCW specimens to verify the accuracy of the simulations. The
details of the two walls and material properties are presented in S. Ye [9]. Figure 1 shows
views of the shear wall and the material properties are listed in Table 1. The tests were conducted at the Civil Engineering and Transportation Building in Jiulonghu Campus of Southeast University. The two walls had the same height-width ratio of 2.0 and the axial load ratio
is the main design variable considered in the experiments. The thickness of steel faceplates
and steel tie plates is 4 millimeters. The concrete grade is C40 and the steel grade is Q235B.
The loading beam and foundation beam are reinforcement concrete beams. And there is a H
steel beam embedded in foundation beam, which is used to improve the stiffness of foundation beam.
As shown in Figure 2, the test setup consists of bottom fixing device, out-of-plane support,
vertical and horizontal loading device, and loading method adopts force and displacementcontrolled loading history. The vertical load is applied by a hydraulic jack, and a steel beam is
placed on the top of loading beam to evenly distribute the vertical load. Before the formal ap-
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plication of horizontal load, the pre-load of horizontal load needs to be carried out to determine whether the loading equipment, connected equipment and data acquisition system are
normal. Then the single-stage horizontal load is applied until the specimen yields. After specimen yields, displacement controlled multi-stage loading is applied until the horizontal capacity of the specimen decreases to 85% of the peak horizontal load.
Wall dimension Steel plate
Axial load
WhT
No.
thickness Steel channel
ratio
(mm)
(mmhmm)
GSSW-1
4
[16
0.1
1400h160
GSSW-2
4
[16
0.4
1400h160

Concrete
strength
(MPa)
26.6
26.6

Steel plate
strength
(MPa)
263.2
263.2

Table 1: Properties of two shear walls of previous test. [9]

STEEL CHANNEL
[16

160
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200
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REBAR
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THREANDED BAR

REBAR
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(b) Front view.

STIRRUP

(c)Vertical cross section

Figure 1: Details of two shear walls of previous test. (Unit: mm, adapted from S. Ye [9])
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3
3.1

METHOD OF NUMERICAL SIMULATION
Modeling assumption

Two-dimension simulation is adopted in this paper. Figure 3 presents the geometry of the
GSPCW developed in DIANA. Eight-node quadrilateral isoparametric plane stress elements
are used for the infilled concrete, steel faceplates, loading beam and foundation beam. Bar
reinforcement elements are used for the steel tie plates. The size of all elements is 50 mm. The
translation of the bottom of the foundation beam is constrained.
The FE models are loaded in two steps as the same as the experiments: 1) the vertical load
is applied to the top of the loading beam in a manner of uniform pressure, and 2) cyclic lateral
displacement is applied to the centroid of loading beam.
The modified Newton-Raphson method is used for incremental-iterative solution. The
convergence criteria combine force norm and displacement norm. Both physical nonlinear
analysis and geometrical nonlinear analysis are considered in the analysis procedure.

Figure 2: The loading process of GSSW-1.[9]

3.2

Figure 3: Model of GSPCW in DIANA.

Material model

The total strain crack model available in DIANA [10] is used for the infilled concrete. The
input parameters for this model include linear material properties, crack direction and uniaxial
behavior of concrete in compression and tension. The crack direction is rotating direction.
The uniaxial behavior of concrete is represented by a stress-strain curve, see Figure 4. In
this paper, the constitute model of concrete in compression adopts the model proposed by J.
Mander et al. [11], which is applicable to both circular and rectangular shaped transverse reinforcement. The restraint effect of steel plates on concrete can be regarded as the restraint effect of many transverse reinforcements on concrete. The formula is as follows:
fc

x

H cc

f cc' xr
r  1  xr

(1)

Hc
H cc

(2)

ª
§ f cc'
·º
H co «1  5 ¨ '  1¸ »
© f co
¹ ¼»
¬«
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r

Ec
Ec  Esec

Esec

(4)

f cc'

(5)

H cc

Where f cc' is compressive strength of confined concrete, H c is longitudinal compressive
concrete strain, f co' and H co' is the unconfined concrete strength and corresponding strain,

H co' can be assumed as 0.002, Ec is the tangent modulus of elasticity of the concrete,
Ec

5000 f co' .The compressive strength of confined concrete f cc' is determined by the con-

finement effectiveness for sections confined by steel plates and calculated according to the
proposal of J. Cai [12].
The constitute model of concrete in tension is calculated according to CEB-FIP Model
1990 [13], and the formula is given by

ft

2/3

°0.26 f cu
®
2/3
°̄ 0.21 f cu

f cu d 50MPa
f cu ! 50MPa

(a) Compression

(6)

(b) Tension

Figure 4: Stress-strain relationship of concrete.

The constitute model of steel uses bilinear elastic hardening model. The elastic modulus,
yield strength and ultimate strength are all base on the material properties tests. The Von Mises yield criterion is used to evaluate the yield status of steel.
4

NUMERICAL RESULT AND VALIDATION

Figure 5 is the load-displacement hysteric curves of GSSW-1 and GSSW-2. The experiment data of the hysteric curves is available in S. Ye [9]. And according to the hysteric curves,
it is easy to calculate the skeleton curves and the rest of the relevant data, see Figure 6~Figure
9 and Table 2. It can be seen from Figure 5 and Figure 6 that the hysteric curves obtained
from the numerical simulation are in good agreement with the skeleton curves. The magnitude
of the peak load of the numerical simulation is larger than that of the test result, because the
test specimens in actual situation have initial defects in a certain degree, and the bottom restraints of the test specimens cannot achieve the perfect effect of complete fixing. From the
Figure 7, the stiffness of the FE model at the beginning of loading is greater than that of the
experiment result. But as the loading continues, the difference between the two is getting
smaller and smaller, because the constraints of the specimens in experiment are not as ideal as
the constraints of FE model, so a certain error will occur at the beginning of loading, but as
the loading displacement increases, the error caused by the constraint becomes more and more
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insignificant. From the perspective of energy consumption and equivalent viscous damping
ratio, since the material in the finite element model is uniform and has no initial defects, the
energy consumption capacity of the finite element model is stronger than that of the actual
specimen.

(a) GSSW-1

(b) GSSW-2

Figure 5: Comparison of load-displacement hysteric curves.

(a) GSSW-1

(b) GSSW-2

Figure 6: Comparison of load-displacement skeleton curves.

(a) GSSW-1

(b) GSSW-2

Figure 7: Comparison of secant stiffness degradation curves.
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(a) GSSW-1

(b) GSSW-2

Figure 8: Comparison of energy dissipation curves.

(a) GSSW-1

(b) GSSW-2

Figure 9: Comparison of equivalent viscous damp curves.

Fy
Loading
direction
(kN)
+
803.47
Experiment
840.59
+
898.69
FE model
890.34
+
931.24
Experiment
885.27
+
1019.34
FE model
1002.53

Dy

Fp

Dp

Du
(mm)
(mm)
(kN)
(mm)
10.94 1079.54 52.90
92.60
13.10
930.00
55.40
91.90
GSSW-1
7.75
1078.70 20.00
75.57
7.52
1060.00 20.00
91.00
4.81
1223.11 26.64
66.80
7.55
1070.00 26.40
60.04
GSSW-2
7.92
1190.00 13.00
40.07
7.90
1180.00 14.00
35.73
Notes: Fy and Fp are respectively the horizontal capacity of specimen at yield point and peak point. Dy ,
No.

D p and Du are respectively the horizontal displacement of loading point of specimen at yield point, peak
point and ultimate point. The ultimate point is the point at which the bearing capacity drops to 85% of the
peak bearing capacity.
Table 2: Comparison of the features points of skeleton curves.
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5

PARAMETRIC ANALYSIS

In this study, a total of 18 shear walls were simulated, as shown in Table 3. In the process
of parametric analysis of numerical simulation, the values of material strength are taken in
accordance with the "Code for Design of Concrete Structures" (GB50010-2010) [14] and
"Code for Design of Steel Structures" (GB50017-2017) [15], and the rest of the parameter settings are shown in Section 3. The steel ratio is defined as the ratio of the cross-sectional area
of the steel to that of the full cross-section of the specimen, and the steel ratio is reflected by
the change of thickness of the steel faceplates and steel tie plates. The height-width ratio is
defined as the ratio of the height from the top surface of the loading beam to the top surface of
the ground beam to the section width of the member. The axial compression ratio is the ratio
of the vertical load to the product of the axial compressive strength and the full cross-sectional
area. The aspect ratio of the grille is the ratio of the spacing of the steel tie plates to the thickness of the wall.
No.
GSPCW1-1
GSPCW1-2
GSPCW1-3
GSPCW1-4
GSPCW2-1
GSPCW2-2
GSPCW2-3
GSPCW2-4
GSPCW2-5
GSPCW3-1
GSPCW3-2
GSPCW3-3
GSPCW3-4
GSPCW3-5
GSPCW4-1
GSPCW4-2
GSPCW4-3
GSPCW4-4
GSPCW5-1
GSPCW5-2
GSPCW5-3
GSPCW5-4

Wall dimension
WhT
(mmhmm)
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160
1400×160

HeightAspect Axial
Steel
Concrete
Steel
width
ratio of load
plate
grade
ratio
ratio
grille
ratio thickness
2.0
C40
1.25
0.3
3
7.2%
2.0
C40
1.25
0.3
4
8.9%
2.0
C40
1.25
0.3
5
10.5%
2.0
C40
1.25
0.3
6
12.1%
same as GSPCW1-2
2.0
C40
1.25
0.4
4
8.9%
2.0
C40
1.25
0.5
4
8.9%
2.0
C40
1.25
0.6
4
8.9%
2.0
C40
1.25
0.7
4
8.9%
1.5
C40
1.25
0.3
4
8.9%
same as GSPCW1-2
2.5
C40
1.25
0.3
4
8.9%
3.0
C40
1.25
0.3
4
8.9%
3.5
C40
1.25
0.3
4
8.9%
2.0
C40
1.75
0.3
4
8.3%
2.0
C40
1.46
0.3
4
8.6%
same as GSPCW1-2
2.0
C40
1.09
0.3
4
9.1%
2.0
C30
1.25
0.3
4
8.9%
same as GSPCW1-2
2.0
C50
1.25
0.3
4
8.9%
2.0
C60
1.25
0.3
4
8.9%

Table 3: The main parameters of numerical models.
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5.1

Steel ratio

In this study, the change in the steel ratio of the specimens is reflected by the thickness
change of the steel plate: the thicker the steel plates, the greater the steel ratio of the specimens. When the thickness of the steel plate is 3 mm to 6 mm, the corresponding steel ratio of
the specimen is 7.2% to 12.1%. According to Figure 10 and Table 4, the research results show
that the increase of the steel ratio can improve the bearing capacity and lateral stiffness of the
shear wall. The lateral stiffness is defined as the ratio of the bearing capacity to the displacement at the yield point. When the thickness of the steel plate is increased from 3 mm to 5 mm,
the peak bearing capacity of the specimen is increased by 36.7%, and the lateral stiffness is
increased by 14.4%. Because the axial load ratio of the model is relatively small, the lateral
stiffness of the specimen is basically the full-section elastic stiffness, and the stiffness of the
concrete section accounts for a relatively large amount. Therefore, the increase in the lateral
stiffness of the specimen is smaller than the increase in the bearing capacity.

(a) Hysteric curves

(b) Skeleton curves

Figure 10: Influence of steel ratio on hysteric curves and skeleton curves.

No.
GSPCW1-1
GSPCW1-2
GSPCW1-3
GSPCW1-4

Loading
direction
+
+
+
+
-

Fy

Dy

Fy Dy

Fp

(kN)
927.50
914.76
1027.58
1025.83
1142.42
1139.90
1254.05
1257.48

(mm)
8.31
8.56
8.96
9.22
9.47
9.77
9.86
10.25

(kN/mm)
111.65
106.84
114.66
111.28
120.59
116.67
127.16
122.73

(kN)
1086.68
1096.87
1221.49
1235.34
1354.77
1370.54
1480.34
1504.66

Du
(mm)
27.32
24.23
28.38
23.91
28.57
23.92
36.01
22.75

Table 4: Influence of steel ratio on feature points of skeleton curves.

5.2

Axial load ratio

The variation range of the axial load ratio of the test specimens is 0.3 to 0.7. The hysteric
curves, skeleton curves and feature points are shown in Figure 11 and Table 5. It can be seen
from the calculation results that when the axial load ratio is in the range of 0.3 to 0.7, the horizontal bearing capacity estimated by finite element varies less, and the difference in the bearing capacity of the specimens is mainly due to the dispersion of material strength. It can also
be seen from Table 5 that when the axial compression ratio is less than 0.5, the lateral stiff-
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ness of the test specimen increases with the increase of the axial compression ratio. This is
because the increase in axial load can delay the development of cracks, thereby improving the
lateral stiffness of the specimen. However, when the axial compression ratio is greater than
0.5, due to the large axial load, the specimen enters the plastic development stage in advance,
which reduces the lateral stiffness of the specimen. In general, it is recommended that in actual projects, the axial load ratio of the GSPCW should be controlled below 0.5 to ensure its
good seismic performance.

(a) Hysteric curves

(b) Skeleton curves

Figure 11: Influence of axial load ratio on hysteric curves and skeleton curves.

No.
GSPCW2-1
GSPCW2-2
GSPCW2-3
GSPCW2-4
GSPCW2-5

Loading
direction
+
+
+
+
+
-

Fy

Dy

Fy Dy

Fp

(kN)
1027.58
1025.83
1054.41
1036.89
1094.41
1081.76
1111.96
1055.32
1141.93
997.94

(mm)
8.96
9.22
9.04
9.42
9.02
9.41
9.07
9.76
8.94
10.17

(kN/mm)
114.66
111.28
116.68
110.07
121.34
114.93
122.62
108.08
127.66
98.16

(kN)
1221.49
1235.34
1253.29
1274.51
1280.58
1308.52
1300.54
1337.08
1310.83
1357.47

Du
(mm)
28.38
23.91
24.48
20.78
21.23
16.93
19.15
19.20
16.94
17.34

Table 5: Influence of axial load ratio on feature points of skeleton curves.

5.3

Height-width ratio

The height-width ratio of the shear wall is one of the main factors that determines the failure type of shear wall and affects its seismic performance. The height-width ratio of the model studied in this paper ranges from 1.5 to 3.5. The hysteric curves, skeleton curves and
characteristic points are shown in Figure 12 and Table 6. It can be seen from the calculation
results that when the height-width ratio is increased from 1.5 to 3.5, its bearing capacity decreases by 58.3%, and its lateral stiffness decreases by 87.6%. The height-width ratio has a
distinct effect on the bearing capacity and lateral stiffness of the shear wall. This is because as
the height-width ratio increases, the failure mode of the specimen transitions from shear failure to bending failure, so the bearing capacity and lateral stiffness are reduced accordingly.
When the height-width ratio is greater than 2.0, the bearing capacity and stiffness of the spec-
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imens change slightly with the increase of the aspect ratio, and the descending segment of the
skeleton curves of the specimens tends to be flat at the post-stage of loading, and the ultimate
displacement gradually increases.

(a) Hysteric curves

(b) Skeleton curves

Figure 12: Influence of height-width ratio on hysteric curves and skeleton curves.

No.
GSPCW3-1
GSPCW3-2
GSPCW3-3
GSPCW3-4
GSPCW3-5

Loading
direction
+
+
+
+
+
-

Fy

Dy

Fy Dy

Fp

(kN)
1528.98
1488.94
1027.58
1025.83
852.24
846.54
729.84
717.52
602.80
600.84

(mm)
6.40
5.78
8.96
9.22
12.97
12.76
16.47
15.41
19.70
19.58

(kN/mm)
238.75
257.42
114.66
111.28
65.73
66.34
44.31
46.55
30.59
30.69

(kN)
1680.45
1583.03
1221.49
1235.34
969.34
959.90
814.40
770.74
682.39
679.11

Du
(mm)
16.93
19.59
28.38
23.91
41.54
31.53
38.01
45.68
43.83
47.92

Table 6: Influence of height-width ratio on feature points of skeleton curves.

5.4

Aspect ratio of grille

The aspect ratio of the grille refers to the ratio of the spacing of the steel tie plates to the
thickness of the wall. It can be seen from Figure 13 and Table 7 that the aspect ratio of the
grille has a certain influence on the seismic performance of the GSPCW. As the aspect ratio
of the grille decreases, the horizontal bearing capacity of the specimens increases instead.
This is because the steel faceplates and steel tie plates have a certain hoop effect on the filled
concrete. When the aspect ratio of the grille increases, the bond between the steel faceplates
and the inner concrete is weakened, which cannot effectively limit the out-of-plane deformation of the steel faceplate, so the hoop effect is relatively weakened. The displacements at
yield points and ultimate points of the test specimens increase with the decrease of aspect ratio of grille, and the deformation performance of the test specimens have a certain improvement.
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(a) Hysteric curves

(b) Skeleton curves

Figure 13: Influence of aspect ratio of grille on hysteric curves and skeleton curves.

No.
GSPCW4-1
GSPCW4-2
GSPCW4-3
GSPCW4-4

Loading
direction
+
+
+
+
-

Fy

Dy

Fy Dy

Fp

(kN)
1008.72
997.85
1025.63
1010.36
1027.58
1025.83
1052.53
1049.23

(mm)
7.79
8.01
8.50
8.88
8.96
9.22
9.15
9.40

(kN/mm)
129.54
124.55
120.65
113.83
114.66
111.28
115.03
111.58

(kN)
1124.95
1134.18
1183.62
1200.99
1221.49
1235.34
1250.68
1263.49

Du
(mm)
13.98
17.28
25.44
24.10
28.38
23.91
31.93
25.39

Table 7: Influence of aspect ratio of grille on feature points of skeleton curves.

5.5

Concrete compressive strength

In this study, the compressive strength of concrete was selected to be changed from 30MPa
to 60MPa, and the calculation results are shown in Figure 14 and Table 8. The results show
that with the increase of concrete strength, the horizontal bearing capacity and lateral stiffness
of the specimens have a certain increase, but the growth rate is small. This is because highstrength concrete has a higher elastic modulus. Compared with other research variables, the
compressive strength of concrete has less influence on the seismic behaviors of GSPCW.

(a) Hysteric curves

(b) Skeleton curves

Figure 14: Influence of concrete compressive strength on hysteric curves and skeleton curves.
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No.
GSPCW5-1
GSPCW5-2
GSPCW5-3
GSPCW5-4

Loading
direction
+
+
+
+
-

Fy
(kN)
976.68
927.29
1027.58
1025.83
1068.95
1057.47
1104.41
1080.64

Dy
(mm)
9.06
8.36
8.96
9.22
8.92
9.04
8.90
8.90

Fy Dy
(kN/mm)
107.81
110.88
114.66
111.28
119.80
116.98
124.15
121.46

Fp
(kN)
1160.86
1099.01
1221.49
1235.34
1270.68
1272.84
1312.81
1299.76

Du
(mm)
32.47
26.52
28.38
23.91
33.37
24.41
30.16
24.14

Table 8: Influence of concrete compressive strength on feature points of skeleton curves.

6

CONCLUTIONS

This paper mainly studies the influence of different design variables on the seismic behavior of GSPCW, including steel ratio, axial load ratio, height-width ratio, aspect ratio of grille
as well as concrete compressive strength. The DIANA software was used to establish the finite element models of GSPCW, and the accuracy of the model was verified based on the previous test data. A total of eighteen shear wall models with different design parameters were
further established. By comparing their hysteric curves, skeleton curves and feature points, the
following conclusions were drawn:
1) To increase the steel ratio of the section can significantly increase the horizontal bearing
capacity of the component, and increase the lateral stiffness of the component to a certain extent;
2) When the axial load ratio of the shear wall is less than 0.5, the bearing and deformation
capacity will be improved with the increase of the axial load ratio. But when the axial load
ratio is greater than 0.5, the increase in the axial compression ratio is more unfavorable to the
seismic performance of the specimens. Therefore, the axial load ratio of this type of shear
wall below 0.5 is expected in actual projects.
3) As the height-width ratio of the shear wall increases, the failure mode of the shear wall
gradually develops from shear failure to bending failure, and the bearing capacity and lateral
stiffness of the component decrease rapidly.
4) The aspect ratio of the grille is a meaningful design parameter to determine the hooping
effect of the steel plate on the infilled concrete. The smaller the aspect ratio of the grille, the
stronger the constraint on the infilled concrete, so the concrete compressive strength is higher,
thereby the horizontal bearing capacity of the specimen is developed. In the actual practice,
the influence of the aspect ratio of the grille on the seismic performance of the component
should be reasonably considered.
5) Compared with other design parameters, concrete compressive strength has little-to-no
effect on the seismic performance of GSPCW. The horizontal bearing capacity and lateral
stiffness of specimens improve slightly with the increase of concrete strength.
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Abstract
The present analysis deals with the seismic reliability of isolated multi-span continuous deck
bridges considering as the main aleatory uncertainties relevant to the problem the sliding
friction coefficient of the friction pendulum (FP) isolators together with the seismic records
characteristics. A six-degree-of-freedom model is defined to simulate the elastic response of
the reinforced concrete pier, the infinitely rigid response of the deck supported by the seismic
devices and the non-linear velocity-dependent behavior of the FPS bearings. The reinforced
concrete abutment is modelled as a rigid support above which a FPS device is located. A set
of natural records with different characteristics is properly selected and scaled to increasing
intensity levels. The randomness on the friction coefficient is described by an appropriate
probability density function to sample. For different system and isolator properties, fragility
curves of both the reinforced concrete pier and FP devices supporting the deck are estimated.
In accordance with the hazard curve of the design site, the seismic reliability curves are derived by means of the convolution integral.
Keywords:6HLVPLFLVRODWLRQ%ULGJH)ULFWLRQSHQGXOXPLVRODWRUV3HUIRUPDQFHEDVHGHQJL
QHHULQJ6HLVPLFUHOLDELOLW\
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1

INTRODUCTION

7KHDLPRIVHLVPLFLVRODWLRQIRUEULGJHVLVWRXQFRXSOHWKHGHFNIURPWKHKRUL]RQWDOFRP
SRQHQWV RI WKH HDUWKTXDNH DFWLRQ DOORZLQJ D VLJQLILFDQW UHGXFWLRQ RI ERWK DFFHOHUDWLRQ DQG
IRUFHVWUDQVPLWWHGIURPWKHGHFNWRWKHSLHUFRPSDUHGWRQRQLVRODWHGEULGJHVDVGHPRQVWUDW
HGLQ>@>@7KLVWRSLFLVYHU\FUXFLDOWRWKHLVVXHRIWKHLQIUDVWUXFWXUHVDIHW\>@>@$PRQJ
WKHSRVVLEOHVHLVPLFUHWURILWWLQJVROXWLRQVVLQJOHFRQFDYHIULFWLRQSHQGXOXPV\VWHP )36 GH
YLFHVKDYHEHHQRIWHQXVHGEHFDXVHWKH\LPSO\DKLJKGLVVLSDWLRQFDSDFLW\DQGGHWHUPLQHDQ
LVRODWLRQSHULRGLQGHSHQGHQWRIWKHLVRODWHGPDVVDVZHOODVIRUWKHLUGXUDELOLW\SURSHUWLHV>@
>@
7KHXVHRIERWKHODVWRPHULFDQG)36EHDULQJVLVVWXGLHGLQ>@ZKHUHWKHHIILFDF\RIXV
LQJVLPSOLILHGPRGHOVLQUHODWLRQWRWKHIOH[LELOLW\RIWKHGHFNDQGRIWKHSLHUVLVHPSKDVL]HG
2SWLPDOYDOXHVIRUWKHIULFWLRQFRHIILFLHQWLQVHLVPLFLVRODWHGEULGJHVDUHSURSRVHGLQ>@DV
IXQFWLRQ RI WKH VWUXFWXUDO SURSHUWLHV DQG RI WKH VRLO FRQGLWLRQ )XUWKHUPRUH D WKUHH
GLPHQVLRQDOPXOWLVSDQFRQWLQXRXVVWHHOJLUGHUEULGJHLVRODWHGE\)36LVRODWRUVLVVWXGLHGLQ
>@ZKHUHWKHHIIHFWRIPRGHOLQJSDUDPHWHUVDQGWKHLQIOXHQFHRIWKHGHVLJQSDUDPHWHUVRQ
WKHUHVSRQVHLVLQYHVWLJDWHG
6HLVPLFUHOLDELOLW\EDVHGGHVLJQ 65%' DSSURDFKKDVEHHQSURSRVHGLQ >@>@LQWKH
FRQWH[W RI LQYHVWLJDWLQJ QHZ GHVLJQ VROXWLRQV IRU WKHVH VHLVPLF GHYLFHV LQ UHODWLRQ WR WKHLU
PDLQXQFHUWDLQWLHV,Q>@LWLVSUHVHQWHGDSUREDELOLW\EDVHGUHOLDELOLW\DVVHVVPHQWPHWKRGWR
FRQVLGHUWKHYDULDWLRQVRIWKHVHLVPLFLVRODWLRQSURSHUWLHVXQGHUGLIIHUHQWFRQGLWLRQVUHIHUULQJ
WRDEDVHLVRODWHGWZRVSDQUHLQIRUFHGFRQFUHWH 5& EULGJH6HLVPLFUHOLDELOLW\DQDO\VLVRID
PXOWLVSDQ EULGJH SLHU GHYHORSHG WKURXJK WKH UHVSRQVH VXUIDFH PHWKRGEDVHG PHWDPRGHOLQJ
DSSURDFKLVGHVFULEHG LQ>@ 'LIIHUHQWPHWKRGRORJLHVWRGHDOZLWKVHLVPLF IUDJLOLW\DVVHVV
PHQWRIKLJKZD\EULGJHVLVSUHVHQWHGLQ>@7KHUHVHDUFKE\>@UHJDUGVWKHHIILFLHQF\RI
QXPHURXV VHLVPLF LQWHQVLW\PHDVXUHVWR HVWLPDWHWKH UHVSRQVH RIVHLVPLFLVRODWHGEULGJHVLQ
UHODWLRQ WR RUGLQDU\ DQG SXOVHOLNH JURXQG PRWLRQV /LIHF\FOH UHOLDELOLW\ DQDO\VHV RI 5&
EULGJHVDUHSUHVHQWHGLQ>@,Q>@WKHVHLVPLFGHVLJQRI5&EULGJHVWUXFWXUHVLQUHODWLRQWR
ERWK GXFWLOH DQG EULWWOH UHVLVWLQJ PHFKDQLVPV LV HYDOXDWHG E\ SURSRVLQJ D UHOLDELOLW\EDVHG
DQDO\VLVZLWKSDUWLDOIDFWRUV
7KHSUHVHQWVWXG\UHJDUGVWKHVHLVPLFUHOLDELOLW\RIPXOWLVSDQFRQWLQXRXVGHFNEULGJHVLVR
ODWHG ZLWK )36 GHYLFHV WKURXJK WKH DQDO\VLV RI IUDJLOLW\ FXUYHV UHODWHG WR D ZLGH UDQJH RI
EULGJH SURSHUWLHV DV ZHOO DV GLIIHUHQW VHLVPLF LQWHQVLW\ OHYHOV )LYHGHJUHHRIIUHHGRP GRI 
PRGHOVKDYHEHHQDGRSWHGDFFRXQWLQJIRUILYHYLEUDWLRQDOPRGHVUHSUHVHQWDWLYHRIWKHHODVWLF
5&SLHUEHKDYLRXUDQGDQRWKHUGRILVDGGHGWRDQDO\]HWKHUHVSRQVHRIWKHLQILQLWHO\ULJLG5&
GHFNLVRODWHGE\WKH)36GHYLFHV7KHSLHUDEXWPHQWGHFNLQWHUDFWLRQLVWDNHQLQWRDFFRXQWE\
PRGHOOLQJ WKH 5& DEXWPHQW DV D ULJLG VXSSRUW >@>@>@ 7R PRGHO WKH EHKDYLRXU RI WKH
)36GHYLFHWKHK\SRWKHVLVRIWKHIULFWLRQFRHIILFLHQWYDU\LQJZLWKWKHYHORFLW\LVDGRSWHGDV
SURSRVHGE\>@7KHIULFWLRQFRHIILFLHQWKDVEHHQGHVFULEHGE\PHDQVRIDQDSSURSULDWHQRU
PDOSUREDELOLW\GHQVLW\IXQFWLRQ 3') DQGWKH/DWLQK\SHUFXEH6DPSOLQJ0HWKRG /+6 >@
LVHPSOR\HGDVWKHUDQGRPVDPSOLQJWHFKQLTXHWRGHILQHWKHVHWRIWKHLQSXWGDWD,QDGGLWLRQ
VHLVPLF XQFHUWDLQW\ LV DFFRXQWHG E\ FRQVLGHULQJ  QDWXUDO VHLVPLF UHFRUGV ZLWK GLIIHUHQW
FKDUDFWHULVWLFVVFDOHGWRGLIIHUHQWLQFUHDVLQJLQWHQVLW\OHYHOVLQOLQHZLWKWKHVHLVPLFKD]DUGRI
WKHUHIHUHQFHVLWH LH/¶$TXLOD ,WDO\ 7KHUHODWLRQEHWZHHQVHLVPLFGHPDQGDQGWKHFDSDFL
W\RIWKHLVRODWHGEULGJHLVDQDO\]HGWKURXJKLQFUHPHQWDOG\QDPLFDQDO\VHV ,'$V >@7KXV
WKH UHVSRQVH VWDWLVWLFV UHODWHG WR ERWK WKH VXSHUVWUXFWXUH LH GHFN  DQG WKH SLHU KDYH EHHQ
HYDOXDWHG)RUWKHIRUPHULQWHUPVRISHDNGHFNGLVSODFHPHQW ZLWKUHVSHFWWRWKHSLHU DQGIRU
WKH ODWWHU LQ WHUPV RI SHDN SLHU GLVSODFHPHQW ZLWK UHVSHFW WR WKH JURXQG  )XUWKHUPRUH WKH
UHVXOWVUHJDUGLQJWKHUHVSRQVHVWDWLVWLFVKDYHEHHQXVHGWRHYDOXDWHWKHVHLVPLFIUDJLOLW\FXUYHV
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RIERWKWKHULJLGGHFNDQGWKH5&SLHUDVVXPLQJDSSURSULDWHYDOXHVRIWKHFRUUHVSRQGLQJOLPLW
VWDWHWKUHVKROGV7KHDERYHPHQWLRQHGDQDO\VHV LHIUDJLOLW\FXUYHV KDYHEHHQXVHIXOWRDV
VHVVWKHVHLVPLFUHOLDELOLW\RIEULGJHVLVRODWHGZLWK)36EHDULQJVDFFRUGLQJWRWKH3((5OLNH
PRGXODUDSSURDFK>@DVVXPLQJWKHKD]DUGFXUYHVRIWKHVLWHDQGDVSHFLILFGHVLJQOLIH
2

EQUATIONS OF MOTION

7KH VWUXFWXUDO V\VWHP RI DQ LVRODWHG PXOWLVSDQ FRQWLQXRXV GHFN EULGJH LV PRGHOOHG DF
FRUGLQJ WR >@>@>@ DV WKH VXP RI GRI FRUUHVSRQGLQJ WR WKH OXPSHG PDVVHV RI WKH 5&
SLHU DQG GRI UHODWHG WR WKH ULJLG 5& GHFN PDVV 7KH 5& DEXWPHQW LV PRGHOHG DV ULJLG DQG
IL[HG
7KHHTXDWLRQVRIPRWLRQRIWKHUHVSRQVHRIDQLVRODWHGEULGJHRQ)36GHYLFHV VXEMHFWHGWR
WKHVHLVPLFLQSXWDORQJWKHORQJLWXGLQDOGLUHFWLRQ u g t DUH
md ud t + md u p  t  md u p  t  md u p  t  md u p  t  md u p t  cd ud t + f b t  f a t = md u g t
m p u p  t  m p u p  t  m p u p  t  m p u p  t  m p u p t  cd ud t  c p u p  t  k p u p  t  f b t = m p u g t
m p u p  t  m p u p  t  m p u p  t  m p u p t  c p u p  t  k p u p  t  c p u p  t  k p u p  t = m p u g t

  

m p u p  t  m p u p  t  m p u p t  c p u p  t  k p u p  t  c p u p  t  k p u p  t = m p u g t
m p u p  t  m p u p t  c p u p  t  k p u p  t  c p u p  t  k p u p  t = m p u g t
m pu p t  c p
p u p  t  k p u p  t  c pu p t  k pu p t = m pu g t

ZKHUH u d UHSUHVHQWVWKHKRUL]RQWDOGLVSODFHPHQWRIWKHGHFNUHODWLYHWRWKHSLHU u p i WKHGLV
SODFHPHQWRIWKHiWK i   SLHUPDVVUHODWLYHWRWKHiWKGRI md DQG m pi DUHUHVSHFWLYH
O\ WKH PDVV RI WKH GHFN DQG RI WKH iWK i    OXPSHG PDVV RI WKH SLHU cd LV WKH YLVFRXV
GDPSLQJFRQVWDQWRIWKHLVRODWHGGHFN k pi DQG c pi UHVSHFWLYHO\WKHSLHUVWLIIQHVVDQGLQKHUHQW
YLVFRXV GDPSLQJ FRQVWDQW RI WKH iWK i    GRI RI WKH SLHU t WKH WLPH LQVWDQW f a t DQG

f p t DUH WKH UHDFWLRQV RI WKH )3 EHDULQJV UHVSHFWLYHO\ RQ WKH DEXWPHQW DQG RQ WKH SLHU
HTXDOWR
fa t
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ZKHUH g LVWKHJUDYLW\FRQVWDQWRLVWKHUDGLXVRIFXUYDWXUHRIWKHWZR)36LVRODWRUVDVVXPHG
HTXDO P u t UHSUHVHQWVWKHVOLGLQJIULFWLRQFRHIILFLHQWRIWKHLVRODWRURQWKHDEXWPHQW VXE
VFULSWa
S RURIWKHLVRODWRURQWKHSLHU VXEVFULSWp ZKLFKGHSHQGVRQWKHEHDULQJVOLSYHORFLW\
u t  WKDWLVDUHODWLYHYHORFLW\ZLWKUHVSHFWWRWKHJURXQGIRUWKHLVRODWRURQWKHDEXWPHQWRU
WRWKHSLHUWRSIRUWKHLVRODWRURQWKHSLHU DQGsgn Â GHQRWHVWKHVLJQIXQFWLRQ
5HJDUGLQJ(TXDWLRQV    WKHILUVWDGGHQGDUHSUHVHQWWKHHODVWLFEHKDYLRXU kd=mdg/R 
DVVRFLDWHGWRWKHSHQGXOXPPRWLRQZLWKIXQGDPHQWDOYLEUDWLRQSHULRGHTXDOWR Td S R  g 
LH RQO\ IXQFWLRQ RI WKH UDGLXV RI FXUYDWXUH R  DQG WKH VHFRQG LV WKH IULFWLRQDO EHKDYLRXU
UHODWHGWRWKHVOLGLQJIULFWLRQFRHIILFLHQWRIWKHWHIORQVWHHOLQWHUIDFH>@([SHULPHQWDOUHVXOWV
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>@>@VXJJHVWDGRSWLQJWKHIROORZLQJHTXDWLRQWRPRGHOWKHVOLGLQJIULFWLRQFRHIILFLHQWRIWHI
ORQVWHHOLQWHUIDFHV

P u

f PD[  f PD[  f PLQ  H[S D u 







  

ZKHUH f PD[ LV WKH PD[LPXPYDOXHRI IULFWLRQ FRHIILFLHQW DW ODUJH VOLGLQJYHORFLWLHVDQG f PLQ
UHSUHVHQWVWKHYDOXHDW]HURYHORFLW\&RQVLGHULQJWKLVWKHK\SRWKHVLVRIFRQWLQXRXVVOLGLQJLQ
VWUXFWXUHV VXSSRUWHG E\ WHIORQ EHDULQJV LV LQFOXGHG E\ DVVXPLQJ IRU VLPSOLFLW\ D UDWLR
f PD[  f PLQ HTXDO WR  DQG DQ H[SRQHQW D HTXDO WR  EDVHG RQ D UHJUHVVLRQ RI WKH H[SHUL
PHQWDOUHVXOWVRI>@>@
1RWHWKDWFUDFNLQJSKHQRPHQD>@>@RIWKH5&GHFNDUHKHUHLQQHJOHFWHG
3

ALEATORY UNCERTAINTIES AND DETERMINISTIC PARAMETERS

7KHUHOHYDQWXQFHUWDLQWLHVDVVXPHGLQWKHIROORZLQJSDUDPHWULFVWXG\DUHSUHVHQWHGLQWKLV
VHFWLRQ,QSDUWLFXODUWKHVHLVPLFSHUIRUPDQFHRIPXOWLVSDQFRQWLQXRXVGHFNEULGJHVLVRODWHG
ZLWK)3EHDULQJVLVHYDOXDWHGIRUGLIIHUHQWVWUXFWXUDOSURSHUWLHVDVVXPHGDVGHWHUPLQLVWLFSD
UDPHWHUV
3.1

Seismic records

7KHXQFHUWDLQWLHVUHJDUGLQJWKHVHLVPLFLQSXWLQWHQVLW\DUHVHSDUDWHGIURPWKHRQHVUHODWHG
WRWKHFKDUDFWHULVWLFVRIWKHUHFRUG LHUHFRUGWRUHFRUGYDULDELOLW\ DFFRUGLQJWRWKHSHUIRU
PDQFHEDVHGHDUWKTXDNHHQJLQHHULQJ 3%(( DSSURDFK>@>@6SHFLILFDOO\DVFDOHIDFWRU
LHDQLQWHQVLW\PHDVXUH IM)LVFRQVLGHUHGVXFKWKDWWKHUDQGRPQHVVLQWKHVHLVPLFLQWHQVLW\
LVGHVFULEHGE\DKD]DUGFXUYHZKLOHWKHJURXQGPRWLRQUDQGRPQHVVIRUDIL[HGLQWHQVLW\OHYHO
FDQEHUHSUHVHQWHGE\DVHWRIJURXQGPRWLRQVZLWKDGLIIHUHQWGXUDWLRQDQGIUHTXHQF\FRQWHQW
VFDOHGDFFRUGLQJWRIM$VHWRIQDWXUDOJURXQGPRWLRQUHFRUGVDUHFRQVLGHUHGLQWKLVZRUN
VHOHFWHGIURP>@>@LQOLQHZLWK>@3DUWLFXODUO\WKHVHUHFRUGVGHULYHIURPGLIIHUHQW
VHLVPLFHYHQWV7KHODUJHVWVRXUFHWRVLWHGLVWDQFHLVNPWKHPRPHQWPDJQLWXGH 0 YDU
LHVEHWZHHQDQGWKH3*$EHWZHHQJDQGJ7DEOHLOOXVWUDWHVWKHPDLQSURS
HUWLHVRIWKHVHHDUWKTXDNHV




















Year Earthquake Name

Recording Station Name




















%HYHUO\+LOOV0XOKRO
&DQ\RQ&RXQWU\:/&
/$±+ROO\ZRRG6WRU
%ROX
+HFWRU
'HOWD
(O&HQWUR$UUD\
1LVKL$NDVKL
6KLQ2VDND
'X]FH
$UFHOLN
<HUPR)LUH6WDWLRQ
&RROZDWHU
&DSLWROD
*LOUR\$UUD\
$EEDU
(O&HQWUR,PS&R
3RH5RDG WHPS 

1RUWKULGJH
1RUWKULGJH
1RUWKULGJH
'X]FH7XUNH\
+HFWRU0LQH
,PSHULDO9DOOH\
,PSHULDO9DOOH\
.REH-DSDQ
.REH-DSDQ
.RFDHOL7XUNH\
.RFDHOL7XUNH\
/DQGHUV
/DQGHUV
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/RPD3ULHWD
0DQMLO,UDQ
6XSHUVWLWLRQ+LOOV
6XSHUVWLWLRQ+LOOV
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&DSH0HQGRFLQR
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6WULNHVOLS
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1RUPDO
6WULNHVOLS
6WULNHVOLS
6WULNHVOLS








































7DEOH6HOHFWHGJURXQGPRWLRQVIRUWKHWLPHKLVWRU\DQDO\VLV

3.2

Intensity measure in terms of spectral displacement

$FFRUGLQJWR>@>@WKHVHOHFWLRQRIWKHLQWHQVLW\PHDVXUHVKRXOGIROORZWKHFULWHULDRI
HIILFLHQF\VXIILFLHQF\DQGKD]DUGFRPSDWLELOLW\)RUWKHFDVHRIWKLVZRUNWKHIMLVFKRVHQDV
WKH VSHFWUDOGLVSODFHPHQW S D Td  [ d ZKLFK FRUUHVSRQGV WR WKH LVRODWHG SHULRG RI WKH EULGJH
V\VWHP Td S  Zd  DQG IRU WKH GDPSLQJ UDWLR [ d  $V GHPRQVWUDWHG LQ PDQ\ VWXGLHV HJ
>@>@>@QRWRQO\WKHVSHFWUDOGLVSODFHPHQWLVPRUHHIILFLHQWWKDQWKHSHDNJURXQGDF
FHOHUDWLRQEXWDOVRLWVXVHDOORZVWRREWDLQPRUHUHOLDEOHUHVSRQVHHVWLPDWHVIRUDJLYHQQXP
EHURIUHFRUGVDQGWRUHGXFHWKHUHVSRQVHGLVSHUVLRQ>@
,QOLQHZLWKRWKHUVWXGLHV>@WKHGDPSLQJUDWLR [ d LVDVVXPHGHTXDOWR]HUR>@7KHUH
IRUHLQWKHIROORZLQJWKHFRUUHVSRQGLQJIMLVLQGLFDWHGDV S D Td DQGWRFRPSXWHWKH,'$V
LWLVDVVXPHGYDU\LQJIURPPWRP 7DEOH LQFRPSOLDQFHZLWKWKHVHLVPLFKD]DUG
RIWKHUHIHUHQFHVLWH /¶$TXLOD ,WDO\ IURPWKHRSHUDWLRQDOWRFROODSVHOLPLWVWDWHDVSURYLG
HGE\>@
IM
SD(Td)>P@

























7DEOH6HOHFWHGYDOXHVRIWKHLQWHQVLW\PHDVXUH S D Td 

3.3

Random variable of the friction coefficient

$FFRUGLQJ WR WKH H[SHULPHQWDO GDWD RQ VKHHWW\SH WHIORQ EHDULQJV >@>@ IULFWLRQ LV QRW
FRQVWDQWGXULQJVOLGLQJDVVWDWHGLQWKHIULFWLRQ&RXORPEODZEXWLWLVDPXFKPRUHFRPSOH[
SKHQRPHQRQJRYHUQHGE\GLIIHUHQWPHFKDQLVPVVXFKDVWKHVOLGLQJYHORFLW\DSSDUHQWSUHV
VXUHDQGWHPSHUDWXUH0RUHRYHULWKDVDOVREHHQREVHUYHGE\>@WKDWWKHIULFWLRQFRHIILFLHQW
YDULHVLQVSDFH7KDWLVZK\WKHVOLGLQJIULFWLRQFRHIILFLHQWDWODUJHYHORFLW\ f PD[ LVFRQVLGHUHG
DVDUDQGRPYDULDEOHGHVFULEHGE\DWUXQFDWHGQRUPDO3') ZLWKDQDYHUDJHHTXDOWRD
PLQLPXPYDOXHRIDQGDPD[LPXPRIDVDOVRVWXGLHGLQ>@>@>@)XUWKHU
PRUHEHLQJYDOLGWKHUHODWLRQ f PLQ f PD[   WKHYDOXHVRIWKHIULFWLRQFRHIILFLHQWDWWKHORZYH
ORFLWLHV f PLQ KDYHDOVREHHQDVVXPHGDVUDQGRPYDULDEOHV)LQDOO\ D LVFRQVLGHUHGHTXDOWRD
GHWHUPLQLVWLFYDOXHRI>@ (TXDWLRQ  
7RGHDOZLWKWKHDERYHPHQWLRQHGUDQGRPYDULDEOHVWKH/+6PHWKRG>@KDVEHHQXVHGWR
JHQHUDWHWKHLQSXWGDWDVDPSOHVVWDUWLQJIURPWKHLU3')VZLWKDVDPSOHQXPEHURI
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3.4

Deterministic structural properties

$SDUDPHWULFDQDO\VLVKDVEHHQFRQGXFWHGLQWKLVZRUNZKLFKKDVEURXJKWWRDVHWRIGLI
IHUHQWLVRODWHGEULGJHPRGHOV6SHFLILFDOO\LQFRPSOLDQFHZLWK>@>@>@>@WKHSDUDP
HWHUV [ d DQG [ pi [ p DUHDVVXPHGUHVSHFWLYHO\HTXDOWRDQGWKHLVRODWHGGHFNSHULRG
TdLVLQWKHUDQJHEHWZHHQV DQGV WKH 5&SLHU SHULRG T p HTXDOWRVWKHRYHUDOOPDVV
UDWLR O

¦m

pi

 md WKDWLVUHODWHGWRWKHVXPRIWKH iWK PDVVUDWLRV DVVXPHGHTXDO LVLQ

i 

WKHUDQJHEHWZHHQDQG
&RPELQLQJWKHVHGHWHUPLQLVWLFYDOXHVZLWKWKHDERYHVDPSOHGYDOXHVRIWKHIULFWLRQFRHIIL
FLHQWGLIIHUHQWW\SHVRILVRODWHGEULGJHVDUHGHILQHG
4

INCREMENTAL DYNAMIC ANALYSIS RESULTS FOR THE DIFFERENT
STRUCTURAL PROPERTIES

7KH GLIIHUHQWLDO HTXDWLRQV RI PRWLRQ (TXDWLRQ   KDYH EHHQ VROYHG IRU HDFK RI WKH 
EULGJHPRGHOV FRPELQLQJWKHGHWHUPLQLVWLF Td  O DQG T p DQGDOHDWRU\SDUDPHWHUVDQGIRU
WKHGLIIHUHQWJURXQGPRWLRQUHFRUGV 7DEOH VFDOHGWRWKHLQFUHDVLQJYDOXHVRI S D Td 
7DEOH 7KXV,'$V>@DUHSHUIRUPHGLQ0$7/$%6LPXOLQN>@HPSOR\LQJWKH5XQJH
.XWWD)HKOEHUJLQWHJUDWLRQDOJRULWKP)RUHDFKRIWKH GHWHUPLQLVWLFFRPELQDWLRQVDWRWDO
QXPEHURIVLPXODWLRQVKDVEHHQFDUULHGRXWE\SDLULQJHDFKRQHRIWKHVHLVPLFUHFRUGV
ZLWKWKHVDPSOHGIULFWLRQFRHIILFLHQWV7KH,'$VKDYHEHHQREWDLQHGDVVXPLQJWKHIROORZ
LQJHQJLQHHULQJGHPDQGSDUDPHWHUV ('3V WKHGHFNUHVSRQVHZLWKUHVSHFWWRWKHSLHUWRS u d 


¦u

DQGWKHUHVSRQVHRIWKHSLHUWRSZLWKUHVSHFWWRWKHJURXQG u p FRPSXWHGDV u p

pi

)RU

i 

DOO WKH HQJLQHHULQJ GHPDQG SDUDPHWHUV WKH SHDN UHVSRQVHV DUH GHWHUPLQHG ud PD[ DQG
§ 
·
¨ ¦ u pi ¸ )ROORZLQJDQDVVXPSWLRQZLGHO\XVHGLQ3%(( >@HDFK('3RXWSXW
© i  ¹ PD[
KDV EHHQ SUREDELOLVWLFDOO\ >@>@ WUHDWHG E\ PHDQV RI D ORJQRUPDO 3') XVLQJ WKH PD[L
PXPOLNHOLKRRGWHFKQLTXH>@>@WKHVDPSOHORJQRUPDOPHDQ POQ EDP DQGVWDQGDUGGH
u p PD[

th

th

th

YLDWLRQ V OQ EDP DUHFRPSXWHGIRUHDFK('3,QWKHHQGWKH    DQG  SHUFHQWLOHV
RIHDFKORJQRUPDO3')FDQEHHDVLO\HYDOXDWHG>@
7KH IROORZLQJ ILJXUHV VKRZ WKH ,'$ FXUYHV IRU WKH SHDN GHFN GLVSODFHPHQW DW WKH SLHU
ud PD[  )LJXUH DQGIRUWKHSHDNSLHUGLVSODFHPHQW u p PD[  )LJXUH ,QSDUWLFXODUWKH('3V
YDOXHVDUHSORWWHGZLWKUHVSHFWWRWKHIMDQGHDFKFXUYHFRUUHVSRQGVWRGLIIHUHQWSHUFHQWLOHV
DQG O YDOXHV
7KHGHFNUHVSRQVH )LJXUH WHQGVWRGHFUHDVHIRUORZHUYDOXHVRI O )RUWKHVHLVPLFGH
YLFHWKHORJQRUPDOPHDQRIWKHLVRODWLRQV\VWHPUHVSRQVHLQFUHDVHVZLWKORZHUYDOXHVRI Td 
EHFDXVHWKHORZHUWKHSHULRGWKHODUJHUWKHUHVSRQVHGXHWRUHVRQDQFHSKHQRPHQDRFFXUULQJ
EHWZHHQGHFNDQGSLHU
5HJDUGLQJWKH ,'$FXUYHVUHODWHGWRWKH SLHUUHVSRQVH )LJXUH  WKH VWUXFWXUDO UHVSRQVH
JHQHUDOO\GHFUHDVHVZLWKLQFUHDVLQJ Td GXHWRWKHHIIHFWLYHQHVVRIWKHLVRODWLRQWHFKQLTXH7KH
LQIOXHQFHRI O GHFUHDVHVDVTdLQFUHDVHVZKLOHWKHRSSRVLWHWUHQGUHJDUGVWKHGLVSHUVLRQ
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SEISMIC FRAGILITY ASSESSMENT
7KH VHLVPLF IUDJLOLW\ FXUYHV UHSUHVHQW WKH SUREDELOLWLHV Pf RI H[FHHGLQJ GLIIHUHQW OLPLW

VWDWHV LSs  FRQGLWLRQHG WR HDFK OHYHO RI WKH IM 7KLV LPSOLHV WKH QHHG RI GHILQLQJ WKH LS
WKUHVKROGUHODWHGWRWKHLVRODWLRQV\VWHP,QSDUWLFXODUQLQHGLIIHUHQWYDOXHVRIWKHLQSODQUD
GLXVIRUWKHVLQJOHFRQFDYHVXUIDFHKDYHEHHQDVVXPHG>@KHUHLQVXPPHGLQ7DEOH
r>P@
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7DEOH/LPLW6WDWHWKUHVKROGVIRUWKHSLHU>@

5HJDUGLQJWKH5&SLHUIRXUGLVFUHWHSHUIRUPDQFHOHYHOVRULSs LS1LS2LS3DQGLS4 
FRUUHVSRQGLQJ UHVSHFWLYHO\ WR ³IXOO\ RSHUDWLRQDO´ ³RSHUDWLRQDO´ ³OLIH VDIHW\´ DQG ³FROODSVH
SUHYHQWLRQ´DUHVXJJHVWHGE\9LVLRQ>@$FFRUGLQJWRWKHGLVSODFHPHQWEDVHGVHLVPLF
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GHVLJQWKHSLHUGULIWLQGH[ PDI FRQVLGHUHGDVWKHPHDVXUDEOHVWUXFWXUDOUHVSRQVHSDUDPHWHU
LVDGRSWHGWRGHILQHWKHVSHFLILFLSWKUHVKROGUHODWHGWRDQDFFHSWDEOHSUREDELOLW\RIH[FHHGLQJ
WKDWLS>@>@RUIDLOXUHSUREDELOLW\LQWKHGHVLJQUHIHUHQFHOLIHRIDVWUXFWXUDOV\VWHP,Q
SDUWLFXODUWKH SHUIRUPDQFH LSs IRU LVRODWHG EULGJHV
LQ WHUPV RI PDI IB LV GHILQHG DV  RI

WKH PDI OLPLW YDOXH RI D FRPSDUDEOH QRQLVRODWHG
 EULGJH LQ DJUHHPHQW ZLWK )(0$ SURYL
VLRQV>@,QWKHIROORZLQJ 7DEOH WKHLSWKUHVKROGVDUHSUHVHQWHGWRJHWKHUZLWKWKHIDLO
XUHSUREDELOLWLHVWRUHVSHFWLQ\HDUV>@>@
)URPWKHIXQGDPHQWDOSHULRGRIWKH5&SLHUTpLWLVILQDOO\SRVVLEOHWRFRPSXWHLWVKHLJKW
>@QHHGHGWRDVVHVVWKHVHLVPLFIUDJLOLW\RIWKHEULGJHDVIROORZV
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m p h
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ZKHUH m p LVWKHPDVVSHUXQLWOHQJWKRIWKHSLHUhLVLWVKHLJKWDQG EI WKHIOH[XUDOULJLGLW\
KDYLQJDVVXPHGDFLUFXODUFURVVVHFWLRQ
5.1

Seismic fragility curves

7KHSUREDELOLWLHVPfH[FHHGLQJWKHLSWKUHVKROGVKDYHEHHQQXPHULFDOO\FRPSXWHG7KHQ
ORJQRUPDOFRPSOHPHQWDU\FXPXODWLYHGLVWULEXWLRQIXQFWLRQV &&')V UHSUHVHQWLQJWKHVHLV
PLFIUDJLOLW\FXUYHVKDYHEHHQILWWHGZLWK5VTXDUHYDOXHVKLJKHUWKDQ>@>@
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YDULDELOLW\LVSUHVHQWVKRZLQJDORZHUIUDJLOLW\ZKHQ O LQFUHDVHV
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SEISMIC RELIABILITY OF ISOLATED BRIDGES WITH SINGLE CONCAVE
FPS DEVICES

$GRSWLQJWKH3RLVVRQPRGHOWKHVHLVPLFUHOLDELOLW\LQ\HDUVFDQEHFRPSXWHGE\LQWH
JUDWLQJWKHVHLVPLFIUDJLOLW\FXUYHVZLWKWKHVHLVPLFKD]DUGFXUYHVHYDOXDWHGIRUWKHVDPHIM
DQGUHODWHGWRWKHVSHFLILFVLWH /¶$TXLOD ,WDO\ 7KLVDOORZVWRREWDLQWKHVHLVPLFUHOLDELOLW\
RIWKHLVRODWHGPXOWLVSDQFRQWLQXRXVGHFNEULGJHVHTXLSSHGZLWKVLQJOHFRQFDYH)36EHDU
LQJV 
6.1

Site seismic hazard

7KHVHLVPLF KD]DUGFXUYHV )LJXUH UHODWHG WR WKH VLWHXQGHU DQDO\VLV /¶$TXLOD ,WDO\ 
DUH KHUHLQ SUHVHQWHG LQ WHUPV RI SD(Td) DV IXQFWLRQ RI WKH IXQGDPHQWDO SHULRGV (DFK FXUYH
th
UHIHUVWRWKHDYHUDJHYDOXHV  SHUFHQWLOH RIWKHDQQXDOUDWH O s H[FHHGLQJWKHIM SD(Td)
,WLVHDV\WRREVHUYHWKDWWKHVHLVPLFKD]DUGLQFUHDVHVZLWKWKHLQFUHDVHRIWKHLVRODWHGSHULRG





Td=1s



λs [years-1]



Td=4s









 







S (T ) [m]




D

d










)LJXUH6HLVPLFKD]DUGFXUYHVLQWHUPVRISD(Td)IRUWKHVWUXFWXUDOSHULRGV
Td UHODWHGWR/¶$TXLODVLWH
6.2

Seismic reliability curves

,QWKHIROORZLQJWKHVHLVPLFUHOLDELOLW\FXUYHVIRUWKH SLHU )LJXUH DUHUHSRUWHGIRUWKH
GLIIHUHQWWKUHVKROGVRILSDVVHHQLQWKHDERYH7DEOH7KHOLPLWVWDWHVLS1DQGLS2DUHDO
ZD\VUHVSHFWHGGHPRQVWUDWLQJWKHHIIHFWLYHQHVVRIWKHVHLVPLFLVRODWLRQWHFKQLTXH
,Q DGGLWLRQ WKH ³OLIH VDIHW\´ LS3 LV QRW DOZD\V UHVSHFWHG EHFDXVH RI WKH YHU\ VWULQJHQW
HTXDOWR RIWKH VWDQGDUGRQHV  OLPLWVWDWHVIRUWKH SLHU 0RUHRYHUWKH PRVWIOH[LEOH 5&
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SLHUVZLWKPHGLXPKLJKTpYDOXHVH[FHHGWKLVLSDOVRGXHWRWKHDOHDWRU\XQFHUWDLQW\RIWKH
VOLGLQJIULFWLRQFRHIILFLHQW2QWKHRWKHUKDQGDQLQFUHDVHLQWKHYLEUDWLRQSHULRGRIWKH)36
GHYLFHVOHDGVWRDQLQFUHDVHLQVHLVPLFGHPDQGWRWKHSLHUDOVRGXHWRWKHKLJKVHLVPLFKD]DUG
RIWKHVLWH/RZHULVWKHLQIOXHQFHRIWKHPDVVUDWLR
7KHVHLVPLFUHOLDELOLW\FXUYHVUHODWHGWRIRUWKHLVRODWLRQV\VWHPZLWKUHVSHFWHGWRWKHSLHU
)LJXUH   7KHVH UHOLDELOLW\ FXUYHV DUH DOPRVW OLQHDU DQG UHYHDO WKDW WKH LVRODWLRQ V\VWHP LV
VHLVPLFDOO\OHVVUHOLDEOHDVLWVIXQGDPHQWDOSHULRGTdLQFUHDVHVVLQFHKLJKHUDQGKLJKHUIDLO
XUH SUREDELOLWLHV FRUUHVSRQG WR WKH VDPH LS GXH WR WKH KLJK VHLVPLF KD]DUG RI WKH VLWH 7KH
RWKHUVWUXFWXUDOSDUDPHWHUVKDYHDUHGXFHGLQIOXHQFH
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CONCLUSIONS

7KLVZRUNUHJDUGVWKHHYDOXDWLRQRIWKHVHLVPLFUHOLDELOLW\RI PXOWLVSDQFRQWLQXRXVGHFN
EULGJHVLVRODWHGZLWKVLQJOHFRQFDYHIULFWLRQSHQGXOXP )36 DFFRXQWLQJIRUDODUJHUDQJHRI
LVRODWRU DQG EULGJH SURSHUWLHV LH WKH LVRODWLQJ V\VWHP SHULRG WKH YLEUDWLRQ SHULRG RI WKH
HODVWLF 5& SLHU DQG WKH PDVV UDWLR WKDW LV WKH UDWLR EHWZHHQ WKH PDVVHV RI WKH SLHU DQG WKH
GHFN  $ GRI PRGHO LV DGRSWHG FRQVLGHULQJ WKH 5& SLHU IOH[LELOLW\ DQG ERWK WKH 5& DEXW
PHQW DQG 5& GHFN LQILQLWHO\ ULJLG RQ WKH GHYLFHV 7KH )3 LVRODWRU LV GHVFULEHG E\ D ZLGH
VSUHDG PRGHO DVVXPLQJ WKDW WKH IULFWLRQ FRHIILFLHQW YDULHV ZLWK WKH YHORFLW\ 7KH UHFRUGWR
UHFRUG LV FRQVLGHUHG E\ GHILQLQJ D VHW RI  JURXQG PRWLRQV E\ VFDOLQJ WKHP WR LQFUHDVLQJ
VHLVPLFLQWHQVLW\OHYHOV7KHIUDJLOLW\FXUYHVUHIHUUHGERWKWRWKHLVRODWLRQV\VWHPDQGWKH5&
VXEVWUXFWXUHSLHU KDYH EHHQ FRPSXWHG IRU HDFK OLPLW VWDWH ZLWKLQ WKH SDUDPHWULF DQDO\VLV
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7KHQWKHIDLOXUHSUREDELOLWLHVDUHHYDOXDWHGFRQVLGHULQJWKHVHLVPLFKD]DUGFXUYHVRIWKHVLWH
/¶$TXLOD ,WDO\  LQ D WLPH LQWHUYDO RI  \HDUV 7KLV KDV UHVXOWHG LQ WKH VHLVPLF UHOLDELOLW\
FXUYHV
7KH VHLVPLF IUDJLOLW\ RI WKH VHLVPLF GHYLFH GHFUHDVHV IRU ORZHU YDOXHV RI WKH SLHU SHULRG
DQGIRULQFUHDVLQJYDOXHVRIWKHLVRODWHGSHULRGZKLOHWKHPDVVUDWLRKDVDUHGXFHGLQIOXHQFH
)RUWKHSLHUWKHIUDJLOLW\GHFUHDVHVIRUORZSLHUSHULRGVIRULQFUHDVLQJYDOXHVRIWKHPDVVUD
WLRDQGIRUPHGLXPKLJKLVRODWHGSHULRGV
7KH VHLVPLF UHOLDELOLW\ FXUYHV KDYH VKRZQ WKDW LW GHFUHDVHV IRU ERWK KLJKHU SLHU SHULRGV
DQG KLJKHULVRODWHG SHULRGV GXH WR WKH DOHDWRU\ XQFHUWDLQW\RIWKH VOLGLQJ IULFWLRQ FRHIILFLHQW
DQGWRWKHKLJKVHLVPLFKD]DUGRIWKHVLWHIRUWKHGHFNLWGHFUHDVHVZLWKWKHLQFUHDVHRIWKH
FXUYDWXUHUDGLXVRIWKHLVRODWRU)RUWKHSLHUWKHIXOO\RSHUDWLRQDODQGRSHUDWLRQDOOLPLWVWDWHV
DUHDOZD\VUHVSHFWHGGHPRQVWUDWLQJWKHHIIHFWLYHQHVVRIWKHVHLVPLFLVRODWLRQWHFKQLTXH
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Abstract. This study aims at selecting the best suited Intensity Measures (IMs) in the case of
earthquake-induced building pounding to plot fragility functions of civil engineering structures.
IMs are indicators representative of the seism ”intensity” (e.g. the magnitude, the Peak Ground
Acceleration (PGA)) that are intended to be correlated with Engineering Demand Parameters
(EDPs) of interest (e.g., interstory drift, shear force). Desirable properties of IMs are efﬁciency
(i.e., the predictability of the EDP for a given IM), and sufﬁciency (i.e., the independence of
the prediction regarding Ground Motions Parameters (GMPs)) on magnitude and source-tosite distance). The study is achieved by means of 1677 Ground Motions (GMs) computed on
two Single Degrees Of Freedom (SDOFs) whose modal characteristics are ﬁtted with real-size
structures. The numerical treatment of the contact is achieved with the Non-Smooth Contact
Dynamics (NSCD) method which showed very good capabilities of reproducing the expected
occurrence and number of impacts. Once one or several IMs are considered both efﬁcient
and sufﬁcient enough, a future work will compute fragility and risk curves of these adjacent
pounding SDOF with various separation distances.
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1

INTRODUCTION

Earthquake-induced building pounding occurs typically in densed urban areas where low to
mid-height buildings are more likely to be adjacent. Field reports, experimental campaigns,
and numerical analysis, have shown and demonstrated the potential negative effects of impact
between structures, ranging from minor architectural damages [1, 2], to signiﬁcant increases in
interstory drifts [3, 4] and ductility demand [5, 6], to, in rare occasions, collapse [7]. Figures 1a
and 1b illustrate respectively the aftermaths of building pounding in Mexico and Turkey.

(a) Mid-story ﬂoor collapse of Hotel de Carlo
in Mexico City (Mw 8.1 earthquake) [8]

(b) Pounding damage (Mw 7.4, Izmit earthquake, Turkey, 1999) [9]

Figure 1: Building pounding damage during earthquakes
Building codes such as Eurocode 8 [10] give recommendations on separation distance between adjacent buildings, but they are either too conservative leading to unused land space, or
contact occurs due to both large ground motions and buildings uncertainties. Considering the
increasing world urban densiﬁcation, it is acceptable to say that building pounding will continue
happening.
Predicting the effects of such phenomenon in engineering design is of importance, especially
throughout the lifetime of a given building in a precise geographical and urbanized environment.
The purpose of the PBEE (Performance-Based Earthquake Engineering) framework [11] is to
assess numerically the IMs correlations with some EDPs of interest. Most often, the IMs chosen
are hazard curves of pseudo-acceleration at the structure fundamental period [12]. Probabilities
and return periods of critical events are then computed from the statistical data from the studied
region. To a further length, damage measures (service state, close to collapse, necessary repairs,...) and decision variables (cost, life,...) can be successively evaluated. Such information
is of importance during new phases of life of a project (e.g. building design, renovation and
expansion) to help decision-makers. To do so, IMs and EDPs are to be correlated for the chief
executives to trust the predictions. A trusted IM should then properly reproduce with a reduced
variability the EDP value and be conditionally independent on GMPs such as source-to-site
distance and magnitude. An efﬁcient and sufﬁcient IM also requires reliable attenuation relationships, or Ground Motion Prediction Equations (GMPEs) to produce trustworthy risk curves.
IMs efﬁciency and sufﬁciency properties through earthquake and impact are investigated in this
paper.
Today, fast (in terms of computational time), robust and ergonomic numerical tools are required in order to run these probabilistic seismic risk analysis. The contact formulation needs
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appropriate treatment; classical penalty approaches might give scattered results due to the sensitivity of its parameters [13]. This study uses an alternative way by the use of the Non-Smooth
Contact Dynamics (NSCD) method [14, 15]. First, its capabilities are introduced with an idealized test-case. Secondly, a comparison between the experimental and numerical displacements
of colliding structures on a shaking table (scale 1:1, EMSI laboratory at CEA Saclay in the
frame of national project ANR SINAPS [4, 16]) allows validating the efﬁciency and robustness
of the NSCD method and its use in the efﬁciency-sufﬁciency analysis. To the knowledge of the
authors, no NSCD-based risk analysis has been carried out in the literature.
2

CAPABILITIES OF THE NSCD METHOD

The works by Moreau [17], Jean [14], and Acary [15, 18] have proven the energy conservation, the accuracy, and the application of the NSCD method in ﬁnite elements methods. It
uses a Moreau-Jean integration scheme associated with a Newton impact law. It allows to apply
an instantaneous change in velocities of the nodes in contact. This method has the advantage
to depend only on the sole coefﬁcient of restitution e taken between 0 and 1; it represents the
system energy dissipation upon contact.
2.1

Test case : two impacting structures with no energy loss

To illustrate NSCD capabilities, a test case involving impact is presented. Two similar SDOFs named Structure 1 and Structure 2 with fundamental periods T1 and T2 both equal to 1s
are set adjacent to one another with a null separation distance. They are both subjected to an
initial velocity V1 and V2 of 1m/s shoving them away in opposite senses before going backwards and impact. Figure 2 presents the set-up. No damping is considered, and the coefﬁcient
of restitution equals 1. This way, structures are meant to collide perpetually every 0.5s.

Figure 2: Structures 1 and 2 at initial state for test case

Figure 3 presents the displacements (upper ﬁgure) and velocities (lower ﬁgure) of the system.
The kinematics behaves exactly as expected with a instantaneous change in velocities upon
contact, no damping is observed, and collisions are indeﬁnitely perpetuated.
2.2

Scale 1:1 reinforced concrete impacting slabs

Ph.D work of Crozet [16] involved the study of scale 1:1 structures colliding both in free
motion or subjected to a seismic solicitation. Two instrumented reinforced concrete slabs of 4.6
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Figure 3: Impacting structures : test case with no damping

tons and 3.5 tons were mounted respectively on four 2.5m high steel HE100AA and HE140AA
columns and set a few centimeters next to each other on a shaking table. Additional elements
can be added to these single-story structures to make them two-story high, as shown by Figures
4a and 4b. Nevertheless, it is not the case of the present work where only the single-story set-up
is considered because behaving like SDOFs. Structures are named 1 and 2, behave in linear
elastic fashion, and have respectively their fundamental period equal to 0.28s (heavier, more
ﬂexible) and 0.15s (lighter, stiffer).

(a)

(b)

Figure 4: Structure 1 and Structure 2 set on the shaking table [16, 4]
Figure 5 presents the comparison of the experimental outcomes with the numerical model.
The coefﬁcient of restitution e equals 0.6. The comparison shows excellent agreement between
the expected and numerical displacements, both in terms of kinematics, and time occurrence of
impacts. Only one impact is not reproduced at 9.5s. Even if structures visually seem to collide
more, especially between 11s and 14s, the accelerometers set up on the slabs did not detect
more contacts.
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Figure 5: Cadarache 0.25g : Numerical versus Experimental comparison

Additional kinematic and spectral analysis produced very good results that conﬁrmed e =
0.6 is a value of interest in the frame of parallel colliding reinforced concrete slabs, but are not
presented in the current work. To reduce the computation cost, the efﬁciency and sufﬁciency
analysis are run with the structures modelled as SDOFs calibrated on the experimental data.
3

IMs EFFICIENCY AND SUFFICIENCY PROPERTIES

This section presents successively the list of IMs that are studied, the GM database, the
coefﬁcients used to assess the efﬁcient and sufﬁcient properties, and a discussion on the various
gaps studied. Henceforth, the EDP chosen to deduce IM properties is the interstory drift δ.
3.1

List of IMs

Six IMs are investigated, the pseudo-acceleration at the fundamental period Tf of the structure Sa (Tf ), the P GA, the Arias Intensity (AI), the Cumulative Absolute Velocity (CAV )
and Standard CAV (SCAV ), and the averaged pseudo-acceleration Savg (Tf ). Considering that
earthquake-induced building pounding necessarily involves two buildings, Sa (Tf ) and Savg (Tf )
are studied for Tf equal both to T1 and T2 , the respective fundamental periods of the Structure
1 and 2. Table 1 lists the six IMs studied throughout this work.
3.2

Ground Motion set: Siber-Risk database

The 1677 GM extracted from the Siber-Risk database [19] comply with the properties presented by Table 2. This selection is consistent with the geographic location of the Valparaiso
city in Chile. Interface types earthquakes (rupture zone located above 60km under the earth
surface) are the most frequent, and the shear velocity in 30 meters below the ground surface
Vs30 is a class C type soil (very dense). Only ground motions of magnitude greater than ﬁve
are selected, the authors considering that no signiﬁcant damages are produced with smaller
magnitudes.
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IM

Formulation

Notes

Sa (Tf )

pseudo-spectral acceleration at Tf

Tf : fundamental period

P GA

max(|a(t)|)

a(t) : acceleration time history

AI

π
2g

tf
0

tf
0

CAV

g = 9.81 m/s²
tf : seism time duration

a(t)2 dt

|a(t)|dt

tf : seism time duration

SCAV

SCAV = CAVi +

Savg (Tf )

(

)N
i=1

ti
ti−1

a(t) : acceleration in one-second interval
where at least one value is greater than 0.025g
i = 1,...,Nr with Nr the record length in seconds
Tf : fundamental period
Scalars ci : c1 = 0.5 ≤ ... ≤ 1 ≤ ... ≤ cN = 2
N : length of [c1 Tf , ..., Tf , ..., cN Tf ]

|a(t)|dt

Sa (ci Tf ))1/N

Table 1: List of IMs studied
GMP
Min. Value Max. Value
Magnitude
5
8.8
Vs30
360
800
Type
Interface
Table 2: GM selection for the Valparaiso region (Chile)
3.3

Efﬁciency

The efﬁciency of an IM regarding a peculiar EDP is assessed with both the Coefﬁcient Of
Variation (COV ) and the regression coefﬁcient (R2 ). The ﬁrst represents the variability around
the mean value of the distribution (i.e. Eq.(1) where σ is the standard deviation, and μ the mean
value of the distribution). Unlike σ, COV has no dimension which is useful when comparing
the efﬁciency property between EDPs of different natures.
COV =

σ
μ

(1)

R2 represents how much the logarithmic EDP-IM correlation is linear, and is calculated directly
from a software. A R2 = 1 value indicates a perfect linear relationship. Henceforth, an IM is
arbitrary considered ”efﬁcient enough” if COV ≤ 0.10 and R2 ≥ 0.90.
3.4

Sufﬁciency

The sufﬁciency of IMs is commonly calculated regarding the source-to-site distance (i.e.,
herein, the distance to the rupture fault) and the magnitude of the GM. The results of the present
study are independent of the soil conditions (see Vs30 range in Table 2) and the earthquakes
nature (Interface type) accordingly to the selected dataset. Non-exhaustively, the fault rupture
mechanism, the directivity of the earthquakes, and the  coefﬁcient [12] representing the ran-
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domness of the GM are not considered in this study.
Two ways of assessing the sufﬁciency to magnitude and distance are studied. The p-value
”p” (statistical F-test) delivers a binary assessment of the IM, considering it either sufﬁcient if
p ≥ 0.05 or not sufﬁcient if p ≤ 0.05. This parameter has been notably used by Luco and
Cornell [20], and Eads and Miranda [21, 22] in the civil engineering ﬁeld. This parameter is
calculated through a calculation software. The second sufﬁciency coefﬁcient is the Spearman
rank coefﬁcient ρ presented by Eq.(2).


2
6 N
i=1 D
ρ=1−
N (N 2 − 1)

(2)

With D the differences between the ranks of the N dataset values. ρ measures how much
the data ﬁts with a monotonic relationship. ρ is between -1 and 1, representing respectively a
perfect negative linear dependency, and a perfect positive linear dependency. A |ρ| close to zero
denotes the IM is independent from the GMP.
Unlike the p-test, the Spearman coefﬁcient does not produce a binary evaluation of the sufﬁciency, but it allows a relative comparison of this property, enabling a classiﬁcation of IMs.
To the knowledge of the authors, no risk analysis of building pounding has been carried out
with both p-value and Spearman coefﬁcients. p(M ), p(D), ρ(M ), and ρ(D) are respectively
the p-value and Spearman coefﬁcients calculated for magnitude and distance for a given couple
of EDP and IM. Henceforth, an IM is considered sufﬁcient if p(M ) and p(D) are, by deﬁnition, greater than 0.05 and if |ρ(M )| and |ρ(D)| are arbitrary less than 0.10 (De Biasio [23]
considered the IM sufﬁcient if |ρ| ≤ 0.20).
4

RESULTS

One important issue of the building pounding study is the gap separation. Each gap separation chosen consists in itself in a whole single system. For instance, if 11 gaps are studied, then
the outcomes to analyse are multiplied by 11 ; i.e., it means ﬁrst computing 11 times 1677 GM
on the structures, retrieving 11 times 1677 EDPs, and inferring 11 times the efﬁcient-sufﬁcient
coefﬁcients. The analysis of six coefﬁcients of eight IMs for two structures separated by 11
different gaps is important in terms of computation time. In this work, authors decided to rather
obtain a general overlook by averaging the efﬁcient-sufﬁcient coefﬁcients over all the gaps.
Thus, the amount of data to analyse is reduced by a factor 11. First, an example is given with
the coefﬁcients R2 and COV of Sa (T1 ) for Structure 1. Secondly, all efﬁciency-sufﬁciency
coefﬁcients for both structures are presented.
4.1

Example of the average of R2 and COV coefﬁcients Sa (T1 ) relationship

Figure 6b presents the interstory drift δ1 plots against the Sa (T1 ) of Structure 1, in logarithmic scale, and for both a 5mm and inﬁnite (no-collision case) separation distance. Only the
ground motions that actually produced collision in the ﬁve millimeters case are plotted.
As expected without contact in a elastic linear structure, a perfect linear ﬁt links the interstorydrift with Sa (T1 ) (i.e., magenta dots and green line are superposed), R2 and COV are respectively equal to 1 and 0. On the contrary, the efﬁciency properties are lesser when impact is
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Figure 6: (a) Selected Database : 1677 GM (b) Outcomes of Structure 1 with gap = 5mm
involved with gap=5mm. At this distance, 227 out of the 1677 GM produced impact, resulting
in R2 and COV respectively equal to 0.89 and 0.03 (i.e., blue dots are scattered around the red
linear curve). Thus, for each gap studied, R2 and COV will have different values.
As an example, Table 3 presents the COV results for Sa (T1 ) for N =11 separation distances.
NgGM corresponds to the number of GM inducing collision for the gap indexed g.
Gaps (mm)
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Index
g=1,...,N =11

1

2

3

4

5

6

7

8

9

10

11

NgGM

1677

1020

575

395

297

227

182

148

128

113

106

Sa (T1 ): Rg2

0.90

0.91

0.91

0.91

0.91

0.89

0.88

0.85

0.82

0.79

0.82

Sa (T1 ): COVg

0.06

0.04

0.04

0.03

0.03

0.03

0.03

0.04

0.04

0.04

0.03

Table 3: Sa (T1 ) : R2 and COV values of Structure 1
As expected for a gap null, all 1677 simulations induce impact and the number decreases
as the gap increases. At 10mm the number drops to 106 which was decided to be the larger
and last gap computed since (i) it is almost the same number (113) as for gap=9mm (ii) it is
less than 10% of the totality of the database. In this study case, R2 decreases from 0.90 to
0.82 (important loss of efﬁciency) while COV decreases from 0.06 to [0.03;0.04] (small gain
of efﬁciency) when the gap increases from zero to 10mm.
Let’s now note Rg2 and COVg respectively the regression coefﬁcient and coefﬁcient of variation for the g identiﬁed gap (Table 3). All Rg2 and COVg are then averaged and weighted by
NgGM , the number of ground motions that actually induced collision for the gap number g; let’s
2
2
and COVavg . Eq.(3) presents the formulation used with Ravg
.
note the results respectively Ravg
2
Eq.(4) and Eq.(5) respectively present the numerical application for R and COVavg for Sa (T1 ).
These values can be found in the third column, at the third and fourth lines of Table 4.
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2
Ravg

4.2

=

2 GM
g=1 Rg Ng
N =11 GM
g=1 Ng

(3)

0.90 ∗ 1677 + 0.91 ∗ 1020 + ... + 0.82 ∗ 106
= 0.90
1677 + 1020 + ... + 106

(4)

0.06 ∗ 1677 + 0.04 ∗ 1020 + ... + 0.03 ∗ 106
= 0.043
1677 + 1020 + ... + 106

(5)

2
=
Ravg

COVavg =

N =11

Identiﬁcation of the most efﬁcient-sufﬁcient IMs

Tables 4 and 5 present respectively for Structure 1 and Structure 2, the averaged values of
the efﬁciency-sufﬁciency coefﬁcients. The values are bold if the IM complies with the criterion
of validity.
Validity Criterion

Sa (T1 ) P GA

AI

CAV

SCAV

Savg (T1 )

R2

≥ 0.90

0.90

0.87

0.89

0.82

0.82

0.92

COV

≤ 0.05

0.043

0.046

0.043

0.055

0.054

0.036

p(M )

≥ 0.05

0.37

6e-6

0.208

0.074

0.211

0.044

|ρ(M )|

≤ 0.10

0.042

0.049

0.046

0.028

0.041

0.024

p(D)

≥ 0.05

0.66

0.13

0.41

0.002

0.002

0.13

|ρ(D)|

≤ 0.10

0.048

0.037

0.029

0.041

0.039

0.030

Table 4: Structure 1 : Averaged IMs coefﬁcients of Efﬁciency-Sufﬁciency

Efﬁciency: For both structures, Savg (Tf ) is the most efﬁcient IM, their respective R2 and
COV respectively plainly greater and smaller than all the other IMs coefﬁcients. Sa (Tf ), P GA,
and AI show good efﬁciency properties although closer to the validity criterion than Savg (Tf ),
or even not compliant with the criterion for Structure 2. CAV and SCAV are clearly not efﬁcient enough in the regard of that study case.

Sufﬁciency: Sa (Tf ), AI, and Sa vg(Tf ) are conditionally independent on magnitude and distance parameters for Structure 1, it is validated by both the p-value and Spearman ranking
coefﬁcients. P GA only misses the p(M ) to have also a complete sufﬁciency validation. The
Spearman coefﬁcients of Savg (Tf ) are overall smaller than Sa (Tf ), implying a better sufﬁciency.
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Validity Criterion

Sa (T2 ) P GA

AI

CAV

SCAV

Savg (T2 )

R2

≥ 0.90

0.88

0.91

0.90

0.82

0.82

0.94

COV

≤ 0.05

0.048

0.042

0.044

0.06

0.057

0.034

p(M )

≥ 0.05

0.459

0.011

7e-5

2e-4

2e-4

0.087

|ρ(M )|

≤ 0.10

0.069

0.036

0.054

0.036

0.025

0.028

p(D)

≥ 0.05

0.77

0.29

0.001

5e-5

4e-5

0.32

|ρ(D)|

≤ 0.10

0.046

0.029

0.040

0.044

0.027

0.051

Table 5: Structure 2 : Averaged IMs coefﬁcients of Efﬁciency-Sufﬁciency
5

CONCLUSIONS

This article presents the methodology for evaluating the properties of efﬁciency (predictability of the EDP for a given value of IM) and sufﬁciency (conditional independence of the IM
regarding chosen GMP, herein magnitude and distance) of six IMs in the building pounding
framework. It aims to select the best suited IM among Sa (Tf ), P GA, AI, CAV , SCAV , and
Savg (Tf ) in the case of risk-assessment studies on elastic buildings colliding at their slab levels.
Two different tests, p-value’s and Spearman rank’s, are used to enforce the conclusions.
The NSCD method used for contact detection and treatment on two SDOFs has produced excellent agreement with both an idealized test case (Figures 2 and 3), and the experimental data
extracted from real size colliding structures (Figure 4). These tests validated the NSCD method
use in the 1677 GM from the Siber-Risk database are computed on the numerical model for
six different gaps as displayed by Table 3. The efﬁciency-sufﬁciency coefﬁcients inferred from
each gap study are then averaged and weighted (Eq.(3)) to obtain an overview of the IMs properties in this system conﬁguration (two parallel colliding reinforced concrete slabs).
Savg (Tf ) is the most efﬁcient IM for the two structures and shows very good sufﬁciency
properties relatively to the other IMs. Although with less interesting grades than Savg (Tf ), the
IMs Sa (Tf ), P GA follow close behind. AI checks all the cases for Structure 1, but falls short
on the p-value test of magnitude and distance for Structure 2. Finally, CAV and SCAV are
discarded for far behind all the aforementioned IMs.
The continuation of this work is the computation of fragility and risk curves; the ﬁrst giving
the probability of exceeding an EDP value of interest for a given value of IM, the second being
the convolution of the ﬁrst with hazard curves [12]. Savg (Tf ) is then the best candidate for
fragility curves. For risk curves on the other hand, the more widely known the IM is, the larger
the number of existing GMPEs is, and the more accurate and consensual the hazard curves are.
In this regard, scientists have more experience using Sa (Tf ) and P GA rather than Savg (Tf )
whose GMPEs are smaller in number.
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This work is partly founded by a CDSN Grant (Contrat Doctoral Spéciﬁques aux Normaliens) and the ECOS-Sud Grant for international collaboration CONICYT-ECOS170044.
The authors deeply thanks V. Crozet of the French CEA for the provisioning of the experimental data [13]. Many thanks are also addressed to V. Acary and F. Bourrier respectively of the
INRIA (Institut National de la Recherche en sciences et technologies du numérique) and INRAE (Institut National de la Recherche pour l’Agriculture, l’alimentation et l’Environnement)
for their guidance into the NSCD method use. In addition, this work has been partially developed within the framework of the federative project I-RISK (L’offre de solutions au traitement
des risques naturels) co-funded by the European Union (FEDER) and ”La région AuvergneRhône-Alpes” which aims at proposing innovative solutions for natural hazards mitigation.
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Abstract
Ductility demands observed in asymmetric plan structures due to earthquake excitations are
investigated in this study. Torsional Ductility Spectra are utilized to estimate the maximum
ductility response of such systems. Dynamic response of these systems are dominated by the
lower vibration modes and observed seismic behavior is in conformance with the capacity design principles. In order to utilize the Torsional Ductility Spectra, five parameters of the asymmetric plan systems, namely, first mode period, uncoupled frequency ratio, stiffness
eccentricity, stiff-to-flexible edge strength ratio and ductility reduction factor are estimated
through a novel procedure. Simple formulations for representing the dynamic properties of
shear frame systems in terms of described structural parameters are developed. Parametric
equivalents of shear frame structures are obtained. Estimated ductilities form the developed
charts are compared with those obtained from dynamic response analyses of shear frame asymmetric-plan systems.
The observed results indicate that developed spectra are able to estimate the ductility demands
at both stiff and flexible side frames of actual asymmetric-plan systems with reasonable accuracy. Based on the conclusions, Torsional Ductility Spectra charts are considered practical
tools for estimating the ductility demands of asymmetric plan structures.
Keywords:$V\PPHWULFSODQ6WUXFWXUHV7RUVLRQDO&RXSOLQJ7RUVLRQDO'XFWLOLW\'XFWLOLW\
'LVWULEXWLRQ3HUIRUPDQFH$VVHVVPHQW
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1

INTRODUCTION

0RGHUQ VHLVPLF GHVLJQ FRGHV HPSOR\ UHVSRQVH UHGXFWLRQ IDFWRUV LQ GHVLJQ RI VWUXFWXUDO
PHPEHUVXVLQJOLQHDUHODVWLFDQDO\VLV>@7KHFDSDFLW\GHVLJQPHWKRGRORJ\HPSOR\LQJWKH
UHVSRQVHUHGXFWLRQIDFWRUVPD\UHVXOWLQSRRUHVWLPDWLRQRIVHLVPLFSHUIRUPDQFHLQWKHFDVHRI
LUUHJXODUVWUXFWXUHVVXFKDVDV\PPHWULFSODQV\VWHPVZKHUHWRUVLRQDOO\FRXSOHGEHKDYLRXULV
REVHUYHG7KHUHVXOWLQJSRRUVHLVPLFSHUIRUPDQFHLQWXUQ\LHOGVXQHYHQGXFWLOLW\GLVWULEXWLRQ
DPRQJSODQRIDV\PPHWULFVWUXFWXUHV+HQFHYDU\LQJGHJUHHVRILQHODVWLFEHKDYLRXULVREVHUYHG
7KHGLVFXVVHGSUREOHPLVDZHOONQRZQLVVXHDQGLQWKHSDVWLWKDVEHHQDGGUHVVHGLQPDQ\
VWXGLHV&RPSUHKHQVLYHUHYLHZVRIWKHVHVWXGLHVKDVEHHQPDGHE\YDULRXVDXWKRUVSUHYLRXVO\
>@(DUO\UHVHDUFKUHJDUGLQJWKHVXEMHFWZDVSHUIRUPHGXVLQJVLPSOHVLQJOHVWRU\PRG
HOV/DWHUPRUHDGYDQFHGVWXGLHVEDVHGLQPXOWLVWRU\DV\PPHWULFV\VWHPVKDYHDOVRHPHUJHG
,QRQHRIWKHHDUO\VWXGLHVWKHUHGXFLQJHIIHFWRIWRUVLRQDOFRXSOLQJZLWKLQFUHDVLQJLQHODVWLF
GHIRUPDWLRQV ZDV REVHUYHG >@  $Q HIIHFWLYH HFFHQWULFLW\ DQG DVVRFLDWHG GHVLJQ WRUTXH ZDV
LQWURGXFHGWRHVWLPDWHWKHLQHODVWLFGHIRUPDWLRQVRIWRUVLRQDOO\FRXSOHGV\VWHPV>@3HDNGXF
WLOLW\GHPDQGVDWWKHHGJHVRIDV\PPHWULFV\VWHPVDUHGHWHUPLQHGWREHQRWODUJHUWKDQWKRVHRI
V\PPHWULFV\VWHPV>@0RUHRYHULWZDVSURSRVHGWKDWWKHLQHODVWLFGLVSODFHPHQWVRIDV\P
PHWULFV\VWHPVFDQEHUHGXFHGE\PRGLI\LQJWKHVWUHQJWKGLVWULEXWLRQDORQJSODQE\FKDQJLQJ
WKHORFDWLRQRIFHQWHURIVWUHQJWK CV ,QVHSDUDWHRWKHUVWXGLHVVWUHQJWKHFFHQWULFLW\KDVEHHQ
GHWHUPLQHGWREHPRUHHIIHFWLYHWKDQVWLIIQHVVHFFHQWULFLW\WRFRQWUROLQHODVWLFGHIRUPDWLRQV>
 @ $ GLVSODFHPHQWEDVHG GHVLJQ DSSURDFK KDV DOVR EHHQ SURSRVHG DV DQ DOWHUQDWLYH WR
VWUHQJWKEDVHGDSSURDFKWROLPLWDQGPDNHGXFWLOLW\GLVWULEXWLRQDPRQJVWUXFWXUDOPHPEHUVLQ
DV\PPHWULFV\VWHPVPRUHXQLIRUP>@$EDODQFHGGLVWULEXWLRQRIFHQWHURIVWUHQJWKDQGFHQWHU
RIVWLIIQHVVZDVSURSRVHGLQRUGHUWRPLQLPL]HWKHHGJHGLVSODFHPHQWVRIWRUVLRQDOO\FRXSOHG
V\VWHPV>@&RQWULEXWLRQRIORDGUHVLVWLQJIUDPHVWKDWDUHSHUSHQGLFXODUWRWKHGLUHFWLRQRI
HDUWKTXDNHORDGLQJWRWKHWRUVLRQDOUHVSRQVHZDVDOVRLQYHVWLJDWHG>@
7KHRYHUVWUHQJWKWKDWLVLQKHUHQWLQPHPEHUVRIWKHWRUVLRQDOO\FRXSOHGV\VWHPVZKLFKDUH
GHVLJQHGZLWKIRUFHEDVHGDSSURDFKHVKDVDOVREHHQVWXGLHG,WKDVEHHQQRWHGWKDWDFFLGHQWDO
HFFHQWULFLW\ IRUPXODWLRQV LQ VHLVPLF FRGHV GRHV QRW XVXDOO\ FRPSHQVDWH WKH LQHODVWLF GHIRU
PDWLRQGHPDQGVUDWKHUWKH\LQFUHDVHWKHRYHUVWUHQJWK>@7KHH[SOLFLWLQFOXVLRQRIRYHU
VWUHQJWKLQWKHGHVLJQRIDV\PPHWULFV\VWHPVZDVVXJJHVWHGLQDVWXG\UHJDUGLQJWKHXQHYHQ
GLVWULEXWLRQRIRYHUVWUHQJWKLQWRUVLRQDOO\FRXSOHGPXOWLVWRU\EXLOGLQJV>@)XUWKHUVWXG\LQJ
WKHRYHUVWUHQJWKLQDV\PPHWULFV\VWHPVXQLIRUPGXFWLOLW\VSHFWUDZKLFKKDVEHHQSURSRVHGE\
WKH DXWKRUV WR HVWLPDWH WKH RSWLPXP VWUHQJWK UDWLR RI VWLII DQG IOH[LEOH VLGHV RI DV\PPHWULF
V\VWHPVIRUDFKLHYLQJEDODQFHGGXFWLOLW\GHPDQGV>@
7KHREVHUYDWLRQVDQGVXJJHVWLRQVUHJDUGLQJWKHWRUVLRQDOUHVSRQVHRIDV\PPHWULFV\VWHPV
YDU\GUDPDWLFDOO\DPRQJWKHYDVWUHVHDUFKFRQGXFWHGLQWKHSDVW$OWKRXJKWKLVLVWKHFDVHIRU
PDQ\RIWKHGHGXFWLRQVLWKDVEHHQJHQHUDOO\DJUHHGE\WKHUHVHDUFKHUVWKDWWKHPRGLILFDWLRQRI
VWUHQJWK HFFHQWULFLW\ LV FORVHO\ UHODWHG ZLWK FRQWUROOLQJ WKH LQHODVWLF WRUVLRQDO UHVSRQVH 7KH
ZRUNSUHVHQWHGZLWKLQWKLVVWXG\LVIRUPXODWHGXSRQWKLVREVHUYDWLRQ7KHLQHODVWLFGLVSODFH
PHQWVRIDV\PPHWULFV\VWHPVDUHHVWLPDWHGZLWKUHVSHFWWRVWUHQJWKGLVWULEXWLRQRIWKHVHVLPSOH
VWUXFWXUHV6HLVPLFUHVSRQVHRIVKHDUIUDPHV\VWHPVLVUHSUHVHQWHGE\VLPSOHPRGHOVXVLQJEDVLF
G\QDPLFSURSHUWLHV
2

TORSIONAL DUCTILITY SPECTRA

$VLPSOHWRROWR DVVHVVWKHGXFWLOLW\GHPDQGV LQ VLPSOHDV\PPHWULFSODQ PXOWLGHJUHHRI
IUHHGRPV\VWHPVLVSURSRVHG%DVLFYLEUDWLRQDQGVWUHQJWKSDUDPHWHUVRIDVLPSOHVLQJOHVWRU\
WZRGHJUHHRIIUHHGRPDV\PPHWULFVKHDUIUDPHDUHGHWHUPLQHGDVWKHEDVLFYDULDEOHVIRUDULJ
RURXVSDUDPHWULFVWXG\$VKHDUIUDPHKDYLQJDVWLIIQHVVHFFHQWULFLW\UDWLRRIeLVFRQVWUXFWHG
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,WLVFRPSRVHGRIDVWLIIVLGHDQGIOH[LEOHVLGHVWUXFWXUDOPHPEHUERWKRIZKLFKDUHFRQQHFWHG
DULJLGVODE7KHV\VWHPLQTXHVWLRQLVGHVLJQHGXQGHUDW\SLFDOGHVLJQVSHFWUXPE\HPSOR\LQJ
WKHGXFWLOLW\UHGXFWLRQIDFWRURμ
$QRWKHUSDUDPHWHUWKDWLVWDNHQLQWRDFFRXQWLVWKHXQFRXSOHGIUHTXHQF\UDWLR Ωr RIWKH
SDUDPHWULFV\VWHP$YDULDWLRQIRUΩrLVLQWURGXFHGVRWKDWWKHYDULDWLRQLQVHLVPLFUHVSRQVHRI
DWRUVLRQDOO\VWLII Ωr  WRUVLRQDOO\HTXDOO\VWLII Ωr  DQGWRUVLRQDOO\IOH[LEOH Ωr 
 V\VWHPVDUHLQYHVWLJDWHG7KHGLIIHUHQWSDUDPHWHUVFRQVLGHUHGLQWKLVVLPSOHVLQJOHVWRU\
VKHDUIUDPHVDUHVXPPDUL]HGLQ7DEOH
e




Rμ




Ωr




7DEOH6\VWHPSDUDPHWHUVXVHGLQVLQJOHVWRU\VLPSOHVWUXFWXUHV

7KHVWLIIQHVVHVRIIOH[LEOHDQGVWLIIVLGHPHPEHUVRIWKHOLQHDUHODVWLFV\VWHP kFDQGkS DUH
VHOHFWHGVXFKWKDWWKHWDUJHWVWLIIQHVVHFFHQWULFLW\YDOXHLVVDWLVILHGIRUHDFKSDUDPHWULFV\VWHP
(TXDWLRQ 
 ି

݁ ൌ ଶሺಷ ାೄ ሻ
ಷ

ೄ



7KHXQFRXSOHGIUHTXHQF\UDWLRFDQDOVREHFRPSXWHGIURP(TXDWLRQLLQ(TXDWLRQLVWKH
GLVWDQFHEHWZHHQWRVWUXFWXUDOPHPEHUVDQGrLVWKHUDGLXVRIJ\UDWLRQRIWKHV\VWHP (TXDWLRQ
 
ߗ ൌ


ଶ
ூ

 ݎൌ ට ಾ





7KHWHUPVmDQGܫெ LQ(TXDWLRQDUHWKHPDVVDQGWKHPDVVPRPHQWLQHUWLDRIWKHSDUD
PHWULFV\VWHPVUHVSHFWLYHO\7KURXJKRXWWKHSDUDPHWULFVWXG\LDQGmDUHXWLOL]HGDVXQLW\
6ROXWLRQRI(TXDWLRQIRUHDFKߗ YDOXH\LHOGVWKHLSDUDPHWHUZKLFKLQWXUQXVHGWRFRPSXWH
PDVVPRPHQWRILQHUWLDDQGFUHDWHWKHPDVVPDWUL[RIWKHV\VWHP,QDGGLWLRQ(TXDWLRQLV
XVHGWRGHWHUPLQHkFDQGkSIRUHYHU\SDUDPHWULFV\VWHPKDYLQJe RU8SRQXVLQJ
WKHGHWHUPLQHGVWLIIQHVVYDOXHVDQGLWKHVWLIIQHVVPDWUL[IRUHDFKXQLTXHV\VWHPFDQDOVREH
REWDLQHG&RQVHTXHQWO\WKHUHODWLRQVKLSEHWZHHQPRGDOYLEUDWLRQIUHTXHQF\߱ VWLIIQHVVHVkF
DQGkSDQGWKHLQHUWLDOSURSHUWLHVmDQGܫெ RIWKHSDUDPHWULFV\VWHPFDQEHREWDLQHGIURPWKH
VROXWLRQRIWKHHLJHQYDOXHSUREOHPLQ(TXDWLRQ
൫݇ െ ߱ଶ ݉൯ ൌ Ͳ



+HQFHXSRQVROXWLRQRI(TXDWLRQWKHOLQHDUHODVWLFSURSHUWLHVRIWKHV\VWHPVFDQEHRE
WDLQHGIRUDUDQJHRIGLIIHUHQWWUDQVODWLRQDOSHULRGV T 7KH\DUHGHVLJQHGXQGHUWKHGHVLJQ
UHVSRQVHVSHFWUXPIRUREWDLQLQJWKHVWLIIVLGHDQGIOH[LEOHVLGHVWUHQJWKGHPDQGVIRUVHOHFWHG
GXFWLOLW\UHGXFWLRQIDFWRUVRIR7KHVFKHPDWLFUHSUHVHQWDWLRQRIWKHSDUDPHWULFV\VWHPVDQG
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WKHGLVWULEXWLRQRIGLVSODFHPHQWVFRPSXWHGXQGHUUHVSRQVHVSHFWUXPDQDO\VLVLVVKRZQLQ)LJ
XUH,WVKRXOGEHQRWHGKHUHWKDWDFFLGHQWDOHFFHQWULFLW\LVQRWLQFOXGHGLQWKHGHVLJQ
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VLJQHGIOH[LEOHVLGHVWUHQJWK ܨி ሻLVNHSWIL[HGDWLWVQRPLQDOYDOXH LHWKHVWUHQJWKGHPDQG 
ZKHUHDVRYHUVWUHQJWKLVLQWURGXFHGWRWKHVWLIIVLGHPHPEHUVLQDQLQFUHPHQWDOPDQQHU )LJXUH
 +HQFHWKHSDUDPHWHUVWLIIWRIOH[LEOHHGJHVWUHQJWKUDWLR SFSR LVGHILQHG (TXDWLRQ 
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)LJXUH7KHIOH[LEOH ܨி DQGVWLIIHGJH ܨௌ VWUHQJWKVRIWKHSDUDPHWULFV\VWHPVDQGYDULDWLRQRIܨௌ 

%\XWLOL]LQJWKLVSURFHGXUHDIDPLO\RISDUDPHWULFWZRGHJUHHRIV\VWHPSDUDPHWULFV\VWHPV
DUHREWDLQHG(DFKV\VWHPLVLGHQWLILHGE\DXQLTXHVHWRISDUDPHWHUV Tߗ  eRSFSR 
1RQOLQHDUG\QDPLFUHVSRQVHRIWKHVHV\VWHPVDUHWKHQFRPSXWHGXQGHUDVHWRIVSHFWUXP
PDWFKHG>@JURXQGPRWLRQVVHOHFWHGIURP3((51*$'DWDEDVH>@7KHXQVFDOHGJURXQG
PRWLRQOLVWDQGWKHLUFKDUDFWHULVWLFVDUHJLYHQLQ7DEOH*HQHUDOO\WKH\DUHDOOUHFRUGHGLQVRIW
VRLODWQHDUIDXOWUHJLRQV/LQHDUHODVWLFWDUJHWVSHFWUXPLVFRQVWUXFWHGSHU$6&(>@EDVHG
RQDQLPDJLQDU\ORFDWLRQLQGRZQWRZQ6DQ)UDQFLVFR7KHVLWHFODVVLVDVVXPHGDV&
1RQOLQHDUPRGHOVRIWKHSDUDPHWULFV\VWHPVKDYHEHHQSUHSDUHGLQ2SHQ6HHV3ODWIRUP>@
DQG HODVWLFSHUIHFWO\ SODVWLF K\VWHUHVLV PRGHOV DUH HPSOR\HG LQ QXPHULFDO UHSUHVHQWDWLRQV RI
ORDGUHVLVWLQJPHPEHUV
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7DEOH6WURQJJURXQGPRWLRQVXVHGLQWKHG\QDPLFDQDO\VHV

5HVXOWVREWDLQHGIURPQRQOLQHDUG\QDPLFDQDO\VLVRIHDFKSDUDPHWULFV\VWHPKDYLQJDGLV
WLQFWTDUHFRPSLOHGLQDVSHFWUXPIRUPDWWRFUHDWHWKH7RUVLRQDO'XFWLOLW\6SHFWUD7KHPDLQ
UHVSRQVHSDUDPHWHULQWKLVVSHFWUDVHWLVVHOHFWHGDVWKHPHDQPD[LPXPGXFWLOLW\RIWKHV\VWHPV
'XFWLOLW\LVDQRUPDOL]HGLQGLFDWLRQRIWKHLQHODVWLFUHVSRQVHWKHUHIRUHLWSURYLGHVDQREMHFWLYH
UHVSRQVHFRPSDULVRQIRUDOOSDUDPHWULFV\VWHPV7RUVLRQDO'XFWLOLW\6SHFWUDSURGXFHGIRUR 
DQGDUHSUHVHQWHGLQ )LJXUHVDQG  UHVSHFWLYHO\7KHVSHFWUDFRPSLOHGRQO\IRU
WRUVLRQDOO\VWLIIDQGWRUVLRQDOO\HTXDOO\IOH[LEOHV\VWHPVDUHGLVSOD\HGLQWKHVHILJXUHVLQRUGHU
WRQRWWRPDNHWKHJUDSKLFDOYLHZWRRFRPSOLFDWHG
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)LJXUH7RUVLRQDOGXFWLOLW\VSHFWUD Rμ  

2.1 Observations from Torsional Ductility Spectra
$VFDQEHVHHQLQ)LJXUHVDQGWKHGXFWLOLW\WUHQGVRIVWLIIDQGIOH[LEOHVLGHPHPEHUV
YDU\FRQVLGHUDEO\)OH[LEOHVLGHGXFWLOLWLHVDUHLQYDULDQWRISFSRDQGDOPRVWHTXDOWRRμ LQHDFK
FKDUW6WLIIVLGHGXFWLOLWLHVKRZHYHUDUHTXLWHVHQVLWLYHWRSFSR.,WVKRXOGEHQRWHGKHUHWKDW
WKHYDULDWLRQLQSFSRFRUUHVSRQGVWRWKHSURSRUWLRQDOYDULDWLRQRIVWLIIVLGHVWUHQJWKVLQFHWKH
IOH[LEOHVLGHVWUHQJWKLVKHOGIL[HGDWLWVQRPLQDOYDOXHDPRQJGHVLJQV
$QLPSRUWDQWREVHUYDWLRQFRXOGEHPDGHIURP)LJXUHVDQG7KHGXFWLOLWLHVREVHUYHG
LQIOH[LEOHHGJHPHPEHUVDUHFRQVLVWHQWZLWKWKHGXFWLOLW\UHGXFWLRQIDFWRUVHPSOR\HGLQWKH
GHVLJQ7KHUHIRUHLWFRXOGEHFRQFOXGHGWKDWHQHUJ\LVGLVVLSDWHGPDLQO\WKURXJKIOH[LEOHVLGH
PHPEHU6WLIIVLGHPHPEHUPD\DOVRH[SHULHQFHVRPHLQHODVWLFUHVSRQVHHVSHFLDOO\ZKHQSFSR
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LVFORVHWRXQLW\ VWLIIDQGIOH[LEOHVLGHVKDYHVLPLODUVWUHQJWKV $OWKRXJKLQSUDFWLFHWKLVRE
VHUYDWLRQLVQRWFRPPRQ'XHWRUHODWLRQVKLSEHWZHHQVWUHQJWKDQGVWLIIQHVVWKHUDWLRRIVWLII
VLGH WR IOH[LEOH VLGH VWUHQJWK SFSR  LV SURSRUWLRQDO WR WKH UDWLR RI VWLII VLGH WR IOH[LEOH VLGH
VWLIIQHVVLQPRVWRIWKHFDVHV7KLVLVVXHLQWXUQLVWKHFDXVHRIWRUVLRQDOEHKDYLRXUDQGWKH
FDXVHRILQKHUHQWRYHUVWUHQJWKORFDWHGLQVWLIIVLGHPHPEHUV7KHUHIRUHLWFDQEHGHGXFHGWKDW
WKHVWLIIVLGHPHPEHUVLQDFWXDOV\VWHPVEHKDYHLQDIRUFHFRQWUROOHGPDQQHUZLWKIDLUO\VPDOO
GXFWLOLW\GHPDQGV7KLVLVYLVXDOL]HGLQ)LJXUHVDQGHVSHFLDOO\ZKHQSFSR!,WLVDOVR
ZHOONQRZQWKDWGXFWLOHVHLVPLFGHWDLOLQJVXSSOLHGWRVWUXFWXUDOPHPEHUVIXUWKHULQFUHDVHWKH
RYHUVWUHQJWKIRUVWLIIVLGHKHQFHPDNLQJWKHEHKDYLRXUPRUHXQIDYRUDEOH
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)LJXUH7RUVLRQDOGXFWLOLW\VSHFWUD Rμ  

7KHHIIHFWRIXQFRXSOHGIUHTXHQF\UDWLRLVDVVHVVHGFRPSDUDWLYHO\IRUXQFRXSOHGURWDWLRQDO
WRWUDQVODWLRQDOIUHTXHQF\UDWLRVRIDQG7KHUHVXOWVDUHSUHVHQWHGLQDVHSDUDWH
ILJXUH )LJXUH IRUR  SFSR  DQGe FRPELQDWLRQV,WFDQEHVHHQ
IURP)LJXUHWKDWVWLIIHGJHGXFWLOLWLHVDUHTXLWHVHQVLWLYHWRLQFUHDVLQJYDOXHVRIWRUVLRQDOIOH[
LELOLW\ZKHUHDVIOH[LEOHHGJHGXFWLOLWLHVDUHQRWDIIHFWHGFRQVLGHUDEO\$VDJHQHUDOWUHQGVWLII
VLGHGXFWLOLW\GHPDQGVH[KLELWDQLQFUHDVLQJWUHQGZLWKGHFUHDVLQJIUHTXHQF\UDWLR+HQFHLW
FRXOG EH FRQFOXGHG WKDW WKH WRUVLRQDOO\ IOH[LEOH V\VWHPV GLVSOD\ PRUH QRQXQLIRUP GXFWLOLW\
GLVWULEXWLRQ7KLVREVHUYDWLRQLVFRQVLVWHQWZLWKWKHIDFWWKDWPRGHUQHDUWKTXDNHFRGHVZKLFK
GLVFRXUDJHRUSHQDOL]HVWKHGHVLJQRIWRUVLRQDOO\IOH[LEOHV\VWHPV
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)LJXUH6HQVLWLYLW\RIWKHFRPSLOHGVSHFWUDWRXQFRXSOHGIUHTXHQF\UDWLR Rμ  

3

ESTIMATION OF DUCTILTIES VIA TORSIONAL DUCTILITY SPECTRA

7KHWRUVLRQDOGXFWLOLW\VSHFWUDSUHVHQWHGKHUHLQLVDWRROIRUHVWLPDWLQJWKHGXFWLOLW\GLVWULEX
WLRQRID'2)PHPEHUV\VWHP,QRUGHUWRXWLOL]HWKHVSHFWUDVHWLQSHUIRUPDQFHDVVHVVPHQW
PRUHUHDOLVWLFVWUXFWXUDOV\VWHPVKDYLQJYDU\LQJQXPEHURIORDGUHVLVWLQJIUDPHVPXVWEH³WUDQV
IRUPHG´WRWKHVFKHPDWLF'2)V\VWHP,QWKLVVHFWLRQDVLQJOHVWRU\VKHDUIUDPHKDYLQJIRXU
ORDGUHVLVWLQJPHPEHUVLVLQYHVWLJDWHG

)LJXUHPHPEHUVKHDUIUDPHV\VWHP
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7KHSODQYLHZRIWKHPHPEHUVKHDUIUDPHLVVKRZQLQ)LJXUH7KHGLPHQVLRQVDQGUHODWHG
JHRPHWULFSURSHUWLHVRIWKHV\VWHPDUHVHOHFWHGVXFKWKDWWKH\UHSUHVHQWDQDFWXDOVWUXFWXUH7KH
ULJLGVODEGLPHQVLRQVDUHPE\PHWHUVZLWKDPDVVRIWRQV0HPEHULVWLPHV
PRUHVWLIIWKDQPHPEHUVDQG&RQVHTXHQWO\WKHV\VWHPKDVe VWDWLFHFFHQWULFLW\
WRZDUGVPHPEHU7KHODWHUDOVWLIIQHVVYDOXHVWRWKHORDGUHVLVWLQJPHPEHUVDUHJLYHQVXFK
WKDWPRGDOYLEUDWLRQSHULRGVRIT VT VDQGXQFRXSOHGIUHTXHQF\UDWLRߗ 
7KH V\VWHP LV GHVLJQHG XQGHU WKH VDPH $6&(  >@ GHVLJQ VSHFWUXP XVHG LQ SDUDPHWULF
VWXG\ZLWKRŁR 6LQFHRŁRQRRYHUVWUHQJWKLVFRQVLGHUHGIRUDOOPHPEHUV7KHUHVXOWLQJ
VWUHQJWKVGHWHUPLQHGIURPGHVLJQDQGFRUUHVSRQGLQJIRUFHGHIRUPDWLRQUHODWLRQVKLSVRIPHP
EHUVDUHJLYHQLQ)LJXUH


)LJXUH)RUFHGHIRUPDWLRQUHODWLRQVKLSVRIORDGUHVLVWLQJPHPEHUV

$OO YDOXHV UHODWHG ZLWK WKH SDUDPHWULF V\VWHPV >Tߗ  e R@ H[FHSW SFSR DUH REWDLQHG
6LQFHSFSRGHILQHGZLWKLQWKLVVWXG\GHSHQGVRQVLQJOHYDOXHVRIFSDQGFFVWUHQJWKFDSDFLWLHV
RIIRXUPHPEHUVVKRXOGEHWUDQVIRUPHG7KLVFRXOGHDVLO\EHDFKLHYHGE\VDWLVI\LQJWKHWZR
HTXDWLRQVRIIRUFHHTXLOLEULXPLQ(TXDWLRQݔ LQ(TXDWLRQLVWKHORFDWLRQRIIUDPHi LQWKH
0HPEHUV\VWHP
ܨி ൌ

σሺி ή௫ ሻ


ܨௌ ൌ ሺσ ܨ ሻ െ ܨி



8VLQJIUDPHVWUHQJWKVDQGWKHLUUHVSHFWLYHORFDWLRQVLQ(TXDWLRQܨி ൌN1DQGܨௌ ൌ
N17KHUHIRUHSFSRLVFDOFXODWHGDV6LQFHDOOSDUDPHWHUVRIWKHVWUXFWXUDOV\VWHPLV
QRZNQRZQFRUUHVSRQGLQJ7RUVLRQDO'XFWLOLW\6SHFWUDJLYHQLQ)LJXUHZLWKDVVRFLDWHGSD
UDPHWHUVRIT Vߗ ൌ ͳǤʹͷe R DQGSFSR FDQEHXVHGWRREWDLQWKH
HVWLPDWHGGXFWLOLWLHV)URPWKHUHODWHGFKDUWVWLIIHGJHGXFWLOLW\LVUHDGDVߤௌ ൌ ͳǤZKHUHDV
IOH[LEOHHGJHGXFWLOLW\LVUHDGDVߤி ൌ ͶǤ͵
,QRUGHUWRYHULI\WKHDFFXUDF\RIWKLVHVWLPDWLRQDFWXDOQRQOLQHDUSHUIRUPDQFHRIWKHVKHDU
IUDPHVKRXOGEHGHWHUPLQHG1RQOLQHDUUHVSRQVHKLVWRU\DQDO\VHV 15+$ DUHSHUIRUPHGRQ
WKHVKHDUIUDPHV\VWHPXVLQJWKHJURXQGPRWLRQVHWJLYHQLQ7DEOH/RDGUHVLVWLQJPHPEHUV
DUHGHILQHGZLWKHODVWLFSHUIHFWO\SODVWLFK\VWHUHWLFUHODWLRQVKLSVLQ2SHQ6HHV3ODWIRUP>@XV
LQJWKH \LHOGIRUFHDQGGHIRUPDWLRQ SDUDPHWHUV JLYHQLQ )LJXUH0HDQ PD[LPXP LQHODVWLF
PHPEHUGLVSODFHPHQWVDUHREWDLQHGIURPWKHG\QDPLFDQDO\VHVXQGHUWKHJURXQGPRWLRQVHW
DQGFRUUHVSRQGLQJPHPEHUGXFWLOLW\UDWLRVDUHFRPSXWHG0HDQPHPEHUGLVSODFHPHQWVPHP
EHU\LHOGGHIRUPDWLRQVVKRZQLQ)LJXUHDQGFRUUHVSRQGLQJPHPEHUGXFWLOLW\UDWLRVDUHJLYHQ
LQ(TXDWLRQ
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ͲǤͲ͵ͻ
ͲǤͲʹͶͳ
ͳǤ
ͳݎܾ݁݉݁ܯǣ
ͲǤͲͷͷ
ͲǤͲͳʹͻ
ʹݎܾ݁݉݁ܯǣ
ͶǤ͵
ݑ
ൌ൞
ൢݑ௬ ൌ ൞
ൢߤேோு ൌ ൞ ൢ  
ͲǤͲͻ
ͲǤͲʹʹͶ
ͶǤ͵
͵ݎܾ݁݉݁ܯǣ ேோு
ͲǤͳͶͷ
ͲǤͲ͵͵ͳ
ͶǤͶ
ݎܾ݁݉݁ܯͶǣ
,QRUGHUWRFRPSDUHWKHFRPSXWHGGXFWLOLW\UDWLRVZLWKHVWLPDWLRQVIURPWKH7RUVLRQDO'XF
WLOLW\6SHFWUDPHPEHUVORFDWHGDWVWLIIDQGIOH[LEOHVLGHVRIWKHVKHDUIUDPHV\VWHPVKRXOGEH
GHWHUPLQHG7KLVFDQEHGRQHE\LQVSHFWLQJ)LJXUHLQDIDLUO\VWUDLJKWIRUZDUGPDQQHU0HP
EHULV DW WKHVWLIIVLGH RIWKHVKHDUIUDPHVWUXFWXUHZLWK UHVSHFW WR FHQWHURI ULJLGLW\ CR 
ZKHUHDVPHPEHUVDUHDWWKHIOH[LEOHVLGH+HQFHFRPSDULVRQRIGXFWLOLWLHVHVWLPDWHGIURP
7RUVLRQDO'XFWLOLW\6SHFWUDDQGG\QDPLFDQDO\VHVFDQEHPDGHDFFRUGLQJO\
8SRQFRPSDULQJWKHHVWLPDWLRQZLWKWKHG\QDPLFUHVSRQVHDFORVHPDWFKFDQEHVHHQ0HDQ
PHPEHUGXFWLOLW\UDWLRVREWDLQHGIURP15+$DUHVHHPLQJO\FORVHWRWKHGXFWLOLW\HVWLPDWLRQV
IRUERWKVLGHVJLYHQE\WKHDVVRFLDWHGVSHFWUXP,WVKRXOGEHQRWHGKHUHWKDWGXFWLOLW\UDWLRVRI
IOH[LEOHVLGHPHPEHUVDUHGHWHUPLQHGWREHFORVHWRWKHLPSRVHGYDOXHRIR 2QWKHRWKHU
KDQGPHDQGXFWLOLW\UDWLRRIWKHVWLIIVLGHPHPEHULVFRQVLGHUDEO\VPDOOHUWKDQRWKHUPHPEHUV
DVZHOODVLPSRVHGR,QSUDFWLFHVLJQLILFDQWRYHUVWUHQJWKLVH[SHFWHGWREHSUHVHQWLQWKHVWLII
VLGH PHPEHU GXH WR IDFWRUV VXFK DV VHLVPLF GHWDLOLQJ DQG UHODWLRQVKLS EHWZHHQ VWUHQJWK DQG
VWLIIQHVV7KHUHIRUHWKHGXFWLOLW\LPEDODQFHVKRZQKHUHLVH[SHFWHGWRIXUWKHULQFUHDVHLQWKH
FDVHRIDPRUHUHDOLVWLFFDVHVWXG\VWUXFWXUH
4

SUMMARY AND CONCLUSIONS

7RUVLRQDO'XFWLOLW\6SHFWUDDVDWRROIRUHVWLPDWLQJGXFWLOLWLHVDQGWKHLUGLVWULEXWLRQDPRQJ
DV\PPHWULFSODQV\VWHPVDUHSUHVHQWHGLQWKLVVWXG\%DVLF'2)PHPEHUSDUDPHWULFV\V
WHPVDUHXWLOL]HGDQGWKURXJKDSDUDPHWULFVWXG\FRQVLGHULQJVWLIIQHVVHFFHQWULFLW\IUHTXHQF\
UDWLRGXFWLOLW\UHGXFWLRQIDFWRUIXQGDPHQWDOSHULRGDQGVWUHQJWKUDWLRV\VWHPGXFWLOLWLHVDUH
FRPSLOHGLQDVSHFWUXPIRUPDW/DVWSDUDPHWHULQTXHVWLRQVWLIIWRIOH[LEOHVWUHQJWKUDWLR SFSR 
LVLQWURGXFHGWRWKHV\VWHPVVXFKWKDWIOH[LEOHVLGHPHPEHUVDUHNHSWDWWKHLUQRPLQDOVWUHQJWKV
ZKHUHDVRYHUVWUHQJWKLVLQWURGXFHGLQVWLIIVLGHPHPEHUV%\GRLQJVRHIIHFWRILQKHUHQWRYHU
VWUHQJWKSUHVHQWLQVWLIIVWUXFWXUDOHOHPHQWVWRGXFWLOLW\GLVWULEXWLRQLVFOHDUO\YLVXDOL]HGLQFKDUWV
7KHGXFWLOLW\HVWLPDWLRQSHUIRUPDQFHRIWKHVSHFWUDVHWLVDVVHVVHGE\XWLOL]LQJDPHPEHU
VKHDUIUDPHV\VWHP 8SRQGHVLJQLQJWKHV\VWHPDQGSHUIRUPLQJLQHODVWLFG\QDPLFDQDO\VHV
FRPSXWHGPHDQGXFWLOLWLHVDUHFRPSDUHGZLWKFKDUWHVWLPDWLRQV,QJHQHUDOWKH7RUVLRQDO'XF
WLOLW\6SHFWUDHVWLPDWHVWKHH[SHFWHGGXFWLOLWLHVRIWKHVKHDUIUDPHPHPEHUVIDLUO\ZHOO
6RPHREVHUYDWLRQVDUHDOVRSHUIRUPHGRQWKHVSHFWUDWUHQGV:KLOHIOH[LEOHVLGHPHPEHUV
DWWDLQGXFWLOLWLHVDURXQGLPSRVHGGXFWLOLW\UHGXFWLRQIDFWRUVWKLVPD\QRWEHWKHFDVHIRUVWLII
VLGHPHPEHUVHVSHFLDOO\ZKHQRYHUVWUHQJWKLVSUHVHQW0RUHRYHULWLVGHWHUPLQHGWKDWLQFUHDV
LQJDPRXQWRIWRUVLRQDOIOH[LELOLW\KDYHDQHJDWLYHHIIHFWLQGXFWLOLW\GLVWULEXWLRQRIDV\PPHWULF
SODQV\VWHPV
7KHSURRIRIFRQFHSWSUHVHQWHGKHUHLQDQGWKHVLPSOHYHULILFDWLRQZLWKUHVSHFWWRVKHDUIUDPH
EHKDYLRXUDUHFRQVLGHUHGDVWKHILUVWSKDVHRIWKHVWXG\$VSDUWRIWKHRQJRLQJUHVHDUFKWKH
VSHFWUDVHWGHILQHGLQWKLVVWXG\LVWREHYHULILHGIXUWKHUE\FRPSXWLQJWKHGXFWLOLW\GLVWULEXWLRQ
RIDPXOWLVWRU\DFWXDODV\PPHWULFSODQV\VWHPVDQGDVVHVVLQJWKHHVWLPDWLRQSHUIRUPDQFHRI
7RUVLRQDO'XFWLOLW\6SHFWUD
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Abstract. The use of hysteretic damped braces (HYDBs) is an effective and low-cost solution
for the seismic retrofitting of reinforced concrete (RC) framed structures. However, notable
damage to nonstructural elements can be observed at the serviceability design earthquake
(SDE), when too high activation forces of the HYDBs are designed in order to attain structural safety (SS) performance level at the basic (BDE) and/or maximum considered (MCE)
earthquakes. On the other hand, HYDBs designed at the immediate occupancy (IO) performance level prevent nonstructural damage of MIs under SDE but may collapse and/or induce
structural damage for high intensity seismic loads, due to their early activation which renders
them unable to develop large energy dissipation. Aim of this work is the proposal of a multiobjective displacement-based design procedure, where viscous damped braces (VDBs) and
HYDBs calculated for IO at the SDE are combined with HYDBs ensuring SS at the MCE. A
six-storey RC framed structure, representative of the residential building stock in Italy prior
to the 2008-2018 code changes, is to be retrofitted in a high risk-seismic region supposing
that is preliminarily designed in L’Aquila (Italy) for moderate seismic loads. The OpenSEES
platform is considered for the nonlinear dynamic analysis of the original and retrofitted
structures. RC frame members are modelled with lumped plasticity elements while the shear
behaviour of the beam-column joints is modelled by means of a scissor model. Masonry infills
uniformly distributed in elevation are modelled with a simplified diagonal pin-jointed strut
model taking into account the in-plane failure modes. HYDBs are modelled with truss elements characterized by a bilinear force-displacement law, without considering the flexibility
of the supports, while nonlinear force-velocity law is considered for VDBs. Nonlinear dynamic analysis is carried out considering three stripes of real records, corresponding to the SDE,
BDE and MCE seismic levels assumed in the current Italian code.
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1

INTRODUCTION

The use of hysteretic damped braces (HYDBs), based on a plastic deformation mechanism
(e.g. axial, bending, shear, torsion) or a combination of some of them, represents an effective
and low-cost solution for the seismic retrofitting of reinforced concrete (RC) framed structures [1]. However, notable damage to non-structural elements (e.g. masonry infills, false ceilings and suspended piping) can be observed at the serviceability design earthquake (SDE),
when too high activation forces of the HYDBs are considered in order to improve structural
performance level at the basic (BDE) and maximum considered (MCE) earthquakes [2, 3]. To
overcome this problem, dampers working as fuses can be inserted as sacrificial elements in
order to prevent damage of non-structural elements [4], by means of an in-parallel combination of different typologies of dampers [5, 6], or alternatively damping and stiffness properties
of dampers arranging in-series minor and major cores can be modulated to different seismic
intensity levels [7]. A multi-objective design procedure is proposed in the present work,
where viscous (VDBs) and hysteretic (HYDBs) damped braces calculated for immediate occupancy (IO), at SDE, are combined with HYDBs ensuring structural safety (SS), at MCE. To
this end, a displacement-based design procedure already proposed in previous works [8-10] is
applied, also including the loss of capacity of the existing structure due to previous seismic
damage [11-12].
A six-storey RC framed building, representative of the Italian residential housing stock
during the 1990s in a medium-risk seismic zone, is assumed as test structure for the numerical
investigation [13]. This structure is supposed to be retrofitted by inserting HYDBs and VDBs
to attain IO (e.g. no damage to masonry infills, MIs, at SDE) and SS (e.g. limited damage to
structural elements at BDE and collapse prevention of HYDBs at MCE) performance levels
imposed by current Italian seismic code (NTC18) in a high-risk seismic zone [14]. Specifically, five structural arrangements of damped braces are compared: only HYDBs designed at
MCE; in-parallel combination of VDBs and HYDBs designed at SDE and MCE, respectively,
possibly with gap-hook elements acting in series with the HYDBs so as to delay their activation at SDE; in-parallel and in-series combinations of small and large HYDBs designed at
SDE and MCE, respectively, without and with a gap-hook element positioned in parallel with
the small HYDBs, so as to stop their deformation at MCE. Nonlinear dynamic multi-stripe
analyses of the original and retrofitted structures are carried out with the OpenSees code [15],
considering three different set of records selected and scaled in line with SDE, BDE and MCE
intensity levels provided by NTC18 [16]. Brittle and failure mechanisms of the original structure are modelled, considering: a lumped plasticity model for RC frame members, with flexure- or shear-controlled moment-chord rotation at the critical end sections; a scissor model
with rigid offsets for shear behaviour of the beam-column joints; a diagonal pin-jointed strut
model for MIs, taking into account their in-plane failure modes.
2

DISPLACEMENT-BASED DESIGN PROCEDURE OF DAMPED BRACES

A multistep iterative Displacement-Based Design (DBD) procedure of HYDBs, proposed
in previous works [8-10], is extended for the seismic retrofitting of RC framed structures with
dual hysteretic-viscous and hysteretic-hysteretic damped braces designed at both SDE and
MCE, with or without a gap-hook element to avoid activation of small and large dampers at
MCE and SDE, respectively.
As first step, the pushover curve of the original structure (V-d) is converted to that of an
equivalent SDOF system (V*-d*) and a piecewise linear fit of the initial backbone curve is determined by an ensemble of N pairs of bilinear elastic-perfectly plastic and elastic-softening
damage laws [12]. Then, the damaged backbone curve that envelopes the hysteretic behaviour
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of the equivalent SDOF system subjected to seismic loads is evaluated from nonlinear dynamic analysis of the combined plastic-damage hysteretic model. The monotonic and cyclic deterioration of plastic and damage mechanisms is described by a damage loading index <[11],
expressed as function of an ever-increasing curve whose shape depends on a degradation rate
parameter (e.g. H 0.5). A weighting coefficient (e.g. Cwc=0.25) distinguishes the effect of displacements less or greater than the previous maximum values (d*max) in the same loading direction, while a damage coupling parameter (e.g. Ccd=0.5) accounts for the influence of the
energy dissipation under positive and negative forces on negative and positive values of the
loading variable. Finally, the hysteretic energy dissipation of the degraded frame (ξh,F) and the
effective stiffness (Ke,F) related to the performance displacement (d*p) can be evaluated, while
elastic viscous damping of the framed structure (e.g. ξv,F=5%) can be assigned (Figure 1a).


(a)

(b)

(c)

(d)
(e)
(f)
Figure 1. SDOF systems equivalent to the original structure (a), hysteretic (b) and dual hysteretic-viscous (c, d)
and hysteretic-hysteretic (e, f) damped braces.

In order to design hysteretic (Figure 1b) and dual hysteretic-viscous (Figures 1c,d) and
hysteretic-hysteretic (Figures 1e,f) damped braces at MCE, an iterative procedure is implemented in the acceleration-displacement response spectrum (ADRS) shown in Figure 2,
where the bilinear capacity curve of the original structure is represented with a solid blue line.
An initial value of the equivalent viscous damping ratio of the damped braced frame (i.e.
ξe,DBF>ξv,F +ξh,F) is tentatively assumed at the selected performance displacement (d*p) corresponding to MCE, starting from 5% damped spectrum (solid black line). Then, effective vibration period (Te,DBF,MCE) of the retrofitted structure is determined on the reduced ADRS
spectrum (dashed black line), starting from the trial performance point corresponding to the
target displacement value, so allowing the calculation of effective stiffness Ke,DB(=Ke,DBFKe,F)
of the equivalent DB at MCE (i.e. DB1). Once ductility demand (PDB1) and hardening ratio
(rDB1) of DB1 are assigned, it is possible to calculate the bilinear capacity curve of the damped
brace (solid red line in Figure 2) and its viscous damping ([h,DB1) equivalent to the hysteretic
energy dissipation:
(MCE)
ξ h,DB1
(%)= 63.7

P DB1  1  1 rDB1
P DB1 ª¬1+ rDB1  P DB1  1 º¼
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Finally, an updated value of the equivalent viscous damping of the retrofitted structure can
be evaluated, being V*p,F and V*p,DB1 strength values of the original frame and damped brace
at d*p, respectively:
(MCE)
*(MCE)
(MCE)
*(MCE)
ξ h,F
V p,F
+ ξ h,DB1
 V p,DB1
(MCE)
ξe,DBF (%) = ξv,F +
(2)
*(MCE)
*(MCE)
V p,F
+V p,DB
1

Figure 2. Design procedure of the hysteretic and dual hysteretic-viscous and hysteretic-hysteretic damped braces
in the acceleration-displacement response spectrum at MCE.

In a similar way, viscous (Figures 1c,d) and hysteretic (Figure 1e) dampers at SDE, in parallel with the hysteretic damped brace previously designed at MCE (DB1), may be evaluated
with an iterative process in the ADRS corresponding to SDE (Figure 3). At this point, the admitted target displacement (d*p,SDE) and first equivalent viscous damping ratio (ξe,DBF,SDE) of
the retrofitted structure will be considered in the evaluation of effective vibration period
(Te,DBF,SDE) corresponding to dashed black line in Figure 3. Keeping in mind that the effective
stiffness of DB1 is already known from the bilinear capacity curve corresponding to d*p,SDE,
the effective stiffness (Ke,DB1) of the additional damper (e.g. hysteretic in Figure 1e) for small
deformation (DB2) can be determined by a simple subtraction (Ke,DB2=Ke,DBFKe,DB1Ke,F). It
is worth highlighting that contribution of DB1 disappears when it is attached in series to a
gap-hook element (Figure 1c), so avoiding its action at SDE.

Figure 3. Design procedure of the in-parallel hysteretic-viscous and hysteretic-hysteretic damped braces in the
acceleration-displacement response spectrum at SDE.

Once viscous damping equivalent to the hysteretic energy dissipation of DB2 is evaluated
([h,DB2) as function of the assigned values of PDB2 and rDB2 (see Equation (1)), an updated val-
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ue of the equivalent viscous damping can be obtained for the retrofitted structure
(SDE)
ξe,DBF
(%) = ξ v,F +

(SDE)
*(SDE)
(SDE)
*(SDE)
(SDE)
*(SDE)
ξ h,F
 V p,F
+ ξ h,DB1
V p,DB1
+ ξ h,DB2
V p,DB2
*(SDE)
*(SDE)
V p,F
+V p,DB1
+V p*(SDE)
,DB2

(3)

depending on strength values, at the performance displacement d*p,SDE, for the original frame
(V*p,F) and hysteretic DB1 (V*p,DB1) and DB2 (V*p,DB2). Moreover, the expression
ξ

(SDE)
e,DBF (%)

(SDE)
VDB

= ξ v,F + ξ



(SDE)
*(SDE)
(SDE)
*(SDE)
ξ h,F
V p,F
+ ξ h,DB1
V p,DB1
*(SDE)
*(SDE)
V p,F
+V p,D
B1

(4)

corresponds to viscous damped brace (VDB) at small deformation combined with DB1 at
large deformation (Figure 1d), with the further simplification
(SDE)
(SDE)
(SDE)
ξe,DBF
(%) = ξv,F +ξVDB  ξh,F

(5)

when DB1 is also combined with a gap-hook mechanism (Figure 1c).
As an alternative, in-series combination of hysteretic-hysteretic dampers (Figure 1f) may
be considered adopting the iterative design process described in the ADRS corresponding to
SDE (Figure 4), where the gap-hook mechanism acts as a very stiff end-stroke stopper that
limits deformations of DB2 at the SDE threshold while ensuring that the energy dissipation at
MCE is entrusted to DB1. This time, a starting value of the displacement of DB1 (d*p,DB1) is
tentatively assumed at the selected performance displacement (d*p) at SDE, such to obtain as
difference the displacement of DB2 (d*p,DB2=d*pd*p,DB1). Effective stiffness of both dampers
(DB1+DB2) can be evaluated as function of the strength V*p,DB1(=V*p,DB2) corresponding to
d*p,DB1
*(SDE)
*(SDE)
V p,DB1
V p,DB1
(SDE)
(SDE)
K e,DB1 = *(SDE) ; K e,DB2 = *(SDE)
(6a,b)
d p , DB1
d p , DB 2
and from these ones the total stiffness
(SDE)
(SDE)
 K e,DB2
K e,DB1
(SDE)
(SDE)
K e,DBF = K e,F  (SDE)
(7)
(SDE)
K e,DB1  K e,DB2
and effective period (Te,DBF,SDE) of the retrofitted structure are derived. In order to determine
the corresponding equivalent viscous damping ratio ξe,DBF,SDE, curve passing through the trial
performance point is drawn in Figure 4 (solid green line).

Figure 4. Design procedure of the in-series hysteretic-hysteretic damped braces in the acceleration-displacement
response spectrum at SDE.
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On the other hand, equivalent viscous damping ratio is analytically evaluated with the expression

ξ
(SDE)
ξe,DBF
(%) = ξv,F +

(SDE)
h,F

V

*(SDE)
p,F

+

(SDE)
(SDE)
*(SDE)
ξ h,DB1
 d *(SDE)
p , DB1  ξ h,DB2  d p , DB 2
*(SDE)
d *(SDE)
p , DB1  d p , DB 2

*(SDE)
V p,DB1

(8)

*(SDE)
V p,F
+V p,*(SDE)
DB1

and an iterative process is triggered until graphical and analytical values are the same.
Finally, vertical distributions of the (elastic) lateral stiffness of the HYDBs and damping
coefficients of the nonlinear VDBs are evaluated proportionally to the interstorey drift and
design storey shear of the original structure, respectively. Further information is contained in
previous papers [8, 17], which complete the necessary detailing of the work.
3

ORIGINAL AND RETROFITTED TEST STRUCTURES

A six-storey RC framed structure (Figure 5a), representative of the residential buildings
constructed in Italy during the 1990s, is selected from the RINTC project [13]. It is located in
L’Aquila and designed as bare frame for a medium-risk zone, in line with provisions of the
Italian code DM86 [18], assuming concrete with cylindrical compressive strength of 25 MPa
and steel reinforcement with yield strength of 430 MPa. Columns with rectangular crosssection, oriented as shown in Figure 5b, are tapered along the height, considering: 0,3×0,6 m2
at the first two levels; 0,30×0,5 m2 at the third and fourth levels; 0,3×0,4 m2 at the fifth and
roof levels. The structure has deep beams along the perimeter and in the knee configuration of
the staircase, with cross section 0,3×0,6 m2 at the first two levels and 0,3×0,5 m2 at the other
four levels, while flat beams are considered for all internal frames, with cross-section 0,6×
0,25 m2 and 0,8×0,25 m2 (the latest marked with an asterisk in Figure 5b). Masonry infills
with a double leaf (0,08 m, external layer, and 0,12 m, internal layer) of hollow clay bricks
are uniformly distributed along the height, with a percentage of openings depending on the inplan architectural layout: i.e. 0%, MI.B in brown; 22%, MI.Y in yellow; 40%, MI.O in orange;
100%, MI.G in green. Further details can be found in [13].

(a)

(b)
Figure 5. Original test structure (unit in m).

The seismic retrofitting of the original test structure is carried out by the insertion of chevron damped braces, with vertical distribution and in-plan arrangement shown in Figures 6a
and 6b, respectively. Five structural configurations of damped braces are compared: i.e.
HYDBs designed at MCE (Figure 6b); two in-parallel combinations of VDBs and HYDBs
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designed at SDE and MCE, respectively, with (Figure 6c) and without (Figure 6d) gap-hook
elements attached in series with HYDBs; in-parallel and in-series combinations of small and
large HYDBs designed at SDE and MCE, respectively, without (Figure 6e) and with (Figure
6f) gap-hook elements attached in parallel with the small HYDBs. The deformability of the
supporting chevron steel braces is not considered (i.e. KB→∞), so that lateral stiffnesses of the
HYDB (KDB) and HYD (KD) are assumed equal; this is also for the corresponding stiffness
hardening ratios (i.e. rDB=rD). With regard to the VDB, the force developed in the damper is
function of a damping exponent E=0.7, which corresponds to nonlinear viscous property.

(a) Elevation.

(b) Plan.

(c) In-parallel combination of HYDB1 and
VDB, with a gap-hook element in series
with HYDB1.

(d) In-parallel combination of HYDB1 and
VDB, without a gap-hook element in series
with HYDB1.

(e) In-parallel combination of HYDB1 and HYDB2,
(f) In-series combination of HYDB1 and
HYDB2, with a gap-hook element in parallel
without a gap-hook element in parallel
with HYDB2.
with HYDB2.
Figure 6. Retrofitted test structures.

Thirteen structural layouts are obtained combining above described five configurations of
damped braces with: three ultimate performance levels in terms of top displacement (i.e.
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dp,X,MCE=0,093 m, 0,14 m and 0.184 m and dp,Y,MCE=0,093 m and 0,14 m), associated with different structural damage scenarios in terms of inter-storey drift ratio (i.e. 'X/h=0.5%, 0.75%
and 1% and 'Y/h=0.5% and 0.75%); one serviceability target displacement (i.e. dp,X,SDE=0,019
m and dp,Y,SDE=0,042 m), corresponding to the attainment of the minimum value of peak lateral strength in the masonry infills of each storey, so preventing non-structural damage. Constant design values of damper ductility (i.e. PD=5) and hardening ratios (i.e. rF=0% and rD=3%)
are also assumed, except for the in-series arrangement of HYDBs. Main parameters of the
equivalent damped braces along the in-plan principal directions are reported in Tables 1-5,
with reference to: HYDB1 at MCE (Table 1); in-parallel combination of HYDB1 and VDB at
SDE (Table 2); VDB at SDE (Table 3); in-parallel combination of HYDB1 and HYDB2 at
SDE (Table 4); in-series combination of HYDB1 and HYDB2 at SDE (Table 5).
d*p,MCE
0,072
0,107
0,143
0,071
0,106
0,106

Dir.
X

Y

d*y,DB1
0,014
0,022
0,029
0,014
0,021
0,021

Ke,F
23290
7877
2364
26465
969
969

V*p,F
1666
847
338
1875
103
103

Ke,DB1
14953
7308
4998
13737
10349
10349

V*p,DB1
1069
785
715
973
1101
1101

Te,F
1,31
2,26
4,13
1,22
6,37
6,37

Te,DBF
1,03
1,63
2,34
0,99
1,87
1,87

[v,F
5
5
5
5
5
5

[h,F
12,00
14,14
15,34
11,73
14,90
14,90

[h,DB1
44,13
44,13
44,13
44,13
44,13
44,13

[e,DBF
29,56
33,58
39,84
27,80
46,63
46,63

Table 1. Properties of the SDOF system equivalent to the DBF at MCE: HYDB1
(units in m, kN and s).
Dir.
X
Y

d*p,SDE
0,015
0,032

Ke,F
57274
62923

V*p,F
851
1996,69

Te,F
0,838
0,791

Te,DBF
0,838
0,791

[v,F [VDB
5
42,37
5
0,21

[e,DBF
47,37
5,21

Table 2. Properties of the SDOF system equivalent to the DBF at SDE: VDB (units in m, kN and s).
Dir.
X

Y

d*p,MCE
0,072
0,107
0,143
0,071
0,106
0,106

d*p,SDE

Ke,F

0,015

57273

0,032

62923

Ke,DB1
28081
16375
14759
28405
31382
31328

V*p,F
850

1997

V*p,DB1
953
483
331
901
996
996

Te,F
0,84

0,79

Te,DBF
0,69
0,74
0,75
0,66
0,65
0,65

[VDB
13,51
23,40
27,71
0
0
0

[h,DB1
2,25
0
0
32,97
20,04
20,04

[e,DBF
19,69
28,40
32,71
15,25
11,67
11,67

Table 3. Properties of the SDOF system equivalent to the DBF at SDE: in parallel combination of HYDB1 and
VDB (units in m, kN and s).
Dir.
X

Y
Dir.
X

Y

d*p,MCE
0,072
0,107
0,143
0,071
0,106
0,106
d*p,MCE
0,072
0,107
0,143
0,071
0,106
0,106

d*p,SDE

d*p,SDE

d*y,DB2
0,003
0,003
0,003
0
0
0
Te,F

0,015

0,84

0,032

0,79

0,015

0,032

Ke,F
57273

62923
Te,DBF
0,51
0,56
0,58
0,65
0,68
0,68

Ke,DB2
30367
38933
40814
0
0
0
[v,F
5

5

Ke,DB1
64398
32499
22311
31202
22329
22329
[h,DB2
44,13
44,13
44,13
0
0
0

V*p,F
850

1997
[h,DB1
2,25
0
0
32,73
19,65
19,65

V*p,DB2
451
578
606
0
0
0
[e,DBF
14,76
18,35
19,96
15,85
10,15
10,15

V*p,DB1
956
483
331
990
709
709

Table 4. Properties of the SDOF system equivalent to the DBF at SDE: in parallel combination of HYDB1
HYDB2 (units in m, kN and s).
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Dir.
X

Y
Dir.
X

Y

d*p,MCE
0,072
0,107
0,143
0,071
0,106
0,106
d*p,MCE
0,072
0,107
0,143
0,071
0,106
0,106

d*p,SDE
0,015

0,032
d*p,SDE
0,015

0,032

d*y,DB2
0,003
0,003
0,003
V*p,DB1
557
413
289
990
709
709

d*p,DB2
0,0068
0,0024
0.0016
Te,F
0,84

0,79

d*p,DB1
0,0082
0,0127
0.0130
Te,DBF
0,65
0,69
0,72
0,65
0,68
0,68

Ke,F
57273

62923
[v,F
5

5

Ke,DB2
81971
172000
180333
[h,DB2
35,89
0
0
-

Ke,DB1
68214
32511
22272
31202
22329
22329
[h,DB1
0
0
0
32,73
19,65
19,65

V*p,F
850

1997

V*p,DB2
557
413
289
-

[e,DBF
11,46
5
5
15,85
10,15
10,15

Table 5. Properties of the SDOF system equivalent to the DBF at SDE: in series combination of HYDB1 and
HYDB2 (units in m, kN and s).

4

NUMERICAL RESULTS

In this section, the effectiveness of the proposed multi-objective design procedure and the
limitation of use of HYDBs, designed at MCE, in combination with HYDBs and VDBs, designed at SDE, are investigated on the five-storey RC building described in Section 2. Five
structural arrangements of damped braces are considered in order to modulate effective damping and stiffness properties to assigned performance targets at the serviceability (e.g. protection of non-structural elements) and ultimate (e.g. upgrading up to full retrofitting of structural
parts and collapse prevention of damped braces) limit states. Nonlinear seismic analyses of
the original (IF) and retrofitted (DBIF) infilled structures are carried out using the OpenSEES
platform [15]. Zero-length flexural- and shear-controlled elements are used to describe the
inelastic response at the end-sections of RC frame members, with the internal part modelled
with an elastic element, while a zero-length rotational spring is adopted for the beam-columns
joints, reproducing shear failure prior to or after the achievement of yielding of the adjacent
beams and columns [13]. An equivalent strut acting only in compression represents the inplane behaviour of masonry infills, where the peak response is evaluated as minimum prediction between diagonal compression, corner crushing, sliding shear and diagonal tension failure mechanisms [19, 20]. Inherent damping equal to [v,F=5% is assumed for the RC framed
structure, using mass and tangent stiffness proportional Rayleigh approach. Nonlinear fluid
VDBs are modelled as nonlinear dashpots and linear springs [17], while truss elements with
bilinear force-displacement law are considered for the HYDBs, with and without an inparallel or in-series combination with a gap-link working in parallel to a hook-link. Then,
three sets of biaxial accelerograms, each consisting of seven earthquakes, are selected from
the PEER database and scaled to three different intensity levels [16]. At the site of L’Aquila
(13.40° longitude and 42.35° latitude), design response spectra of acceleration provided by
NTC18 are evaluated for moderately-soft subsoil, considering a nominal life VN=50 years and
a functional class II (amplification factor, CU= 1.0) resulting in a reference period VR=50
years. These spectra are matched on average in a suitable range of vibration periods, with reference to SDE (PGA= 0.156 g), BDE (PGA= 0.347 g) and MCE (PGA= 0.407 g).
The beneficial effects offered by the combination of HYDB1, ensuring structural safety
(SS) at MCE, and VDB or HYDB2, calculated for immediate occupancy (IO) at SDE, are
firstly investigated in Figures 7-9 with reference to the seismic performance of nonstructural
elements. Specifically, maximum drift ratio of masonry infills D'I,max(='I,max/'I,P, being 'I,max
the mean of maximum drift demand at SDE and 'I,P the value corresponding to full cracking)
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is evaluated along the building height. As can be observed, the absence of openings in the infill walls along the Y direction (see Figure 5b) results in a significant reduction of D'I,max,
whose values are less than those corresponding to the attainment of the peak lateral strength
(i.e. D'I=1) for the IF structure, with a further slight improvement when DBIF structures are
considered (Figures 7b, 8b,d and 9b).

(a)
(b)
Figure 7. Maximum drift ratio of masonry infills for the original and retrofitted structures, at BDE: HYDB1.

(a)

(b)

(c)
(d)
Figure 8. Maximum drift ratio of masonry infills for the original and retrofitted structures, at BDE:
in-parallel HYDB1+VDB, with (a, b) and without (c, d) a gap-hook element in series with HYDB1.
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On the other hand, extensive damage of masonry infills is resulted for the original structure
along the X direction, characterized by infill walls with different percentage of openings, attaining strength reduction at all levels the only exception being the roof (Figure 7a). With regard to the retrofitted structures, the IO condition at SDE is not reached at intermediate
storeys for the HYDB1 solution (Figure 7a), where only target performance levels at MCE are
checked. The in-parallel combination of HYDB1 and VDB, with (Figure 8a) and without
(Figure 8c) a gap-hook element in series with HYDB1, has not produced a marked improvement of the response that has practically unchanged for all examined cases and beyond the
damage threshold at the intermediate levels. On the other hand, a significant reduction of
D'I,max is attained when the in-parallel combination of HYDB1 and HYDB2 is considered,
with fulfilment of the IO condition for all values of 'X/h at MCE (Figure 9a). Finally, results
corresponding to the in-series combination of the HYDB1 and HYDB2 are plotted in Figures
9c,d. It should be noted that HYDBs deriving from the in-parallel combination (see Table 4)
are adopted when in-series arrangement of HYDBs is considered along X (see Table 5). As
can be observed, a different arrangement of the HYDBs impairs their performance, resulting
in non-operational condition of the retrofitted structure at SDE (Figure 9c), while the response
is essentially the same as that obtained for the in parallel arrangement when Y direction is
considered (Figure 9d).

(a)

(b)

(c)
(d)
Figure 9. Maximum drift ratio of masonry infills for the original and retrofitted structures, at BDE:
in-parallel (a, b) and in-series (c, d) HYDB1+HYDB2.
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Afterwards, maximum drift ratio demand (('/h)max, with inter-storey displacement 'max divided by the storey height h) at BDE is shown in Figure 10, only considering HYDB1 since
results corresponding to the other four arrangements are practically identical to those obtained
for this solution. The effectiveness of the HYDBs is confirmed in both directions, with similar
response for all performance levels in the Y direction (Figure 10b). Moreover, target displacements (see dashed lines) are never exceeded in the Y direction, while DBIF.i structures
(i=1-3) are resulted more flexible compared to the design thresholds in the X direction.

(a)
(b)
Figure 10. Maximum drift ratio for the original and retrofitted structures, at BDE: HYDB1.

Finally, maximum ductility demand (PD,max) of the HYDBs at MCE are plotted in Figure
11, referring to the in-elevation and in-plan distributions. For all performance levels, the ultimate value (PD,u=20) is never reached, so avoiding collapse of the dissipative devices, and a
rather uniform demand is resulted along Y (Figure 11b). As a confirmation, decreasing values
of PD,max are obtained for increasing values of target displacement.

(a)
(b)
Figure 11. Maximum ductility demand of damped braces for the retrofitted structures, at MCE: HYDB1.

CONCLUSIONS
A displacement-based design procedure of damped braces is proposed for optimizing the
seismic performance of buildings, by minimizing damage of both non-structural and structural
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elements at SDE and MCE, respectively. In order to quantify the enhanced seismic protection
offered by the combination of HYDBs, designed at MCE, and HYDBs or VDBs, designed at
SDE, comparison is made with a traditional solution consisting of HYDBs designed to guarantee the structural safety for severe ultimate limit state seismic events. Four alternative configurations are chosen for retrofitting the original building: in-parallel combination of HYDBs,
at MCE, and VDBs, at SDE, with and without a gap-hook element in series with HYDBs; inparallel and in-series combinations of HYDBs, with and without a gap-hook element in parallel with HYDBs at SDE. The procedure is applied for the seismic retrofitting of an RC framed
structure, located in L’Aquila and designed for a medium-risk seismic zone, representative of
the residential housing stock built in Italy during the 1990s. By carrying out nonlinear dynamic multi-stripe analysis of the original and retrofitted infilled structures, under three intensity
levels provided by Italian seismic code, the following conclusions can be drawn.
The absence of openings along the Y direction results in a significant reduction of damage
in the infill walls of the original structure at SDE, differently from strength reduction affecting
many infill walls, with different percentage of openings, along the X direction. As expected,
HYDBs designed at MCE are not able to ensure the IO condition of the retrofitted structure
because too high yielding forces do not allow their activation at SDE. The in-parallel combinations of the HYDBs and VDBs does not produce a marked reduction of damage at SDE for
masonry infills at the intermediate storeys, whose drift remains beyond the damage threshold.
The in-parallel combination of HYDBs, half designed at SDE and half at MCE, allows the
fulfilment of the IO condition; the same HYDBs with an in-series arrangement impairs seismic response of masonry infills at SDE. The effectiveness of the HYDBs is confirmed in both
directions at BDE, with target displacements not exceeded in the Y direction, while more
flexibility compared to the design thresholds is highlighted in the X direction. Finally, maximum ductility demand of the HYDBs at MCE confirm that their ultimate value is never
reached, so avoiding collapse of the dissipative devices.
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Abstract
To investigate the effect of damping ratio of non-structural components on floor acceleration
demands in torsionally irregular buildings, reinforced-concrete moment-resisting frame
buildings resting on flat ground (regular), and on hill slopes (irregular) are analyzed. Bidirectional linear dynamic analyses are conducted, by applying a suite of far-field ground
motions, along two orthogonal axes, to obtain the floor response of the investigated frames.
From the obtained floor acceleration response of the investigated buildings, the elastic floor
response spectra are derived at two different floor levels: (i) the floor with maximum eccentricity in the irregular building, and the corresponding floor in the reference regular building; and (ii) at the roof levels, for both the regular and irregular buildings, for NSC's
damping ratios of 1%, 2%, 5%, and 10%. The effect of damping ratio of the NSCs is studied
in terms of damping modification factors, at three different locations on each of the considered floor levels, i.e. (i) at the flexible edge, (ii) at the center of rigidity, and (iii) at the stiff
edge. The derived median damping modification factors, as obtained from the time-history
analyses are compared with the recommendations of EC 8 and other existing models available in the literature. It is observed that the recommendations of EC 8 underpredict damping
modification factors significantly, for non-structural components, tuned to structural modes of
vibration, especially, for low damping ratios of the non-structural components, and also for
relatively flexible non-structural components, for high damping ratio of the non-structural
components.
Keywords: Damping Modification Factors, Floor Response Spectra, Non-structural Component, Seismic Design, Torsional Irregularity.
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1

INTRODUCTION

Components and systems which are neither a part of the gravity load-resisting system nor a
part of the lateral load-resisting system, but offer functionality to the buildings are termed as
'non-structural components' (NSCs) or 'secondary systems'. The typical examples of these
NSCs in a building include electrical and mechanical equipments, architectural elements,
bookshelves, suspended ceilings, furniture, and elevators. Typically, NSCs in buildings are
either sensitive to the inertia forces, or to the inter-story drifts, or sometimes to both. Thus,
based on sensitivity of their response, these NSCs are sub-categorized as: (i) accelerationsensitive NSCs, (ii) displacement-sensitive NSCs, and (iii) combined acceleration- and displacement-sensitive NSCs. Seismic safety of NSCs is not only crucial due to their higher contributions to the total cost of the buildings (e.g. 70-80% of the total cost of the structure,
especially in commercial buildings [1]), but, inoperability of these NSCs due to damage during earthquakes (specifically in lifelines buildings, e.g. hospitals) could lead to increased casualties, and delayed post-earthquake recovery operations. As a result, assessing the adequacy
of the existing provisions, and developing new provisions, for ensuring seismic safety of
NSCs is considered as an essential step in performance-based earthquake engineering.
It is a well-established fact in the literature [2-8] that dynamic response of the accelerationsensitive NSCs is affected by the characteristics of both the structure and NSC itself. The typical structural characteristics which affects seismic response of NSCs include e.g. modal periods, height of the structure, stiffness distribution along the height of structure, strength of the
structure, and its lateral-load resisting system [2-5]. On the other hand, the NSC's characteristics which affects their seismic response include the location of NSCs in the building, period
of the NSCs, and the damping ratio of the NSCs [2-5]. A critical review of the existing literature suggests that most of the NSCs exhibit a low damping ratio, which typically ranges between 1-2% [9-12]. However, the various national building codes [13, 14], as well as most of
the past studies [6-8] considered the NSC damping ratio equal to 5%.
Few studies conducted so far [2-5] identified the influence of damping ratio of the NSCs,
on their floor acceleration demands. Medina et al. [2] conducted a study on the elastic and
inelastic regular moment-resisting frame buildings, and observed that a lower damping ratio
of the NSCs leads to amplification of the acceleration response, and a reduction in the NSC
damping ratio from 5% to 2%, can result approximately 50% amplification in the acceleration
demands on NSCs. Anajafi and Medina [4] conducted investigations on code designed structures to study the influence of the damping ratio of the NSC on the floor acceleration demands,
and identified that the amplification/de-amplification in the floor accelerations, due to a decrease or increase in the damping ratio of the NSC, is a function of the tuning ratio (defined as
the ratio of between the period of the NSC, Ts, to the fundamental period of the building, T1).
Further, the effect of damping ratio of the NSCs was observed to be more pronounced, when
NSCs are tuned to any structural modes of vibration, and less pronounced (minimal) for the
non-tuned conditions. These findings of the investigations by Anajafi and Medina [4] were
further supported by the recorded floor motions in 47 instrumented buildings, located in California [5]. Based on these findings, Anajafi and Medina [4] proposed a simplified tuning ratio
dependent model to estimate damping modification factors (DMFs) to scale up or down the
ordinates of the 5%-damped elastic floor response spectra, to account for the actual damping
ratio of the NSCs.
The studies conducted so far to evaluate the influence of damping ratio of the NSCs on estimated floor acceleration demands are mostly based on NSCs mounted on regular buildings.
The dynamic behaviour of the buildings is significantly altered by presence of torsion in the
buildings, resulting coupling between translational and torsional motions. Thus, the present
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study aims to investigate the influence of the damping ratio of NSCs on the floor acceleration
demands, in torsionally irregular buildings. Accordingly, two different buildings, i.e. the reference regular building, and the irregular step-back building are considered for assessments in
the present study. Bi-directional linear time-history analyses are conducted using a suite of
recorded far-field ground motions. The elastic floor response spectra are obtained at two different floor levels, i.e. (i) at the floor with maximum eccentricity between centre of mass (CM)
and centre of rigidity (CR) in the irregular building, and at the corresponding floor in the reference regular building; and (ii) at the roof levels, for both regular and irregular buildings, for
NSC's damping ratios of 1%, 2%, 5%, and 10%. From the obtained floor response spectra,
DMFs are derived at the CR in the reference regular building, and at CR, flexible edge (FE)
and stiff edge (SE) in the irregular step-back building. The derived DMFs from time-history
analyses are compared with the recommendations of EC 8 [14] and other models [4] in the
existing literature, and the influence of the damping ratio of the NSCs on floor acceleration
demands in torsionally irregular buildings is discussed and quantified.
2
2.1

NUMERICAL STUDY
Details of the investigated buildings

In the present study, two different 4-storied reinforced-concrete (RC) moment-resisting
frame buildings, i.e. the reference regular building resting on plain ground, and the step-back
irregular building on sloping ground are considered. The plan and elevations of the considered
buildings are shown in Fig. 1. The step-back building considered in the assessments rest on a
ground, having a slope of 2:1 (H:V), resulting a moderate slope angle of 27.3 degrees. In both,
the regular and irregular buildings, the floor-to-floor height is considered as 3.3 m and set
constant for all floors. In the irregular building, the ground supported short columns are of
two different heights, i.e. 1.1 m and 2.75 m, in the successive storeys. Three-dimensional numerical models of the regular and irregular buildings are developed in OpenSees [15]. The
structural elements, i.e. beams and columns are modelled as ForceBeamColumn elements, and
floor slabs are defined as rigid diaphragms. The effective stiffness of RC beams and columns
is modelled as per the recommendations of ASCE 41-17 [13]. Gravity loads (dead and live
loads) on the considered buildings are applied as per the relevant Indian Standards [16, 17].
The investigated set of buildings are designed as the Special Moment Resisting Frame (SMRF)
buildings, following the provisions of the Indian Standards [18-20], at the rock/stiff site, for
the highest seismic zone (Zone V) in India. The member sizes are proportioned to result the
longitudinal reinforcement in beams between 0.75-1.5 %, and in columns between 2-4 %,
consistent with the typical design practice adopted in North India.
2.2

Dynamic characteristics and torsion in the investigated buildings

As highlighted in the past research [2-8], the floor response is significantly affected by the
dynamic characteristics of the building, therefore, the dynamic characteristics of the investigated buildings are summarized in Table 1. Past investigations [21] on irregular step-back
buildings suggest that in such buildings, the period corresponding to the fundamental mode of
vibration is usually controlled by the number of storeys measured on the uphill side (Fig.
1(d)), irrespective of the direction under consideration. The very same effect is evident in the
obtained periods of vibration in the present study (Table 1), where the first mode periods for
the reference regular and irregular step-back buildings are in close agreements. In addition,
the irregular step-back buildings are subjected to torsion, due to non-coincident locations of
CM and CR (Fig. 1(b)). In the present study, CR is obtained considering the definition of the
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single floor eccentricity. The additional details about estimation of CR in the investigated
step-back building is available elsewhere [21]. Based on the obtained estimates of the eccentricity between CM and CR, it is observed that in the investigated irregular step-back building,
the maximum torsional effects exist at the base floor (Fig. 1(b)), which further reduces while
moving upwards, from base floor to the roof level (Fig. 1(a)). Accordingly, in the present
study, the detailed results are reported for these two floor levels only.

Figure 1: Typical plan and elevation layouts: (a) floor plan of the step-back building, at the roof level, (b) floor
plan of the step-back building, at the base foundation level, (c) elevation of the reference regular building, and (d)
elevation of the step-back building, in the direction along the slope. The dashed lines define the boundary of the
floor slab. CM and CR denotes the locations of the center of mass and center of rigidity in the floor plan. All
dimensions are in meters.

2.3

Ground motions and linear dynamic time-history analyses

In the present study, the suite of 22 pairs of far-field recorded earthquake ground motions
(having moment magnitudes varying between Mw 6.5 to Mw 7.6, with an average value of Mw
7.0, as specified in the FEMA P695 [22]) are considered. For performing the bi-directional
time-history analyses, both the horizontal components of seismic ground-motion records are
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applied simultaneously, along the two orthogonal axes of the investigated buildings. A total of
44 linear time history analyses have been performed for each of the investigated buildings, by
interchanging the two horizontal components of seismic ground-motions, along the two principal axes of the buildings. The viscous damping in the considered buildings is modelled as
Rayleigh damping of 2.5% [23], and it is defined corresponding to the periods equal to 1.5
times the fundamental mode period (1.5T1), and the period resulting in a total of 95% cumulative mass participation, in both directions.
Building
Type
Regular

Irregular

Mode of Vibration

TALS

TACS

αmx (%)

αmy (%)

First mode
Second mode
Third mode
First mode
Second mode
Third mode

1.23
0.40
0.24
1.21
0.39
0.23

1.73
0.53
0.28
1.74
0.53
0.29

72.00
08.07
02.50
52.00
05.78
01.72

71.00
09.28
03.52
51.00
07.29
14.00

TALS and TACS are the modal periods of vibration in the along and the across-slope directions of excitations, respectively, whereas, αmx and αmy are the modal mass participation ratios in the along and across-slope directions
of excitations, respectively.
Table 1: Dynamic characteristics of the investigated regular and irregular buildings.

3

RESULTS AND DISCUSSIONS: DMFS FOR FLOOR RESPONSE SPECTRA

In the present study, a total of 5,104 elastic floor acceleration response spectra are computed at different floor levels, along the height of both the regular and irregular buildings. These
floor response spectra are computed at the CR in the regular building, and at the CR, the FE
and the SE in the irregular building, for NSC's damping ratios of 1%, 2%, 5% and 10%. The
obtained floor acceleration response spectra are used to estimate DMFs, i.e. the ratio between
the floor spectral acceleration ordinate at any given period, corresponding to a NSC's viscous
damping ratio, [sto the floor spectral acceleration ordinate at the same period, corresponding
to NSC's viscous damping ratio of 5%, as defined through Eq. 1
DMF (Ts , [ s )

S a (Ts , [ s )
S a (Ts ,5%)

(1)

where, DMF(Ts,[s) is the damping modification factor corresponding to NSCs period of vibration, Ts, and damping ratio,[sSa(Ts,[s) is the floor spectral acceleration corresponding to
NSCs period of vibration, Ts, and damping ratio,[s, and Sa(Ts,) is the floor spectral acceleration corresponding to NSCs period of vibration, Ts, and damping ratio of 5%. These DMFs
are derived at all the floors, for both the regular and the irregular building, however, the results at the base floor and at the roof level are reported herein, for the sake of brevity.
Figure 2 presents the variations of DMFs in the across-slope direction (in which the torsional effects are present in case of the irregular step-back building), for the investigated regular and irregular buildings, at the base floor. It is to be noted that at the base floor, the CR and
the SE are in close proximity to each other (Fig. 1(b)), and thus, the median floor response
spectra at the CR and the SE overlaps with each other, in case of the irregular building. It can
be observed that at the base floor level, the median DMFs estimated from the elastic floor re-
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sponse spectra (derived from the floor motions) at CR are in close agreement with those recommended in EC 8, for non-tuned response of the NSCs, whereas, non-conservative for the
tuned response of the NSCs, especially, when NSCs are tuned to higher modes of vibration.
These observations can be attributed to the fact that the NSCs are subjected to limited filtering
effects by the structure, due to insignificant contributions of the different modes of vibration
at the base floor level.

Figure 2: Comparisons of DMFs at the base floor (computed using linear dynamic analyses), with the available
model in literature and EC 8. The first column in the plots corresponds to the derived DMFs for the regular
building, whereas, the second column corresponds to the derived DMFs for the irregular building.

In case of irregular building, when NSCs are tuned to higher modes of vibration, the estimated DMFs at FE from EC 8 are underestimated by a factor of 2.12 and 1.56 (Fig. 2(b) and
2(d)), for NSC's damping ratios of 1% and 2%, respectively. On the other hand, at the base
floor level, the DMF model proposed by Anajafi and Medina [4] provided significantly conservative estimates of the DMFs at the CR (Fig. 2(a)-(d)), for low damping ratios of the NSCs
(i.e. 1% and 2%). However, this conservatism vanished at the FE, especially under the tuned
response of the NSCs corresponding to higher modes (Fig. 2(b) and 2(d)). Further, the DMFs
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obtained from EC 8 (at the CR and the FE), corresponding to NSC's damping ratio of 10% are
observed to be reasonable at the base floor, upto tuning ratios of 1.50 (Fig. 2(e)-(f)), for both
the regular and irregular buildings. Contrarily, at the base floor, for NSC's damping ratio of
10%, the DMF model proposed by Anajafi and Medina [4] provided non-conservative estimates of the DMFs under tuned response of NSCs (Fig. 2(e)-(f)), at the CR and the FE.
Figure 3 presents similar results at the roof level of regular and irregular buildings investigated in the present study. It is to be noted that at the roof level, only minor eccentricity exist
in between CM and CR (Fig. 1(a)), thus, at the roof level, torsional effects are minimal. This
effect is manifested in the form of almost overlapping median floor response spectra, for a
given damping ratio of interest, at the CR, the FE and the SE (Fig. 3(b), 3(d), and 3(f)).

Figure 3: Comparisons of DMFs at the roof level (computed using linear dynamic analyses), with the available
model in literature and EC 8. The first column in the plots corresponds to the derived DMFs for the regular
building, whereas, the second column corresponds to the derived DMFs for the irregular building.

From Fig. 3, it is further evident that DMFs are tuning ratio dependent, and sharp peaks are
observed in DMFs corresponding to the structural modes of vibration. As a result, the DMF
model recommended in EC 8 underestimated median DMFs (obtained from floor response

4666

Ankur Jain and Mitesh Surana

spectra) by a factor of 1.94 and 1.50 (Fig. 3(a)-(d)), for NSC's damping ratios of 1% and 2%,
respectively, when NSCs are tuned to the structural modes of vibration. For the non-tuned response of the NSCs having low damping ratios (i.e. 1% and 2%), the DMF model recommended in EC 8 is observed to be reasonable, at the roof level (Fig. 3(a)-(d)). Contrarily, the
model proposed by Anajafi and Medina [4] provided slightly non-conservative estimates of
DMFs for tuned response of the NSCs to the structural modes of vibration, for both regular
and irregular buildings ((Fig. 3(a)-(d))). For high damping ratio of NSCs (i.e. 10%), at the
base floor level as well as at the roof level, both the models, i.e. EC 8 and the one proposed by
Anajafi and Medina [4] provided slightly non-conservative estimates of DMFs, for tuning ratios more than 1.50 (Fig. 2(e)-(f) and Fig. 3(e)-(f)), at both locations on the floor plan, i.e. at
the CR and at the FE.
The observations presented in the study highlighted some of the shortcomings of the existing models in the literature and building codes to account for the actual damping ratio of
NSCs in its seismic design and warrants a need for more reliable estimation of DMFs, for
seismic design of NSCs.
4

CONCLUSIONS

This study investigated the effects of damping ratio of non-structural components on floor acceleration demands for the reference regular and irregular step-back buildings. A total of 88
bi-directional linear time history analyses were conducted, and 5,104 floor response spectra
were evaluated at different floor levels of the investigated buildings. DMFs were computed
for the NSC damping ratios of 1%, 2%, 5%, and 10% and compared with the existing DMF
prediction model available in the literature as well as in EC 8. The following major conclusions are drawn from this study:
x

Consistent with the observations of the earlier studies [4-5], DMFs are observed to be
tuning ratio dependent. This observation is found to be valid for both regular and torsionally irregular step-back building, investigated in the present study.

x

Due to the presence of severe torsion at the base floor level, the estimated (median)
values of DMFs, at the CR and the FE differs significantly, for the irregular step-back
building. This effect was observed to be more pronounced for low damping ratio of
the NSCs (i.e. 1% and 2%), especially, when NSCs are tuned to structural modes of
vibration.

x

For the range of damping ratios investigated in the present study, the DMF model recommended in EC 8 under predicted the median DMFs for the floor response spectra
upto a factor of 2.12, when NSCs were tuned to structural modes of vibration.

x

For higher damping ratio of NSCs (i.e. 10%), due to limited filtering effects at the
base floor, the model proposed by Anajafi and Medina [4], provided non-conservative
estimates of DMFs, for NSCs tuned to structural modes of vibration. Further, both the
investigated models, i.e. the existing DMF prediction model [4] as well as EC 8 were
found to be non-conservative, for relatively flexible NSCs (Ts/T1>1.50).

The present study was conducted considering mid-rise regular and irregular step-back buildings, exhibiting their elastic response. Further the study used ground motions recorded in farfield. Separate studies are recommended to further examine DMFs for other buildings types,
for ground motions having different characteristics, and also considering the inelastic response of the buildings.
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Abstract
The severe socio-economic impact of recent earthquakes has further highlighted the existing
mismatch between societal expectations and reality of seismic performance of modern buildings. Targeting the traditional Life-Safety level is not enough when dealing with new building
design, thus the seismic scientific community is currently aiming to raise the bar in terms of
seismic/structural safety. To achieve this goal, different strategies might be adopted, as implementing more advanced design methodologies, increasing the seismic demand (design) level
and/or switching from a traditional/monolithic building system to an innovative high performance low-damage structure, capable to withstand high levels of shaking without being (significantly) damaged. Based on this motivation, the paper aims at comparing – through a
parametric study – the cost/performance of Reinforced Concrete case-study buildings designed
for increasing level of seismic intensity (low-to-high) according to: a) alternative design approaches (force-based vs displacement-based) and b) different earthquake-resisting technologies (monolithic vs low-damage). Thirty-seven parametric configurations are investigated.
Analytical/numerical investigations are carried out to determine the building capacity curves
and loss assessment investigations are performed to compute the Expected Annual Losses
(EAL). Results highlight the convenience of a displacement-based design approach, allowing
for a better control of the building performance in the plastic domain, as well as of the adoption
of a low-damage technology, leading to a very high performance and significantly reduced
economic losses for a small increase of the initial investment costs.
Keywords: 3HUIRUPDQFHEDVHG 6HLVPLF VDIHW\ 'LVSODFHPHQWEDVHG GHVLJQ /RZ GDPDJH
3RVWHDUWKTXDNHORVVHV
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1

INTRODUCTION

7KHFXUUHQWSHUIRUPDQFHEDVHGVHLVPLFGHVLJQRIQHZEXLOGLQJVLVEDVHGRQWKHDFFHSWDQFHRI
VHYHUHOHYHORIGDPDJHLQEXLOGLQJVDIWHUPDMRU GHVLJQOHYHO HDUWKTXDNHV:KHQVXEMHFWHGWR
VHLVPLFVKDNLQJVPXOWLVWRU\VWUXFWXUHVDUHH[SHFWHGWRFRQFHQWUDWHWKHLQHODVWLFGHPDQG WKHUH
IRUHGDPDJHIRUWUDGLWLRQDOWHFKQRORJ\ LQSODVWLFKLQJHV]RQHVORFDWHGDWWKHHQGVHFWLRQVRI
WKHVWUXFWXUDOPHPEHUVDFFRUGLQJWRWKHKLHUDUFK\RIVWUHQJWKVRUFDSDFLW\GHVLJQSULQFLSOHV
)LJXUH D  )XUWKHUPRUH DFFRUGLQJ WR D /LIH 6DIHW\ GHVLJQ DSSURDFK DWWHQWLRQ LV W\SLFDOO\
JLYHQWRWKHVWUXFWXUDOVNHOHWRQRQO\ZKLOVWQRQVWUXFWXUDOHOHPHQWVFDQEHYHU\YXOQHUDEOHDQG
FRQVHTXHQWO\VXVFHSWLEOHWRKLJKOHYHORIGDPDJHXQGHUORZWRPRGHUDWHLQWHQVLW\HDUWKTXDNHV
5HFHQWVHLVPLFHYHQWVLQSDUWLFXODUWKH&KULVWFKXUFKHDUWKTXDNH>@KDYHIXUWKHUKLJK
OLJKWHGWKHOLPLWVRIWKLVWUDGLWLRQDOGHVLJQDSSURDFK$OWKRXJKPRGHUQEXLOGLQJVEHKDYHGDV
H[SHFWHG UHVLVWLQJ WR HYHQ KLJKHU WKDQ FRGH GHVLJQOHYHO HDUWKTXDNHV ZLWK QR FROODSVH DQG
VDIHJXDUGLQJKXPDQHOLIHVHYHUHO\GDPDJHGEXLOGLQJVZHUHRIWHQGHHPHGWRRH[SHQVLYHWREH
UHSDLUHGDQG ZHUHGHPROLVKHG7DUJHWLQJWKH/LIH6DIHW\ REMHFWLYH LV WKXV QRW HQRXJKZKHQ
GHDOLQJZLWKQHZEXLOGLQJGHVLJQ$VDPDWWHURIIDFWLQUHFHQW\HDUVUHVHDUFKLVUDLVLQJWKHEDU
LQVHLVPLFGHVLJQDLPLQJDWHQKDQFHGVWUXFWXUDOVHLVPLFVDIHW\OHYHOVIRURXUPRGHUQVWUXFWXUHV
LQRUGHUWRIXOILOWKHVRFLHW\GHPDQGLQWHUPVRIVHLVPLFUHVLOLHQFHDYRLGLQJPDVVLYHFRQVH
TXHQFHVLQWHUPVRIVRFLRHFRQRPLFORVVHV

D

E

)LJXUHD ([DPSOHRIEHDPSODVWLFKLQJHIURPDVWRU\5&%XLOGLQJ>@E 6HLVPLFSHUIRUPDQFHGHVLJQRE
MHFWLYHPDWUL[>@PRGLILHGWRHPSKDVLVHDGDPDJHFRQWUROREMHFWLYHDQGGHVLJQSKLORVRSK\>@

7RUHDFKWKLVDLPGLIIHUHQWVWUDWHJLHVPLJKWEHDGRSWHGWRLPSURYHWKHVHLVPLFVDIHW\DQG
HFRQRPLFUHVLOLHQFHRIEXLOGLQJV DQGFRPPXQLWLHV DV LPSOHPHQWLQJPRUHDSSURSULDWHDQG
DGYDQFHGGHVLJQPHWKRGRORJLHVDQGRU LQFUHDVLQJWKHVHLVPLFGHPDQGGHVLJQOHYHODQGRU 
DGRSWLQJKLJKSHUIRUPDQFHHDUWKTXDNHUHVLVWDQWVROXWLRQV,QVXFKFRQWH[WJURZLQJDWWHQWLRQ
KDVEHHQUHFHQWO\GHGLFDWHGWRWKHGHYHORSPHQWRILQQRYDWLYHGDPDJHPLWLJDWLRQWHFKQRORJLHV
DLPLQJ DW WKHFRQWURO DQGUHGXFWLRQRI WKHSRVWHDUWKTXDNHGDPDJH $SDUW IURP ZHOONQRZQ
DGYDQFHGWHFKQRORJLHVVXFKDVEDVHLVRODWLRQDQGVXSSOHPHQWDOGLVVLSDWLYHEUDFHVSDUWLFXODU
LQWHUHVWLVEHLQJUHFHLYHGE\PRUHUHFHQWO\GHYHORSHG³ORZGDPDJH´V\VWHPVEDVHGRQSRVW
WHQVLRQHGURFNLQJPHFKDQLVPVWKHVRFDOOHG35(666WHFKQRORJ\ 35(FDVW6HLVPLF6WUXFWXUDO
6\VWHP IRUFRQFUHWHVWUXFWXUHV>@7KLVPRPHQWUHVLVWLQJV\VWHPFRPELQHVVHOIFHQWHU
LQJ FDSDFLW\ WKURXJK SRVWWHQVLRQHG EDUVWHQGRQV LQ WKH VWUXFWXUDO HOHPHQWV DQG GLVVLSDWLQJ
FDSDELOLWLHVSURYLGHGHLWKHUE\LQWHUQDOO\ORFDWHGPLOGVWHHOEDUVDVSHUWKHILUVWJHQHUDWLRQRI
WKLVWHFKQRORJ\RUXVLQJH[WHUQDOO\UHSODFHDEOHGLVVLSDWHUVPRUHUHFHQWO\GHYHORSHG>@7KH
V\VWHPEHKDYLRUUHVXOWVLQDGLVVLSDWLYHDQGUHFHQWHULQJ)ODJ6KDSHK\VWHUHVLVF\FOH>@DO
ORZLQJIRUQHJOLJLEOHSHUPDQHQWGHIRUPDWLRQVDIWHUHDUWKTXDNHV
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1HYHUWKHOHVVDFRPPRQREVWDFOHWRWKHZLGHUDSSOLFDWLRQRIDGYDQFHGVHLVPLFGHVLJQPHWK
RGRORJLHVDQGLQQRYDWLYHORZGDPDJHWHFKQRORJLHVLVRIWHQWKHXQLQIRUPHGSHUFHSWLRQSUHMX
GLFH WKDW VXFK DSSURDFKHV ZRXOG OHDG WR VXEVWDQWLDOO\ KLJKHU DQG XQDIIRUGDEOH FRVWV
)XUWKHUPRUHUDUHO\WKHHFRQRPLFEHQHILWVDVVRFLDWHGWRDVLJQLILFDQWO\UHGXFHGOHYHORIGDPDJH
DQGWKXV GLUHFW DQGLQGLUHFW ORVVHVDUH FRPSXWHG 7KLV SDSHULQWHQGV WR VKHGDOLJKW RQWKLV
LPSRUWDQWWRSLFSURYLGLQJUREXVWHYLGHQFHVIRULQIRUPHGGHFLVLRQPDNLQJRQWKHRSSRUWXQLW\
DQGDVVRFLDWHGVROXWLRQV WRUDLVHWKHEDUWRZDUGVPRUHUHVLOLHQWFRPPXQLWLHV
2

RESEARCH OUTLINE

%DVHGRQWKHDERYHGLVFXVVLRQWKLVZRUNILWVLQWRWKHFRQWH[WRIVRFLHW\¶VJURZLQJQHHGIRU
VDIHUDQGPRUHHFRQRPLFDOO\UHVLOLHQWEXLOGLQJVDQGDLPVWRSURYHWKHEHQHILFLDOHIIHFWVRIGH
VLJQLQJLQDPRUHFRQVFLRXVDQGFRQWUROOHGZD\7KHVHREMHFWLYHVDUHSXUVXHGWKURXJKDSDUD
PHWULFVWXG\LQWHQGHGWRFRPSDUHWKHFRVWSHUIRUPDQFHRIGLIIHUHQWFDVHVWXG\EXLOGLQJVZLWK
GLIIHUHQWGHVLJQSDUDPHWHUVGHVLJQPHWKRGVDQGRUFRQVWUXFWLRQWHFKQRORJLHV$VXPPDU\RI
DOOWKHUHVLOLHQWHQKDQFHGVWUDWHJLHVDQGFDVHVLQYHVWLJDWHGZLWKLQWKLVSDSHUDUHVXPPDUL]HGLQ
WKHIROORZLQJ)LJXUH

)LJXUH6XPPDU\RIUHVLOLHQWHQKDQFHGVWUDWHJLHVDQGFDVHVLQYROYHGLQWKHVWXG\

$OWHUQDWLYHGHVLJQPHWKRGVDUHDGRSWHGQDPHO\WKHWUDGLWLRQDO)RUFH%DVHG'HVLJQ )%' 
DQGWKHPRUHUHFHQWO\GHYHORSHGDQGDGYDQFHG'LUHFW'LVSODFHPHQW%DVHG'HVLJQ ''%' LQ
RUGHUWRKLJKOLJKWWKDWDGHVLJQEDVHGRQ WDUJHWLQJDQGWKXVFRQWUROOLQJOLPLWLQJ GLVSODFHPHQWV
UDWKHUWKDQIRUFHVDOORZVWREHWWHUFRQWUROWKHSHUIRUPDQFHRIEXLOGLQJVLQWKHSODVWLFGRPDLQ
7KH)%'LVLPSOHPHQWHGIROORZLQJWKHSUHVFULSWLRQVRIWKH,WDOLDQFRGH17&>@WKXV
WKHPHWKRGLVEDVHGRQWKHFDOFXODWLRQRIWKHQDWXUDOSHULRGRIWKHVWUXFWXUHE\DOWHUQDWLYHIRU
PXODWLRQVDQGRQWKHFKRLFHRIWKHEHKDYLRUIDFWRUTGHSHQGLQJRQWKHVWUXFWXUDOW\SRORJ\LWV
VWDWLFDOO\LQGHWHUPLQDWHOHYHODQGWKHGHVLJQFULWHULD GXFWLOLW\FODVV 7KHVHDVVXPSWLRQVGRQRW
DOORZWRSURSHUO\FRQWUROWKHEXLOGLQJVWUXFWXUDOEHKDYLRU2QWKHRWKHUKDQGWKH''%'PHWKRG
>@LVEDVHGRQWKHLQLWLDOFKRLFHRIDWDUJHWGULIWWKXVWKHVHLVPLFEHKDYLRUSHUIRUPDQFHRIWKH
VWUXFWXUHLVFRQWUROOHGXSIURQWE\WKHGHVLJQHUDQGKLVGHVLJQFKRLFH
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,QDGGLWLRQWRWKHWZRGLIIHUHQWGHVLJQPHWKRGRORJLHVWKHLQFUHDVHRIVHLVPLFVDIHW\LVVWXG
LHGWKURXJKWKHYDULDWLRQRIWKH,PSRUWDQFH/HYHORU&ODVV ,,,,,,9LHIURPRUGLQDU\UHVL
GHQWLDOEXLOGLQJVWRVWUDWHJLFEXLOGLQJV OHDGLQJWRDFRQVHTXHQWLQFUHDVHRIWKHVHLVPLFGHPDQG
GHVLJQ OHYHO7KLVPHDQVWKDWWKHEXLOGLQJVDUHILUVWO\GHVLJQHGDVRUGLQDU\UHVLGHQWLDOVWUXF
WXUHVWKHQDVVWUDWHJLFVWUXFWXUHVVXFKDVKRVSLWDOVILUHILJKWHUVWDWLRQSROLFHVWDWLRQHWF$F
FRUGLQJWR17&>@WKHYDULDWLRQRIWKH,PSRUWDQFH&ODVVLQYROYHVDGLIIHUHQWFRHIILFLHQW
LQGLFDWHGDV&XRQZKLFKWKHYDOXHRIWKH5HIHUHQFH3HULRG 95 RIWKHEXLOGLQJDQGFRQVH
TXHQWO\RIWKH5HWXUQ3HULRG 75 RIWKHVHLVPLFGHPDQGDWGLIIHUHQWOLPLWVWDWHVGHSHQGV7KXV
LQSUDFWLFDOWHUPVWKLVFRHIILFLHQWPRGLILHVWKHGHVLJQUHVSRQVHVSHFWUD
7KHQLQWHUPVRIWHFKQRORJ\WZRGLIIHUHQWW\SHVRIVWUXFWXUDOFRQQHFWLRQVDUHVWXGLHG 
WKHWUDGLWLRQDOPRQROLWKLFFDVWLQVLWXV\VWHPDQG WKHK\EULGORZGDPDJH35(666VROXWLRQ
7KHPRQROLWKLFFRQQHFWLRQVFRQVLVWRIVWHHOUHLQIRUFHPHQW VWHHO%& ZLWKLQWKHVWUXFWXUDO
PHPEHUV FRQFUHWH& DQGDUHGHVLJQHGDFFRUGLQJWRWKH17&>@ZKLOHWKHK\EULG
FRQQHFWLRQVFRPSULVHPLOGVWHHOEDUV GLVVLSDWLRQ DQGXQERQGHGSRVWWHQVLRQLQJWHQGRQV VHOI
FHQWHULQJ 
)XUWKHUPRUHWKHFDVHVWXG\EXLOGLQJVDUHGHVLJQHGUHIHUULQJWRWKUHHGLIIHUHQWVHLVPLF]RQHV
ORFDWHGLQ,WDO\)DEULFDGL5RPD ORZVHLVPLFLW\3*$ J 6XEELDQR PRGHUDWHVHLVPLF
LW\3*$ J DQG5HJJLR&DODEULD KLJKVHLVPLFLW\3*$ J VHOHFWHGDFFRUGLQJWR
WKHLU 3*$ DW WKH 8OWLPDWH /LPLW 6WDWH 8/6  0RUHRYHU ZKHQ WKH ''%' LV DGRSWHG WKUHH
DOWHUQDWLYHOHYHOVRIWDUJHWGULIWUDWLRVQDPHO\DUHLGHQWLILHGWRDQDO\]HWKHVWUXF
WXUDOEHKDYLRUDQGWKHHFRQRPLFORVVHVZKHQWDUJHWLQJGLIIHUHQWOHYHORIGULIW
7KHUHIRUHDWRWDORISDUDPHWULFEXLOGLQJFRQILJXUDWLRQVDUHHPSOR\HG$QDO\WLFDOQXPHU
LFDOLQYHVWLJDWLRQVDUHGHYHORSHGWRDQDO\]HWKHEXLOGLQJSHUIRUPDQFHRIDOOFDVHVWXGLHV7KHQ
IRUHDFKFRQILJXUDWLRQFRQVWUXFWLRQFRVWV PDWHULDODQGODERXUFRVWV DUHFRPSXWHGWRGHWHUPLQH
WKHVKRUWWHUPFRVWRIWKHDOWHUQDWLYHWHFKQRORJLFDOVROXWLRQV)LQDOO\ORVVDVVHVVPHQWDQDO\VHV
DUHSHUIRUPHGWRREWDLQWKH([SHFWHG$QQXDO/RVVHV ($/ IROORZLQJWZRDOWHUQDWLYHSURFH
GXUHV>@5HVXOWVDUHILQDOO\FRPSDUHGIRUDOOWKHFRQILJXUDWLRQVXQGHUFRQVLGHUDWLRQLQ
WHUPVRIVHLVPLFFRVWVDWWKHHQGRIWKHEXLOGLQJVHUYLFHOLIH \HDUV 7KLVUHSUHVHQWVDQLQ
WHUHVWLQJGDWDIRUWKHSXUSRVHRIWKHHFRQRPLFFRPSDULVRQSURYLQJWKDWGHVLJQLQJIRUKLJKHU
OHYHOVRIVDIHW\DQGUHVLOLHQFHLVFRVWHIIHFWLYHQRWRQO\EHQHILFLDOIURPDVHLVPLFSHUIRUPDQFH
SRLQWRIYLHZ,QIDFWWKLVUHVHDUFKZLOOLPSDFWZLWKWKHHYLGHQFHWKDWWKHFKRLFHRIDEXLOGLQJ
V\VWHPGHVLJQ VWUDWHJ\ VKRXOG EH DGGUHVVHG E\ LWV ORQJWHUP HFRQRPLF FRQYHQLHQFH &RQVH
TXHQWO\KLJKOLJKWLQJWKDWDQLPSURYHGGHVLJQDSSURDFKFRVWVOHVVZRXOGKRSHIXOO\WULJJHUD
VWHSFKDQJHLQWKHQHDUIXWXUHDQGWKXVUHSUHVHQWDPDMRUVWHSIRUZDUGIRUWKHRYHUDOOVRFLHW\
DQGLWVZHOOEHLQJ
3

COST/PERFORMANCE PARAMETRIC STUDY

3.1 Case-study buildings
7KHFDVHVWXG\LVDVWRU\5HLQIRUFHG&RQFUHWHEXLOGLQJZLWKJHRPHWULFDOFRQILJXUDWLRQDV
LQGLFDWHG LQ )LJXUH  7KLV VWUXFWXUH KDV EHHQ VHOHFWHG IURP D SUHYLRXV VWXG\ GHYHORSHG E\
Bianchi et al.>@7KHILUVWWZRIORRUVKDYHUHVLGHQWLDOXVHZKLOHWKHRWKHUWZRDUHRIILFHV7KH
VWUXFWXUDOVNHOHWRQFRQVLVWVRIVHLVPLFUHVLVWDQWIRXUED\IUDPHVLQRQHGLUHFWLRQDQGVKHDUZDOOV
LQWKHSHUSHQGLFXODUGLUHFWLRQ
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)LJXUH0XOWLVWRU\FDVHVWXG\5&EXLOGLQJ PRGLILHGDIWHU%LDQFKLHWDO 

,QWKLVSDSHUWKHVWXG\LVLPSOHPHQWHGIRFXVLQJRQWKHIUDPHGLUHFWLRQRQO\$VGHVFULEHG
LQWKHSUHYLRXVVHFWLRQGLIIHUHQWFRPELQDWLRQVRIWKHIUDPHV\VWHPDUHFRQVLGHUHGWRGHYHORS
WKHSURSRVHGLQYHVWLJDWLRQ$VXPPDU\RIDOOWKHFRQVLGHUHGIUDPHV\VWHPVLVSUHVHQWHGLQ7D
EOH,WFDQEHKLJKOLJKWHGIURPWKLVWDEOHWKDWWKHVWUXFWXUDOFDVHVLQFUHDVHZKHQPRYLQJWR
ZDUGVDKLJKHUVHLVPLFLW\OHYHODQGLPSRUWDQFHFODVV,QIDFWLQWKHVHFDVHVWKHVHLVPLFGHVLJQ
WKURXJKWKH''%'PHWKRGRORJ\ WKHVROHWR EH KHUHLQ XVHGLQ FDVHRI35(666WHFKQRORJ\
VROXWLRQ FDQEHGHYHORSHGUHIHUULQJWRGLIIHUHQW DQGKLJKHU GULIWWDUJHWV
Seismicity level

II
)%'
0RQROLWKLF

Low
35(666
0RQROLWKLF
Moderate
35(666

''%'
 
''%'
 
)%'
''%'
 
''%'
 

Importance Class
III
)%'
0RQROLWKLF
35(666
0RQROLWKLF
35(666

)%'
0RQROLWKLF

''%'
 

''%'
 
''%'
 
)%'

)%'
0RQROLWKLF
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0RQROLWKLF
35(666

''%'
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''%'
 

''%'
 
''%'
 

7DEOH6HOHFWHGIUDPHFRQILJXUDWLRQV
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)UDQFHVFD*HQWLOL-RQDWKDQ&LXUODQWL6LPRQD%LDQFKL6WHIDQR3DPSDQLQ

3.2 Design methodology
7KHFDVHVWXG\VWUXFWXUHVDUHGHVLJQHGDW8/6OHYHOIROORZLQJWZRGLIIHUHQWPHWKRGRORJLHV
)RUFH%DVHG'HVLJQ )%' DQG'LVSODFHPHQW%DVHG'HVLJQ ''%' 7DNLQJLQWRDFFRXQWWKH
WKUHHGLIIHUHQWORZWRKLJKVHLVPLFLW\]RQHV )LJXUHD DVZHOODVWKHWKUHH,PSRUWDQFH&ODVVHV
,, ,,, ,9 GHVFULEHGLQ 17& >@ DFFRXQWLQJIRU WKHLPSRUWDQFH RIWKHEXLOGLQJ DQG
SURYLGLQJDFRHIILFLHQW  ZKLFKLQFUHDVHVGHFUHDVHVWKHVHLVPLFDFWLRQDOWHUQDWLYH
FRQILJXUDWLRQVDUHGHVLJQHGLQFDVHRI)%'$VDQH[DPSOH)LJXUHESUHVHQWVWKHUHVSRQVH
VSHFWUDREWDLQHGIRUWKHFDVHRIKLJKVHLVPLFLW\]RQHDQGYDU\LQJWKH,PSRUWDQFH&ODVV

D

E

)LJXUHD (ODVWLF GDPSHG DFFHOHUDWLRQDQGGLVSODFHPHQWUHVSRQVHVSHFWUDIRUWKHWKUHHGLIIHUHQWVHLVPLF
]RQHVE GHVLJQDFFHOHUDWLRQUHVSRQVHVSHFWUDIRUWKHFDVHRIKLJKVHLVPLFLW\DQGYDU\LQJWKH,PSRUWDQFH&ODVV

)ROORZLQJWKH17&>@SURFHGXUHWKHGHVLJQDFFHOHUDWLRQUHVSRQVHVSHFWUDDW8/6
DUHREWDLQHGIURPWKHHODVWLFVSHFWUDSURSHUO\VFDOHGE\WKHEHKDYLRXUIDFWRU LHT 
IRU PXOWLVWRUH\ IUDPH UHLQIRUFHG FRQFUHWH VWUXFWXUHV ZLWK UHJXODU KHLJKW DQG SODQ GXFWLOLW\
FODVV% 7KXVWKHEDVHVKHDULVFDOFXODWHGE\PXOWLSO\LQJWKHVSHFWUDODFFHOHUDWLRQDWWKHILUVW
QDWXUDOSHULRGRIWKHVWUXFWXUH ͳ VIXQFWLRQRIWKHEXLOGLQJKHLJKW DQGDFRHIILFLHQW
EDVHGRQWKHVWUXFWXUDOW\SRORJ\ DQGWKHEXLOGLQJPDVV  7DEOHVXPPDULHVWKHVHLVPLF
UHVSRQVHRIWKHFDVHVWXGLHV PRQROLWKLF GHVLJQHGIROORZLQJWKHFRGLILHG)%'DSSURDFK
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&RQFHUQLQJWKH''%'WKHSURFHGXUHFRQVLVWVLQWKHHYDOXDWLRQRIWKHHTXLYDOHQWEXLOGLQJ
6LQJOH'HJUHHRI)UHHGRP 6'R) V\VWHPZLWKHIIHFWLYHHODVWLFVWLIIQHVV ሻHIIHFWLYHPDVV
ሻHIIHFWLYHKHLJKW ሻDQGHTXLYDOHQWYLVFRXVGDPSLQJUHODWHGWRWKHWDUJHWGLVSODFHPHQW
Δ $SSURSULDWHGHVLJQLQWHUVWRU\GULIWOLPLWVDUHVHOHFWHGEDVHGRQGHVLJQFRGHJRRGSUDFWLFH
DQGRUPDWHULDOVWUDLQOLPLWV7DEOHVXPPDUL]HVWKHYDULRXVFRQILJXUDWLRQVGHVLJQHGIROORZLQJ
WKH''%'DSSURDFKE\UHSRUWLQJWKHGHVLJQGULIWOHYHOWKHHIIHFWLYHSHULRGDVZHOODVWKHEDVH
VKHDUFDOFXODWHGDVSHU  

  

ൌሺʹɎȀሻʹ·

  

ൌΔ·
Monolithic
Design Drift
Base Shear [kN]
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Design Drift
Base Shear
[%]
[kN]
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+LJK

7DEOH&RQILJXUDWLRQVGHVLJQHGE\WKH''%'DSSURDFK

3.3 Numerical investigation
1XPHULFDOQRQOLQHDUVWDWLF SXVKRYHUSXVKSXOO DQDO\VHVDUHFDUULHGRXWLQ6$3VRIW
ZDUHIROORZLQJDOXPSHGSODVWLFLW\DSSURDFK7KHPRQROLWKLFEXLOGLQJVDUHPRGHOOHGE\PRQR
GLPHQVLRQDOHODVWLFHOHPHQWVZLWKSODVWLFKLQJHVDWWKHHQGVHFWLRQVZKHUHWKHLQHODVWLFLW\LV
UHSUHVHQWHGE\DSSURSULDWHPRPHQWFXUYDWXUHUHODWLRQVKLSVDQGVWLIIQHVVGHJUDGLQJK\VWHUHVLV
UXOHV 7DNHGD 7KH35(666FRQQHFWLRQVDUHPRGHOOHGXVLQJHODVWLFPHPEHUVZLWKWZRURWD
WLRQDOVSULQJVZRUNLQJLQSDUDOOHODWWKHFRQQHFWLRQLQWHUIDFHV RQHVLPXODWLQJWKHUHFHQWHULQJ
FRQWULEXWLRQIURPWKHXQERQGHGSRVWWHQVLRQLQJWHQGRQV QRQOLQHDUHODVWLFK\VWHUHVLV  WKH
RWKHU RQH UHSUHVHQWLQJ WKH HQHUJ\ GLVVLSDWLRQ FRQWULEXWLRQ IURP WKH PLOG VWHHO GLVVLSDWHUV
HODVWRSODVWLFRUELOLQHDUK\VWHUHVLV 
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)UDQFHVFD*HQWLOL-RQDWKDQ&LXUODQWL6LPRQD%LDQFKL6WHIDQR3DPSDQLQ

1RQOLQHDU VWDWLF SXVKRYHU  DQDO\VHV DUH SHUIRUPHG WR GHWHUPLQH WKH EXLOGLQJ FDSDFLW\
FXUYHV WKHQ FRQYHUWHG LQWR DFFHOHUDWLRQGLVSODFHPHQW IXQFWLRQV ZLWKLQ DQ $FFHOHUDWLRQ 'LV
SODFHPHQW5HVSRQVH6SHFWUD $'56 GRPDLQ,QWURGXFLQJLQWKHVDPHJUDSKVWKHFRGHGHVLJQ
VSHFWUDDQGDSSO\LQJWKH&DSDFLW\6SHFWUXP0HWKRG &60 >@ZLWKWKHEXLOGLQJHTXLY
DOHQWYLVFRXVGDPSLQJEHLQJGHULYHGIURPSXVKSXOODQDO\VHVWKHPD[LPXPH[SHFWHGVHLVPLF
GLVSODFHPHQWVDQGDFFHOHUDWLRQV SHUIRUPDQFH DWHDFKLQWHQVLW\OHYHO QDPHO\6/26/'6/9
6/&RU,PPHGLDWH2SHUDWLRQDO'DPDJH&RQWURO/LIH6DIHW\DQG&ROODSVH3UHYHQWLRQDVLQ
GLFDWHGLQWKH17&>@ FDQEHLGHQWLILHG$VDQH[DPSOH)LJXUHVKRZVWKHDFFHOHUD
WLRQGLVSODFHPHQW SHUIRUPDQFH SRLQWV IRU WKH FDVH RI 6/9 KLJK VHLVPLFLW\ DQG ,PSRUWDQFH
&ODVV,9

D

E

)LJXUH&DSDFLW\FXUYHVLQWKH$FFHOHUDWLRQ'LVSODFHPHQW5HVSRQVH6SHFWUXP $'56 IRUERWKD 0RQR
OLWKLFDQGE /RZGDPDJHVNHOHWRQVKLJKVHLVPLFLW\OHYHO 3*$ J 6/9OLPLWVWDWH,PSRUWDQFH&ODVV,9

%\FRPSDULQJWKHUHVXOWVLQWHUPVRIEDVHVKHDUIRUDOOWKHFDVHVWXGLHVLPSRUWDQWFRQVLGHU
DWLRQVVXSSRUWLQJWKHWKHVLVRIWKLVSDSHUFDQEHIRXQG6SHFLILFDOO\DVSUHVHQWHGLQ)LJXUH
DOO\WKHEDVHVKHDUREWDLQHGE\WKH)%'KDVDOLQHDUGHSHQGHQFHZLWKWKH3HDN*URXQG$FFHO
HUDWLRQ 3*$ IRUHDFK VHLVPLF]RQH KRZHYHULQ KLJK VHLVPLF]RQH LWV YDOXH WHQGVWR JURZ
IDVWHUWKDQWKHDFFHOHUDWLRQYDOXH)RUWKHFDVHVGHVLJQHGE\''%'LWFDQEHKLJKOLJKWHGWKDW
WKHEDVHVKHDUGHFUHDVHVDVWKHGHVLJQGULIWLQFUHDVHVGXHWRDJUHDWHU DFFHSWHG WDUJHWGLVSODFH
PHQW DQG WKXV D ORZHU VWLIIQHVV DQG QR GLUHFW SURSRUWLRQDOLW\ EHWZHHQ EDVH VKHDU DQG 3HDN
*URXQG $FFHOHUDWLRQ FDQ EH IRXQG )XUWKHUPRUH ZKHQ FRQVLGHULQJ WKH K\EULG ORZ GDPDJH
VNHOHWRQDVOLJKWO\KLJKHUEDVHVKHDU±GXHWRWKHORZHUK\VWHUHWLFGDPSLQJYDOXH±LVREWDLQHG
ZKHQFRPSDUHGWRWKHWUDGLWLRQDOVROXWLRQ7KLVLVGXHWRWKHUHVLVWLQJPRPHQWFDSDFLW\ZKLFK
LVGLVWULEXWHGEHWZHHQGLVVLSDWLYHDQGUHFHQWULQJV\VWHPVFRQVHTXHQWO\WKHGLVVLSDWLRQLVORZHU
ZKHQFRPSDUHGWRWKHFDVHRIPRQROLWKLFFRQQHFWLRQV
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)UDQFHVFD*HQWLOL-RQDWKDQ&LXUODQWL6LPRQD%LDQFKL6WHIDQR3DPSDQLQ

D

E

F

)LJXUH%DVHVKHDU3*$FXUYHVIRUWKHPRQROLWKLFVWUXFWXUHVGHVLJQHGE\D )%'DQGE ''%'F WKH
ORZGDPDJH35(666VWUXFWXUHVGHVLJQHGE\''%' ,,,,,,9UHIHUWRWKH,PSRUWDQFH&ODVV 

5HIHUULQJWRWKHVDPHVHLVPLFLW\]RQHUHVXOWVDUHDOVRFRPSDUHGE\YDU\LQJWKHGHVLJQPHWK
RGRORJ\DQGW\SHRIFRQQHFWLRQV\VWHP )LJXUH )RFXVLQJRQWKHPRQROLWKLFVWUXFWXUHVLWFDQ
EHQRWLFHGWKDQWKH)%'XQGHUHVWLPDWHVWKHEXLOGLQJEDVHVKHDULQFDVHRIORZDQGPRGHUDWH
VHLVPLFLW\]RQHVZKLOHRYHUHVWLPDWHLWVYDOXHLQFDVHRIKLJKVHLVPLFLW\]RQHZKHQFRPSDUHG
WRWKH''%'UHVXOWVDVVXPHGWRSURYLGHDPRUHUHOLDEOH ³FRUUHFW´ VWUXFWXUDOUHVSRQVH7KLV
KLJKOLJKWVWKDWWKH)%'PHWKRGGRHVQRWDOORZWRKDYHDSURSHUFRQWURORQWKHQRQOLQHDUEHKDY
LRURIWKHVWUXFWXUHGXHWRDGHVLJQSURFHGXUHEDVHGRQWKHVHOHFWLRQRIDEHKDYLRUIDFWRUT
UHSUHVHQWLQJWKHGLVVLSDWLRQFDSDELOLW\RIWKHEXLOGLQJXQGHUFRQVLGHUDWLRQ

D

E

)LJXUH&RPSDULVRQLQWHUPVRI%DVH6KHDUIRUD DOWHUQDWLYHGHVLJQPHWKRGRORJLHV DWWKHVDPHGHVLJQ
GULIWOHYHOIRU''%' DQGDOOWKHVHLVPLFLW\]RQHVE GLIIHUHQWWHFKQRORJLFDOVROXWLRQVDWWKHVDPHVHLVPLFLW\
OHYHOLQFDVHRI''%'DQGYDULRXVGHVLJQGULIWOHYHOV
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3.4 Construction costs
)RUHDFK VWUXFWXUDO FRQILJXUDWLRQLQYROYHGFRQVWUXFWLRQFRVWV DUH FRPSXWHG EDVHGRQWKH
5HJLRQDO3XEOLF:RUNV3ULFH/LVWRIWKH)ULXOL9HQH]LD*LXOLDUHJLRQ ,7 ZKHUHWKHFRVWRI
HDFKPDWHULDODOUHDG\DFFRXQWIRUWKHVSHFLILFODERXUFRVW7KHFRVWRIWKHPRQROLWKLFVWUXFWXUH
LVFDOFXODWHGWDNLQJLQWRDFFRXQWWKHTXDQWLWLHVRIFRQFUHWHDQGVWHHOQHHGHGIRUWKHVWUXFWXUDO
HOHPHQWVDVZHOODVWKHFRVWRIIRUPZRUNVVDIHW\H[FDYDWLRQIRXQGDWLRQVDQGJHRWHFKQLFDO
VXUYH\V)RUWKH35(666VWUXFWXUHVWKHFRVWRIWKHWHQGRQVDQGWKHLUSRVWWHQVLRQLQJWKHFRU
UXJDWHGWXEHDQGWKHFUDQHUHQWDODUHDGGHGWRWKHDERYHLWHPV DSDUWIURPWKHFRVWRILQVLWX
IRUPZRUNVQRWQHHGHGIRUWKHSUHFDVWHOHPHQWV ,QRUGHUWRGHILQHDQRYHUDOOFRVWRIWKHPXOWL
VWRU\EXLOGLQJVLQFHWKHVHLVPLFUHVLVWDQWIUDPHVKDYHRQO\EHHQGHVLJQHGIRUWKHSXUSRVHRI
WKLVVWXG\WKHRWKHUEHDPVFROXPQVDQGZDOOVKDYHEHHQFDOFXODWHGWDNLQJLQWRDFFRXQWFRGH
SUHVFULSWLRQVDQGFRQVLGHULQJVWDQGDUGJHRPHWULFDOGLPHQVLRQVIRUHDFKHOHPHQW
$FRPSDULVRQLQWHUPVRIFRQVWUXFWLRQFRVWIRUWKHDOWHUQDWLYHFDVHVWXG\FRQILJXUDWLRQVLV
UHSRUWHGLQWKHIROORZLQJ)LJXUHDQG7DEOH,WFDQEHQRWLFHGWKDWWKH)%'SURYLGHVFRVWV
HTXDOWRRUKLJKHUWKDQWKH''%'IRUWKHVDPHVHLVPLFLW\]RQH0RUHRYHUDVIDUDVDFRP
SDULVRQEHWZHHQWHFKQRORJLHVLVFRQFHUQHGLWFDQEHKLJKOLJKWHGWKDWWKH35(666WHFKQRORJ\
OHDGVWRDQLQFUHDVHRILQORZDQGPRGHUDWHKLJKVHLVPLFUHJLRQVZLWKSHDNVDW
LQKLJKVHLVPLFUHJLRQIRUWKHFRQVWUXFWLRQFRVWZKHQFRPSDUHGWRWKHPRQROLWKLFV\V
WHPGXHWRWKHSUHVHQFHRIWHQGRQVFDEOHV DQG WKHLUSRVWWHQVLRQLQJ ,Q SDUWLFXODUWKH PRVW
H[SHQVLYHFDVHVDUHWKRVHZLWKGHVLJQGULIWOHYHOLQKLJKVHLVPLF]RQHDVFRQILUPHGE\
WKHUHVXOWVREWDLQHGLQWKHSUHYLRXVSDUDJUDSKLQWHUPVRIEDVHVKHDU
2YHUDOOIRUDJLYHQVHLVPLFLW\WKHLQFUHDVHRIGLUHFWFRVWVDVVRFLDWHGZLWKDVLJQLILFDQWUDLVH
IRUWKHEDUPRYLQJIURP,PSRUWDQFH&ODVV,,WR,,,DQG,9LVFRXQWHULQWXLWLYHO\UDWKHUPRGHU
DWHUDQJLQJEHWZHHQLQORZVHLVPLFPRGHUDWHVHLVPLFDQGKLJK
VHLVPLF7KXVDUJXDEO\DVLJQLILFDQWOHYHORIKLJKHUVDIHW\RIQHZFRQVWUXFWLRQFDQEHDFKLHYHG
ZLWKPLQLPDOPRGHUDWHLQYHVWPHQW,QWKHQH[WSDUDJUDSKWKHWDQJLEOHOLIHVSDQHFRQRPLFEHQ
J
HILWVRIVXFKDSSURDFKDUHLQYHVWLJDWHG

D

E

)LJXUH&RPSDULVRQLQWHUPVRI&RQVWUXFWLRQ&RVWIRUD DOWHUQDWLYHGHVLJQPHWKRGRORJLHV DWWKHVDPHGH
VLJQGULIWOHYHOIRU''%' DQGDOOWKHVHLVPLFLW\]RQHVE GLIIHUHQWWHFKQRORJLFDOVROXWLRQVDWWKHVDPHVHLVPLF
LW\OHYHOLQFDVHRI''%'DQGYDULRXVGHVLJQGULIWOHYHOV
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Construction Cost
[€/m2]
Seismicity
level

Importance
Class

FBD
Monolithic

DDBD
Monolithic

DDBD
PRESSS

/RZ
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Cost Difference
[%]
DDBD
DDBD
vs FBD
Monolithic
Monolithic
vs PRESSS




















7DEOH&RPSDULVRQLQWHUPVRI&RQVWUXFWLRQ&RVWV

4

LOSS ASSESSMENT ANALYSIS

7KHHVWLPDWLRQRIVHLVPLFHFRQRPLFORVVHVLVIXQGDPHQWDOWRHYDOXDWHWKHDFWXDOORQJWHUP
VWUXFWXUHOLIHVSDQ FRQYHQLHQFHRIDGHVLJQVWUDWHJ\ZKHQFRPSDUHGWRDQRWKHU$VPHQWLRQHG
DERYHWKHHFRQRPLFDVSHFWLVFHUWDLQO\FUXFLDOZKHQDSURMHFWLVFDUULHGRXWDQGUHSUHVHQWVWKH
IDFWRUPDLQO\DGGUHVVLQJWKHFKRLFHRIDWHFKQRORJLFDOVROXWLRQ3URYLQJWKDWDVDIHUVROXWLRQLV
DOVRWKHOHDVWH[SHQVLYH ZKHQFRQVLGHULQJWKHOLIHVSDQRIWKHEXLOGLQJQRWRQO\WKHLQLWLDOFRVWV 
LVWKHUHIRUHHVVHQWLDOWRVSUHDGWKHLGHDWKDWFXUUHQWWUDGLWLRQDOSHUIRUPDQFHEDVHGGHVLJQDS
SURDFK OLPLWHGWR/LIH6DIHW\ LVQRWHQRXJKWRPHHWWKHVHLVPLFGHPDQGVRIRXUPRGHUQVRFLHW\
)URPDSURFHGXUDOSRLQWRIYLHZWZRDVVHVVPHQWDSSURDFKHVDUHKHUHLQLQYROYHGWRHYDOX
DWHG WKH VHLVPLF ORVVHV DQG VSHFLILFDOO\ WR FDOFXODWH WKH ([SHFWHG $QQXDO /RVVHV ($/ 
QDPHO\ WKHVLPSOLILHGSURFHGXUHE\'0>@ WKHULJRURXVSURFHGXUHE\)(0$
3>@7KHILUVWSURFHGXUHWDNHVLQWRDFFRXQW WKHGLUHFWORVVHVRQO\DQGLV DFWXDOO\
GHYHORSHGIRUDQGFDOLEUDWHGRQH[LVWLQJEXLOGLQJV2QWKHRWKHUKDQGWKHSUREDELOLVWLF)(0$
3PHWKRGRORJ\DFFRXQWIRUERWKGLUHFWDQGLQGLUHFWHFRQRPLFORVVHVSURYLGLQJDQDFFXUDWH
ORVV HVWLPDWLRQ LI DOO WKH EXLOGLQJ FRPSRQHQW IUDJLOLWLHV DQG UHODWHG IUDJLOLW\ FXUYHVFRQVH
TXHQFHIXQFWLRQV DUHNQRZQ
4.1 Simplified methodology
7KHSURFHGXUHGHVFULEHGLQWKH³6HLVPLF%RQXV´JXLGHOLQHV'0>@LVKHUHLQ
LPSOHPHQWHG)URPWKHEXLOGLQJFDSDFLW\FXUYHVWKHFDSDFLW\0HDQ$QQXDO)UHTXHQFLHV 0$) 
DUHFRPSXWHGDWYDULRXVVHLVPLFLQWHQVLW\OHYHOV 6/',6/26/'6/96/&6/5RUUH
VSHFWLYHO\1RQVWUXFWXUDO'DPDJH,PPHGLDWH2SHUDWLRQDO'DPDJH&RQWURO/LIH6DIHW\&RO
ODSVH3UHYHQWLRQ'HPROLWLRQDQG5HFRQVWUXFWLRQ $5HFRQVWUXFWLRQ&RVWLVDVVRFLDWHGZLWK
HDFKLQWHQVLW\OHYHODQGH[SUHVVHGDVDSHUFHQWDJHRIWKHWRWDOEXLOGLQJFRVW7KLVDOORZVWREXLOG
WKHFRVWIUHTXHQF\FXUYHVDQGWKXVWRGHWHUPLQHWKH($/YDOXHDQGUHODWHGFODVV6LQFHWKH
FDVHVWXGLHVDUHQHZEXLOGLQJVWKHUDWLRRIFDSDFLW\WRGHPDQGLVHTXDOWR RUPRUHWKDQ 
PHDQLQJWKDWWKH&DSDFLW\5HWXUQ3HULRGLVHTXDOWR RUPRUHWKDQ WKH'HPDQG5HWXUQ3HULRG
7KHGLIIHUHQFHEHWZHHQWKHFDVHVWXGLHVLVWKHUHIRUHUHODWHGWRWKHGLIIHUHQW,PSRUWDQFH&ODVV
RQO\DVWKH,PSRUWDQFH&ODVVYDULHVWKH5HWXUQ3HULRGDVVRFLDWHGZLWKHDFKOLPLWVWDWHYDULHV
&RQVHTXHQWO\RQO\WKUHH($/FXUYHVFRUUHVSRQGLQJWRWKHWKUHH,PSRUWDQFH&ODVVHVDUHRE
WDLQHGIRUDOOWKHFDVHVHPSOR\HG )LJXUH 
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D

Importance
Class

EAL
[% RC]

,,
,,,
,9





E

)LJXUH($/FXUYHVDQGYDOXHVREWDLQHGIURPWKHVLPSOLILHGORVVDVVHVVPHQWDQDO\VLV

,QDOOFDVHVWKHEXLOGLQJV\VWHPVUHVXOWLQ$FODVV ($/ DQGLWFDQEHQRWHGWKDW
ORVVHVDUHKLJKHUZKHQDQ,PSRUWDQFH&ODVV,,LVDVVXPHGUHSUHVHQWLQJWKHORZHUVDIHW\UHVLOL
HQFHOHYHOIRUWKHEXLOGLQJ7KHUHIRUHWKHLPSOHPHQWHGSURFHGXUHKLJKOLJKWVWKDQWKHVLPSOLILHG
DSSURDFKGHYHORSHGIRUH[LVWLQJVWUXFWXUHVLVQRWDSSOLFDEOHIRUQHZEXLOGLQJV,QIDFWLWGRHV
QRWDOORZWRDFFRXQWIRUEHWZHHQGLIIHUHQWFRQVWUXFWLRQPHWKRGVDVZHOODVWHFKQRORJLHV
4.2 Probabilistic-based methodology
7KH UHILQHG ORVV DVVHVVPHQW LQYHVWLJDWLRQ LV LPSOHPHQWHG XVLQJ WKH 3$&7 3HUIRUPDQFH
$VVHVVPHQW&DOFXODWLRQ7RRO SURYLGHGE\WKH)(0$3>@7KLVSUDFWLFDOWRRODOORZVWR
FDOFXODWHWKHGLUHFWDQGLQGLUHFWHFRQRPLFORVVHVRIDVWUXFWXUH,QRUGHUWRLPSOHPHQWWKHDQDO
\VLVLQSXWGDWDGHVFULELQJWKHEXLOGLQJ JHRPHWU\XVHFRPSRQHQWV DQGKD]DUGDUHUHTXLUHG
)UDJLOLW\FXUYHVDQGFRQVHTXHQFHIXQFWLRQVQHHGDOVRWREHGHILQHGIRUERWKVWUXFWXUDODQGQRQ
VWUXFWXUDOHOHPHQWV&RQFHUQLQJWKHPRQROLWKLFFDVWLQVLWXFRQQHFWLRQVWKHIUDJLOLW\VSHFLILFD
WLRQVDUHVHOHFWHGIURPWKHRQHVDYDLODEOHLQWKH)(0$3GDWDEDVHFRQVLGHULQJFRPSRQHQWV
ZLWKVLPLODUJHRPHWU\WRWKHFDVHVWXG\VWUXFWXUH,QWKHFDVHRI35(666FRQQHFWLRQVVHFWLRQ
DQDO\VLVUHVXOWVDUHHODERUDWHGWREXLOGXSVSHFLILFIUDJLOLW\IXQFWLRQVGHVFULELQJWKHFRQQHFWLRQ
EHKDYLRU LHIUDFWXUHRIWKHPLOGVWHHOEDUVDQG\LHOGLQJRISRVWWHQVLRQHGWHQGRQV 7KHQWKH
VHLVPLFGHPDQGIRUHDFKOLPLWVWDWHLQWHUPVRILQWHUVWRU\GULIWUDWLRVDQGIORRUDFFHOHUDWLRQV
FDOFXODWHGWKURXJKWKHSXVKRYHUEDVHGFDSDFLW\VSHFWUXPPHWKRGDUHFRQVLGHUHGDVDGGLWLRQDO
LQSXWGDWD0RUHRYHUWKHDQDO\VLVLVFDUULHGRXWLQFOXGLQJWKHFRQWULEXWLRQRIUHVLGXDOGULIWUD
WLRVIRUWKHPRQROLWKLFVWUXFWXUHV QHJOLJLEOHUHVLGXDOGLVSODFHPHQWVFKDUDFWHUL]HWKHK\EULGV\V
WHP GXH WR LWV VHOIFHQWHULQJ EHKDYLRU  7KH ORVV DVVHVVPHQW DQDO\VLV WKXV SURYLGHV D PRUH
DFFXUDWHHVWLPDWLRQRIWKHDQQXDOL]HGH[SHFWHGUHSDLUFRVWV ($/YDOXHV )LJXUHDQG7DEOH
SUHVHQWWKHUHVXOWVREWDLQHGIURPWKLVSUREDELOLVWLFEDVHGSURFHGXUH
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D

E

)LJXUH&RPSDULVRQLQWHUPVRI([SHFWHG$QQXDO/RVVHVIRUD DOWHUQDWLYHGHVLJQPHWKRGRORJLHV DWWKH
VDPHGHVLJQGULIWOHYHOIRU''%' DQGDOOWKHVHLVPLFLW\]RQHVE GLIIHUHQWWHFKQRORJLFDOVROXWLRQVDWWKHVDPH
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7DEOH&RPSDULVRQLQWHUPVRI([SHFWHG$QQXDO/RVV

5HVXOWVLQWHUPVRI($/KLJKOLJKWWKDW DVWKHVHUYLFHFODVVLQFUHDVHVWKHORVVHVGHFUHDVH
GXHWRWKHLQFUHDVHGOHYHORIVDIHW\FRQVHTXHQWO\OHDGLQJWRUHGXFHGVHLVPLFORVVHV DVWKH
GHVLJQGULIWOHYHOLQFUHDVHVWKHYDOXHRI($/SDUDPHWHUDOVRLQFUHDVHVWKLVLVUHODWHGWRDVHLV
PLFGHVLJQIRUKLJKHUOHYHOVRIGLVSODFHPHQWZKLFKEULQJVWRFRQVHTXHQWKLJKHUGDPDJHV:KHQ
FRPSDULQJWKHUHVXOWVREWDLQHGIRUWKHVDPHFRQVWUXFWLRQWHFKQRORJ\ZKLOVWYDU\LQJWKHGHVLJQ
PHWKRG)%'SURGXFHVJUHDWHUORVVHVWKDQWKH''%'FRQILUPLQJWKHGLVDGYDQWDJHRIDSSO\LQJ
VXFKWUDGLWLRQDOGHVLJQPHWKRGRORJ\0RUHRYHUORRNLQJDWWKHGLIIHUHQWW\SHVRIVNHOHWRQV\V
WHPV35(666VWUXFWXUHVOHDGWRVLJQLILFDQWO\ORZHUORVVHVZKHQFRPSDUHGWRPRQROLWKLFVWUXF
WXUHVGXHWRLWVLQKHUHQWORZGDPDJHQDWXUH
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ZLWKHDFKOLPLWVWDWH7KHRYHUDOOUHSDLUFRVWLVQRZSURSHUO\FRPSXWHGIRUWKHYDULRXVLQWHQVLW\
OHYHOVDQGWKLVDOORZVWRDSSUHFLDWHWKHDGYDQWDJHVDQGGLVDGYDQWDJHVRIGHVLJQPHWKRGVDQG
WHFKQRORJLHV&RPSDULVRQVLQWHUPVRI($/FXUYHVDUHWKXVFDUULHGRXWIRUWKHGLIIHUHQWVHLV
PLFLW\OHYHOVDVSUHVHQWHGLQ)LJXUH HJGLIIHUHQWVHLVPLFLW\DUHDVVHUYLFHFODVV,9
GHVLJQGULIWOHYHOIRU''%' ,QWKHVDPHJUDSKDUHSDUDELOLW\WKUHVKROGRILHYDOXHDERYH
ZKLFKLVQRORQJHUFRQVLGHUHGFRQYHQLHQWWRUHSDLUWKHEXLOGLQJLVDOVRLQFOXGHG,WLVQRWHGWKDW
LQORZVHLVPLFLW\DUHDVWKLVWKUHVKROGYDOXHLVQHYHUUHDFKHG

D

E

F

)LJXUH&RPSDULVRQRIGHVLJQVWUDWHJLHVLQWHUPVRI($/FXUYHV IRUGLIIHUHQWVHLVPLF]RQHVD ORZE PRG
HUDWHF KLJKDQ,PSRUWDQFH&ODVV,9GHVLJQGULIWOHYHOIRU''%' 

5

SEISMIC COSTS IN THE BUILDING LIFE

,QRUGHUWREHWWHUDSSUHFLDWHWKHDGYDQWDJHVRIDGHVLJQEDVHGRQWKHFRQWURORIGDPDJHDQG
RQLQFUHDVHGVDIHW\OHYHOVWKHVHLVPLFFRVWVRIDOOFDVHVWXGLHVDUHFRPSDUHGDWWKHHQGRIWKH
VHUYLFHOLIHWKDWLVIRUH[DPSOH\HDUVDIWHUWKHEXLOGLQJFRQVWUXFWLRQ7KLVFRPSDULVRQFDQ
EHFDUULHGRXWE\FRQVLGHULQJWKHDQQXDOL]HGORVVHV WKH($/SDUDPHWHU GLVWULEXWHGDORQJ
\HDUVLQRUGHUWRHYDOXDWHWKHSHUFHQWDJHRIFRQVWUXFWLRQFRVWZKLFKZRXOGEHORVWDWWKHHQGRI
WKHEXLOGLQJOLIH$VVKRZQLQ)LJXUHDWKHFXPXODWLYHVHLVPLFFRVWLVGHVFULEHGE\DOLQHDU
WUHQGJRLQJIURPWKHLQLWLDOFRVWDWWKHWLPHRIFRQVWUXFWLRQWRWKHFRVWDWWKHHQGRIWKHEXLOGLQJ
VHUYLFHOLIH7KHLQWHUVHFWLRQEHWZHHQWKHGLIIHUHQWOLQHVUHSUHVHQWLQJGLIIHUHQWGHVLJQVWUDWHJLHV
LGHQWLI\WKHEUHDNHYHQWLPHDWZKLFKWKHLQLWLDO LIDQ\ GLIIHUHQFHLQWKHLQLWLDOFRQVWUXFWLRQ
FRVWVLVEDODQFHGWKHUHIRUHDOWKRXJKDWWKHWLPHRILQLWLDOFRQVWUXFWLRQWKH35(666WHFKQRORJ\
PLJKWEHVOLJKWO\PRUHH[SHQVLYHWKDQWKHWUDGLWLRQDORQH QRWDEO\WKHLPSOHPHQWDWLRQRIDFWXDO
EXLOGLQJVKDYHSURYHQWREHQRPRUHH[SHQVLYH IURPWKH\HDUFRUUHVSRQGLQJWRWKHLQWHUVHFWLRQ
RIWKHLUFRVWOLQHVRQZDUGWKHWUHQGLVFRPSOHWHO\UHYHUVHG)RUH[DPSOHLWFDQEHQRWLFHGWKDW
LQKLJKVHLVPLFLW\DQGGHVLJQGULIWRIIRU''%'WKHGLIIHUHQFHLQWKHLQLWLDOFRVWRI
PRQROLWKLFYVORZGDPDJH DWWKHWLPHRIFRQVWUXFWLRQFDQEHIXOO\UHFRYHUHGLQMXVWWHQ\HDUV
,QRUGHUWRKLJKOLJKWWKHDGYDQWDJHVREWDLQHGE\VZLWFKLQJIURP)%'WR''%'DVZHOODVIURP
PRQROLWKLFWRK\EULGFRQQHFWLRQVWKHVDYLQJVDIWHU\HDUVIURPWKHWLPHRIFRQVWUXFWLRQDQG
IRUHDFKVHLVPLFLW\DUHDDUHVKRZQDQGFRPSDUHGLQ)LJXUH EF DQG7DEOH
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7DEOH&RPSDULVRQLQWHUPVRIVDYLQJVDWWKHHQGRIWKHEXLOGLQJOLIH

7KHVDYLQJVDUHFOHDUO\PRUHFRQVLVWHQWLQKLJKVHLVPLFLW\DUHDVDQGFRQVHTXHQWO\WKHDG
YDQWDJHVRIDORZGDPDJHWHFKQRORJ\DUHPRUHHYLGHQW7KHSUHYLRXVJUDSKVDUHSDUWLFXODUO\
UHOHYDQWDVLWSUHVHQWVLQDEVROXWHWHUPVWKHVLJQLILFDQWDPRXQWRI WD[SD\HUV PRQH\WKDWFDQ
EHVDYHGLQ\HDUV&RVWRIFRQVWUXFWLRQLVFRUUHODWHGZLWKORVVHVRYHUWLPHDQGPRQH\VDYLQJV
DUHHYLGHQW)LQDOO\LWLVREVHUYHGWKDWWKHFRQYHQLHQFHRILPSOHPHQWLQJORZGDPDJHWHFKQRO
RJLHVLVVXEVWDQWLDOIRUWKHFDVHRIKLJKVHLVPLFLW\DUHDDQG,PSRUWDQFH&ODVV,,
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6

CONCLUSIONS

7KLVSDSHUKDVIRFXVHGRQWKHFRVWSHUIRUPDQFHEDVHGVWXG\DQGFRPSDULVRQRIDOWHUQDWLYH
GHVLJQVWUDWHJLHVZKLFKPLJKWEHDGRSWHGWRHQKDQFHWKHVHLVPLFVDIHW\RIQHZEXLOGLQJV)R
FXVLQJRQ5HLQIRUFHG&RQFUHWHVWUXFWXUHVDQGFRQVLGHULQJLQFUHDVLQJO\OHYHOVRIVHLVPLFLQWHQ
VLW\ UHSUHVHQWLQJHLWKHUDKLJKHUVHLVPLF]RQHRUDKLJKHUVHUYLFHFODVVRU,PSRUWDQFH/HYHO 
GLIIHUHQW GHVLJQ PHWKRGRORJLHV IRUFHEDVHG YV GLVSODFHPHQWEDVHG  RU WHFKQRORJLHV PRQR
OLWKLFYVORZGDPDJH KDYHEHHQDGRSWHGWRGHYHORSWKHSURSRVHGSDUDPHWULFVWXG\
5HVXOWVRIWKLVUHVHDUFKDOORZVIRUJUHDWHUDZDUHQHVVRIWKHSURSHUGHVLJQPHWKRGVWUDWHJ\WR
EHXVHGDFFRUGLQJWRWKHVHLVPLFDUHDDQGWKH,PSRUWDQFH&ODVVRIDVSHFLILFEXLOGLQJ,QSDU
WLFXODUWKHGHYHORSHGVWXG\KLJKOLJKWVWKDWWKHIRUFHEDVHGGHVLJQEULQJVWRGLIIHUHQW \HWQRW
QHFHVVDULO\FRQVHUYDWLYH UHVXOWVZKHQFRPSDUHGWRWKHGLVSODFHPHQWEDVHGGHVLJQ6SHFLILFDOO\
WKH SDUDPHWULF VWXG\ RQ DOWHUQDWLYH VWUXFWXUDO FRQILJXUDWLRQV KLJKOLJKWV WKDW WKH EXLOGLQJ UH
VSRQVHLQWHUPVRIEDVHVKHDULVJHQHUDOO\RYHUHVWLPDWHG+RZHYHUWKLVGRHVQRWPHDQWKDWWKH
IRUFHEDVHGGHVLJQLVDPRUHFRQVHUYDWLYHPHWKRGWKDQWKHGLVSODFHPHQWEDVHGDSSURDFK DVLW
FRXOG LQ WXUQ XQGHUHVWLPDWH WKH GLVSODFHPHQWGXFWLOLW\ GHPDQG  ZKLOH LWKLJKOLJKWV WKDW WKLV
DSSURDFKGRHVQRWDOORZWRKDYHDSURSHUFRQWURORIWKHUHDOVWUXFWXUDOEHKDYLRUDQGLQJHQHUDO
RQWKHREWDLQHGVHLVPLFUHVXOWV)XUWKHUPRUHWKHSDUDPHWULFVWXG\VKRZVWKDWWKHEDVHVKHDU
WKDWLVDIXQGDPHQWDOSDUDPHWHUIRUWKHVHLVPLFGHVLJQVLQFHLWDOORZVWRGHWHUPLQHWKHGHPDQG
PRPHQWVKHDUYDOXHVRQWKHVWUXFWXUDOHOHPHQWVGRHVQRWQHFHVVDU\QRUGLUHFWO\LQFUHDVHZLWK
WKHDVVXPHGOHYHORIVHLVPLFLQWHQVLW\H[SUHVVHGLQWHUPVRI3HDN*URXQG$FFHOHUDWLRQ 3*$ 
6SHFLILFDOO\ORRNLQJDWWKHVDPHGHVLJQGLVSODFHPHQWWKHEDVHVKHDULQFUHDVHVZLWKWKHDFFHO
HUDWLRQ ZKLOVW LI WKH DFFHOHUDWLRQ GRXEOHV WKH EDVH VKHDU GRHV QRW 7KLV ODVW FRQVLGHUDWLRQ
SURYHVWKDWGHVLJQLQJIRUKLJKHU,PSRUWDQFH&ODVVHVDQGWKHUHIRUHZLWKJUHDWHUVDIHW\DQGUH
VLOLHQFHGRHVQRWQHFHVVDULO\OHDGWRDQHTXDOO\KLJKHUFRVW0LQRUEXWDSSURSULDWHO\IRFXVHG
LQYHVWPHQWVFDQLQVWHDGOHDGWRJUHDWHUVDIHW\UHVLOLHQFHDQGORQJWHUPVDYLQJV
7DNLQJ LQWRDFFRXQW WKH UHVXOWVLQ WHUPV RILQLWLDO FRQVWUXFWLRQFRVW DQG IRFXVLQJRQ KLJK
VHLVPLFLW\DUHD ZRUVWFDVHVFHQDULR LWFDQEHQRWLFHGWKDWPRYLQJIURP,PSRUWDQFH&ODVV,,WR
,9ZLWKWKHVDPHGHVLJQGULIWOHYHO HJ DOWKRXJKWKHUHTXLUHGEDVHVKHDUVKRXOGEH
KLJKHUDQLQLWLDOFRVWLQFUHDVHRIRQO\LVH[SHFWHG0RUHLPSRUWDQWO\ZKHQFRQVLGHULQJWKH
FXPXODWLYHVHLVPLFFRVWRYHUWLPHWKHVOLJKWFRVWGLVWDQFHLVFRPSOHWHO\UHFRYHUHGLQOHVVWKDQ
\HDUVDQGDWWKHHQGRIWKHVHUYLFHOLIHRIWKHVWUXFWXUH \HDUV DVDYLQJRIDERXWLV
REWDLQHGOHDGLQJWRDQLQFUHDVHGVDIHW\IRUWKHEXLOGLQJDVZHOODVUHGXFHGORVVHVRYHUWLPH
)XUWKHUPRUHWKHDGYDQWDJHUHODWHGWRWKHLPSOHPHQWDWLRQRIDORZGDPDJHWHFKQRORJ\VXFK
DVWKHURFNLQJGLVVLSDWLYH35(666V\VWHPLVHYLGHQWHVSHFLDOO\IRUWKHFDVHVWXGLHVZKHUHSRVW
HDUWKTXDNH GDPDJH FDXVHV YHU\ KLJK UHSDLU FRVWV ,Q IDFW WKH FRPSXWHG VDYLQJV DW  \HDUV
VHUYLFHOLIH DIWHUWKHWLPHRIFRQVWUXFWLRQVKRZWKDWWKHJUHDWHVWVDYLQJVUHIHUWR,PSRUWDQFH
&ODVV,,GHVLJQGULIWRIDQGKLJKVHLVPLFLW\]RQH,PSRUWDQFH&ODVV,,LVLQJHQHUDOWKH
OHYHOZLWKWKHKLJKHVWORVVHVRYHUWLPH ORZHUVDIHW\ ZKLOHDGHVLJQGULIWRISUHVHQWVWKH
PRVWH[SHQVLYHFDVHLQWHUPVRIFRQVWUXFWLRQFRVW+RZHYHUWKLVFRQVLGHUDWLRQGRHVQRWOHDGWR
WKHFRQFOXVLRQWKDWLQDUHDVZLWKDORZVHLVPLFLW\ORZGDPDJHFRQQHFWLRQVDUHQRWFRQYHQLHQW
VDYLQJVDUHREWDLQHGIRUDOOVHLVPLFSURQHDUHDVDQG,PSRUWDQFH&ODVVHVVRLWLVFOHDUWKDWGH
VLJQLQJEHWWHUWKDWPHDQVIRUEHWWHUSHUIRUPDQFHDQGJUHDWHUVDIHW\LVDOZD\VDOVRHFRQRPL
FDOO\FRQYHQLHQWOHDGLQJWRDPRUHUHVLOLHQWFRPPXQLW\
'HVSLWHWKLVUHVHDUFKZRUNUHSUHVHQWVDQLQLWLDOVWXG\DLPLQJWRSURYHWKHFRQYHQLHQFHRI
LPSOHPHQWLQJHQKDQFHGVDIHW\GHVLJQVWUDWHJLHVIXUWKHULQYHVWLJDWLRQVDUHQHHGHGWRFRPSDUH
DOWHUQDWLYHGHVLJQPHWKRGVDQGWHFKQRORJLHV,QSDUWLFXODUPRUHUHILQHGQXPHULFDOVWXGLHVDUH
UHTXLUHGLQYROYLQJWLPHKLVWRU\DQDO\VHVDQGSHUIRUPLQJDSUREDELOLVWLFEDVHGDSSURDFKORRN
LQJDWWKHLQIOXHQFHRIWKHGHVLJQDSSURDFKRQWKHEXLOGLQJSUREDELOLW\RIFROODSVH
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Abstract
This paper deals with the design of a transparent pavilion (museum) made of structural glass.
The fundamental concepts of structural glass are described and its application in public
buildings. The work is focused on the seismic analysis of the glass structural members in regions with high seismicity. Particularly in these regions the basic principles of seismic isolation are taken into account and applied in the model building in order to avoid brittle
failures. Analytical results show that the elastic behavior of structural glass doesn’t affect the
overall response of the building in seismic events if it is properly isolated. Especially, glass
structural members with pseudo-ductile behavior have favorable effect on the seismic response and contribute towards accomplishing the codes’ safety for public buildings.
Keywords: Structural Glass, Public Building, Seismic Design, Base Isolation
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1

INTRODUCTION

Glass has been one of the most well known structural materials since it was discovered
back into the 1500 B.C. in Egypt and Mesopotamia and further developed in Rome during the
1st century [1]. Lately in 1950, its use in structure become very popular by Alastair Pilkington
who developed the process of the float glass production (1,2). Due to its transparency and its
high compressive and tensile strength, it was and remains the perfect material for the facades.
As the years passed, the material affected the architectural rhythm and lately glass becomes
the dominant material of the design [2]. Nowadays, after the progressive development of the
material’s properties and the new types of structural glass [1,2,3], the modern architecture
trend to designing transparent buildings.
Apart from the esthetical value that the structural glass adds to the transparent buildings, it
also shifts the negative impact on nature, since it is a full recyclable material [4]. The existing
guidelines cover extensively the design of secondary structural elements [5,6] and only lately
there is an effort to develop codes for all the structural members. As such, buildings of this
kind are rarely met, especially in Northern Europe and US [1], and the vast majority is museums or public buildings. However, there are a few if any examples of transparent buildings in
high seismicity regions. For this reason, this paper deals with the investigation of the response
of a transparent public building (pavilion) made of structural glass in regions with high probability of severe seismic events.
2
2.1

STRUCTURAL GLASS
Mechanical properties

The high strength and the glass resistance to acids and salt corrosion, makes glass suitable
to be used as a structural material. Especially, due to the luck of porous it is not affected by
the climatic conditions and the environmental exposure. This contributes to the durability of
the material and hence the structural members.
Glass is an isotropic (density ρ=2500Kg/m3), elastic material with a modulus of elasticity
approximately equal to 70GPa, poison ratio ranging from 0.2 to 0.3 and a compressive
strength more than 500MPa [6]. The tensile strength depends on the chemical process of the
production and varies from 45MPa to 120MPa [5,6].
It is worth noticing that, glass is considered a green material since it is fully recyclable and
the energy need it for each production is considerably lower than that needed for compatible
materials such as concrete and steel [7]. The use of glass needs special attention in order to
provide energetically efficient buildings [1,2,3].
2.2

Types

The glass when imposed on tensile loads, cracks initiate and propagate. With further chemical process new types of glass are developed with higher tensile strength and more resistant
surface on the whole. Consequently, this shift of the tensile strength, leads to different failure
modes and patterns. As such there are numerous types of glass e.g. annealed, full tempered,
chemically and heat strengthened or composite forms such as laminated and reinforced glass.
All these categories have brittle failure mode with large and sharp or round fragments after
cracking whereas composite forms present a pseudo-plastic behavior with a combination of
the above maintained failure modes.
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3
3.1

DESIGN
Conceptual design of pavilion

The glass pavilion of this study is orientated to be part of an internal part of an existing
museum. The pavilion is considered as a unit which can be an interior or exterior extension
and can form various configurations in any natural environment.
The pavilion is a one storey building (Hlev=3.00m) and has a total area equal to 53.00m2 for
hosting approximately 20 visitors. It consists of the exhibition room, the meeting room, reception, WC and traffic spaces as they are shown in the function diagram in Figure 1. The use of
the spaces can differ according to the pavilion’s demands and use. The basic conceptual design idea of the pavilion takes into consideration the proper ventilation and openings of the
spaces, as well as the privacy and transparency. In case that there is a requirement for visual
isolation, structural glass with controlled transparency can be used [1].
A main issue of the design with structural glass is the energy performance of the building
[1,2,3]. Modern technology has lead to the development of various types of glasses e.g. reflective glass, insulting glass units, mirror glass and smart glasses [1,8] that enhance the energy
efficiency. It’s worth mentioning that in the present work, the energy evaluation and the use
of different energy glasses has not been examined and it is a task of future work.

Figure 1: Function diagram of the glass pavilion

3.2

Selection of structural members

Structural glass is mainly a brittle material. Alternative types such as laminated or reinforced glass present a quasi pseudo-plastic behavior [9]. This response is favorable to the
overall performance of buildings in high seismicity zones, offering the desirable safety level.
As such, safety glass type is preferred to form the structural body of the current study.
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The glass moment frame consists of H shaped columns (250x250mm2) and rectangular
beams (66x322mm2). The cross-section size is chosen so that the frame is resistant to gravity
loads. Roof panels are designed to bear wind and snow loads. They are made of four sheets of
full tempered laminated glass and they have total thickness equal to 40mm. The exterior
glasses have 8.0mm thickness each, in order to protect the middle glasses. The infill panels,
which are designed to resist in wind load, are made from triplex laminated glass and each
glass panel has 15mm thickness. Columns are made of triplex laminated glass formed by
three-layers of tempered glass of 22mm thickness each, assembled with a transparent sentry
glass interlayer (SG). This interlayer helps to keep together the fragments in case of failure in
tension. Beams contain also a steel rebar (22x22mm2, ρs=2.33%) mounted at the bottom part
of the middle glass sheet which is heat-strengthened. The reinforcement is activated after the
tensile failure of the cross section’s glasses (heat-strengthened and tempered) and bears the
tensile stresses developed without affecting significantly the transparency. Beams sheets are
also kept together with a glass interlayer. The crack pattern of the fragments and the polymer
defines the residual tensile strength of the member as it is shown in Figure 2. The steel reinforcement is also activated once the compressive loads exceed the compressive strength of the
glass. Then fragments are created and kept in place by the SG interlayer.
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W3

t3

X

W1
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Z

Y

hs
Li

Stainless steel
type-304

Table 1: Cross section’s geometry

3.1

Seismic design of the pavilion

The pavilion’s demands for seismic resistance are quantified with response spectra analysis
(RSA) according to Eurocode (EC8/EN1998-1) [10] considering the seismic action as an elastic response spectrum. A preliminary modal analysis is performed in order to obtain the modal
expansion (shapes).
The dynamic analysis is performed with the elastic response spectrum for the ground accelerations horizontal directions. The seismic action is represented by the elastic response
spectrum, Type 1 (Ms > 5.5) and the elastic response of the structural glass denotes that the
factor q is equal to 1.00.
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According to EC8, the main factors that determine the elastic response spectrum are chosen. That is, soil conditions of type B, brittle type material and importance class of the building III. As such, the reference peak ground acceleration (agR) for soil type B is equal to 0.36g
and the values of the characteristics periods (T B, TC, TD) and the soil factor (S), are 0.15sec,
0.50sec, 2.00sec and 1.20 respectively. The building seismic resistance is of importance in
view of the consequences associated with a collapse (e.g. schools, museums etc) and thus is
classified as importance class IIΙ with a corresponding importance factor (JI) equal to 1.20.
Therefore the peak ground acceleration is equal to the reference peak ground acceleration (ag
= JI·agR) 0.43g and the damping factor (η) of the material is equal to 2%, given the nature of
the material [13].
M (kNm)
MI,tot

MII,tot

I

MII,tot

>>

II

MIII,tot

>>

III

>>

IV

MIV,tot

MI,tot
MII,tot - Mt,g,II
MIV,tot
MIII,tot

Total strength at stage

MI,tot-Mt,g,I

Residual strength at stage

I

MII,tot-Mt,g,II

>>

II

MI,tot-Mt,g,I

I II III
φI φII φIII

IV
φ (‰)

φIV

Non-Cracked: Stage I-Tensile failure of heat-strengthened glass; Cracked Stage:
II-Tensile failure of full tempered glass and yield of steel; III-Intermediate yield
point εy,s,III=2•ε,s,y; IV-Compressive failure of glass

Figure 2: M-φ diagram

3.2

Base isolation system

Due to the high importance of the museum demands safety is increased. Especially in high
seismicity zones according to EC8 the design should ensure that no collapse occurs. The glass
pavilion’s response of this study is mainly defined by the elastic nature and brittle failure of
glass, which happens in small ranges of deformations. In order to limit them and to prevent
failures from extreme earthquake events, the drift of the single degree of freedom (SDOF) pavilion should be reduced.
The glass pavilion is designed to be properly based in separate reinforced concrete foundations. In this paper a solution of base isolation system is chosen in order to decrease the maximum relative displacement of the foundation and the upper level of the structure (Hlev).
Various types of base isolation systems exist e.g. roller and ball bearings, sliding bearings,
springs and elastomeric rubber bearings [11], with the most common in use the elastomeric
rubber bearings (Low or High Damping Rubber Bearing LDRB/HDRB, Lead Rubber Bearing
LRB and Friction Pendulous Systems FPS) [11]. The chosen base isolation system is one
LDRB at the base of each column, made of natural rubber (NR) with a rectangular shape
(250x350mm2) and a total height equal to 63mm. The bearing, is also reinforced with steel
plates between the elastomer layers which provide high vertical stiffness (Kv=418.90kN/mm),
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considerably higher than the horizontal one (Kh=1.50kN/mm). This type of bearing is chosen
since practically vertically it is restricted and incapable to deform. At the same time, it is flexible to withstand horizontal seismic displacements and rotations.
Seismic
Isolation

Profile & Cross Section

Dimensions (mm)
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Materials
Natural Rubber

Steel Plates

Table 2: Elastomeric rubber bearings’ geometry

4

SIMULATION

The model building was numerical investigated using ANSYS software. The glass structural members (columns and beams) were simulated using a three-dimensional Finite Element
Model (FEM). The roof of the building is considered as diaphragm, at the height of 3.0m.
Proper finite element types were chosen for the simulation of glass columns (BEAM188),
glass beams reinforced with steel rebars (REINF264) and the base isolation system
(COMBIN14). Each bearing of the isolation system chosen is simulated with one spring for
each direction with suitable stiffness, mechanical properties and stress strain laws, integrating
the desired features of a certain base isolation system reducing the acceleration transmitted to
the superstructure.
The two scenarios studied in this paper are a) a 3-D model of the glass pavilion without
base isolation and b) a 3-D model of the glass pavilion based on elastomeric bearings (Figure
3).
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Figure 3: Two scenarios of study a) 3-D model without base isolation and b) 3-D model with base isolation
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The seismic design of the pavilion is performed according to the regulations of EC8. An
elastic acceleration spectrum is applied representing the seismic load, which is excited in the
horizontal plane (directions x and z), neglecting the vertical seismic component (direction y).
The spectrum’s excitation point coincides with the center of the global coordinate system, as
shown in Figure 3. For the proper distribution of the pavilion’s mass and the calculation of the
mode shapes due to gravity, a modal analysis is performed followed by the spectrum analysis.
After both the modal and spectrum analysis, the significant modes of the pavilion are combined. The solution in terms of displacement is extracted by using the square route of the sum
of squares mode combination method (SRSS). [10,12]
The solution for both models a) without seismic base isolation system or b) isolated with
elastomeric bearings, is extracted in terms of the relative displacement of the upper and lower
nodes of the columns of each frame.
5

RESULTS

Τhe response diagrams of the two different descried models are presented. First of the reference model which is represents the initial design’s performance without base isolation system (circled shaped red dot line) and for the second model which represents the target design
performance of the base isolated model (square shaped green dot line). The results are presented in terms of drift ratio of the storey (Figure 4a), maximum displacement vs. the amplitude of the natural frequency of the structure (Figure 4b) and of the maximum acceleration at
the base vs. amplitude natural period (Figure 4c).
There is a significant reduction in structure’s drift as it is illustrated in Figure 4a corresponding to 83% lower values in respect to the reference model. This reduction of drift expresses the capacity of the bearings to absorb the seismic displacements. Also, the significant
decrease of the relative displacement in terms of absolute values is depicted in Figure 4b,
where it is shown that the maximum relative displacement of the isolated model happens
when the elastomeric bearing reaches its maximum shear capacity (22.5mm), exhibiting also a
larger cut off frequency. The cut off frequency of the initial design performance practically
coincides with the natural frequency (fn) of the SDOF structure, which is reduced for the isolated model (65%) and exhibiting a sharp increase at the ultimate design state of the elastomeric bearing. The Figure 4c shows the shift of the natural period and response with which
the SDOF structure oscillates in the two different models at the ultimate state. Especially, the
target design performance has a value of period 2.9 times greater than the initial. This elongation of the period is beneficial as the reference model oscillates with a maximum acceleration
of 0.266g, whereas the base isolation decreases the maximum acceleration of the upper structure to 0.014g.
The base isolation system has an overall remarkable effect by favoring glass columns’ deformation, eliminating brittle failures. Not only columns, but also beams do not have significant deformation as it shown in Figure 5 in terms of elastic strain. The value range of elastic
strains of the isolated structure is between ±0.10 (Figure 5b), meaning 85% difference lower
than the reference model (Figure 5a). These values of strains in all structural members corresponds to a curvature’s value of stage I (Figure 2), which corresponds to non-cracked stage
for all type of glasses both in tension and compression.
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Figure 5: Elastic strain results for (a) non-isolated and (b) base isolated structure

6

CONCLUSIONS
x

x

x
x

The isolated model exhibits a shift in the SDOF natural period and the significant
reduction of the storey drift and the base acceleration, as well as the strains at the
critical cross-sections of the structure. As such, glass exhibits no significant fracture or damage, even though is a brittle material. The proper design of the pavilion
is proven to exhibit a high ratio of safety.
A detailed selection of the structural glass type and in addition a proper layering of
those types, in combination with structural steel, can lead in avoidance of brittle
failures. Even though in the cases of columns the structural glass is proven to have
enough resistance to deformations, the base isolation system enhances the overall
performance.
Further research is needed in order to study the connection assemblies between the
structural members in order to assure that the abovementioned failure mode is
achieved.
The total displacement provoked from the seismic excitation can be dramatically
reduced. Further investigation applying different isolation systems or a combination
of them can result to the elimination of the displacement values, especially for different configurations of the unit model either vertically or horizontally.
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Abstract
The current seismic design and assessment procedures describe the seismic demand in terms
of elastic spectral accelerations, which may not be adequate to capture the destructive effects
of near-fault ground motions. The relevant characteristics of near-fault records, such as the
presence of a velocity pulse, the pulse amplitude, and the pulse period (Tp), make the record
selection and modification task more challenging. A newly proposed intensity measure, called
Instantaneous Power (IP(T1)), takes into account the effects of velocity pulses on structural
response. It has been shown that vector IM including IP(T1) and elastic spectral acceleration
at the first mode period of structure Sa(T1) results in more reliable and accurate structural
responses compared to the traditional IM, Sa(T1). A new matching method is developed to
incorporate the effects of IP into the record modification process. The procedure combines a
widely used time-domain spectral matching algorithm, RspMatch, and a velocity adjustment
approach to simultaneously match the target response spectrum and IP spectrum. We investigate the extent to which controlling the IP parameter in the modification process affects the
nonlinear structural response by comparing the results of single-degree-of-freedom (SDOF)
systems and multi-degree-of-freedom (MDOF) system, under the sets of Sa-only matched and
Sa- and IP- matched records. Our findings show that the consideration of IP in the record
matching can help prevent potential bias in structural response.

Keywords: Near-fault ground motions, Velocity pulses, spectral matching, Record selection
and modification
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1

INTRODUCTION

Developing robust approaches for selecting and modifying records that can represent the
critical aspects of the design motions is crucial to obtaining reliable and accurate structural
response estimates. In current practice, the records having similar implicit causal parameters
(e.g., magnitude, distance, site condition) with the scenario earthquake are typically scaled or
modified such that their median response spectrum matches the target spectrum within the
period range of interest [1]. However, selecting the records on the basis of spectral accelerations may not fully represent the damaging potential of near-fault records containing directivity pulses. For instance, characterization of the near-fault ground motions including velocity
pulses requires the determination of the probability of the presence of a pulse, the period of
the pulse, as well as the amplitude of the pulse. The recent study showed that the vector IM
consisting of Sa(T1) and Instantaneous Power (IP(T1)) sufficiently and efficiently captures the
destructive impact of the near-fault ground motions on structural response [2]. In order to capture the damaging characteristics of these motions, it is necessary to consider the combined
effects of relevant IMs, i.e. Sa and IP, in the seismic design and assessment procedures.
One of the most widely used approaches to obtain appropriate input motions for use in response history analysis is the time-domain response spectrum matching procedure, which is
also known as RspMatch [3]. This technique adds wavelet function to accelerogram so as to
ensure compatibility between record spectrum and target spectrum over a specified period interval. This study presents an IP matching approach that performs modification on velocity
time series to match the target IP values. The proposed matching algorithm enables near-fault
records to match both the target response (Sa) spectrum and IP spectrum. The non-degrading
bilinear SDOF systems of varying periods and nonlinearity levels as well as a 2-story steel
frame that accounts for stiffness and strength degradation are used as case studies to evaluate
the performance of the proposed matching procedure for predicting response of structures to
Sa-only matched records and to Sa- and IP-matched records.
2

INSTANTANEOUS POWER

The IP(T1) is defined as the maximum energy rate of the bandpass-filtered velocity time series
over a short time interval given by half of the structural period (i.e. 0.5T1) :

1 t0
IP(T1 ) max(
0 5T1
0.5

0.5
0
5T1

V filtered 2 (t )dt )

(1)

t0

where the IP is in units of cm2/s2, V filtered is the bandpass-filtered velocity of the record in cm/s.
A Butterworth bandpass filter with bandpass period between 0.2T1 and 3T1 is applied to a velocity time series. Figure 1 illustrates the original and filtered velocity time series of the 1979
Imperial Valley-06 earthquake (Agrarias station) record. Figure 1 also shows the variation of
IP(T1) level over the selected time interval (0.5T1) and the Cumulative Squared Velocity
(CSV) of the filtered velocity. It can be seen that the maximum IP occurs at around 10 seconds, which corresponds to the steepest slope of the CSV. The previous findings showed that
the IP has a significant influence on the structural response after eliminating the effects of
spectral shape and amplitude of the ground motions [2-4].
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Figure 1. The original and filtered velocity time series of the 1979 Imperial Valley-06 earthquake (Agrarias station) pulse record, and the variation of IP(T1) over the selected time interval (0.5T 1) and the Cumulative Squared
Velocity (CSV) of the filtered velocity.

3

CONSTRUCTION OF TARGET SPECTRA FOR MATCHING

Matching of an individual component to a target median can lead to artificial suppression
of the spectral variability as the target spectrum generated using geometric-mean or RotD50
(i.e., the median single-component horizontal ground motion across all nonredundant azimuth)
of the ground motion does not include the peaks and troughs of the arbitrary component. To
maintain the variability of the individual component of the record about the target, we construct a component-specific target spectrum, which is obtained using the ComponentVariability Ratio (CVR) given by:
H
Sai j ,record
CVRij
50, record
r
(2)
Sa
S iRotD 50
H

where Sa RotD 50,record is the RotD50 spectrum of the record, and Sai j ,record corresponds to the
spectral acceleration of the j component of the record at the i period. The component- speH j ,t arg et

cific target spectrum Sai

is then computed as follows:
H j ,t arg et

Sai

CVRij Sait argg et

(3)

where Sait arg et is the target spectral accelerations. In computing the CVR for componentspecific IP target, we employ geometric-mean IP values of the record instead of the RotD50
because the conditional GMM for the IP is developed based on the geometric-mean horizontal
component of ground motion [5]. A conditional ground-motion model (GMM) for IP(T ) is
given by;
ln( IP(T )) a1 a2 lln(( Sa(T )) a3 ( M 6)) a4 ln(
l ( Rrup 5exp(0.4( M 6)))
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in which M is the moment magnitude, Rrup is the rupture distance in kilometers, and the 5%damped Sa in g. The subscripts e and s correspond to the indexes of the earthquake and the
site, respectively. A more detailed description of the model can be found in [5].
Figure 2 illustrates 50th percentile (median) of the target scenario spectrum generated using
the Abrahamson et. al. GMM [6], for an earthquake scenario with Magnitude=7, Rrup=3 km,
and site condition Vs30= 400m/s, target IP spectrum, as well as component-specific Sa- and
IP- spectra of the selected pulse record that are used as targets in the matching.

Figure 2. Comparisons of median target spectrum for an earthquake scenario with Magnitude=7, Rrup=3 km, and
site condition Vs30= 400m/s, target IP spectrum, and component-specific Sa- and IP- spectra of the selected pulse
record.

4

IP ADJUSTMENT

In this section, we briefly mention about the IP adjustment approach that adds a Ricker
wavelet to the velocity time series so as to match the target IP values [7]. The Ricker wavelet
has good time localization and a broader frequency spectrum compared to the tapered cosine
function, which is added to acceleration time history in response-spectrum matching. This adjustment function is centered at the time of IP occurs ( tIPj ), for the spectral period T j , and is
given by

h j (t ) (1 2

2

f 2 (t tIPj )2 ) exp(

2

f 2 (t tIPj )2 )

(5)

The adjusted velocity is defined as:

V1 (t ) Vo (t )

vel

V1 (t ) V0 (t )

N
j 1

b j h j (t )

(6)

where V1 (t ) is the adjustment velocity time history and vel is a relaxation factor for the velocity adjustment, where b j is a vector of amplitudes of a set of adjustment functions, and N
is the total number of spectral periods. The objective is to equate the change in the IP due to
the adjustment to the misfit between target IP and record IP. We refer the reader to the paper
by Zengin and Abrahamson [8] for more details.
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5

MAIN STEPS OF THE SIMULTANEOUS SA- AND IP-MATCHING

The proposed approach sequentially modifies time series to have a close match between
records’ spectra and target spectra. The flowchart of the proposed algorithm is shown in Figure 3. The required user inputs are target response spectrum, two horizontal components of
the ground motion, time step, damping ratio, target peak ground acceleration (PGA). In the
first step, the original acceleration time history is initially scaled to the target PGA of the record so as to preserve the shape of the envelope of the time series at high frequencies. The
component-specific Sa- and IP- target spectra are then constructed using Equation 3. We subdivide the target periods into smaller subgroups to increase the stability of the matrix inversion as well as to avoid numerical convergence problems. In that regard, we divide Sa- and
IP- periods into k subgroups and select every kth element using the equation k=(N/n), where N
is the total population size, and n is the sample size. The maximum sample size is set to 20
because it yields optimum convergence. Moreover, we improve the stability of the matrix inversion by using a Tikhonov regularization method, which is also known as ridge regression
[9].

Figure 3. Flowchart of the Sa- and IP-matching algorithm.

Each iteration sequentially performs Sa matching and IP matching stages for each subset.
In other words, the accelerogram adjusted using Sa-matching phase is integrated to obtain the
velocity time history, which is then used as an input for IP matching. We note that the relaxation factors used to damp the total acceleration and velocity adjustments affect the convergence. Thus, after several trials, we select acceleration relaxation factor of 0.50 and velocity
relaxation factor of 0.10. The iterations continue until the desired tolerance levels are
achieved, or the maximum number of iterations is reached. Mean Absolute Error (MAE) of
the misfit between target spectrum and record spectrum over N periods is calculated using the
following formula:
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MAE

1
N

N
i 0

| ln(
l ( yi ) ln(
l ( xi ) |

(7)

where y denotes the target value and x is the current value of the reference time series. The
tolerance levels for the Sa- and the IP- matching are 0.05 and 0.10, respectively. The maximum allowable number of iterations is selected as 40.
6

CASE STUDY FOR RECORD MATCHING
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Figure 4 shows the acceleration, velocity, and displacement time histories of H2 horizontal
component of the pulse record (1979 Imperial Valley-06 earthquake Agrarias station) before
and after Sa- and IP- matching. The left panel of the figure illustrates the time histories of the
original record, whereas the right panel shows the adjusted time series. It is seen that the addition of wavelets results in some changes in the amplitude and waveforms of the records.
However, we assess the suitability of the records for nonlinear response history analysis based
on Sa and IP IMs, which are pertinent to the structural response. It should be noted that the
consideration of IP in the matching process alleviates the need to preserve the pulse characteristics (i.e., pulse amplitude and pulse period) in the matched record as the IP accounts for the
destructive effects of the near-fault ground motion with or without velocity pulses. Thus, we
do not check whether the resulting record exhibits velocity pulse.
Figure 5 compares the Sa- and IP spectra of the record and target spectra. Also plotted are
the linearly scaled spectra of the record. These results indicate that the proposed matching algorithm performs well in the simultaneous matching of the Sa and IP.
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Figure 4. Acceleration, velocity, and displacement time histories of H2 component of the pulse record (1979
Imperial Valley-06 earthquake Agrarias station record) before and after Sa- and IP- matching.
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Figure 5. Comparisons of record Sa- and IP- spectra and target spectra

7

NONLINEAR STRUCTURAL RESPONSES

Using the proposed matching algorithm, we match 11 near-fault records to the target median scenario spectrum for an earthquake scenario with Magnitude=7, Rrup=3 km and site condition Vs,30=400 m/s. In our analysis, we utilize both Sa- matched and Sa- and IP-matched
records. The records are randomly selected in the magnitude range 6.5-7.5, Rrup range 0-20
km, and Vs30 range 180-760 m/s. We perform nonlinear dynamic analyses of bilinear SDOF
systems having five different structural periods between 0.6 and 3.0 seconds and two different
inelasticity levels defined by strength reduction factors of R=2 (nearly elastic) and R=6 (highly inelastic). Damping ratio and strain hardening ratio are taken as 5% and B=0.10, respectively. We also consider a 2-story moment-resisting frame that includes the Modified Ibarra
Krawinkler stiffness and strength degradation material model [10][11]. The analytical model
also takes into account the P-delta effects. The fundamental period of the frame structure is
found to be 0.82 sec. The detail information about this structure can be found in [12]. In this
case, the selected records are matched to the 84th percentile of the target spectrum to obtain
post-elastic maximum interstory drift ratios (MIDRs) of the structure.
Figure 6 plots the mean ratio of the IPs obtained from Sa-matched records to the IPs obtained from Sa- and IP-matched records versus period. It is seen that the mean IP value of the
Sa- matched records is lower than that of the Sa- and IP-matched records. Because there is
almost no difference between the Sa-values of both record sets, we may attribute the differences observed in structural response to differences in IPs.
Figure 7 shows the results of inelastic displacements of SDOF systems having various periods for R=2 and R=6. We see that the Sa-only matched records produce a lower mean structural response compared to the Sa- and IP-matched records, suggesting that the effects of IP
on structural response are more pronounced for the highly inelastic case. We also observe that,
in most cases, the Sa- and IP-matched records produce lower levels of dispersion compared to
Sa-only matched records. Figure 8 shows the MIDRs of a 2-story steel frame structure obtained using Sa- matched and Sa- and IP-matched records, where dashed lines show the median results of the record sets. As seen, the MIDRs of Sa-matched records are, on average,
lower than that of Sa- and IP -matched records. This indicates that the records having lower IP
values than the target IP can produce biased-low responses, relative to the Sa- and IP-matched
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record, highlighting the importance of considering the IP parameter in the record modification
process.

Figure 6. Mean ratio of the IPs obtained from Sa-matched records to the IPs obtained from Sa- and IP-matched
records.
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Figure 7. Inelastic displacements of SDOF systems having various periods for R=2 and R=6.
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Figure 8. MIDRs of 2-story steel frame (T1=0.82 s) obtained using Sa- matched and Sa- and IP-matched records.
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8

CONCLUSIONS

This paper proposes a ground-motion matching procedure that adjusts the near-fault records to simultaneously match target Sa- and IP- spectra. The algorithm builds upon the existing technique, RspMatch, for spectral matching and extends the time-domain modification for
IP matching. The case study results show that our algorithm can effectively match the target
values over a range of periods. One advantage of considering IP IM is that there is no need to
preserve the pulse characteristics in the matching process because IP takes into account the
effects of velocity pulses (i.e., pulse amplitude and pulse period). The results of this study indicate that the proposed matching approach can prevent potential bias in nonlinear structural
response.
The Matlab source code and the documentation for the Sa- and IP- matching procedure are
available at (https://github.com/zenginesra/Sa_IPmatch).
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Abstract
Using induction heat treatment to increase the yield stress of one half of a steel brace section
as well as inducing intentional eccentricity along the brace length has been experimentally
proven to increase the limited post-yielding stiffness exhibited by concentrically braced steel
structures. The high-post yielding stiffness and controllability of the brace response through
the two material components and eccentricity provides the brace the capability of satisfying
multiple displacement performance objectives offering a reduced section size. Design
expressions that describe the mechanical behaviour of the bracing system are developed. The
seismic performance of steel braced frames using the two-component composite steel braces
with intentional eccentricity is investigated and a direct displacement-based design method
(DDBD) is proposed in order to support their implementation to building structures. The design
method is validated through a verification study performed on the theoretical design of a 4storey office building and seismic performance is assessed through dynamic non-linear time
history analysis (NTHA). Time-history analysis results demonstrate that a better control is
achieved with the proposed bracing system for achieving drift and ductility limitations.
Keywords:'LUHFW'LVSODFHPHQW%DVHG'HVLJQ3HUIRUPDQFH%DVHG'HVLJQ&RQFHQWULF
%UDFHG)UDPH,QGXFWLRQ+HDWLQJ(FFHQWULFLW\
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1

INTRODUCTION

$QHZIRFXVRQUHGXFLQJSRVWKD]DUGILQDQFLDOORVVHVDQGUHFRYHU\WLPHDORQJVLGHDGYDQFHV
LQ FRPSXWDWLRQDO PHWKRGV KDV FXOPLQDWHG LQ WKH HPHUJHQFH RI 3HUIRUPDQFH %DVHG 6HLVPLF
'HVLJQ 3%6' :LWKLQ3%6'EXLOGLQJVDUHGHVLJQHGWRUHVSRQGWRVHLVPLFORDGLQJSUHGLFWDEO\
DQGUHOLDEO\WRYDULRXVOHYHOVRIVWUXFWXUDOSHUIRUPDQFHLQFUHDVLQJKD]DUGUHVLOLHQFH>@7KLV
SURYLGHV WKH DELOLW\ WR RSWLPLVH VWUXFWXUHV WR UHGXFH WRWDO OLIH F\FOH FRVW DQG LQFUHDVH
VXVWDLQDELOLW\>@7KHSRRULQHODVWLFEHKDYLRXURIFHUWDLQFRQYHQWLRQDOVWUXFWXUHVKDVSURYLGHG
GLIILFXOWLHVLQ WKHUHOLDEOHSUHGLFWLRQ RIWKHQRQOLQHDUUHVSRQVHIRUWKHVHVWUXFWXUHW\SHV >@
1HZ V\VWHPV DUH XQGHU GHYHORSPHQW ZLWK EHWWHU FRQWUROOHG LQHODVWLF EHKDYLRXU SURYLGLQJ
VDWLVIDFWLRQRI3%6'ZLWKPXOWLOHYHOSHUIRUPDQFHREMHFWLYHV
,Q FRQFHQWULF EUDFHG IUDPHV &%)V  WKH SRRU LQHODVWLF EHKDYLRXU DQG HDUO\ EXFNOLQJ RI
FRQYHQWLRQDOVWHHOEUDFHV &%%V OHDGVWRUDSLGORVVRIVWRUH\VWLIIQHVVODUJHD[LDOGHIRUPDWLRQV
SUHPDWXUH EUDFH IUDFWXUH DQG GHIOHFWLRQ RI WKH EUDFH LQWHUFHSWHG EHDP > @ 7KH ORFDOLVHG
LQHODVWLF GHIRUPDWLRQV DW WKH SODVWLF KLQJH OHDGV WR D ORZ WDQJHQWLDO SRVW\LHOGLQJ VWLIIQHVV
UHVXOWLQJLQWKHFRQFHQWUDWLRQRIUHVLGXDODQGPD[LPXPGULIWV$VRIWVWRUH\PHFKDQLVPPD\
EH SURGXFHG OHDGLQJ WR VWUXFWXUDO LQVWDELOLW\ DQG FROODSVH LQ PXOWLVWRUH\ EXLOGLQJV >@
REVHUYHGLQWKHDIWHUPDWKRIODUJHHDUWKTXDNHVQRWDEO\WKH/RPD3ULHWD>@1RUWKULGJH
>@DQG.REH>@HYHQWV7KHXQIDYRXUDEOHLQHODVWLFEHKDYLRXURI&%%VSURYLGHV
FKDOOHQJHVIRUWKHDSSOLFDWLRQRI3%6'ZLWKPXOWLOHYHOREMHFWLYHV
7KH]HURRUQHJDWLYHSRVW\LHOGLQJVWLIIQHVVLQ&%%VOHDGVWRWKHGHVLJQGRPLQDWHGE\WKH
PRUHVWUHQXRXVREMHFWLYHOHDGLQJWRDQLQFUHDVHLQVWUHQJWKGHPDQGDQGODUJHUEUDFHVHFWLRQV
>@%UDFHV\VWHPVWKDWSRVVHVVDQGSURYLGHFRQWURORIDODUJHSRVLWLYHSRVW\LHOGLQJVWLIIQHVV
ZLOOUHVXOWLQLPSURYHGFRQWURORIVWUXFWXUDOSHUIRUPDQFHDUHGXFWLRQLQUHVLGXDOGHIRUPDWLRQV
DQG SURYLGH PRUH HFRQRPLFDO VWUXFWXUHV WKURXJK DSSOLFDWLRQ RI 3%6' >@ 6HYHUDO PHWKRGV
KDYHEHHQVXJJHVWHGWRLQFUHDVHSRVW\LHOGLQJVWLIIQHVVVXFKDVXVLQJUHLQIRUFHPHQWPDWHULDOV
ZLWKLPSURYHGVWUDLQKDUGHQLQJEHKDYLRXURULQWURGXFLQJDVHFRQGDU\SDUDOOHOLQHODVWLFV\VWHP
VXFKDVDPRPHQWUHVLVWLQJIUDPHLQSDUDOOHOZLWKD&%)>@
,QFRQVLGHUDWLRQRIWKHQHHGIRUDOWHUQDWLYHEUDFHW\SHV6NDORPHQRV et al.>@SURSRVHD
EUDFHZLWKLQWHQWLRQDOHFFHQWULFLW\ %,( 7KHVWHHOEUDFHLVDUUDQJHGZLWKHQGSODWHFRQQHFWLRQV
WKDWSURYLGH DQLQWHQWLRQDO HFFHQWULFLW\ SURGXFLQJD WULOLQHDU FXUYHLQ WHQVLOHORDGLQJ ZLWK D
ODUJH SRVW\LHOGLQJ VWLIIQHVV )XUWKHU WR WKLV FRQFHSW 6NDORPHQRV et al. >@ LQYHVWLJDWHG
DSSO\LQJ LQGXFWLRQKHDWLQJ ,+  WR WKH %,(V LQFUHDVLQJ SRVW\LHOGLQJ VWLIIQHVV DQG XOWLPDWH
WHQVLOH VWUHQJWK EXW GHFUHDVLQJ GXFWLOLW\ :KHQ F\FOLF ORDGLQJ LV DSSOLHG ,QGXFWLRQ+HDWHG
%,(V ,+%,(V H[KLELWODUJHLQFUHDVHVLQSRVW\LHOGLQJVWLIIQHVVDQGXOWLPDWHWHQVLOHVWUHQJWK
%\ VSHFLI\LQJ PDWHULDO SURSHUWLHV DQG HFFHQWULFLW\ FRPELQDWLRQV RI WKH EDFNERQH WULOLQHDU
FXUYHVZLWKGLIIHULQJVWUHQJWKVDQGSRVW\LHOGLQJVWLIIQHVVFDQEHVSHFLILHGDJDLQVWPXOWLOHYHO
VHLVPLFGHVLJQ
,QWKLVSDSHUDIRUFHGHIRUPDWLRQPRGHORI,+%,(VDQGWKHHIIHFWRIWKHPDWHULDOSURSHUWLHV
DQGHFFHQWULFVWHHOVHFWLRQLVGLVFXVVHG$'LUHFW'LVSODFHPHQW%DVHG'HVLJQ ''%' PHWKRG
LV WKHQ SURSRVHG IRU D VWHHO EUDFHG IUDPH ZLWK ,+%,(V ),+%  WKDW VDWLVILHV PXOWLSOH
SHUIRUPDQFHREMHFWLYHVHDFKUHODWLQJWRGLIIHUHQWOHYHORIVHLVPLFLQWHQVLW\)RUYDOLGDWLRQD
VWRUH\EXLOGLQJLVGHVLJQHGXVLQJWKHSURSRVHGPHWKRGDQGQRQOLQHDUWLPHKLVWRU\DQDO\VLVLV
SHUIRUPHG 7KH UHVXOWV DUH FRPSDUHG DJDLQVW WKRVH RI WKH VDPH IUDPH GHVLJQHG XVLQJ
FRQYHQWLRQDOVWHHOEUDFHVWR(XURFRGH>@
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2

INTENTIONALLY ECCENTRIC INDUCTION HEAT TREATED BRACES

2.1 Force-Deformation Behaviour
,+%,(VFRPSULVHDFRQYHQWLRQDOVWHHOKROORZPHPEHUWKDWLVLQGXFWLRQKHDWHGRQRQHKDOI
DQGJLYHQDSDUDOOHORIIVHWIURPWKHQRUPDOZRUNLQJSRLQWVRIDFRQYHQWLRQDOEUDFH$ULJLG
EUDFHWRHQGJXVVHWSODWHFRQQHFWLRQWUDQVIHUVWKHD[LDOORDGVIURPWKHEUDFLQJPHPEHUWRWKH
IUDPH>@)LJXUHDVKRZVWKHIRUFHGHIRUPDWLRQEHKDYLRXURIDVLQJOH,+%,(LQWHQVLRQ$
µILUVW\LHOG¶DQGµVHFRQG\LHOG¶SRLQWGHQRWHGE\ܲ௬ଵ ܲ௬ଶ DUHREVHUYHGFRUUHVSRQGLQJWR
IXOO\LHOGLQJRIWKHFRQYHQWLRQDOVWHHODQGLQGXFWLRQKHDWWUHDWHGVWHHOUHVSHFWLYHO\ ,QFRP
SUHVVLRQWKHEUDFHLVDVVXPHGWRDFWHODVWLFSODVWLFDOO\DQGWKHFRPSUHVVLYHVWUHQJWKLVWDNHQ
DVܲ௬ଵ 6NDORPHQRV et al.>@IRXQGWKDWWKHLQGXFWLRQKHDWHGVWHHOKDVDIUDFWXUHGXFWLOLW\
WLPHVORZHUWKDQFRQYHQWLRQDOVWHHODQGDVDUHVXOW\LHOGLQJRIWKH,+VWHHOPD\OHDGWRIUDFWXUH
EHIRUHܲ௬ଶ LVUHDFKHG7KHUHIRUHLQGHVLJQLWLVSURSRVHGWKDWDVDIHW\IDFWRULVDSSOLHGWRJLYH
D ORZHU XOWLPDWH WHQVLOH VWUHQJWKܲ௨  SUHYHQWLQJ SUHPDWXUH IUDFWXUH RI WKH EUDFH )LJXUH D
GHPRQVWUDWHVWKHVDIHW\IDFWRUߛGHILQHGE\UHODWLQJWKHSRLQWDWZKLFKWKH,+VWHHO\LHOGVWR
WKHSRUWLRQRIWKHVHFWLRQUHPDLQLQJHODVWLF$YDOXHRIߛHTXDOWRZDVIRXQGVXIILFLHQWWR
OLPLWWKH,+VWHHOIURP\LHOGLQJIRUDQ,+UDWLRGHILQHGDVܨ௬ǡூு Ȁܨ௬ǡௌ HTXDOWRDQGDYDOXH
RIIRUDOOYDOXHVRIDQ,+UDWLREHORZDOWKRXJKWKLVUHTXLUHVYHULILFDWLRQ7KHYDOXHRIWKLV
IDFWRUHGXOWLPDWHWHQVLOHVWUHQJWKLVJLYHQLQWHUPVRIߛܲ௬ଵ ܲ௬ଶ LQ(TXDWLRQ
ܲ௨ ൌ ሺͳ െ ߛሻܲ௬ଵ  ߛܲ௬ଶ



7KHGHVLJQPHWKRGFRQVLGHUV,+%,(VLQDEUDFHSDLULQJZLWKWKHPD[LPXPVWRUH\VKHDU
UHVLVWDQFHRIWKHEUDFHSDLULQDQLQYHUWHGµ9¶FRQILJXUDWLRQJLYHQE\WKHVXPRIFRPSUHVVLYH
VWUHQJWKܲ௬ଵ ǡDQGXOWLPDWHWHQVLOHVWUHQJWKܲ௨ 

)LJXUHD 'HVLJQTXDQWLWLHVRIDJHQHUDO,+%,(0HPEHUE 7HQVLOHIRUFHGHIRUPDWLRQEHKDYLRURID
PPîPP&+6,+%,(PHPEHUDWGLIIHULQJHFFHQWULFLWLHVDQG,+UDWLRV

2.2 Effect of eccentricity and induction-heating
)LJXUHEVKRZVWKHHIIHFWRIWKHHFFHQWULFLW\DQG,+UDWLRRQWKHLGHDOLVHGEHKDYLRXURIDQ
ʹͶͶǤͷ ൈ ͺFLUFXODU KROORZ VHFWLRQ ,+%,( EUDFH PHPEHU $V HFFHQWULFLW\ LQFUHDVHV
WKH EUDFH \LHOGV HDUOLHU DQGܲ௬ଵ  WKH HODVWLF VWLIIQHVVܭ DQG SRVW\LHOGLQJ VWLIIQHVVܭ DOO
GHFUHDVH LQFUHDVLQJ GHIRUPDWLRQ IRU D JLYHQ IRUFHܲ௬ଶ LV FRQVWDQW DV LW LV QRW D IXQFWLRQ RI
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HFFHQWULFLW\ )RU D FRQVWDQW HFFHQWULFLW\ DW LQFUHDVLQJ ,+ UDWLRVܲ௬ଵ DQGܭ DUH FRQVWDQW DQG
SRVW\LHOGLQJ VWLIIQHVV LQFUHDVHV DV WKH LQGXFWLRQ KHDWWUHDWHG VWHHO UHPDLQV HODVWLF DW JUHDWHU
IRUFHVDQGSURYLGHVDUHVWRULQJIRUFHWRWKHEUDFH:KHQFRPELQHGZLWKWKHHIIHFWRIHFFHQWULFLW\
WKHVWUDLQGHPDQGRQWKHFRQYHQWLRQDOVWHHOLVXQLIRUPSUHYHQWLQJDVWUDLQFRQFHQWUDWLRQWKDW
SURGXFHV ORFDO EXFNOLQJ >@ %\ YDU\LQJ JHRPHWU\ DQG PDWHULDO SURSHUWLHV D FHUWDLQ
FRQWUROODELOLW\RI\LHOGSRLQWVDQGSRVW\LHOGLQJVWLIIQHVVLVDIIRUGHGDOORZLQJ,+%,(VWREH
DGMXVWDEOHWRVDWLVI\VHYHUDOVWUHQJWKRUGHIRUPDWLRQUHTXLUHPHQWV
3

PROPOSED MULTI-LEVEL DIRECT DISPLACEMENT BASED DESIGN
METHOD

7KH'LUHFW'LVSODFHPHQW%DVHG'HVLJQPHWKRGZDVVHOHFWHGIRUWKH3%6'RI),+%VVLQFH
LWKDVEHHQYDOLGDWHGIRUPDQ\F\FOLFIRUFHGHIRUPDWLRQEHKDYLRXUV>@DQGIRUDSSOLFDWLRQLQ
&%)V >@ ''%' LQYROYHV WKH VXEVWLWXWLRQ RI WKH 0'2) PRGHO IRU DQ HTXLYDOHQW 6'2)
V\VWHPZLWKDVHFDQWVWLIIQHVVDQGYLVFRXVGDPSLQJWKDWFRUUHVSRQGWRWKDWRIWKHUHDOVWUXFWXUH
DWPD[LPXPGLVSODFHPHQWUHVSRQVH,QWKHSURSRVHGPHWKRGWKHWUDGLWLRQDO''%'PHWKRGLV
DOWHUHGVRWKDWWKHVDWLVIDFWLRQRIWZRLQWHUVWRUH\GULIWWDUJHWVUHODWLQJWRGLIIHUHQWSHUIRUPDQFH
OHYHOVDUHDFKLHYHGE\DVLQJXODU),+%GHVLJQZLWKQRVLJQLILFDQWLWHUDWLRQV
3.1 Selection of performance objectives
7ZRSHUIRUPDQFHREMHFWLYHVUHODWLQJWRWKHLQWHUVWRUH\GULIWDUHILUVWVHOHFWHGE\WKHGHVLJQHU
IRU D µGHVLJQ¶ DQG D µPD[LPXP¶ SHUIRUPDQFH REMHFWLYH )RU WKH SXUSRVHV RI YDOLGDWLQJ WKH
PHWKRG D GHVLJQ LQWHUVWRUH\ GULIW OLPLW RI  DVVRFLDWHG ZLWK OLIH VDIHW\ DQG D PD[LPXP
LQWHUVWRUH\ GULIW OLPLW RI  DVVRFLDWHG ZLWK FROODSVH SUHYHQWLRQ DUH ODWHU DVVXPHG DQG DUH
FRPSDUDEOHZLWKGULIWOLPLWVDQGSHUIRUPDQFHREMHFWLYHVSURYLGHGE\WKH6($2&%OXH%RRN
>@DQG$6&(>@IRUVWHHO&%)V7KHOLIHVDIHW\REMHFWLYHLVUHODWHGWRWKH(&GHVLJQ
VHLVPLFDFWLRQSUREDELOLW\RIH[FHHGDQFHLQ\HDUV DUHWXUQSHULRGRI\HDUV ZLWK
WKHFROODSVHSUHYHQWLRQREMHFWLYHUHODWHGWRDSUREDELOLW\RIH[FHHGDQFHLQ\HDUVVHLVPLF
DFWLRQ DUHWXUQSHULRGRI\HDUV ,QDGGLWLRQWKHVWUXFWXUHZLOOEHFKHFNHGDJDLQVWD
OLPLWIRUWKHGDPDJHOLPLWDWLRQµIUHTXHQW¶VHLVPLFDFWLRQZLWKDSUREDELOLW\H[FHHGDQFH
LQ\HDUV DUHWXUQSHULRGRI\HDUV 
3.2 Design and yield displacement profiles
7KH VHOHFWLRQ RI D VXLWDEOH WDUJHW GLVSODFHPHQW SURILOH LV D NH\ GHVLJQ DVVXPSWLRQ IRU
WUDQVODWLQJD0'2)V\VWHPWRD6'2)V\VWHPDQGLQ''%'PHWKRGVLVJHQHUDOO\WDNHQDVWKH
ILUVWPRGHLQHODVWLFVKDSHRIDVWUXFWXUH7KHKLJKSRVW\LHOGLQJVWLIIQHVVRIWKH),+%LVH[SHFWHG
WRSURGXFHDILUVWPRGHLQHODVWLFGLVSODFHPHQWSURILOHVLPLODUWRDQ05)GXHWRWKHSUHYHQWLRQ
RIWKHFROXPQVZD\LQHODVWLFGLVSODFHPHQWSURILOHWKDWLVSURGXFHGLQ&%)V,QWKLVPHWKRGWKH
HTXDWLRQHPSLULFDOO\IRUPXODWHGE\3ULHVWOH\ et al.>@IRUWKHQRUPDOLVHGILUVWPRGHLQHODVWLF
VKDSHRIPRPHQWUHVLVWLQJIUDPHVLVXVHGJLYHQLQ(TXDWLRQ)XUWKHUUHVHDUFKLVUHTXLUHGWR
GHWHUPLQH WKH ILUVW PRGH LQHODVWLF VKDSH IRU ),+%V EXW WKLV SURILOH SURYLGHV D JRRG
DSSUR[LPDWLRQ IRU ),+%V LQ SUHOLPLQDU\ DQDO\VLV 7ZR GHVLJQ GLVSODFHPHQW SURILOHV DUH
FDOFXODWHGRQHHDFKIRUWKHGHVLJQREMHFWLYHDQGPD[LPXPREMHFWLYH7KHILUVWIORRULVWDNHQ
DVWKHFULWLFDOVWRUH\DVLWLVH[SHFWHGWRREWDLQWKHKLJKHVWLQWHUVWRUH\GULIWFRQFHQWUDWLRQ7KH
GHVLJQ GLVSODFHPHQW IRU WKH LWK VWRUH\ ȟ  FDQ EH IRXQG E\ VFDOLQJ WKH ILUVWIORRU GHVLJQ
GLVSODFHPHQWDQGLVJLYHQE\(TXDWLRQ7KLVVWHSLVXQGHUWDNHQWZLFHXVLQJWKHLQWHUVWRUH\
GULIWRQFHIRUWKHGHVLJQHYHQWJLYLQJȟǡௗ ǡDQGRQFHIRUWKHPD[LPXPHYHQWJLYLQJȟǡ௨ 
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:KHUH݊LVWKHQXPEHURIVWRUH\Vߜ LVWKHQRUPDOLVHGODWHUDOGLVSODFHPHQWRIWKHLWKVWRUH\
LV WKH HOHYDWLRQ RI WKH LWK VWRUH\ DQG ܪ  LV WKH HOHYDWLRQ RI WKH WRS VWRUH\ ߂ଵ LV GHVLJQ
GLVSODFHPHQWRIWKHILUVWVWRUH\DQGߜଵ LVWKHLQHODVWLFPRGHVKDSHRIWKHILUVWVWRUH\
,+%,(VH[KLELWVWKHµILUVW\LHOG¶SRLQWZKHQWKHFRQYHQWLRQDOVWHHOLVIXOO\\LHOGHGDQGFDQ
EHFRQVLGHUHGWRRFFXUDWWKHVDPHWLPHLQFRPSUHVVLRQDQGWHQVLRQ7KHD[LDOGHIRUPDWLRQRI
DQ ,+%,( EUDFH FDQQRW EH GHWHUPLQHG ZLWKRXW NQRZLQJ VHFWLRQ SURSHUWLHV RU HFFHQWULFLW\
7KHUHIRUHWRDYRLG LQFXUULQJ DVLJQLILFDQW QXPEHURILWHUDWLRQV LQ WKH GHVLJQ SURFHGXUHWKH
LQWHUVWRUH\GULIWDW\LHOGLVDVVXPHGWREH,QWKHH[LVWLQJH[SHULPHQWDOWHVWV,+%,(VDOO
\LHOGHGDWDSSUR[LPDWHO\LQWHUVWRUH\GULIW>@)RUWKHSXUSRVHVRIYDOLGDWLQJWKHPXOWL
OHYHO GHVLJQ PHWKRG WKH EUDFHV XVH WKH VDPH SURFHGXUH IRU WKH GHVLJQ DQG PD[LPXP
GLVSODFHPHQWVJLYHQE\(TXDWLRQDQG(TXDWLRQJLYLQJȟǡ௬ 
7KHGHVLJQPD[LPXPDQG\LHOGGLVSODFHPHQWRIWKH6'2)V\VWHPDQGHTXLYDOHQWPDVVFDQ
WKHQEHGHWHUPLQHGE\(TXDWLRQVXVLQJPDVVDQGGLVSODFHPHQWRIWKHLWKVWRUH\݉ ȟ Ǥ
,Q RUGHU WR FDOFXODWH WKH HTXLYDOHQW YLVFRXV GDPSLQJ WKH GLVSODFHPHQW GXFWLOLW\ RI WKH
HTXLYDOHQWV\VWHPDWERWKWKHGHVLJQHYHQWDQGPD[LPXPHYHQWLVIRXQGE\(TXDWLRQ
ȟ௬ ൌ
ȟௗ ൌ
ȟ௨ ൌ
ܯ

σୀଵ൫݉ ή ȟǡ௬ ଶ ൯
σୀଵ൫݉ ή ȟǡ௬ ൯
σୀଵ൫݉ ή ȟǡௗ ଶ ൯
σୀଵ൫݉ ή ȟǡௗ ൯
σୀଵ൫݉ ή ȟǡ௨ ଶ ൯
σୀଵ൫݉ ή ȟǡ௨ ൯

σୀଵሺ݉ ή ȟǡௗ ሻ
ൌ
ȟௗ
ȟௗ
ߤௗ ൌ
ȟ௬
ȟ௨
ߤ௨ ൌ
ȟ௬








3.3 Equivalent viscous damping and calculation of base shear
3ULHVWOH\ et al.>@JLYHDQHTXLYDOHQWYLVFRXVGDPSLQJH[SUHVVLRQIRUGXFWLOHVWHHOIUDPHV
EDVHGRQWKH5DPEHUJ2VJRRGK\VWHUHWLFVKDSHZKLFKSURYLGHVDFORVHILWWRWKDWH[KLELWHGE\
),+%VJLYHQLQ(TXDWLRQ)RUWKHSXUSRVHVRIYHULI\LQJWKLVPHWKRG(9'LVQRWFRQVLGHUHG
FULWLFDODQGWKHFKRVHQH[SUHVVLRQ\LHOGVVDWLVIDFWRU\UHVXOWV7KH(9'H[SUHVVLRQDVVXPHV
HODVWLFGDPSLQJDOWKRXJKVWHHOVWUXFWXUHVIHDWXUHDORZHUOHYHORI7KXVWKHH[SUHVVLRQLV
FDOLEUDWHGZLWKDFRUUHFWLRQFRHIILFLHQWEDVHGRQDQXPHULFDOVWXG\E\*UDQW et al.>@(TXDWLRQ
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JLYHVHTXLYDOHQWYLVFRXVGDPSLQJXVLQJWKHFRUUHFWLRQIDFWRU݇ǡSURYLGHGE\(TXDWLRQ$
FRUUHFWLRQFRHIILFLHQWǡ ߣǡRILVWDNHQIRUWDQJHQWVWLIIQHVVGDPSLQJ>@7KHHTXLYDOHQW
YLVFRXVGDPSLQJLVIRXQGXVLQJWKHGLVSODFHPHQWGXFWLOLW\EHWZHHQ\LHOGDQGGHVLJQOHYHOߤௗ 
VLQFHߦ LVXVHGWRWKHUHGXFHWKHGLVSODFHPHQWVSHFWUXPUHODWHGWRWKHGHVLJQVHLVPLFDFWLRQ
RISUREDELOLW\RIH[FHHGDQFHLQ\HDUV2QFHߦ LVREWDLQHGWKHGDPSLQJFRUUHFWLRQ
IDFWRULVIRXQGE\WKHH[SUHVVLRQUHFRPPHQGHGE\(XURFRGH>@JLYHQLQ(TXDWLRQ
ߦ௦௧ ൌ ͲǤͲͷ  ͲǤͷ ൬

ߤെͳ
൰
ߤߨ



ߦ  ൌ ߦ௦௧ െ ݇ȟߦ௦௧

 

݇ ൌ ߤఒ

 

ߟൌඨ

ͲǤͳ
ͲǤͲͷ  ߦ

 

7KHWDUJHWSHULRGܶ FDQEHREWDLQHGXVLQJWKHUHGXFHGGDPSHGGLVSODFHPHQWVSHFWUXP
E\UHDGLQJWKHVSHFWUDORUGLQDWHDWȟௗ 7KHVHFDQWVWLIIQHVVLVWKHQFDOFXODWHGZLWK(TXDWLRQ
DQGVXEVHTXHQWO\WKHEDVHVKHDUIRUWKHGHVLJQREMHFWLYHXVLQJȟௗ LQ(TXDWLRQDQGVWRUH\
IRUFHVXVLQJ(TXDWLRQ
ܭ ൌ Ͷߨ

ܯ
ଶ
ܶ

ܨ ൌ ȟௗ ή ܭ
ܨ ൌ

ܨ ή ݉ ή ȟ
σୀଵሺ݉ ή ȟ ሻ

 
 
 

3.4 Brace design
7RVDWLVI\ERWKSHUIRUPDQFHREMHFWLYHVRQFHWKHGHVLJQOHYHOVWRUH\VKHDULVIRXQGIURPWKH
''%'SURFHGXUHWKHYDOXHVRIGLVSODFHPHQWGXFWLOLW\DWWKHGHVLJQDQGPD[LPXPREMHFWLYH
DQGDQDVVXPHGYDOXHRISRVW\LHOGLQJVWLIIQHVVUDWLRLVXVHGWRILQGDEUDFHVHFWLRQZLWKDQ
HFFHQWULFLW\WKDWVDWLVILHVERWKGULIWWDUJHWV)RUWKLVSURFHGXUHEUDFHVHFWLRQVDUHFRQVLGHUHGLQ
WHUPV RI EUDFH SDLUV RI DQ LQYHUWHG µ9¶ FRQILJXUDWLRQ 7KH UDWLR RI VWRUH\ VKHDU UHVLVWDQFH
EHWZHHQ WKDW DW \LHOG DQG GHVLJQ RU PD[LPXP OHYHO LV UHODWHG LQ (TXDWLRQ  WR WKH
FRUUHVSRQGLQJGLVSODFHPHQWGXFWLOLW\ߤௗ RUߤ௨ DQGWKHSRVW\LHOGLQJVWLIIQHVVUDWLRߙ)LJXUH
VKRZVWKHUHODWLRQVKLSVGHYHORSHGE\(TXDWLRQZKLFKDOORZVVHOHFWLRQRIDVXLWDEOHEUDFH
VHFWLRQ
ܲ݀  ܲͳݕ
ʹ  ܲͳݕ
ܲ ݑ ܲͳݕ
ߗ ݑൌ ߙ൫ߤ ݑെ ͳ൯  ͳ ൌ
ʹ  ܲͳݕ
ܲ௬ଶ
ߛ௨
ߗ௨ ൌ ͳ െ ή ቆͳ െ
ቇ
ʹ
ܲ௬ଵ

ߗ݀ ൌ ߙ൫ߤ݀ െ ͳ൯  ͳ ൌ
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)LJXUH*UDSKVKRZLQJWKHSURSRVHGPXOWLOHYHOVHLVPLFGHVLJQDQGWKHUHODWLRQVKLSVGHYHORSHGLQWKHSUR
SRVHGGHVLJQSURFHGXUH

%\XVLQJDQGDVVXPHGYDOXHIRUߙDQGWKHGHVLJQGLVSODFHPHQWGXFWLOLW\ߤ௨ WKHUDWLRȳ௨ LV
IRXQGXVLQJ(TXDWLRQ7KHQWKHUDWLRܲ௬ଶ Ȁܲ௬ଵ LVFDOFXODWHGXVLQJWKHUHODWLRQVKLSJLYHQLQ
(TXDWLRQ  EHWZHHQ ߗ௨ DQG WKH SDUDPHWHU OLPLWLQJ PD[LPXP WHQVLOH VWUHQJWK ߛ௨  $IWHU
ܲ௬ଶ Ȁܲ௬ଵ LV REWDLQHG WKH GLPHQVLRQOHVV UDWLR RI HFFHQWULFLW\ DQG UDGLXV RI J\UDWLRQ LV WKHQ
FDOFXODWHGXVLQJ(TXDWLRQFRQVLGHULQJWKHOHYHORILQGXFWLRQKHDWLQJRQWKHVHFWLRQ)LQDOO\
WKHEUDFHDUHDLVFDOFXODWHGXVLQJ(TXDWLRQIRUDJLYHQVWRUH\VKHDUܸ WKHFDOFXODWHG݁Ȁݎ
UDWLRDQGWKHUDWLRȳௗ JLYHQE\(TXDWLRQ(FFHQWULFLW\FDQEHGHWHUPLQHGIURPUDGLXVRI
J\UDWLRQLQWKHUDWLR݁ȀݎDIWHUEUDFHDUHDKDVEHHQVHOHFWHG$WWKLVVWDJHWKHEUDFHGHVLJQLV
FKHFNHGVRWKDWWKHSRVW\LHOGLQJVWLIIQHVVߙLVZLWKLQRIWKHDVVXPHGYDOXHDVVXULQJWKH
UHTXLUHGUHVLVWDQFHRIWKHEUDFHSDLU
ܨ௬ǡூு
ܲ௬ଶ ͳ
݁
ܨ௨ǡௌ
ൌ  ቀͳ  ξʹ ቁ  ቈቆ
ቇቆ
ቇ
ݎ
ܲ௬ଵ ʹ
ܨ௬ǡௌ
ܨ௬ǡௌ

 

݁
ܸ
ͳ
ܣ ൌ ቀͳ  ξʹ ቁ

 ʹ ݎ ߗௗ  ܨ௬ǡௌ

 

)RU KRPRJHQRXV GLVVLSDWLYH EHKDYLRXU WKH PD[LPXP YDOXH RI VWRUH\ RYHUVWUHQJWK DW WKH
GHVLJQOHYHOJLYHQE\(TXDWLRQZDVFKHFNHGWRQRWGLIIHUIURPWKHPLQLPXPYDOXHE\PRUH
WKDQ  WR DYRLG H[FHVVLYH VWRUH\ VKHDU GHPDQG DQG WKH IRUPDWLRQ RI D VRIW VWRUH\
PHFKDQLVP
ȳ ൌ

ܲௗ  ܲ௬ଵ
ܸ
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3.5 Capacity design rules
7RDYRLGQRQOLQHDULW\LQQRQGLVVLSDWLYHPHPEHUVVXFKDVEHDPVDQGFROXPQVFDSDFLW\
GHVLJQFULWHULDDGDSWHGIURP(XURFRGH>@LVDSSOLHGXVLQJVWRUH\RYHUVWUHQJWK7KHEUDFH
LQWHUFHSWHGEHDPVDUHGHVLJQHGIRUERWKWKHJUDYLW\ORDGVQRWFRQVLGHULQJWKHGLDJRQDOVDQGWKH
XQEDODQFHGIRUFHܲ௨ WUDQVPLWWHGE\WKH,+%,(EUDFHSDLULQDQLQYHUWHGµ9¶FRQILJXUDWLRQ
DWWKHGHVLJQHYHQWVHLVPLFDFWLRQ7KLVLVGXHWRWKHGLIIHUHQFHLQIRUFHVWUDQVPLWWHGLQWHQVLRQ
DQGFRPSUHVVLRQJLYHQE\(TXDWLRQ,QFRQYHQWLRQDOEUDFHVWKHHIIHFWVRIIOH[XUDO\LHOGLQJ
DQGYHUWLFDOEHDPGHIOHFWLRQIURPWKHXQEDODQFHGIRUFHOHDGVWRWKHSUHYHQWLRQRI\LHOGLQJLQ
WHQVLRQDQLQFUHDVHLQGXFWLOLW\GHPDQGDQGDQLPSDLULQJRIWKHGHIRUPDWLRQFDSDFLW\RIEUDFHV
>@7RSUHVHUYHWKHIDYRXUDEOHUHVSRQVHRIWKH,+%,(VLQDQLQYHUWHGµ9¶FRQILJXUDWLRQ
WKHEHDPWRYHUWLFDOEUDFHVWLIIQHVVUDWLRLVOLPLWHGWRDPLQLPXPRIJLYHQE\(TXDWLRQ
ܲ௨ ൌ ሺܲௗ െ ܲ௬ଵ ሻߠ݊݅ݏ
ܭி ൌ

݇
Ͷͺܫܧ Ȁܮଷ
ൌ
 ͲǤʹ
݇ ʹܭ ଶ ߠ

 
 

:KHUHܲ௨ LV WKH XQEDODQFHG IRUFHǡ ܲ௬ଵ LV WKH FRPSUHVVLYH VWUHQJWK DQGܲௗ LV WKH GHVLJQ
WHQVLOH VWUHQJWK݇ LV WKH IOH[XUDO VWLIIQHVV RI WKH EHDP JLYHQ E\ ( WKH HODVWLF PRGXOXV RI
VWHHOܫ ǡWKHVHFRQGPRPHQWRIDUHDRIWKHEHDPDQGܮ WKHOHQJWKRIWKHEHDPVSDQDQG݇ LV
WKHYHUWLFDOVWLIIQHVVRIWKHEUDFHSDLUJLYHQE\ܭ HODVWLFVWLIIQHVVRIWKH,+%,(V
3.6 Proposed design method flowchart
)LJXUHVKRZVWKHGHVLJQIORZFKDUWRIWKHSURSRVHGPHWKRGVKRZLQJKRZWKHGLUHFW
GLVSODFHPHQWEDVHGGHVLJQDQGEUDFHGHVLJQSURGXFHDQ),+%WKDWVDWLVILHVWZRVHOHFWHG
SHUIRUPDQFHREMHFWLYHV

)LJXUH)ORZFKDUWRIWKHSURSRVHGGHVLJQPHWKRGIRU),+%V
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4

VERIFICATION STUDY

4.1 Verification case study building

)LJXUH'LDJUDPRID )ORRUSODQE 0RGHOHOHYDWLRQSODQRIWKHYHULILFDWLRQVWXG\EXLOGLQJ

$VWRUH\PLGULVHRIILFHEXLOGLQJZDVLQYHVWLJDWHGWRYHULI\WKHSURSRVHGGHVLJQSURFHGXUH
)LJXUHVKRZVWKHSODQVRIWKH'IUDPHH[WUDFWHGDWWKHORFDWLRQRIWKHVHLVPLFUHVLVWLQJEUDFHV
LQWKH;GLUHFWLRQFRQVLVWLQJRIHTXDOO\VSDFHGEUDFHGED\VRIPHWUHV $QLQYHUWHGµ9¶
FRQILJXUDWLRQRIWKHEUDFHVZDVFKRVHQ$FRQVWDQWLQWHUVWRUH\KHLJKWLVWDNHQDVPHWUHVDQG
WRUVLRQDOHIIHFWVDUHQHJOHFWHG7KHIUDPHZDVGHVLJQHGZLWKFRQYHQWLRQDOEUDFHVWR(&GHVLJQ
UXOHV DQG WR WKH SURSRVHG SURFHGXUH IRU ,+%,(V JLYLQJ WZR IUDPHV LQ WRWDO 7KH VWUXFWXUDO
GHVLJQIRUJUDYLW\ORDGVZDVFRPSOLDQWWR(1>@3HUPDQHQWDQGOLYHORDGVZHUH
DVVXPHGHTXDOWRȀଶ DQG͵Ȁଶ DWHDFKVWRUH\UHVSHFWLYHO\DQGWKHFURVVVHFWLRQVRI
DOO PHPEHUV ZHUH VHOHFWHG WR VDWLVI\ &ODVV  UHTXLUHPHQWV $OO IUDPHV ZHUH GHVLJQHG IRU D
JURXQGPRWLRQZLWKDSUREDELOLW\RIH[FHHGDQFHRILQ\HDUVFRUUHVSRQGLQJWRDUHWXUQ
SHULRG RI  \HDUV XVLQJ WKH  GDPSHG DFFHOHUDWLRQ VSHFWUXP GHILQHG E\ (& $ SHDN
JURXQG DFFHOHUDWLRQ HTXDO WRܽோ ൌ ͲǤ͵ͷ݃ D W\SH % VRLO DQG D 7\SH  VSHFWUDO VKDSH ZDV
DVVXPHG7KHLPSRUWDQFHIDFWRUߛூ ZDVWDNHQDVDFFRUGLQJWR(&IRUDQRUGLQDU\EXLOGLQJ
7KHGHVLJQGLVSODFHPHQWVSHFWUXPZDVREWDLQHGE\PXOWLSO\LQJWKHGDPSHGDFFHOHUDWLRQ
VSHFWUDORUGLQDWHVE\WKHGDPSLQJFRUUHFWLRQIDFWRUREWDLQHGLQ(TXDWLRQ1RQOLQHDUWLPH
KLVWRU\DQDO\VLV
7RSHUIRUP17+$WKHILQLWHHOHPHQWVRIWZDUHIUDPHZRUNOpenSees>@ZDVXVHGWRGH
YHORSD'PL[HGILEUHGLVWULEXWHGIUDPHPRGHORIWKHEXLOGLQJ7KHEUDFHVZHUHPRGHOOHGZLWK
WKHLQGXFWLRQKHDWLQJSURSHUWLHVRQRQHKDOIDQGZLWKDFRQVWDQWHFFHQWULFLW\:KLOVWD'IUDPH
PRGHOERWKFRQYHQWLRQDODQG,+%,(EUDFHVDUHPRGHOOHGLQ'WRSHUPLWEXFNOLQJRXWRISODQH
7RDFFRXQWIRUVHFRQGRUGHUHIIHFWVQRQWULEXWDU\ORDGVZHUHDVVLJQHGD]HURVWLIIQHVVOHDQLQJ
FROXPQFRQQHFWHGE\SLQQHGULJLGOLQNV$OOEHDPWRFROXPQDQGFROXPQVRIWKHIUDPHDUH
FRQVLGHUHGSLQQHGEXWWKHEUDFHVDUHIL[HGVRWKDWRQO\WKHLUFRQWULEXWLRQLQUHVLVWLQJWKHVHLV
PLFDFWLRQLVFRQVLGHUHG7KHPRGHOXVHVPDVVSURSRUWLRQDO5D\OHLJKGDPSLQJZLWKDGDPSLQJ
UDWLRRIDW\SLFDOYDOXHIRUVWHHOEXLOGLQJVDQGD1HZPDUNDFFHOHUDWLRQWLPHLQWHJUDWLRQ
VFKHPHZLWKߚ ൌ ͲǤʹͷߛ ൌ ͲǤͷ$VXLWHRIVHPLDUWLILFLDOJURXQGPRWLRQVZDVFRQVLGHUHG
WR SHUIRUP WKH 17+$ SURGXFHG E\ WKH Seismic Record Processing program >@ ([LVWLQJ
JURXQGPRWLRQKLVWRULHVZHUHPRGLILHGWRILWWKHWDUJHWHG(&GHVLJQHODVWLFUHVSRQVHVSHFWUXP
XVHGLQWKHSURFHGXUHVRWKH''%'PHWKRGFRXOGEHYDOLGDWHG)RUWKHIUHTXHQWHYHQWDQG
PD[LPXPHYHQWWKHJURXQGPRWLRQVDUHVFDOHGE\DIDFWRURIDQGUHVSHFWLYHO\
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5

RESULTS

5.1 Design summary
7DEOHJLYHVDEULHIGHVLJQVXPPDU\RIWKH),+%JLYLQJPHPEHUVDWHDFKVWRUH\RIWKH
EUDFHGED\%UDFHPHPEHUVZHUHVHOHFWHGWRPHHWWKHVOHQGHUQHVVDQGPDWHULDOSURSHUWLHVRI
WKH,+%,(VH[SHULPHQWDOO\YDOLGDWHGDJDLQVWWKHOpenSeesPRGHOWRJLYHFRQILGHQFHLQWKH
17+$7KH\LHOGVWUHQJWKRIWKHFRQYHQWLRQDOVWHHOLVWDNHQDVܨ௬ǡ௦ ൌ ʹ͵ͷܽܲܯDQGDQ,+
UDWLRRIZDVVHOHFWHGJLYLQJܨ௨ǡ௦ ൌ ͻͶͲܽܲܯ7KHSRVW\LHOGLQJVWLIIQHVVRIWKHEUDFHSDLU
ZDV DVVXPHG WR EH ߙ ൌ ͲǤͳǡ ZKLFK ZDV ODWHU YHULILHG JLYLQJ WKH GHVLJQ UDWLRV RI ߗௗ ൌ
ͳǤͶߗ௨ ൌ ʹǤͶͶǤ$QHUUDWLRRIZDVIRXQGDQGFLUFXODUKROORZVHFWLRQV &+6 ZLWK
DQDUHDH[FHHGLQJWKHFDOFXODWHGYDOXHZDVVHOHFWHGIURPWKH6WHHO&RQVWUXFWLRQ,QVWLWXWH%OXH
%RRN>@&DSDFLW\GHVLJQZDVWKHQDSSOLHGWRVHOHFWWKHIUDPHPHPEHUV
Storey
1
2
3
4

( ܑ܄kN) D (mm)
 







IH-BIE Braces
t (mm) e (mm) ( ܚ܄kN) ષ


 


 


 


 

Columns
S355
[6+6
[6+6
[6+6
[6+6

Beams
S355
+(%
+(%
+(%
+(%

7DEOH'HVLJQVXPPDU\RIWKH),+%DWWKHEUDFHGED\

5.2 Non-linear time history analysis results

)LJXUH0HDQPD[LPXPLQWHUVWRUH\GULIWSURILOHVRIWKH),+%XVLQJWKHSURSRVHGPHWKRGDQGWKH&%)GH
VLJQHGWR(&

7RDVVHVVZKHWKHUWKHGHVLJQSURFHGXUHFRQWUROOHGWKHUHVSRQVHRIWKH),+%WRWKHFKRVHQ
LQWHUVWRUH\ GULIWV DQG WR FRPSDUH WR D FRQYHQWLRQDOO\ GHVLJQHG &%) WKH PHDQ PD[LPXP
LQWHUVWRUH\GULIWSURILOHVIRUERWKEUDFHGIUDPHVDUHJLYHQLQ)LJXUH%RWKIUDPHVFRPSDUH
ZHOODJDLQVWWKHOLPLWIRUWKHIUHTXHQWHYHQWZLWKHDFKH[SHULHQFLQJGULIWFRQFHQWUDWLRQDW
WKHWRSVWRUH\$WWKHGHVLJQDQGPD[LPXPHYHQWWKH),+%H[KLELWVDUHVSRQVHW\SLFDORID
VKHDUEXLOGLQJFORVHWRWKHDQGGULIWWDUJHWVLQFRQWUDVWWRWKHVHYHUHFDQWLOHYHUW\SH
UHVSRQVHREVHUYHGIRUWKHUHIHUHQFH&%)7KHUHVSRQVHRIWKH&%)GHVLJQHGWR(&PDWFKHV
H[LVWLQJUHVHDUFK>@7KHUHVXOWVVKRZH[FHOOHQWSODVWLFHQJDJHPHQWRIWKH,+%,(EUDFHV
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ZLWK D XQLIRUP GULIW GHPDQG LQGLFDWLQJ WKH IDYRXUDEOH FKDUDFWHULVWLF RI XQLIRUP GDPDJH
GLVWULEXWLRQ XQOLNH WKH FRQYHQWLRQDOO\ GHVLJQHG &%) 7KH PXOWLOHYHO GHVLJQ PHWKRG
DGHTXDWHO\ SUHGLFWV WKH VWRUH\ GULIW GHPDQG DW ERWK SHUIRUPDQFH REMHFWLYHV UHSUHVHQWLQJ
H[FHOOHQWSHUIRUPDQFHDQGVDWLVIDFWLRQRIWKHWDUJHWGULIWV

)LJXUH0D[LPXP'LVSODFHPHQW3URILOHVRIWKH),+%V

7KHPHDQDQGLQGLYLGXDO17+$GLVSODFHPHQWSURILOHVIRUWKH),+%DUHSORWWHGLQ)LJXUH
DJDLQVWWKHGHVLJQGLVSODFHPHQWSURILOH7KHDSSURSULDWHQHVVRIWKHGHVLJQGLVSODFHPHQWSURILOH
JLYHQLQ(TXDWLRQLVGHPRQVWUDWHGDWERWKWKHGHVLJQDQGPD[LPXPHYHQWZLWKRQO\DVPDOO
GLIIHUHQFHWRWKHPHDQGLVSODFHPHQWSURILOHIRUERWK),+%V$VVXPSWLRQVPDGHLQWKH''%'
PHWKRG WKDW WKH ),+%V SURYLGH D VLPLODU LQHODVWLF ILUVW PRGH VKDSH WR VWHHO 05)V DUH ZHOO
IRXQGHG KHQFH SURYLGLQJ DQ DFFXUDWH SUHGLFWLRQ RI WKHLU EHKDYLRXU )XUWKHU LQYHVWLJDWLRQ LV
UHTXLUHGWRYDOLGDWH(TXDWLRQIRUWDOOHU),+%VZLWKPRUHFRPSOH[PRGHHIIHFWV

)LJXUH)RUFH'HIRUPDWLRQEHKDYLRXURIWKHFRQYHQWLRQDOVWHHOEUDFHSDLUDQGWKH,+%,(EUDFHSDLUDWWKH
IRXUWKVWRUH\DWWKHGHVLJQVHLVPLFDFWLRQIRUDOOJURXQGPRWLRQV

)LJXUHVKRZWKHODWHUDOIRUFHVLQWKHEUDFHDJDLQVWVWRUH\VKHDUGULIWRIWKHFRQYHQWLRQDO
VWHHOEUDFHVDQGWKH,+%,(VUHVSHFWLYHO\DWWKHIRXUWKVWRUH\SURYLGLQJWKHIRUFHGHIRUPDWLRQ
EHKDYLRXURIERWKFRQYHQWLRQDOVWHHOEUDFHSDLUDQGWKH,+%,(EUDFHSDLUV\VWHP&RPSDUHG
WRDFRQYHQWLRQDOVWHHOEUDFHZKLFKVWD\HODVWLFDWORZGULIWVWKH,+%,(\LHOGVHDUOLHUDWDORZ
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LQWHUVWRUH\ GULIW DV SUHGLFWHG DQG GLVVLSDWHV HQHUJ\ 7KLV LV FRQJUXHQW ZLWK WKH UHVXOWV RI
6NDORPHQRV et al.>@ZLWKDPRUHVWDEOHK\VWHUHWLFEHKDYLRXUIRXQGDWORZVHLVPLFLQWHQVLWLHV
7KH EUDFH SDLULQJ H[KLELWV D VWDEOH DQG V\PPHWULFDO UHVSRQVH ZLWK D ODUJH SRVW\LHOGLQJ
VWLIIQHVV7KHK\VWHUHWLFVKDSHLVVLPLODUWRWKDWEDVHGRQWKH5DPEHUJ2VJRRGPRGHOXVHGLQ
WKHDVVXPHGH[SUHVVLRQIRUHTXLYDOHQWYLVFRXVGDPSLQJ'HVSLWHWKHGHULYDWLRQRI(TXDWLRQ
UHODWLQJ WR GXFWLOH VWHHO IUDPHV LW SURYLGHV D VXLWDEOH WUDQVODWLRQ RI WKH HQHUJ\ GLVVLSDWLRQ
EHWZHHQWKH,+%,(V\VWHPLQWKH0'2)VWUXFWXUHWRWKDWRIWKHHTXLYDOHQW6'2)V\VWHP
6

CONCLUSION

,Q WKLV SDSHU WKH SHUIRUPDQFH DQG D QHZ PXOWLOHYHO GLUHFW GLVSODFHPHQWEDVHG GHVLJQ
PHWKRGKDVEHHQSUHVHQWHGIRUVWHHOEUDFHGIUDPHVXWLOLVLQJ,+%,(V ),+%V 7KHSURFHGXUH
DVVXPHVDGLVSODFHPHQWSURILOHDQGHTXLYDOHQWYLVFRXVGDPSLQJUDWLRGHYHORSHGIRUVWHHO05)V
%UDFHGHVLJQLVDFKLHYHGE\UHODWLQJGLVSODFHPHQWGXFWLOLW\DQGDSRVW\LHOGLQJVWLIIQHVVUDWLR
WR WKHVWRUH\VKHDUVDW D GHVLJQ DQGPD[LPXPSHUIRUPDQFHREMHFWLYHWR ILQG DVLQJOHEUDFH
VHFWLRQ ZLWK D JLYHQ LQGXFWLRQKHDWLQJ UDWLR DQG HFFHQWULFLW\ WKDW FDQ VDWLVI\ PXOWLSOH GULIW
WDUJHWVFRUUHVSRQGLQJWRGLIIHUHQWOHYHOVRIVHLVPLFLQWHQVLW\7RYDOLGDWHWKHGHVLJQPHWKRG
QRQOLQHDU WLPH KLVWRU\ DQDO\VLV DW WKUHH GLIIHUHQW VHLVPLF LQWHQVLWLHV ZDV SHUIRUPHG RQ D 
VWRUH\),+%DQDO\WLFDOPRGHOXVLQJOpenSees7KHUHVXOWVLQGLFDWHWKDW
x

7KHGHVLJQPHWKRGDGHTXDWHO\FRQWUROVWKHGULIWGHPDQGRIWKH),+%

x

7KH ),+% VDWLVILHV ERWK WKH  LQWHUVWRUH\ GULIW OLPLW DW WKH GHVLJQ SHUIRUPDQFH
REMHFWLYH DQG D  LQWHUVWRUH\ GULIW OLPLW DW WKH PD[LPXP SHUIRUPDQFH REMHFWLYH
ZLWKRXWDGHVLJQFKDQJHRUVLJQLILFDQWLWHUDWLRQ

x

),+%VH[KLELWDVKHDUEXLOGLQJUHVSRQVHDQGSURGXFHDK\VWHUHWLFVKDSHOLNHWKDWRIDQ
05)LQGLFDWLQJWKHVDWLVIDFWLRQRIWKHDVVXPSWLRQRIDOLQHDUGLVSODFHPHQWSURILOHDQG
WKHFKRVHQHTXLYDOHQWYLVFRXVGDPSLQJH[SUHVVLRQ

x

7KH),+%DYRLGVFRQFHQWUDWLRQRIGULIWVFRPSDUHGWRDUHIHUHQFHFRQFHQWULFDOO\EUDFHG
IUDPH &%) GHVLJQHGWR(XURFRGHDQGSURPRWHVUHOLDEOHDQGV\PPHWULFGLVVLSDWLRQ
RIVHLVPLFHQHUJ\
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AN EFFICIENT RECORD-TRUNCATION SCHEME FOR PULSE-LIKE
RECORDS USING A WAVELET-BASED APPROACH
Vicky Dimakopoulou, Michalis Fragiadakis, and Ioannis Taflampas


6FKRRORI&LYLO(QJLQHHULQJ1DWLRQDO7HFKQLFDO8QLYHUVLW\$WKHQV*UHHFH
HPDLOYGLPDN#FHQWUDOQWXDJUPIUDJ#PDLOQWXDJU WDIODQWDIODQ#JPDLOFRP

Abstract
The paper shows, that especially for pulse-like ground motions, it is possible to truncate pulselike signals using a novel wavelet-based definition that identifies the duration of the
predominant velocity pulse. The truncated time history can efficiently reproduce the increased
seismic demand that near-field records typically produce. Substituting the original ground
motion with the truncated signal, significantly accelerates structural analysis and design. The
truncated signal is the part of the original accelerogram that coincides with the duration of the
predominant pulse, which is identified using a wavelet-based procedure, previously proposed
by the authors.
Keywords:5HFRUGWUXQFDWLRQHIIHFWLYHGXUDWLRQSUHGRPLQDQWSXOVHSXOVHOLNHSXOVHLQGH[
QHDUILHOG
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1

INTRODUCTION

5HSODFLQJ DQ DFFHOHUDWLRQ WLPH KLVWRU\ ZLWK DQ HTXLYDOHQW ³WUXQFDWHG´ VLJQDO KDV PDQ\
EHQHILWV LQ WHUPV RI DFFHOHUDWLQJ WKH VHLVPLF SHUIRUPDQFH DVVHVVPHQW DQG IRU XQGHUVWDQGLQJ
VWUXFWXUDOUHVSRQVH$OWKRXJKWKLVLVDYHU\DSSHDOLQJDSSURDFKH[SHULHQFHKDVVKRZQWKDWWKHUH
LV QR VLOYHU EXOOHW WR WKH SUREOHP ,W LV SUDFWLFDOO\ LPSRVVLEOH WR KDYH D UHFRUG WUXQFDWLRQ
DOJRULWKP WKDW LV HIILFLHQW DQG DFFXUDWH IRU DOO JURXQG PRWLRQV DQG DOO VWUXFWXUDO V\VWHPV
SRVVLEOH+RZHYHULIWKHSUREOHPLVQDUURZHGGRZQWRWKHFDVHRISXOVHOLNHJURXQGPRWLRQV
LWLVSRVVLEOHWRDFKLHYHDQHIILFLHQWWUXQFDWLRQXVLQJDQRYHOZDYHOHWEDVHGGHILQLWLRQIRUWKH
UHFRUG HIIHFWLYH GXUDWLRQ 7KH HIIHFWLYH GXUDWLRQ LV FDOFXODWHG ILUVW ILWWLQJ D ZDYHOHW RQ WKH
JURXQGPRWLRQDQGWKHQWUXQFDWLQJWKHUHFRUGWRWKHWLPHLQWHUYDOWKDWFRUUHVSRQGVWRWKHILWWHG
ZDYHOHW
2QHRIWKHHDUO\HIIRUWVIRUUHFRUGWUXQFDWLRQZDVWKDWRI6ULYDVWDYDQG1DX>@ZKRVWXGLHG
WKHLQIOXHQFHRIWUXQFDWHGHDUWKTXDNHUHFRUGVRQWKHUHVSRQVHRIORQJSHULRGVWUXFWXUHV7KH\
UHFRPPHQGWUXQFDWLQJWKHHDUWKTXDNHUHFRUGDWDVPDOOYDOXHRIDFFHOHUDWLRQLQRUGHUWRUHGXFH
WKHHUURU+RZHYHUPRVWHIIRUWVDUHEDVHGRQ$ULDVLQWHQVLW\>@ )RUH[DPSOH-LQHW DO>@
SURSRVHG WKH XVH RI $ULDV LQWHQVLW\ LQ RUGHU WR VWXG\ DUFK GDPV ZKLOH DUWLILFLDO LQWHOOLJHQFH
DSSURDFKHVKDYHEHHQDOVRSURSRVHG>@
7KH VFRSH RI WKLV VWXG\ LV WR DGRSW WKH ZDYHOHWEDVHG GXUDWLRQ GHILQLWLRQ SURSRVHG E\
5HSDSLVHWDO>@LQRUGHUWRWUXQFDWHWKHDFFHOHUDWLRQWLPHKLVWRU\DQGREWDLQDVLPSOHU DQG
VKRUWHUVLJQDO7KHSDSHUVKRZVWKDWWKLVSUDFWLFHFDQHIILFLHQWO\DFFHOHUDWHWKHVLPXODWLRQWLPH
ZLWKPLQRUORVVRIDFFXUDF\7KHHIILFLHQF\RIWKHSURSRVHGWUXQFDWLRQDSSURDFKGHSHQGVRQ
WKH SXOVH FRQWHQW RI WKH UHFRUG ZKLFK FDQ EH TXDQWLILHG ZLWK WKH DLG RI D SXOVH LQGH[ 7KH
DSSURDFKSURSRVHGLVTXLWHHIILFLHQWLQWKHFDVHRISXOVHOLNHUHFRUGVVXFKDVWKRVHUHFRUGHGLQ
WKHFDVHRIQHDUILHOGJURXQGPRWLRQVZLWKIRUZDUGGLUHFWLYLW\7KHVHVLJQDOVDUHFKDUDFWHUL]HG
E\VWURQJFRKHUHQWORQJSHULRGSXOVHVWKDWDUHIRXQGPDLQO\LQWKHVWULNHQRUPDOGLUHFWLRQ7KH
HIIHFWRIVLJQLILFDQWYHORFLW\SXOVHRQWKHVWUXFWXUDOUHVSRQVHKDVEHHQKLJKOLJKWHGE\VHYHUDO
VWXGLHVHJ>@>@>@
2

METHODOLOGY

)LJXUHVKRZVWZRFKDUDFWHULVWLFSXOVHOLNHJURXQGPRWLRQUHFRUGVDQGWKHFRUUHVSRQGLQJ
VLJQLILFDQW SXOVHV 7KH SXOVHV KDYH EHHQ LGHQWLILHG XVLQJ WKH PHWKRGRORJ\ SURSRVHG E\
0LPRJORX HW DO >@ LH DSSURSULDWHO\ ILWWLQJD ZDYHOHW RQ WKH VLJQDO 7KH SORW RQ WKH ULJKW
VKRZVWKHFXPXODWLYHHQHUJ\IOX[DQGWKHWLPHOLPLWVWKDWFRUUHVSRQGWRWKHSURSRVHG³ZDYHOHW
EDVHGGXUDWLRQ´ EODFNGDVKHGOLQHV 7KHSORWVDOVRVKRZWKHDQGWKHRIWKHUHFRUG
HQHUJ\IOX[ GDVKHGJUH\OLQHV ZKLFKZDVSURSRVHGE\7ULIXQDFDQG%UD\>@DVDPHDVXUH
RI WKH UHFRUG ³VLJQLILFDQW GXUDWLRQ´ &OHDUO\ WKH WZR GHILQLWLRQV RI UHFRUG GXUDWLRQ GLIIHU
FRQVLGHUDEO\ )LJXUHD 
,QRUGHUWRFDOFXODWHWKHUHFRUGGXUDWLRQZHILUVWH[WUDFWWKHSUHGRPLQDQWSXOVH$FFRUGLQJ
WR>@WKHH[WUDFWLRQLVEDVHGRQRSWLPDOO\ILWWLQJWKH0DYURHLGLVDQG3DSDJHRUJLRXZDYHOHW>@
RQWKHVLJQDO7KLVLVDYHUVDWLOHZDYHOHWVXLWDEOHWRUHSUHVHQWGLIIHUHQWGXUDWLRQOHYHOVVLQFHLW
LQFOXGHV DSDUDPHWHU WKDWLVH[SOLFLWO\DVVRFLDWHGZLWKWKHQXPEHURISXOVHF\FOHV$IXUWKHU
DGYDQWDJHRIWKLVZDYHOHWLVWKDWLWLVGHILQHGDVWKHSURGXFWRIDVLQXVRLGDOSHULRGLFIXQFWLRQ
DQGDEHOOVKDSHGHQYHORSH
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Figure 1: (a) Velocity time history showing the total, the proposed wavelet-based and the significant
duration definition, (b) Energy flux (records NGA #170 and NGA #838).

7KH0DYURHLGLVDQG3DSDJHRUJLRXZDYHOHW>@GHSHQGVRQIRXUSDUDPHWHUVWKDWFRQWUROWKH
IUHTXHQF\ TS WKHDPSOLWXGH A WKHQXPEHURIF\FOHV γ DQGWKHSRODULW\ φ RIWKHVLJQDO
7KHIUHTXHQF\ LVREWDLQHGDV WKHSHULRGYDOXHWKDW WKHSURGXFWRIYHORFLW\ DQGGLVSODFHPHQW
VSHFWUDEHFRPHVPD[LPXP$QH[KDXVWLYHVHDUFKDOJRULWKPLVWKHQDGRSWHGLQRUGHUWRLGHQWLI\
WKHRWKHUWKUHHSDUDPHWHUVWKHVHDUFKLVQDUURZHGWRWZRSDUDPHWHUVVLQFHWKHDPSOLWXGHDQG
WKHQXPEHURIF\FOHVDUHUHODWHGE\WKHH[SUHVVLRQSURSRVHGE\7DIODPSDVet al>@

ZKHUH&$'LVWKHFXPXODWLYHDEVROXWHGLVSODFHPHQWREWDLQHGDVWKHLQWHJUDORIWKHDEVROXWH
YDOXHRIJURXQGYHORFLW\7KHZDYHOHWSDUDPHWHUVWKDWKDYHWKHEHVWFURVVFRUUHODWLRQYDOXHZLWK
WKH RULJLQDO VLJQDO GHILQH WKH PRVW VXLWDEOH ZDYHOHW PRGHO RI WKH UHFRUG SUHGRPLQDQW SXOVH
2QFHWKHZDYHOHWLVILWWHGRQWKHJURXQGPRWLRQHJVHH)LJXUHDWKHZDYHOHWEDVHGHIIHFWLYH
GXUDWLRQRIWKHVLJQDOLVGHILQHGE\WKHWLPHERXQGDULHVRIWKHILWWHGSXOVH
7KHWUXQFDWHGVLJQDOLVWKHSDUWRIWKHRULJLQDOUHFRUGFRQWDLQHGLQWKHWLPHERXQGDULHVRIWKH
ZDYHOHWWKDWUHSUHVHQWVWKHSUHGRPLQDQWSXOVH )LJXUHDEODFNYHUWLFDOOLQHV 7KHUHIRUHWKH
WUXQFDWHGVLJQDOFRQWDLQVDOOWKHLQIRUPDWLRQLQFOXGLQJWKHKLJKIUHTXHQF\LQIRUPDWLRQRIWKH
RULJLQDOJURXQGPRWLRQ0RUHRYHUDFFRUGLQJWR)LJXUHEWKHHQGVRIWKHSURSRVHGGXUDWLRQ
GHILQLWLRQDSSHDUDWSRLQWVZKHUHWKHJUDSKRIWKHHQHUJ\IOX[VKRZVDKRUL]RQWDOVWHSZLWK]HUR
ILUVWJUDGLHQW7KHUHIRUHWKHUHLVQRVLJQLILFDQWEDVHOLQHRIIVHWDWWKHEHJLQQLQJDQGWKHHQGRI
WKHWUXQFDWHGGXUDWLRQ7KLVLVQRWWKHFDVHZLWKRWKHUGXUDWLRQGHILQLWLRQVHJWKH³VLJQLILFDQW
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GXUDWLRQ´GHILQLWLRQWKDWXVHWKHDUELWUDU\OLPLWVRIWRRIWKHWRWDOHQHUJ\IOX[LQRUGHUWR
WUXQFDWHWKHJURXQGPRWLRQ

Figure 2: Acceleration and velocity time histories of truncated signals.

7KDQNV WR WKH SURSRVHG ZDYHOHW ILWWLQJ WKH WLPH ERXQGDULHV LGHQWLILHG HQVXUH WKDW WKH
WUXQFDWHGVLJQDOVWDUWVDQGHQGVDWDQDFFHOHUDWLRQYDOXHFORVHWR]HURVLPLODUO\WRWKHFDVHRI
UHFRUGHGDFFHOHUDWLRQWLPHKLVWRULHV7KHUHIRUHWKHOLPLWVRIWKHHQYHORSHFDQEHFRQVLGHUHGDV
ERXQGDU\ WDSHUV WKDW DWWHQXDWH WKH KDUPRQLF IXQFWLRQ DQG VPRRWK WKH EDVHOLQH RI WKH FXWRII
LQVWDQWV7KLVFDQEHEHWWHUXQGHUVWRRGORRNLQJDW)LJXUHZKHUHWKHDFFHOHUDWLRQDQGYHORFLW\
RIVL[WUXQFDWHGVLJQDOVDUHVKRZQ7KHWLPHKLVWRULHVVPRRWKO\FRQYHUJHWR]HURDFFHOHUDWLRQ
DQGYHORFLW\OLQHZKLFKDOORZVWRXVHWKHPIRUVWUXFWXUDOUHVSRQVHKLVWRU\VLPXODWLRQVZLWKRXW
WKHQHHGIRUIXUWKHUSURFHVVLQJ
3

GROUND MOTION RECORDS

$VHWRISXOVHOLNHJURXQGPRWLRQUHFRUGVLQFOXGHGLQWKH3((51*$:HVWGDWDEDVH
>@KDYHEHHQVHOHFWHGIRURXUZRUN7KHH[FLWDWLRQVZHUHUHFRUGHGRQGLIIHUHQWVRLOW\SHVDQG
GLVWDQFHV IURP WKH UXSWXUH SODQH DQG KDYH GLIIHUHQW YDOXHV RI SUHGRPLQDQW SXOVH SHULRGV
0RUHRYHUWKHVHOHFWHGJURXQGPRWLRQVDPSOHFRQWDLQVUHFRUGVZLWKVWURQJGLUHFWLYLW\PDLQO\
LQWKHIDXOWQRUPDOGLUHFWLRQ HJ/RPD3ULHWD RUUHFRUGVZKHUHERWKWKHIDXOWQRUPDODQGWKH
IDXOWSDUDOOHOFRPSRQHQWVVKRZSURPLQHQWGLUHFWLYLW\HIIHFWV HJ(U]LQFDQ7XUNH\ 
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4

NUMERICAL INVESTIGATION

7KHHIILFLHQF\RIWKHSURSRVHGUHFRUGWUXQFDWLRQDSSURDFKLVVWXGLHGXVLQJDQLQHVWRUH\VWHHO
PRPHQWUHVLVWLQJ IUDPH 7KH ZHOONQRZ /$ IUDPH LV XVHG DV D WHVWEHG PXOWLGHJUHHRI
IUHHGRP 0'2) VWUXFWXUH7KHEXLOGLQJFRQVLVWVRIILYHED\VDQGDKLQJHVWRUH\EDVHPHQW
7KHJUDYLW\ORDGVDQGWKHPDVVRIWKHLQWHUQDOJUDYLW\UHVLVWLQJIUDPHVDUHSODFHGRQDOHDQLQJ
FROXPQZKLFKGRHVQRWFRQWULEXWHWRWKHODWHUDOVWLIIQHVV7KHIXQGDPHQWDOSHULRGRIWKHIUDPH
ZDVIRXQGHTXDOWRT VHFDQGWKHPDVVPRGDOSDUWLFLSDWLRQRIWKHILUVWPRGHDPRXQWVWR
RIWKHWRWDOPDVV7KXVWKHIUDPHLVHVVHQWLDOO\GRPLQDWHGE\WKHILUVWPRGHZKLOHKLJKHU
PRGHV PD\ DOVR FRQWULEXWH WR WKH UHVSRQVH 7KH FURVVVHFWLRQV DQG PRUH GHWDLOV DERXW WKH
EXLOGLQJ GHVLJQ FDQ EH IRXQG LQ >@ $ FHQWUHOLQH PRGHO LV DGRSWHG XVLQJ WKH 2SHQ6HHV
SODWIRUP>@7KHPRGHODFFRXQWH[SOLFLWO\IRUWKHJHRPHWULFQRQOLQHDULWLHVLQWKHIRUPRIP−Δ
HIIHFWV7KHFROXPQVDUHDVVXPHGOLQHDUHODVWLFZKLOHDTXDGULOLQHDUPRGHOLVDGRSWHGIRUWKH
EHDPFROXPQ FRQQHFWLRQV 0RUH VSHFLILFDOO\ WKH PRPHQWURWDWLRQ UHODWLRQVKLS RI DOO EHDP
FROXPQFRQQHFWLRQVKDYHGHJUDGLQJSURSHUWLHVHTXDOWRaK aF μF DQGr 

Figure 3: Ratio of the maximum interstorey drift for the 9-storey steel moment frame versus the
calculated cross correlation.

3ULPDULO\WKHFRUUHODWLRQZLWKDSXOVHLQGH[LVVWXGLHG6LQFHWKHSURSRVHGZDYHOHWEDVHG
WUXQFDWLRQLQSULQFLSOHDSSOLHVWRSXOVHOLNHJURXQGPRWLRQVWKHVHLVPLFGHPDQGREWDLQHGZLWK
WKH WUXQFDWHG DQG WKH RULJLQDO JURXQG PRWLRQV LV H[SHFWHG WR EH FORVH +RZHYHU RIWHQ WKH
SURSRVHGDSSURDFKJLYHVVXIILFLHQWO\DFFXUDWHUHVXOWVDOVRIRUUHFRUGVWKDWKDYHEHHQDSULRUL
FODVVLILHGDVQRQSXOVHOLNH,W LVWKHUHIRUHYHU\XVHIXOWRKDYHD PHWULFWKDW FDQEHXVHG WR
GHWHUPLQHSULRUDQDO\VLVLIWKHSURSRVHGWUXQFDWLRQFDQEHXVHGWRVXEVWLWXWHWKHRULJLQDOVLJQDO
$Q REYLRXV PHWULF VXLWDEOH IRU WKLV SXUSRVH LV D ³SXOVH LQGH[´ VXFK DV WKH RQH SURSRVHG E\
.DUGRXWVRXet al>@ZKLFKLVGHILQHGDVWKHFURVVFRUUHODWLRQRIWKHRULJLQDOVLJQDODQGWKH
H[WUDFWHGZDYHOHWDQGDGRSWHGLQRXUZRUN7KLVVWXG\LVDOVREDVHGRQILWWLQJWKH0DYURHLGLV
DQG3DSDJHRUJLRXZDYHOHWDVGLVFXVVHGLQ>@7KHDXWKRUVUHFRPPHQGWKDWUHFRUGVZLWK PI
OHVV WKDQ  DUH QRQSXOVH OLNH ZKLOH ZKHQ PI! WKH UHFRUG LV GHILQLWHO\ SXOVHOLNH
5HFRUGVZLWKLQWHUPHGLDWHYDOXHVLHPIDUHFKDUDFWHUL]HGDVDPELJXRXV
)LJXUHFRPSDUHVWKHUDWLRRISHDNLQWHUVWRUH\GULIWRIWKHRULJLQDODQGWKHZDYHOHWEDVHG
WUXQFDWHGWLPHKLVWRU\YHUVXVWKH3XOVH,QGH[ PI 7KHFRPSDULVRQLVEDVHGRQWKHUHFRUGVHW
RI)(0$3>@$GLIIHUHQWDQGZHOONQRZQUHFRUGGDWDEDVHLVDGRSWHGLQRUGHUWRXVH
JURXQGPRWLRQVWKDWDUHFRPSOHWHO\GLIIHUHQWIURPWKRVHXVHGLQWKHLUSUHYLRXVVWXGLHVRIWKH
DXWKRUV>@>@0RUHRYHUWKHJURXQGPRWLRQVHWRI>@FRQVLVWVRIIDUILHOGUHFRUGV
QHDUILHOGUHFRUGVFKDUDFWHUL]HGDV³SXOVHW\SH´DQGQHDUILHOGUHFRUGVFKDUDFWHUL]HGDV³QRQ
SXOVHW\SH´7KHIDUILHOGVHWLQFOXGHVHDUWKTXDNHVRIODUJHPDJQLWXGH MZ! UHFRUGHGRQ
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VRLOW\SHV&DQG'DFFRUGLQJWRWKH1(+53FODVVLILFDWLRQ7KHSXOVHW\SHVHWFRQWDLQVUHFRUGV
ZLWKYDU\LQJSXOVHSHULRGVFRUUHVSRQGLQJWRHYHQWVRIPDJQLWXGHEHWZHHQDQG7KHVH
UHFRUGVSUHVHQWVWURQJGLUHFWLYLW\HIIHFWVLQWKHIDXOWQRUPDODQGRUWKHIDXOWSDUDOOHOGLUHFWLRQ
$FFRUGLQJWR)LJXUHWKHGLIIHUHQFHLQWKHPD[LPXPSHDNLQWHUVWRUH\GULIWGHPDQGEHWZHHQ
WKH RULJLQDO DQG WKH WUXQFDWHG UHFRUGV LV VPDOO IRU JURXQG PRWLRQV ZLWK D SXOVH LQGLFDWRU PI
DERYHWKHWKUHVKROG7KLVREVHUYDWLRQKROGVHYHQIRUUHFRUGVWKDWEHORQJWRWKHIDUILHOG
VHW7KHODUJHVWGLIIHUHQFHVDUHDJDLQIRXQGIRUWKHIDUILHOGUHFRUGV UHGFURVVHV EXWHYHQIRU
PI WKH GLIIHUHQFHV GR QRW VHHP WR H[FHHG RQ DYHUDJH  2YHUDOO IRU WKH EXLOGLQJ
H[DPLQHGWKHVFDWWHU LQWKHFRPSXWHGGULIWYDOXHVLVVLJQLILFDQWO\GHFUHDVHGDV PILQFUHDVHV
UHJDUGOHVVRIWKHFODVVLILFDWLRQRIWKHJURXQGPRWLRQUHFRUG7KLVLQGLFDWHVWKHHIILFLHQF\RIWKH
SURSRVHGZDYHOHWEDVHGDSSURDFKIRUWUXQFDWLQJDJURXQGPRWLRQUHFRUGDQGDOVRWKHSRWHQWLDO
RQWKHSURSRVHGSXOVHLQGH[PI PHWULFWRTXLFNO\DVVHVVXVLQJWKHHIILFLHQF\RIWKHSURSRVHG
ZDYHOHWEDVHGWUXQFDWLRQ

D

E

Figure 4: (a) Profile of the median and the 16 and 84% percentiles drift demand for the 48 pulse-type
ground motions; (b) Maximum interstorey drift obtained using the original and the truncated records
versus the T1/Tp ratio.

,QWKHIROORZLQJWKH/$VWHHOIUDPHLVVXEMHFWHGWRWKHQHDUILHOGJURXQGPRWLRQVZLWK
IRUZDUG GLUHFWLYLW\ )LJXUH D SUHVHQWV WKH PHGLDQ SHDN LQWHUVWRUH\ GULIW GHPDQG DQG WKH
FRUUHVSRQGLQJ  DQG  SHUFHQWLOH FXUYHV RI WKH LQWHUVWRUH\ GULIW GHPDQG ([FHOOHQW
DJUHHPHQWIRUDOOWKHVWRULHVKDVEHHQDFKLHYHGDORQJWKHKHLJKWRIWKHIUDPH)XUWKHUPRUHWKH
HIIHFW RI UHFRUGWRUHFRUG YDULDELOLW\ RQ WKH PD[LPXP LQWHUVWRUH\ GULIW GHPDQG LV VWXGLHG LQ
)LJXUH E $OWKRXJK PLQRU GLIIHUHQFHV DUH VHHQ IRU LQGLYLGXDO UHFRUGV IRU WKH PDMRULW\ RI
JURXQGPRWLRQVWKHGULIWHVWLPDWHVRIWKHRULJLQDODQGWKHWUXQFDWHGVLJQDOSUDFWLFDOO\FRLQFLGH
)LJXUHEGHVHUYHVIXUWKHUDWWHQWLRQ$GLIIHUHQWPDUNHUFRORXUKDVEHHQDGRSWHGGHSHQGLQJRQ
WKHVWRUH\WKDWWKHPD[LPXPLQWHUVWRUH\GULIWRFFXUUHG2YHUDOOWKHVHLVPLFUHVSRQVHFRPSXWHG
IRUWKHWUXQFDWHGVLJQDOVIROORZVWKHVDPHSDWWHUQREVHUYHGIRUWKHRULJLQDOUHFRUGVZKLOHIRU
PRVWFDVHVWKHPD[LPXPGULIWGHPDQGRFFXUVDWWKHVDPHOHYHO6LQFHWKHVWUXFWXUHVWXGLHGLV
VHQVLWLYHWRWKHILUVWPRGHWKHODUJHUGHPDQGLVGXHWRUHFRUGVZLWK77S)XUWKHUPRUHIRU
WKHVHUHFRUGVWKHSHDNGULIWDSSHDUVDWWKHPLGGOHVWRULHV VWRULHVDQG 
2XUILQGLQJVDUHLQDJUHHPHQWZLWK%DNHUDQG&RUQHO>@ZKRGLVFXVVWKHHIIHFWRISXOVH
SHULRGRQWKHVHLVPLFEHKDYLRXURI0'2)V\VWHPV7KH\LQYHVWLJDWHGWKHHIIHFWRIWKHSXOVHRQ
WKHKLJKHUPRGHVRIH[FLWDWLRQWKURXJK0'2)VWUXFWXUHVVHQVLWLYHWRVHFRQGPRGHH[FLWDWLRQ
DQG VXJJHVWHG WKDW WKH UDWLR 77S LV LQGLFDWLYH RI WKH OHYHO DW ZKLFK WKH SHDN GLVSODFHPHQW
RFFXUVVKRUWSHULRGUHFRUGVH[FLWHKLJKHUPRGHVZKLOHIRUUHFRUGVZLWKORQJSHULRGSXOVHVWKH
PD[LPXPUHVSRQVHLVH[SHFWHGDWWKHORZVWRULHVLQGLFDWLQJWKDWILUVWPRGHUHVSRQVHJRYHUQV
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WKHSHDNGLVSODFHPHQWVRIWKHEXLOGLQJ7KH\SURSRVHGWKHWKUHVKROGV77SDQG77S!
WKDWDUHDOVRVKRZQDVYHUWLFDOGDVKHGOLQHVLQ )LJXUHE$FFRUGLQJWR)LJXUHIRUUHFRUGV
ZLWKVKRUWSHULRGSXOVHV77S!WKHKLJKHUPRGHVRIYLEUDWLRQDUHH[FLWHGDQGWKHPD[LPXP
LQWHUVWRUH\GULIWLVORFDWHGDWWKHXSSHUVWRULHV VWRULHVDQG 2QWKHRWKHUKDQGIRUUHFRUGV
ZLWK 77S WKH PD[LPXP GULIW GHPDQG LV REVHUYHG DW ORZHU VWRULHV LQGLFDWLQJ WKDW WKH
UHVSRQVHLVILUVWPRGHGRPLQDWHG

D

E

F

G

Figure 5: Maximum interstorey drift at different stories of the building, (a) 2
storey and (d) 9th storey (roof).

nd

storey, (b) 5th storey, (c) 7th

)LJXUHVKRZVWKHPD[LPXPGULIWGHPDQGIRUWKHQGWKHWKWKHWKDQGWKHWK WRS VWRUH\
7KHDJUHHPHQWLVSUDFWLFDOO\SHUIHFWIRUDOOVWRULHVZLWKWKHH[FHSWLRQRIWKHWRSVWRUH\ZKHUH
VRPHPLQRUHUURUVDSSHDUIRUJURXQGPRWLRQVZLWK TTS!7KHPD[LPXPLQWHUVWRUH\GULIWV
RFFXUPDLQO\IRUUHFRUGVZLWKTTSEHWZHHQDQGDQGLQVRPHFDVHVIRUTTS!ZKLOH
IRUWKHVWUXFWXUHFRQVLGHUHGWKHSHDNYDOXHVDSSHDUDWWKHPLGGOHVWRULHVRIWKHEXLOGLQJ)LJXUH
D VKRZV WKH SURILOHV RI WKH PHGLDQ VKHDU IRUFHV DORQJ WKH KHLJKW RI WKH EXLOGLQJ DQG WKH
FRUUHVSRQGLQJ  DQG  SHUFHQWLOHV 9HU\ JRRG DJUHHPHQW LV DJDLQ REWDLQHG VLQFH WKH
GDPDJH SDWWHUQV DUH YHU\ FORVH 6RPH PLQRU GLIIHUHQFHV DUH REVHUYHG ZLWK UHVSHFW WR WKH
GHPDQGLQVWRULHVDQG)XUWKHUPRUH)LJXUHEFRPSDUHVWKHEDVHVKHDUGHPDQGIRUWKH
RULJLQDODQGWKHWUXQFDWHGVLJQDO,WVKRXOGEHSRLQWHGRXWWKDWWKHPD[LPXPYDOXHVRIWKHEDVH
VKHDU DUH FRPSXWHG LQ WKH SHULRG UDQJH 77S ZKLOH DOWKRXJK QRW VKRZQ  PRVW
GLIIHUHQFHVDSSHDUDWWKHVWDQGWKVWRUH\DVDOVRDSSOLHVIRUWKHLQWHUVWRUH\GULIWV )LJXUH 
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D

E

Figure 6: (a) Profiles of the maximum median storey shear force along with the standard deviation of
storey shears. (b) Dispersion of the maximum base shear for original and truncated records versus T 1/Tp.

5

CONCLUSIONS

$QRYHOUHFRUGWUXQFDWLRQDSSURDFKKDVEHHQSUHVHQWHG7KHSURSRVHGDSSURDFKVLPSOLILHV
WKHLQSXWVLJQDODQGDFFHOHUDWHVWKHVHLVPLFSHUIRUPDQFHDVVHVVPHQWHVSHFLDOO\LQWKHFDVHRI
SXOVHOLNHJURXQGPRWLRQV7KHWUXQFDWLRQGRHVQRWUHTXLUHEDVHOLQHFRUUHFWLRQDQGWKXVLWFDQ
EHLQWHJUDWHGWRJLYHWUXQFDWHGUHDOLVWLFYHORFLW\DQGGLVSODFHPHQWWLPHKLVWRULHV7KHSURSRVHG
DSSURDFK KDV EHHQ YDOLGDWHG WKURXJK WKH VWXG\ RI D QLQHVWRUH\ VWHHO EXLOGLQJ $OPRVW LQ DOO
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Abstract
Masonry existing structures are prone to significant structural damages when subjected to
seismic actions. Over the last decades, innovative techniques emerged as attractive solutions
for repair and retrofit of structures. In particular, composite materials with inorganic matrix
(FRCMs-CRMs) have emerged as an alternative to fiber reinforced polymers for their better
compatibility with masonry substrates. The effectiveness of the strengthening relies on the
FRCM-substrate bond behavior, which needs to be characterized for the design of the reinforcement elements. Shear bond tests are able to determine the stress–slip law and the failure
mode that rules the FRCM-substrate stress transfer capacity. In the last years, several experimental investigations on shear bond tests of strengthened masonry prisms were performed
even if the knowledge about the influence of each variable parameter is not fully known. In
this context, the numerical simulation may be a rapid and economic tool to study the incidence of the most relevant parameters in the bond mechanism.
In this paper, a numerical study aimed at simulating the fiber-mortar bond behavior and at
calibrating a shear stress (τ)–slip (s) constitutive bond law, is presented. Advanced 2D numerical models, able to simulate the most probable failure mode occurring in shear bond
tests, have been developed. The results of the numerical simulations have been compared with
the experimental results of a large database of tests on FRCM/CRM strengthened masonry
prisms. An inverse analysis procedure has been used to fit the experimental bond stress versus slip curves and to predict the failure modes.
Keywords: Masonry, FRCM, CRM, Bond, Retrofitting, Finite-element model.
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1

INTRODUCTION

The structural deficiencies of existing masonry structures, in case of horizontal loading, are
well-known in the literature. Generally, the strengthening of masonry walls is performed by
means of retrofitting techniques which also implies the use of organic-based composite materials. In order to follow the code requirements in terms of lateral load capacity, and to guaranty the chemical compatibility between the substrate and the adopted strengthening solution,
the use of the Fabric Reinforced Cementitious Matrix (FRCM) or Composite Reinforced Mortar (CRM) is nowadays considered a suitable solution.
In a large number of structural applications, including the strengthening of masonry walls,
the effectiveness of the strengthening is strongly related on the FRCM-substrate bond behavior, which needs to be characterized for the design of the reinforcement and for the assessment of the retrofitted structural members. Experimental investigations have shown that,
differently from FRPs, the FRCM-substrate bond failure may take place both within the substrate and within the thickness of the composite. The FRCM-substrate load transfer mechanism may be affected by the textile architecture, the coating or pre-impregnation of the fibers,
the mechanical properties and the thickness of the matrix, the mechanical properties of the
substrate, as well as by the quality of the application and the curing conditions [1].
In this paper, advanced finite-element 2D models, simulating the failure modes occurred in
single-lap shear bond tests, have been developed. The results of the numerical simulations
have been compared with the experimental results of a large database of tests on FRCM/CRM
strengthened masonry prisms [2-9]. In particular, the database has been divided into two parts:
the first one has been used to calibrate a τ-s fiber-mortar law, while the second one to validate
the proposed τ-s fiber-mortar law. An inverse analysis procedure has been used to fit the experimental curve and to obtain the actual failure modes. Both a quantitative and a qualitative
method have been used to evaluate the goodness of the fitting. Finally, the influence of some
important parameters, such as bond length, grid spacing and grid coating on the shear stressslip law results has been discussed.
2

A DATABASE OF SINGLE-LAP SHEAR BOND TESTS

In the last years, several experimental investigations on shear bond tests of strengthened
masonry specimens were performed. A database collecting the results of the main studies
available in the literature involving single-lap shear bond tests has been taken into account
aiming to collect all the data required for the numerical simulations. In particular, eight different experimental campaigns were analyzed in the database [2-9].
A single-lap shear bond test allows to characterize the FRCM/CRM-substrate bond behavior by providing the following main information: (i) the peak axial stress (fb), referred to the
cross-sectional area of the longitudinal fibers of the textile (Af); (ii) the axial stress (f) – slip
(s*) relationship (Fig. 1a), the slip s* being the relative displacement between the substrate and
the textile at the loaded end of the bonded area; and (iii) the failure mode that controls the
FRCM-substrate load transfer capacity. Analyzing the data available in the literature, six failure modes can be observed (Fig. 1b):
(a) Debonding with cohesive failure of the substrate;
(b) Debonding at the matrix-substrate interface;
(c) Debonding at the textile-matrix interface;
(d) Textile slippage within the mortar matrix;
(e) Textile slippage within the matrix with cracking of the outer layer of mortar;
(f) Tensile rupture of the textile (out of the bonded area) [1].
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As reported in Figure 1a, the FRCM-substrate response generally exhibits an initial linear
phase, followed by a nonlinear phase up to the attainment of the peak stress value, and a postpeak phase in which the increase of slip is associated to a decrease of the stress.

a)

b)
Figure 1: a) axial stress-slip law, b) failure modes [1].

Figure 2 reports both the typical specimen and set-up of a single-lap shear bond test. The
grip system is designed “ad hoc” and it is constituted by a steel frame. The tensile force is applied at the specimens through the fabric strengthened at the end. During the tests, the slip between substrate and fiber grid and the slip between substrate and mortar matrix can be
recorded [2].

a)

b)

Figure 2: Single lap shear test – a) specimen, b) set-up [2].

Tables 1 and 2 report all the properties of the specimens taken into account to create the
database. In particular, Table 1 reports the characteristics of the considered FRCM specimens,
while Table 2 reports the properties of the analyzed CRM specimens.
In Lignola et al. [3] the experimental results of bond test between basalt FRCM and masonry, showed that, when the fiber failure is observed, the bond peak stress is similar to the
tensile peak stress of the fiber grid; while, when other failure modes occur, the bond peak
stress is smaller than the tensile peak stress of the fiber grid. Carozzi et al. [4] observed different failure modes testing carbon FRCM bonded on masonry, the most common being the
slippage of the textile within the matrix and the rupture of the textile. Specimens’ geometry
and curing time of the mortar largely affected the results. The bond tests between glass FRCM
and masonry discussed in Bilotta et al. [5] did not underline relevant influence of the mechanical properties of the masonry substrate for the specimens bonded with 1 or 2 grid layers;
while this influence is evident for the specimens bonded with 4 grid layers, where the debond-
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ing of the reinforcement from the substrate occurred. Leone et al. [6] observed different failure modes performing single face shear test between glass FRCM and masonry: the most
common type was the mortar cracking and tensile failure of glass fiber while cohesive failure
of the reinforcement from the substrate never occurred. In D’Antino et al. [7] the failure mode
of debonding of the PBO fibers at the matrix–fiber interface always occurred except for four
specimens where the detachment of the entire composite from the concrete substrate was observed due to the lack of a surface preparation. The experimental results provided by Carloni
et al. [8] on concrete specimens reinforced with PBO FRCM indicated that the values of bond
peak load are influenced by the adopted test rate of the slip s*. In detail, considering 1V =
0.00084 mm/s, the peak load increases as the rate increases from 0.5V to 3V; the maximum
peak load is achieved for a rate between 3V and 5V; while for rate 5V or greater, it decreases
with increasing rate.
Regarding the CRM reinforcement system, Rizzo [2] and Gattesco et al. [9] investigated
the bond behavior between glass CRM and clay masonry substrates. In both studies three different bond lengths were considered: 120, 180 and 240 mm. In [2], for each bond length, the
failure occurred by tensile rupture of fibers and the mortar layer was undamaged. In [9],
caused by the poorer mechanical properties of the mortar, the failure for longitudinal wires
rupture was obtained only for 240 mm, while in the other cases, textile slippage within the
matrix with cracking of mortar occurred.
For each experimental campaign, the following information are recorded in the database
(Tables 1-2) according to the following labels:
- ID = specimen name;
- N = number of specimens;
- ftf = fiber tensile strength, [MPa];
- Ef = fiber elastic modulus, [GPa];
- fcm = mortar compressive strength, [MPa];
- ftm = mortar tensile strength, [MPa];
- Em = mortar elastic modulus, [GPa];
- tf = fiber equivalent thickness, [mm];
- Lad = mortar bond length, [mm];
- bad = mortar width, [mm];
- tm = mortar thickness, [mm].
ID

N ftf

Ef

fcm

ftm

Em

tf

Lad

bad

tm

FRCM43
FRCM43
FRCM33
FRCM23
CFRCM44
CFRCM44
CFRCM54
CFRCM64
CFRCM64
G1LMX25
G2LMX25
F_unipd6
G_polimi6

5
5
5
5
5
5
5
5
5
2
2
5
5

50
50
75
112
203
197
230
187
219
72
72
80
72

15
15
15
12
20
20
38
16
16
12
12
15
22

1.5
1.5
1.5
1.2
2.0
2.0
4.3
2.8
2.8
2.5
2.5
2.7
3.3

8
8
6
10
7
7
16
15
15
8
8
9
7

0.023
0.039
0.058
0.033
0.047
0.047
0.061
0.047
0.047
0.035
0.070
0.031
0.144

260
260
260
260
260
260
260
260
260
300
300
260
260

80
100
75
75
100
50
100
50
60
120
120
40
100

10
10
10
10
10
10
10
10
10
10
10
10
10

871
871
1201
2169
1944
1944
2500
1876
1876
1275
1275
1600
1170
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F
F
E
F
F-D
F-D
F
F
D
F
F
F
E
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G_zag6
H_unina6
DS_60U7
DS_80U7
DS_80V8

5
3
5
5
4

1170
1275
3014
3014
3014

72
72
206
206
206

22
15
28
28
23

3.3
2.7
3.5
3.5
4.8

7
8
6
6
6

0.144
0.035
0.092
0.092
0.092

260
260
450
450
450

100
100
60
80
80

10
10
8
8
8

F
F
C
C
C

Failure
mode
F
F
F
E-F
E
E
F

Table 1: Database bond FRCM [3-8].

ID

N

ftf

Ef

fcm

ftm

Em

tf

Lad

bad

tm

G66-1202
G66-1802
G66-2402
G33-2402
A66-19
A66-29
A66-39

4
5
3
4
4
5
5

1084
1084
1084
1084
1084
1084
1084

55
55
55
55
55
55
55

25
25
25
25
8
8
8

2.5
2.5
2.5
2.5
0.8
0.8
0.8

20
20
20
20
8
8
8

0.058
0.058
0.058
0.115
0.058
0.058
0.058

120
180
240
240
120
180
240

132
132
132
132
132
132
132

30
30
30
30
30
30
30

Table 2: Database bond CRM [2, 9].

3

NUMERICAL MODELLING

In this study, 2D finite-element models, simulating FRCM/CRM-masonry bond tests, have
been developed using Midas FEA [10].
The adopted two-dimensional model, schematized in Figure 3, is able to simulate the main
failure modes occurring in a single-lap shear bond test, except for the A and/or B mode that
involved the substrate (Fig. 1b). These failure modes were excluded because were not observed in the collected database. This assumption allowed to simply the numerical model because the masonry substrate was not modelled, and it was replaced by fixed boundaries
assigned to the mortar. This assumption is also feasible because the masonry prism is constrained to the steel supporting frame of the test set-up (Fig. 2). In detail, the adopted numerical models are similar to that developed in [11], and composed of:
- Mortar (two layers): it is modelled through four-node plane-stress 2D elements (A =
5x5 mm2) with a linear elastic behavior. The behavior was characterized using the elastic
modulus and tensile strength provided in the experimental campaigns. The thickness is equal
to the mortar width;
- Fiber grid: it is modelled through two-node truss 1D elements (l = 5 mm), with a linear elastic behavior. The behavior was characterized using the elastic modulus and tensile
strength provided in the experimental campaigns. The cross-sectional area (Af) is equal to the
sum of transversal areas of each yarn;
- Fiber-mortar interface (two layers): it is modelled through line interface zero-thickness
elements, characterized from a nonlinear bond-slip τ-s mechanical law. The thickness is equal
to the sum of wet perimeters of each yarn;
- Upper-lower mortar interface: it is modelled through point interface zero-thickness elements, characterized from an infinitely rigid behavior.
In this study, a specific cracking modelling of the mortar was not introduced, for this reason is not possible to monitor the cracking development within the mortar. However, it is
worth mentioning that this is out of the scope of this work.
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The analyses have been conducted in displacement control using the Newton Raphson
convergence method. The horizontal maximum displacement is assigned at the loaded end of
the equivalent yarn and divided into 50 incremental steps.

Figure 3: Adopted 2D modelling.

The most critical point in the adopted modelling approach consists in the definition of the
nonlinear bond-slip (τ-s) mechanical law. This law will be calibrated for each specimen available in the database in order to find a correlation between the different involved parameters.
As a starting point, the shape of the curve has been defined considering some studies available
in the literature. In [12], shear bond tests on SRG systems were simulated introducing a steelmortar nonlinear interface, whose fundamental parameters influence the eventual failure
mechanism of the specimen for slippage of the steel cords from the grout.
In particular, with the aim to numerically define this interface, the authors chose a tri-linear
constitutive law, taking into account the experimentally observed friction phenomena between
textile and matrix (Fig. 4). The same bond stress-slip law form was introduced in [13], where
a cohesive interface crack model for the matrix–textile debonding in FRCM composites was
developed.
Following a similar approach, in this work, the fundamental values of the adopted bond W-s
law are (Fig. 4): τm (bond strength), τr (residual bond stress), s0 (slip corresponding to τm), s1
(slip at the end of softening branch) and s2 (ultimate slip). All the parameters have been defined through the calibration of the model using the experimental results. The simplified bond
stress-slip law of the interface implies a first linear elastic behavior as the pre-peak branch
(until the maximum stress τm), followed by a linear softening part representing loss of cohesion between the two materials in the interface. The third branch with the constant bond stress
of τr represents the frictional resistance of the interface, this branch is only necessary for convergence reasons.
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Figure 4: Adopted bond τ-s law.

To demonstrate the effectiveness of the numerical model, a preliminary parametric analysis
has been conducted to check the physical robustness of the obtained results. In detail, the ratio
between the fiber elastic modulus and the mortar elastic modulus (Ef/Em) and the interface
stiffness (k1 = τm/s0 – slope of the bond stress versus slip curves) were varied respect to the
ratio between the fiber stress and the mortar stress (σf/σm) at the loaded end.
As expected, σf/σm increases as Ef/Em increases (Fig. 5a) while σf/σm decreases as k1 increases (Fig. 5b). This last is related to the fact that as increasing k1, the behavior is closer to
the perfect bond behavior and the stresses in the two materials are similar.
Furthermore, with the same purpose to check the robustness of the model, the trend of
shear bond stress τ in the fiber-mortar interface, along the specimen, respectively for the case
of mortar cracking and interface debonding, has been monitored (Fig. 6). The numerical analyses have showed that, if the crisis affects the mortar, the bond stress level in the interface is
such that τ falls in the first linear elastic phase of the τ-s curve (Fig. 4); while when the interface debonding occurs, τ falls in the second linear softening phase of the τ-s curve. So, it is
noticeable that the bond stress trend is opposite between these two cases: in case of mortar
cracking, τ decreases from loaded end (with higher value of slip) to free end (with lower value
of slip); in case of interface debonding τ increases from loaded end to free end.

a)

b)

Figure 5: Validation of the numerical model – a) σf/σm vs Ef/Em, b) σf/σm vs k1.
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Figure 6: Interface stress mapping – mortar (a) and interface (b) failure.

4

CALIBRATION OF BOND-SLIP INTERFACE LAW

The finite-element model described in Section 3 has been developed to simulate all the results collected in the FRCM/CRM-masonry single-lap shear bond tests database presented in
Section 2. The database has been divided into two homogeneous parts: i) the first part has
been used to calibrate the fiber-mortar interface laws (76% of the specimens); ii) the second
part has been used for validation purpose (24% of the specimens).
The percentage assigned to the calibration and validation part was selected referring to
similar studies available in the literature [14].
For each specimen, an inverse analysis has been made, looking for the best fitting between
the experimental and numerical axial stress (f) - slip (s*) curve to obtain the fiber-mortar τ-s
interface law. For example, in Figure 7 and Figure 8, the experimental-numerical best fitting
with the corresponding τ-s output related to the FRCM specimen “FRCM2-01” (Tab. 1) and
to the CRM specimen “G66-120-01” (Tab. 2), respectively, are reported.

a)

b)

Figure 7: FRCM specimen – a) experimental-numerical best fitting, b) bond interface law.

a)

b)

Figure 8: CRM specimen – a) experimental-numerical best fitting, b) bond interface law.
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For each inverse analysis, the goodness of the experimental-numerical fitting has been assessed through both qualitative and quantitative methods. The quantitative control has been
made comparing the experimental and numerical peak axial stress (fbexp, fbnum) and corresponding slip (s*bexp, s*bnum).
In Figure 9, each doth represent a different specimen. It can be observed that the correlation in terms of stress is better than slip; in fact, the average value of fbexp/fbnum is equal to
1.00 (COV=7.4%), while the average value of s*bexp/s*bnum is equal to 1.13 (COV=27.8%).

a)
b)
Figure 9: a) experimental-numerical dispersion for fb, b) experimental-numerical dispersion for s*b.

In Figure 10 the comparisons between average τ-s curves varying Ef*tf [kN/mm] and ftm
[MPa], only related to FRCM specimens, are reported. A correlation between the stiffness of
the reinforcement and the interface behavior is not completely clear as well as a trend between
the tensile strength of the mortar and the peak of the bond-slip curve cannot be defined. Probably other parameters (for example grid coating and spacing), that have been neglected, might
affect the obtained results.

a)

b)

Figure 10: τ-s average curves varying a) Ef*tf and b) ftm.

4.1

Discussion

In order to investigate the influence of other parameters that could affect the interface behavior, the superficial grid coating and the grid spacing (sf) have been analyzed. In particular,
the incidence of these two parameters on the bond law has been investigated considering two
representative specimen groups, extracted from the FRCM database (Tab. 1), composed of
specimens characterized by similar properties in terms of mortar and fibers:
- Group 1 (Ef = 50-80 GPa, fcm = 12-17 MPa), composed of 13 specimens;
- Group 2 (Ef = 80-110 GPa, fcm = 12-17 MPa), composed of 10 specimens.
Each of these two groups is divided into two parts:
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- Part a), characterized by a higher spaced grid (sf = 25 mm);
- Part b), characterized by a lower spaced grid (sf = 10 mm).
In Figure 11, the blue and the red columns indicates the average value of τm (Fig. 11a) and
k1 (Fig. 11b), respectively, for the part a) and the part b) of each group. It is expected that the
presence of more transversal wires, in case of lower spaced grids, should cause a more significant increment of τm and k1 than in higher spaced grids [2]. However, in the analyzed case, as
evidenced in Figure 11, this trend is confirmed only for the Group 1 and it’s completely opposite for the Group 2.
In fact, while all the specimens belonging to the Group 1 are characterized by the presence
of a superficial grid coating; in the Group 2, only the specimens with higher spaced grids are
characterized by the coating. So, this opposite trend could be justified by the fact that the
presence (or absence) of the coating could have a greater influence than the grid spacing.

a)

b)

Figure 11: Grid coating and spacing effect in terms of: a) τm and b) k1.

The campaign on shear bond tests between GCRM and masonry, conducted by Rizzo [2]
(explained in Section 2), was also used to individuate the effective bond length (Leff), beyond
which there are no more significant increases in terms of peak axial stress fb. The authors observed that fb seems to be growing up from 120 mm until 180 mm, after that it remains almost
constant at 240 mm. So, the effective bonded length could be estimated equal to 180 mm.
From the numerical simulation of these bond tests, the same value of Leff has been obtained
(Fig. 12).
This analysis, with the aim to evaluate an effective bond length, has been extended to
FRCM-masonry specimens with different mechanical properties. In detail, the numerical
analysis has been made varying the mortar tensile strength ftm (from 0.10 to 2.00 MPa) and
the bond length Lad (from 20 to 300 mm); while the grid properties have been kept constant:
Ef = 300 GPa and ftf = 3000 MPa.
Figure 13 reports the variation of fb as a function of ftm (Fig. 13a) and Lad (Fig. 13b). In
Figure 13a, the constant branch of each curve begins when the failure mode changes from
mortar cracking to interface debonding without more increments in terms of fb. It is noticeable
that increasing the bond length the mode of failure changes for low value of the mortar tensile
strength.
From Figure 13b, it is evident that for lower values of ftm, fb increases as Lad increases;
however, for mortar tensile strength greater than 1.00 MPa and for Lad values greater than 150
mm, the slope of the curve rapidly decreases and there are no more important increments in
terms of fb. In conclusion, Lad equal to 150 mm seems to be the effective bond length (Leff) for
specimens characterized by Ef = 300 GPa and ftf = 3000 MPa.
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Figure 12: Peak axial stress trend in function of Lad.

a)

b)
Figure 13: Peak axial stress trend – a) ftm and b) Lad.

5

CONCLUSIONS

The effectiveness of the FRCM/CRM strengthening techniques relies on the compositesubstrate bond behavior. In this study, numerical simulations aimed to study the interface behavior have been carried out. The obtained results that represent the first part of a wider study
are able to furnish the following conclusions:
x A simplified finite-element 2D model, able to simulate the main failure modes occurring
in a single-lap shear bond test between FRCM/CRM and masonry, has been developed.
x An inverse numerical analysis has been used to calibrate the τ-s law between fiber and
mortar and to simulate the results of single-lap shear bond tests. The comparison between
the numerical and experimental results demonstrated the effectiveness of the proposed
numerical modelling approach.
x The influence of some important parameters, such as grid spacing and grid coating on the
τ-s law results has been investigated. For the analyzed cases, it has been observed that for
masonry reinforced with coated FRCM, lower spaced grids give higher values of both
maximum bond stress (τm) and slope of the bond stress versus slip curves (k1).
x The performed numerical analysis seems to be able to estimate the transfer length of the
reinforcement.
x At the date, numerical simulations are still in progress with particular reference to shear
bond tests between CRM and masonry. In the future, is in the authors’ intent to carry out
pull-out tests on FRCM and CRM specimens [15] in order to experimentally obtain τ-s
fiber-mortar relationships for comparison with the numerically obtained laws.
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Abstract. The dissipative exoskeleton (DEX), an external framed structure equipped with a
damped bracing system and rigidly coupled to the existing building is to be retrofitted, may be
more convenient than a dissipative endoskeleton (DEN), constituted of braces connecting adjacent storeys and equipped with dissipative devices. Aim of the present work is the proposal
of a displacement-based design procedure of the DEX based on the use of overdamped elastic
response spectra, which could prove a valuable tool for practitioners. The DEX includes concentrically braced chevron frames, with pinned joints, and damped bracing systems, incorporating fluid viscous dampers (FVDs). Elastic-linear behaviour of steel frame members and
nonlinear pure viscous dashpot for FVDs are hypothesized. A six-storey archetype located in
L’Aquila (Italy), representative of many reinforced concrete (RC) framed buildings designed
for moderate seismic loads, is to be retrofitted in a high risk-seismic region. The building is
regular in plan, with five longitudinal bays (main fronts corresponding to the north- and
south-facing façades) and three bays in the transversal one (east- and west-facing façades
without apertures). Nonlinear static analysis using the software OpenSEES is preliminarily
carried out, to investigate the seismic vulnerability of the existing building. RC frame members are modelled with lumped plasticity elements, with flexure- or shear-controlled momentchord rotation at critical end sections, while the shear behaviour of the beam-column joints is
modelled by means of a scissor model. Interventions with DEXs are designed at the life-safety
(LS) limit state, considering parallel (DEX.Pa) and perpendicular (DEX.Pe) dispositions,
running around all four façades, and mixed disposition (DEX.Mi), as an enlargement on the
eastern and western sides only. In order to demonstrate effectiveness of the retrofitting interventions, nonlinear dynamic analyses of the bare (F) and coupled (DEXF) structures are carried out considering records scaled in line with a high-risk seismic region.
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1

INTRODUCTION

The dissipative endoskeleton (DEN) constituted of steel braces supporting devices dissipating energy by means of different mechanisms (metallic yielding, friction sliding, fluid orificing, viscoelastic deformation, phase transformation of metals) offers certain advantages (e.g.
ease of inspection and replacement, low maintenance costs) in comparison to traditional retrofitting solutions [1, 2], but it can also induce downsides: e.g. notable increase in the axial load
transmitted to columns and foundations; indirect costs associated with the temporary relocation of residents; service interruption during installation. On the other hand, the dissipative
exoskeleton (DEX), an external steel framed structure equipped with a damped bracing system, rigidly coupled to the existing building but with an own foundation, exhibits many advantages [3]: the indirect costs associated with downtime during retrofitting are eliminated;
the creation of new housing space and the opportunity for an energetic retrofit of the building
envelope are possible; the complete reversibility is guaranteed.
Three typological choices are possible depending on the distributive (e.g. available space)
and energetic (e.g. thermal loss) features along the perimeter [4-6]: a partial or uniform dissipative exoskeleton, parallel (DEX.Pa) and perpendicular (DEX.Pe) positioned to the façades
to which it is connected through standard shear and axial links, respectively; a mixed DEX
(DEX.Mi), where DEX.Pa and DEX.Pe are placed on the same façade. It should be noted that
DEX.Pa always provides additional torsional stiffness to the original scheme, while the added
spatiality in the façades resulting from DEX.Pe allows the creation of new housing space, partially or totally covering the retrofitting costs by means of the increased real estate value, upgrades vertical accessibility (e.g. stairwells and lifts) as well as horizontal private or collective
circulation (e.g. balconies and living spaces). However, the increased useful space provided
by DEX.Pe corresponds to a non-negligible additional mass of the exoskeleton structure compared to the total mass of the building, thereby inducing seismic loads higher than those corresponding to the DEX.Pa arrangement. As this last solution supports gravity loads due to
their self-weight only, large overturning moments induced by the horizontal seismic loads
may lead to tensile axial force in its foundation. Both solutions provide the opportunity for an
energetic retrofit of the building envelope, but compared to the DEN not only the dissipative
bracing system but also the new steel exoskeleton needs to be designed.
A design procedure of DEXs incorporating nonlinear fluid viscous dampers (FVDs) is implemented in this study, which focuses on displacement as the key sizing parameter and employs overdamped elastic response spectra. The procedure is a reformulated version of an
approach recently derived for DEN systems [7-11], conceived in such way as to make a clear
distinction between the design of a steel exoskeleton (i.e. mass, stiffness and strength) and a
dissipative bracing system (i.e. added damping), and an extension including nonlinear FVDs.
In the subsequent sections the proposed design procedure is applied for the seismic retrofitting of a six-storey reinforced concrete (RC) archetype in L’Aquila (Italy), representative of
many buildings designed for moderate seismic loads prior to the 2008-2018 code changes
[12]. Interventions with DEXs are designed at the life-safety (LS) limit state, considering
three alternatives: i) parallel disposition running around all four façades (DEX.Pa), with a distance from the existing structure set to suit the new foundation and to allow the opening of
windows; ii) perpendicular disposition running around all four façades (DEX.Pe), with a floor
slab defining new spaces increasing the wellbeing of the inhabitants along main fronts with
north and south exposure; iii) parallel-perpendicular mixed disposition (DEX.Mi), as an enlargement on the eastern and western transversal sides only where energy saving measures
could be added. Nonlinear analyses are carried out using the software OpenSEES [13], in order to provide insights into the strength and weaknesses of the examined configurations.
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2

DISPLACEMENT-BASED-DESIGN PROCEDURE OF THE VISCOUS DAMPED
DISSIPATIVE EXOSKELETON

A four-step double-iteration design procedure of the DEX is proposed, whose design parameters are: target performance displacement evaluated through nonlinear static analysis of
the existing structure; properties of the nonlinear fluid viscous dampers (FVDs), in terms of
maximum equivalent viscous damping ratio ([v,DB0) and velocity exponent (E); seismic loads.
On the other hand, final unknown parameters are mass, stiffness and strength properties of the
steel exoskeleton and damping constant of the FVDs.
By referring to two coupled equivalent single-degree-of-freedom (SDOF) systems shown
in Figure 1, representing the original frame (F, black line) with an infinitely rigid but nondissipative connection to a DEX (blue line), relevant design parameters are mass and stiffness
ratios

αm = me,DEX me,F ; αK = Ke,DEX Ke,F

(1)

and uncoupled equivalent damping ratios [F and [DEX. Equivalent mass of the SDOF system
representing the original frame can be evaluated by multiplying the first-mode (horizontal)
components IIIn by the corresponding floor masses (m1,F, m2,F, .., mn,F)

me,F = ¦ i=1 mi,F  Ii , ( In = 1)
n

(2)

while equivalent (secant) stiffness depends on base shear (V*p,F) at the performance displacement (d*p)
*
Ke,F =Vp,F
d *p

(3)

resulting from the nonlinear static analysis of the original structure. A double iteration process
is required because for an assigned value of [DEX and known value of [F, both corresponding
to the assigned displacement demand d*p, the corresponding coupled total damping ([DEXF) is
function of DK which in turns depends on the unknown Dm.

Figure 1. DEXF system as coupling of two equivalent SDOF systems.

The four steps of the proposed design procedure are discussed below. It should be noted
that the design procedure requires internal (step 3) and external (steps 3-4) iteration loops related to the stiffness (Dk(..)) and mass (Dm(..)) ratios, respectively. An initial approximation of
these ratios is assigned in step 2 (i.e. Dk(0) and Dm(0)), and then a sequence of iteration loops is
performed until convergence to the correct values is attained (i.e. Dk(i)≈Dk(i-1) and Dm(i)≈Dm(i-1)).
2.1

Properties of the SDOF system equivalent to the original frame (F)

Once base shear (VF) versus roof-storey displacement (d) capacity curve of the original
framed structure is evaluated from pushover analysis and transformed into the capacity (bilinear) curve (V*-d*) of an equivalent SDOF system [14], the equivalent viscous damping due to
hysteresis [h,F at the performance displacement (dp*) can be calculated
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μF - 1  1- rF
ξh,F (%)= κ  ¨ 63.7
¨
μF  ª¬1+ rF  μF - 1
©

·
¸
º¼ ¹¸

(4)

as function of the following parameters (Figure 2b): ductility demand PF(=dp/dy,F, being dy,F
the yield displacement); stiffness hardening ratio (rF); reduction factor (N), depending on the
degrading response of RC frame members [10, 11]. An inherent elastic viscous damping of
the framed structure (commonly, [v,F=5%) can be also defined (Figure 2a).

(a)
(b)
Figure 2. SDOF system equivalent to the original structure (a) and its response (b) idealized as bilinear.

2.2

Properties of the SDOF system equivalent to the dissipative exoskeleton (DEX)

Starting from the assumption that the stiffness (KB) of the brace used to install the damper
in the exoskeleton (EX) is large enough to eliminate the added stiffness of the FV damped
brace (i.e. Ke,DB=0), the effective (secant) stiffness of the DEX is equal only to the EX part
(Figure 3)
(5)

Ke,DEX = Ke,EX

and its unknown value is assumed as the effective (secant) stiffness of the original frame multiplied by an initial value (DK(0)) of the stiffness ratio
(0)
Ke,DEX
= αK(0)  Ke,F

(6)

Similarly, the effective mass of the equivalent DEX is obtained on the basis of an initial
value (Dm(0)) of the mass ratio
(0)
me,DEX
= αm(0)  me,F

(7)

as function of the effective mass of the SDOF equivalent to the original frame (see Equation
(2)).
With regard to the nonlinear FVD, the force developed in the damper is function of the
damping exponent (E<1, with E corresponding tolinear viscous property)
β

FVD = CNL  sign v  v = FVDB

(8)

where CNL is the nonlinear damping coefficient, v is the relative velocity between the end sections of the device and sign(v) is the sign function. Moreover, the equivalent viscous damping
ratio for one cycle of harmonic vibration can be expressed as [1, 15]

ξv,DB (%)=

β
λ  CNL  ωe,DEX
 d pβ-1

2π  K DEX
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being

β·
§
Γ 2  ¨ 1+ ¸
2¹
©
λ = 2 2+β 
Γ  2+ β

(10)

and * the gamma function. It is easy to verify that the equivalent viscous damping ratio corresponding to dp can be computed in terms of an assigned maximum value ([v,DB0) at the limit
of elastic behaviour for the original frame:
ξv,DB % = ξv,DB0 %  μF

β-1

(11)

For completeness, an inherent elastic damping of the exoskeleton (e.g. [v,EX=2% is generally
used for steel structures) is also defined in Figure 3a.

(a)
(b)
Figure 3. SDOF system equivalent to the DEX (a) and its non-elliptic hysteresis curve (b).

2.3

Properties of the SDOF system equivalent to the frame with dissipative
exoskeleton (DEXF)

The equivalent viscous damping of the in-parallel system constituted of frame (F) and dissipative exoskeleton (DEX) is function of the stiffness ratio DK(..)(=DK(0) at the first iteration
loop)

ξ

(..)
DEXF

ξ h,F +ξv,DB  αK(..)
(%)= ξv,F +ξv,E +
1+αK(..)

(12)

where [h,F and [v,DB are calculated in steps 2.1 and 2.2, respectively. Then, the effective period of DEXF (T(..)e,DEXF) is evaluated with reference to the curve of the overdamped displacement-acceleration response spectra corresponding to [(..)DEXF and the performance
displacement d*p (Figure 4). Moreover, the acceleration design value (a*p(..)) can be
determined as y-coordinate by the same curve.

Figure 4. Displacement-acceleration overdamped (elastic) response spectra.
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Once the mass of the DEXF is calculated
(..)
(..)
me,DEXF
= me,F + me,DEX
= 1+ αm(..)  me,F

(13)

the effective stiffness can be obtained as
(..)
4  π 2  me,DEXF

(..)
K e,DEXF
=

(..)
Te,DEXF

(14)

2

Finally, an updated value of the stiffness ratio is determined
(..)
αK(..) = Ke,DEX
Ke,F

(15)

(..)
(..)
Ke,DEX
= Ke,DEXF
- Ke,F

(16)

where

As a consequence, an iterative procedure internal to the current step is needed for the solution
of Equations (12)-(16) until a final stiffness ratio value is attained.
2.4

Properties of the dissipative exoskeleton (DEXF) for the MDOF system

The proportional stiffness criterion [16] allows evaluation of the internal design forces of
the steel EX considering the distribution of the lateral loads resulting from the first-mode
shape (i.e. Ii=Ii,F=Ii,EX, i=1,..,n) that remains practically unchanged after the insertion of the
EX (Figure 5)
(..)
FEX,i
=

¦

mi,F  Ii
n
i=1

mi,F  Ii

(..)
Vd,EX

(17)

where it is proved that the base-shear is equal to
(..)
Vd,EX
=

(..)
Vd,DEXF
 αK(..)
αK(..)
(..)
(..)
(..)
=
1+α

m

a

= Vd,DEX
m
e,F
p
(..)
(..)
1+αK
1+αK

(18)

It is worth mentioning that base shear expressed by Equation (18) depends on the mass ratio Dm(..) which is initially unknown. As a consequence, an external iterative procedure needs
to be carried out on steps 2.3 and 2.4 for the solution of Equations (12)-(18), until a final mass
ratio value is attained.
(..)
(..)
αm(..) = me,DEX
me,F = ¦ i=1 mi,DEX
I i
n

me,F , ( In = 1)

(19)

Finally, the distribution of the damping coefficients for the nonlinear FVDs is assumed
proportional to the design storey shear of DEX, on the assumption that reduced efficiency of
the FVDs generally observed on the upper storeys is related to slower interstorey velocities
than those in the lower storeys, through the following expression [17]
CNL,tot, j =

2π

3- β

 dp

T1,DEXF

1- β
2- β

 ξ v,DB

S j  ¦ i=1 mi,DEXF  Ii2
n



λ  ¦ i=1 ª Si  f i 1+β  I i - I i-1
¬
n

1+β

º
¼

, j = 1,..,n

(20)

where fi is the magnification factor of the dampers, depending on their configuration in each
storey (fi=1 for chevron configuration of the FVDB), and T1,DEXF is the fundamental vibration
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period of DEXF. It is clear that, at each storey the shear force is proportional to parameter
[18]

S j = ¦i= j mi,DEXF  Ii
n

(21)

Figure 5. MDOF system representing the original frame (F) combined with DEX.

3

LAYOUT AND RETROFITTING OF THE TEST STRUCTURE

An RC framed building located in L’Aquila, representative of the Italian residential housing stock constructed prior to the 2008-2018 code changes [12], is considered as test structure
for the numerical investigation. The building is regular in elevation (Figure 6b), while torsion
is moderate so the building can be considered also as regular in plan although the staircase is
asymmetrically placed along the X direction and bays with different lengths are considered
along the Y direction (Figure 6a).

(a) Plan.

(b) Elevation.
Figure 6. Layout of the archetype (unit in cm).

Cross-section of columns, with the orientation shown in Figure 6a, and deep beams, for perimeter frames and knee configuration of the staircase, are tapered along the building height
but constant at each storey (Figure 6b); on the contrary, all internal beams are flat with a constant cross-section at all storeys but this is not the same for different bays (Figure 6a). Masonry infills contribute to the dead load, with a weight of 3.5 kN/m2 along the perimeter façades
reduced as function of the percentage of apertures. A simulated design of the test structure is
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carried out in line with the Italian code DM86 [19], for the seismic loads at the time corresponding to the medium-risk seismic zone and typical subsoil class. Provisions of the Italian
code DM92 [20] are also satisfied, assuming the following gravity loads: dead loads of 4.8
kN/m2, on the roof, and 6.3 kN/m2, on the other floors; live loads of 2.2 kN/m2, on the roof
(snow), 2 kN/m2, on the other floors, and 4 kN/m2 for the staircase. Further details can be
found in [12]. Mean compressive cylindrical strength of concrete and steel yield strength
equal to 25 MPa and 435 MPa are assumed, respectively, in the design of the test structure.
Modal and uniform nonlinear static analyses of the original building are preliminarily performed by the OpenSEES platform [13]. A lumped plasticity model is considered for RC
frame members, with a trilinear moment-chord rotation backbone curve modified on the basis
of the ultimate shear capacity in the event of brittle failure [21, 22]. The shear behaviour of
the exterior and interior beam-column joints is modelled by means of a scissor model, with
rigid end offsets and double node, considering shear failure prior to or together with yielding
of the longitudinal steel reinforcement of beams [23, 24]. Capacity curves reported in Figure 7
represent roof drift ratio (i.e. dtop/Htot, dtop and Htot being the horizontal top displacement and
total height) versus normalized base shear (i.e. Vbase/Wtot,Wtot being the total seismic weight).
Note that pushover curves referring to the positive and negative loading directions are nearly
identical, especially in the X direction (Figure 7a), due to the structural symmetry. Maximum
strength is always achieved in the Y direction (Figure 7b), depending on the effects of the
staircase and in-plan orientation of the cross-sections of all interior columns and most of the
exterior ones (Figure 6a), while maximum deformability is attained in the X direction (Figure
7a), where flat interior beams with reduced section are placed. Attention will be focused on
the modal capacity curves, that show a maximum Vbase/Wtot ratio roughly between 0.15 (X
direction) and 0.2 (Y direction) when one of the aforementioned failure mechanisms is attained for structural elements and joints.

(a) X direction.
(b) Y direction.
Figure 7. Comparison of pushover curves for modal and uniform lateral load patterns.

Different dissipative exoskeletons are designed at the life-safety (LS) ultimate limit state
provided by NTC18 [25] for a residential building (functional class II, coefficient of use
CU=1.0 and expected life of 50 years) located in L’Aquila (13.40° longitude and 42.35° latitude). Current high-risk seismic zone designation (peak ground acceleration on rock,
ag=0.261g) and moderately-soft subsoil (class C, site amplification factor S=1.33) are assumed. In particular, concentrically chevron braced frames (CBFs) and chevron braces with
fluid viscous dampers (FVDBs) are arranged in three configurations: i) DEX.Pa (Figure 8),
configured in adhesion (parallel) to all façades, considerably limiting the external dimensions
in the case of urban planning restrictions; ii) DEX.Pe (Figure 9), as an enlargement of the entire building plan, creating additional (perpendicular) living space only along main fronts with
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north and south exposure as these are the sides with apertures; iii) DEX.Mi (Figure 10), where
DEX.Pa and DEX.Pe are placed as an enlargement on the eastern and western sides without
apertures to satisfy both thermal and seismic requirements. The seismic demand for the design
of the DEXs assumes as performance objective an elastic behaviour of the original structure
(i.e. dp=dy,F and [h,F=0), while the amount of supplemental viscous damping required to limit
maximum displacement within this target value is assumed equal to [v,DB0=20% and elastic
viscous damping of the exoskeleton is omitted.

(a) Three-dimensional view.
(b) Plan.
Figure 8. Dissipative exoskeleton parallel (DEX.Pa) to the original building (unit in cm):
chevron brace;
viscous damped chevron brace.

(a) Three-dimensional view.
(b) Plan.
Figure 9. Dissipative exoskeleton perpendicular (DEX.Pe) to the original building (unit in cm):
chevron brace;
viscous damped chevron brace.

(a) Three-dimensional view.
(b) Plan.
Figure 10. Dissipative exoskeleton with a mixed configuration (DEX.Mi) around the original building (unit in
cm):
chevron brace;
viscous damped chevron brace.
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The stiffening contribution of the chevron braces arranged in series with the FVDBs is not
considered while nonlinear viscous behaviour, with an exponent Eequal to 0.7, is assumed for
the FVDs. The gravity loads considered for the composite deck with horizontal bracing of
DEX.Pe, having a length of 3 metres (see grey areas in Figure 9b), are represented by a dead
load of 3.73 kN/m2 and a live load of 2 kN/m2. The design of DEXs is performed in accordance with the four-step procedure presented below, and main parameters of the equivalent
SDOF systems are reported in Tables 1a and 1b with reference to the X and Y directions, respectively.
Structure
DEXF.Pa
DEXF.Pe
DEXF.Mi

Ke,F
213
213
213

me,F
931
931
931

[h,F
0
0
0

Dm
0.034
0.289
0.042

DK
6.55
8.33
6.60

[v,DB
20
20
20

[DEXF
22.4
22.9
22.4

Te,DEXF
0.487
0.489
0.487

Vd,DEXF
4678
5778
4709

Table 1a. Properties of the SDOF system equivalent to DEXF along the X direction (units in cm, kN, t and s).
Structure
DEXF.Pa
DEXF.Pe
DEXF.Mi

Ke,F
414
414
414

me,F
923
923
923

[h,F
0
0
0

Dm
0.034
0.289
0.042

DK
6.55
8.32
6.60

[v,DB
20
20
20

[DEXF
22.4
22.9
22.4

Te,DEXF
0.347
0.349
0.347

Vd,DEXF
4638
5728
4668

Table 1b. Properties of the SDOF system equivalent to DEXF along the Y direction (units in cm, kN, t and s).

The tubular square cross-sections selected for primary beams (i.e. typology B1), columns
and chevron braces of the CBFs are assumed ductile, in line with class 1 of NTC18. These
elements satisfy the ultimate limit states for strength and buckling under the horizontal seismic loads evaluated through Equations (17) and (18). Moreover, secondary (i.e. typology B2)
beams with circular (DEX.Pe) and square (DEX.Mi) cross sections are also considered in order to obtain a spatial truss exoskeleton, for which class 3 prevents local buckling until yield
strength is reached in a compression fibre. The dimensions obtained for the member crosssections, assuming yield strength equal to 275 MPa, and damping coefficients of nonlinear
FVDs are reported in Table 2 (DEX.Pa), Table 3 (DEX.Pe) and Table 4 (DEX.Mi). It should
be noted that FVDs are inserted on chevron braces with the same dimensions as those of the
CBFs.
Storey

Beams

Columns

1
2
3
4
5
6

250×8
250×8
200×8
200×8
200×8
200×8

350×16
300×12.5
260×10
220×8
220×8
220×8

Chevron braces
X direction
Y direction
220×16
220×16
180×12.5
180×12.5
180×10
180×10
180×8
160×10
180×6.3
150×8
160×6.3
150×6.3

CNL,tot (FVDs)
X direction
Y direction
9999
9118
9657
8818
8839
8092
7438
6830
5388
4976
2702
2513

Table 2. Member cross-sections (mm) and damping coefficient of FVDs (units in kN, s and m) for DEX.Pa.
Storey
1
2
3
4
5
6

Beams
B1
B2
350×10 88.9×5
300×10 88.9×5
300×10 88.9×5
200×8
88.9×5
200×8
88.9×5
200×8
88.9×5

Columns
400×20
350×16
300×10
300×10
220×8
220×8

Chevron braces
X direction
Y direction
350×16
300×12.5
260×12.5
260×8
220×12
250×6.3
180×12.5
220×6.3
150×12.5
180×6
140×12
140×6.3

CNL,tot (FVDs)
X direction
Y direction
8467
11545
8209
11199
7619
10322
6533
8750
4854
6421
2496
3299

Table 3. Member cross-sections (mm) and damping coefficient of FVDs (units in kN, s and m) for DEX.Pe.
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Storey
1
2
3
4
5
6

Beams
B1
B2
300×10
50×5
250×10
50×5
250×10
50×5
200×8
50×5
200×8
50×5
200×8
50×5

Columns
400×16
300×16
260×10
220×8
220×8
220×8

Chevron braces
X direction
Y direction
260×16
250×16
220×12
180×12.5
200×10
180×10
150×12
180×8
120×12.5
150×8
120×12
150×6.3

CNL,tot (FVDs)
X direction
Y direction
8424
10753
8178
10370
7560
9442
6443
7894
4738
5675
2407
2821

Table 4. Member cross-sections (mm) and damping coefficient of FVDs (units in kN, s and m) for DEX.Mi.

4

NUMERICAL RESULTS

Nonlinear seismic analysis of the structure before (i.e. original, F) and after (i.e. retrofitted,
DEX.Pa, DEX.Pe and DEX.Mi) the insertion of the dissipative exoskeleton is evaluated by
the finite element code OpenSEES [13]. Nonlinear fluid viscous dampers are modelled as
twoNodeLink elements, assuming nonlinear dashpot and linear spring acting in series without
considering the combined flexibility of the supporting brace and FVD. An elastic linear behaviour, equal for tension and compression, is considered for all truss members of the concentrically steel braced frames. The exoskeleton is connected to the RC framed building at each
floor level by means of shear and/or axial rigid steel links. Inherent damping [v,F=5% for the
RC framed structure is modelled using mass and tangent stiffness proportional Rayleigh approach, while the contribution of steel exoskeleton is not considered ([v,EX=0%). Seismic input selection for the bi-directional nonlinear dynamic analyses considers earthquakes taken
from the Italian accelerometric archive [26] and NGAwest2 database [27], the latter when
records reflecting the NTC18 provisions at the site in question were not available, and scaled
to match the LS design response spectrum [28].
Mean values of the maximum base shear are reported in Figure 11 for the original (F) and
retrofitted (DEX(F) and (DEX)F referring to parallel (Pa), perpendicular (Pe) and mixed (Mi)
steel dissipative exoskeleton and RC frame, respectively) structures, which are labelled with
letter A when resulting from nonlinear time-history analysis.

(a)

(b)

(c)

(d)
(e)
(f)
Figure 11. Seismic demand in terms of base shear for the original (F) and retrofitted (DEXF) structures.
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As a comparison, design values (letter D) of the base shear obtained for DEXs are also reported with reference to DEXF.Pa (Figures 11a,d), DEXF.Pe (Figure 11b,e) and DEX.Mi
(Figures 11c,f). The proportion between the base shear corresponding to DEX(F)_A and
(DEX)F_A structural parts highlights a good fit with the design value of the stiffness ratio DK
(see Tables 1a and 1b), thus confirming the reliability of the design procedure of DEXs. This
is further demonstrated by the ratio between design (D) and analysis (A) base shear for DEX,
whose value falls approximately into the range of -10% to +30%, which represent the lower
and upper bound tolerances provided by NTC18 when recorded ground motions are scaled to
a certain level of seismic intensity. Evidence of the effectiveness of the proposed retrofitting
strategies also results from base shear related to (DEX)F_A, whose value is between one half
(Figure 11e) and one third (Figure 11c) of that given to the corresponding F_A.
Afterwards, mean values of the storey drift ratio, defined as drift along the in-plan X ('X)
and Y ('Y) directions normalized by the storey height (h), are shown in Figure 12. The original structure (F) exhibits an irregular distribution law of the drift ratio, with higher deformability in the X (Figure 12a) rather than in the Y (Figure 12d) direction. The insertion of DEXs
generally ensures a reduction of at least half of the drift demand. The only exception is the top
floor where an increase in drift demand referring to Y is observed for DEX.Pa and DEX.Pe
(Figure 12d), though highlighting values less than 0.5%. Among the three viable retrofitting
schemes, DEXF.Pa and DEX.Mi turn out to be the best choice parallel to X (Figure 12a) and
Y (Figure 12d), respectively. Graphs of horizontal displacement at the floor levels (Figures
12b,e) confirm the effectiveness of all configurations of the DEX. The acceleration profiles
over the elevation of the building, normalised by gravity acceleration g, are displayed in Figures 12c,f. Amplification of acceleration is found in all DEXF systems compared to the original frame, with values increasing towards the upper levels. Moreover, a clear worsening is
observed in the Y direction (Figure 12f), where DEX.Pe is the worst solution inducing a
threefold increase in top floor acceleration.

(a)

(b)

(c)

(d)
(e)
(f)
Figure 12. Global response parameters of the original (F) and retrofitted (DEXF) structures over the elevation.
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With a view to analysing how different configurations of the exoskeleton (i.e. DEX.Pa,
DEX.Pe and DEX.Mi) have an impact on the effectiveness of FVDs, the mean of the maximum values of the total damping force at different storeys are shown in Figure 13. As confirmed experimentally [17], the efficiency of the FVDs in the top storey is reduced by at least
half of that at the intermediate levels where maximum values are attained, thereby highlighting that a distribution of damping constants proportional to the storey shear represents an efficient design criterion. The highest energy dissipation corresponds to DEX.Pa and DEX.Pe in
the X (Figure 13a) and Y (Figure 13e) directions, respectively, but this does not correspond to
significant advantages for the DEX.Pe characterized by the additional mass of balconies. It
should be noted that total damping force is only divided between two FVDs for DEX.Pa (Figure 13d) and DEX.Mi (Figure 13f) along the Y direction, thus reducing structural redundancy,
contrary to DEX.Pe which instead provides four FVDs at each level (Figure 13e), while all
solutions ensure the same number of FVDs in the X direction.

(a)

(b)

(c)

(d)
(e)
(f)
Figure 13. Distribution of the total damping force of FVDs over the elevation of the DEXs.

5

CONCLUSIONS

Pros and cons of the seismic retrofitting of RC buildings by means of dissipative exoskeletons is investigated. To this end, a practical procedure for the seismic design is proposed and
developed, in such a way as to make a distinction between the steel exoskeleton and the dissipative bracing system. It is based on the rigid coupling of two SDOF systems equivalent to
the original frame and dissipative exoskeleton, respectively, assuming elastic behaviour of
steel exoskeleton and nonlinear FVDs. A six-storey RC framed structure located in L’Aquila
is assumed as an archetype of the residential housing stock built in Italy during the 1990s, designed for medium-risk seismic zone. Three configurations of the DEX along the perimeter
are chosen for retrofitting the original building, assuming elastic behaviour as performance
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objective in a high risk-seismic zone: i.e. DEX.Pa, representing an envelope parallel to all façades; DEX.Pe, perpendicular to all façades; DEX.Mi, suggested as a compromise solution in
which DEX.Pa and DEX.Pe are only placed on the sides without apertures. By carrying out
nonlinear seismic analysis the following conclusions can be drawn.
The proportion between base shear demands corresponding to DEX(F) and (DEX)F structural parts matches well with the design value of the stiffness ratio, thus confirming the reliability of the proposed design procedure. Moreover, global and local confirmation of the
effectiveness of the seismic retrofitting techniques can be drawn from the base shear and interstorey drift demands to (DEX)F, respectively, whose values are less than half of those corresponding to the original frame. The efficiency of the FVDs is confirmed at the lower and
intermediate levels while it is reduced in the top storey, thereby highlighting that a distribution of damping constants proportional to the storey shear represents a good design criterion.
DEXF.Pa and DEX.Mi appear the best choice parallel to X and Y, respectively, when drift
ratios are considered. As expected, the top displacement target value is frequently exceeded
by the building in its original condition, but it is sometimes exceeded when retrofitting with
DEX.Pe, while DEXF.Pa and DEXF.Mi are always within the limits of this threshold. However, all DEXs induce amplification of the acceleration towards the upper levels of the original building and this may represent a potential risk in the case of acceleration-sensitive
nonstructural components.
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Abstract
Fiber Reinforced Cementitious Matrix (FRCM) materials are currently widely used for
strengthening reinforced concrete (RC) structures and have assumed an important role in the
seismic upgrading of these structures. The mechanical parameters for the evaluation of the
capacity of strengthened structures, such as the tensile strength and the debonding load of the
strengthening material, are determined through standards testing procedures that usually include tensile tests and bond tests. In this work the results of an experimental campaign of
beam tests on RC elements strengthened with FRCM composites are presented. Different
strengthening configurations and load rates are adopted. The experimental results are discussed and compared with the results available in literature to assess the influence of the testing procedure on the obtained mechanical parameters.
Keywords: FRCM composites, RC structures, Experimental campaign, Beam test.
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1

INTRODUCTION

Fiber reinforced polymers (FRP) [1, 2] and fiber reinforced cementitius matrix (FRCM)
materials [3, 4] are widely used for strengthening and repairing masonry and reinforced concrete (RC) structures. The former are made of continuous fibers embedded in a polymeric matrix, while the latter consist of continuous fibers arranged in unidirectional or bidirectional
textiles embedded in a cement based matrix. FRCM materials are effective in increasing the
flexural [5, 6, 7, 8, 9, 10] and the shear [11, 12, 13] capacity of RC members.
Guidelines have recently been issued for the mechanical characterization and evaluation of
the design parameters of FRCM materials [14, 15]. Italian guideline [14] provides for tensile
tests both on textiles and on composites and direct shear tests, while US guideline [15] provides for tensile tests on composites and tests on structural elements.
The effectiveness of composite materials in increasing the capacity of concrete and masonry structural elements strongly depend on the bond properties between composite and substrate (FRP) [1, 16, 17] and between fibers and matrix (FRCM) [18, 19].
The shear stress transfer at the reinforcement-substrate interface is experimentally studied
through direct shear tests in the single-lap configuration [20, 21, 22, 23, 24, 25, 26] (Figure 1a)
or double-lap [27, 22] configuration (Figure 1b). These tests are performed to determine the
debonding mechanism, i.e. the interface where debonding occurs, the maximum force transferable at the interface named joint capacity, the maximum force transferable when debonding
initiates named debonding load [13, 26], and the minimum length of the interface surface to
obtain the bond capacity named effective bond length. The tests performed so far have shown
that for many FRCM materials the debonding occurs at the interface between fiber and matrix
with significant relative displacements of the fibers with respect to the matrix and without
debonding of the matrix from the support [28, 29].
The results of the single-lap or double-lap shear tests can be used to calibrate a cohesive
material law (CML) [30, 24, 26], i.e. a relationship between the interfacial shear stress (τ) and
the relative displacement or slip (s) between the fibers and the substrate. In the case of FRCM
materials that show a loss of bond at the interface between fibers and matrix, the CML allows
to predict with reasonable accuracy the tensile response obtained through tensile tests [31]
performed according to ACI 434 [15].

(a)
(c)
(b)

Figure 1. Typical test setup for (a) single-lap shear test, (b) double lap shear test, and (c) beam test.

An alternative to direct shear tests for the evaluation of the interfacial properties is the indirect shear test performed on specimens of the beam test type [32, 33, 34] (Figure 1c). The
beams are made up of two concrete blocks connected by a hinge in the compression zone and
by the reinforcement in the tensile zone and are subjected to bending test on 3 or 4 load points.
The tensile force in the composite material is determined as a function of the applied force F
through the equilibrium conditions.
In this work the results of an experimental campaign of beam tests on a FRCM material
with poliparafenilenbenzobisoxazole (PBO) fibers are presented. With regard to the bond
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properties of PBO-FRCM materials, many experimental results can be found in literature [13].
In particular the results of single-lap shear tests performed with different bond lengths are reported in [25]. In [26] the results presented in [25] are used to calibrate an interfacial CML
based on the relationship between bond length and joint capacity. In [22, 33] the results of
single-lap shear tests are compared with the results of double-lap shear tests. In [35] the dependence of the joint capacity evaluated with single-lap shear test on the loading rate is highlighted. Finally in [33] beam test results are compared with single-lap shear test results and it
is observed that these two tests provide comparable results in terms of debonding load and
joint capacity.
The experimental campaign presented in this paper includes beam tests on PBO-FRCM
materials characterized by three different PBO textiles embedded in the same cement matrix.
The tests were performed at different loading rates. The obtained experimental results are discussed and compared with the experimental results available in literature with the following
aims: i) to compare the dependence of the joint capacity on the loading rate obtained with single-lap shear tests with the dependence of the joint capacity on the loading rate obtained with
the beam test; ii) to assess the influence of the fiber arrangement in textiles on the fiber stress
associated with the joint capacity; iii) to compare the results of single-lap shear tests with the
results of beam tests in terms of joint capacity.
2
2.1

EXPERIMENTAL PROGRAM
Materials

Three different PBO textiles (Figure 2) embedded in the same cement matrix were used in
the experimental campaign: i) bidirectional textile with 70 g/m2 of fiber in the longitudinal
direction (equivalent thickness of 0.046 mm) and 18 g/m2 of fibers in the transversal direction
(equivalent thickness of 0.012 mm); ii) unidirectional textile with 44 g/m2 of fibers (equivalent thickness of 0.028 mm); iii) unidirectional textile with 105 g/m2 of fibers (equivalent
thickness of 0.067 mm).

(a)

(b)

(c)

Figure 2. PBO textiles used in the tested FRCM materials: (a) bidirectional textile with 70 g/m2 of fibers in the
longitudinal direction and 18 g/m2 of fibers in the transversal direction; (b) and (c) unidirectional textiles with 44
g/m2 and 105 g/m2 of fibers in the longitudinal direction, respectively.

These PBO textiles are referred to as 70/18, 44, and 105, respectively. The main geometrical
and mechanical properties of the PBO textiles are summarized in Table 1, where b*, t* and if
are the width, thickness and center-to-center distance of the longitudinal yarns, respectively,
while tf is the equivalent thickness defined as the cross section area per unit width, equal to
t* b* i f p J f , where p=70, 44, or 105 g/m2 is the weight of the longitudinal fibers per unit
surface of the textile and J f

1.56 g cm3 is the unit weight of the PBO fibers. Ef is the elas-
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tic modulus of the PBO fiber assumed equal to 206GPa according to the tensile tests presented in [25], while ft is the fiber tensile strength according to the manufacturer.
PBO textile
70/18
44
105

p
[g/m2]

b*
[mm]

t*
[mm]

if
[mm]

tf
[mm]

Ef
[GPa]

ft
[GPa]

70
44
105

4
4
4

0.1081
0.1645
0.1508

9.5
23.5
9

0.046
0.028
0.067

206

5.8

Table 1. Geometrical and mechanical properties of the three different PBO textiles.

The cement based matrix was characterized through three-point bending tests and compression tests [36]. The performed tests provided an average compressive strength of 29.13
MPa and an average tensile strength of 6.40 MPa. The concrete blocks were casted with a
commercial mix design (BIGMAT C25/30 concrete) with the addition of 20% river sand
(grain size of 0.3÷1.25 mm) to obtain strength values close to those of existing concretes.
Simultaneously to the block casting, 20 cubes with a side of 150 mm were casted. The compression tests of these cubes provided an average compressive strength [37] of 17 MPa (CoV
11%).
2.2

Test setup

The bond length L was the same for the two blocks and was equal to 363 mm while the
width of the strip was equal to 94 mm (Figure 3).

(a)

(b)

Figure 3. Test setup: (a) front; (b) intrados (dimensions are in millimeters).

The bond length L was greater than the effective bond length Leff which is approximately 250280 mm according to [25, 26, 27, 30]. This allowed to reach the debonding load of the reinforcement and therefore to compare the obtained results with those of single-lap shear tests
with L t Leff in terms of debonding load. The edges of the concrete blocks were rounded at
the intrados of the hinged cross sections to reduce the transverse compressive stresses at the
interface associated with the relative rotation between the blocks during the test [13, 32].
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The tests were performed with a servohydraulic universal testing machine (Instron) by controlling the displacement of the load application point at a constant rate. During the test the
following response parameters were measured: i) the applied force F (Figure 3a); ii) the relative displacement between the blocks at the intrados (transducers T1 and T2 in Figure 3a); iii)
the slip of the fibers at mid-span with respect to the two blocks (transducers T4 and T5). In
particular transducers T4 and T5 measured the maximum relative displacements between the
fibers and the concrete blocks (slips at points A and A'), which are referred to as global slips
of the interface surfaces. The T1 and T2 transducers were of the CDP (LVDT) type with
movable shaft, while the T4 and T5 transducers were of the CE cantilever type. Four displacement rates were used for the force application point: 0.17, 0.34, 0.51 and 0.68 mm/min.
Samples were named BT_x_yf_z_n, where x indicates the type of textile (70/18, 44, or 105),
y the number of yarns, z the displacement rate, and n the number of the sample. The samples
are listed in Table 2. At least three nominally equal specimens were tested for each textile and
for each rate. Pictures of representative test samples are shown in Figure 4.

(a)

(b)

(c)

(d)

Figure 4. (a) Test set-up; (b) textile 44; (c) textile 105; (d) textile 70/18.

The adopted displacement rates correspond to nominal slip rates of 0.00085, 0.0017,
0.00255 and 0.0034 mm/s, respectively. The nominal slip rate associated with each displacement rate were evaluated neglecting the elastic deformation of the concrete blocks (i.e. rigid
rotation of blocks was assumed) and assuming symmetric rotation of the two blocks. The
lowest displacement rate was chosen to obtain a nominal slip rate similar to the slip rate
adopted for the single-lap shear tests presented in [25]. Figure 5a shows the average of the
global slips measured by the transducers T4 and T5 of four specimens with textile 74/18 as a
function of time. Figure 5b shows the slip rate (obtained as the derivative of the corresponding curve of Figure 5a) as a function of time for one specimen. Figure 5 shows that after the
initial branch the slip rate tends to be constant and proportional to the displacement rate.
Nonetheless the slip rate is significantly different form the nominal value evaluated on the
base of the rigid blocks assumption. Furthermore the slip rate is almost constant only at the
end of the tests when the deboning has already initiated.

4762

M. T. Cristofaro, A. D’Ambrisi, F. Focacci, R. Nudo, G. Stipo, M. Tanganelli, M. De Stefano
8.0

12

Slip rate [10-4 mm/s]

Global slip g [mm]

10

6.0

4.0
BT_70/18_10f_0.17_01
BT_70/18_10f_0.34_01

2.0

8
6
4
BT_70/18_10f_0.17_01

2

BT_70/18_10f_0.51_03
BT_70/18_10f_0.68_03

Nominal slip rate 0.00085 mm/s

0.0

0

0

20

40

60

80

100 120 140 160 180 200

0

2

4

Time [min]

6

8

10

12

Time [103 s]

Figure 5. (a) Global slip as a function of time; (b) slip rate as a function of time for specimen
BT_70/18_10f_0.17_1.

3

EXPERIMENTAL RESULTS AND DISCUSSION

All the specimens failed due to loss of bond at the fiber-matrix interface with high interfacial slip (Figure 4 (b)-(d)). Longitudinal cracks in a plane parallel to the intrados were observed in the matrix in many of the specimens with 10 yarns of textile 70/18, similar cracks
were not observed neither in the specimens with 9 yarns of textile 70/18 nor in the specimens
with textiles 44 and 105. With reference to textile 70/18 this is probably related to the ratio
between the matrix surface and the textile surface, which is higher in the specimens with 9
yearns compared to the specimens with 10 yarns. With reference to textiles 44 and 105 the
lack of longitudinal cracks is probably related to the lack of transverse yarns.
Figure 6 shows a typical experimental response in terms of fiber stress-global slips (transducers T4 and T5) and fiber stress-relative displacement of the blocks at the intrados (average
of relative displacements measured by transducers T1 and T2).
2000

BT_70/18_10f_0.17_02

Axial stress σ [MPa]

1750
1500
1250

1000
750
500
250

[T4+T5]

[(T1+T2)/2]

T5

T4

0
0.0

2.0

4.0

6.0

8.0

10.0

12.0

14.0

Measured displacements [mm]

Figure 6. Typical experimental response in terms of fiber stress-measured displacement.

The fiber stress was computed as the ratio between the axial force N in the fibers and the
area Af of the fiber cross section. N was computed as a function of the applied force F (Figure
3) via equilibrium equations. The global slips measured on the two blocks (points A and A',
transducers T4 and T5 in Figure 3b) were similar in the first phase of the loading process, approximately up to a load equal to 50%-60% of the joint capacity. In the second phase of the
loading process the global slip increased faster at the loaded end of one of the two interface
surfaces (transducer T4 in the case shown in Figure 6) compared to the other interface surface
due to the formation and propagation of a crack at the fiber-matrix interface. On this surface
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complete debonding occurred at the end of the test. In this phase the global slip of the other
interface surface (transducer T5 in the case shown in Figure 6) stopped or decreased. Figure 6
also shows that the global slips measured by the transducers T4 and T5 are consistent with the
relative displacement of the blocks at the intrados, since the sum of these slips equals the average relative displacement measured by the transducers T1 and T2.
Table 2 summarizes the specimen characteristics and the experimental results in terms of
peak load Fmax, corresponding tensile force in the fibers referred to as peak force Nmax, corresponding stress of the fiber referred to as peak stress σmax, and global slip of the surface where
debonding occurs at the peak load gmax.
Specimen
BT_70/18_10f_0.17_01
BT_70/18_10f_0.17_02
BT_70/18_10f_0.17_03
BT_70/18_10f_0.17_04
BT_70/18_10f_0.17_05
BT_70/18_10f_0.17_06
BT_70/18_10f_0.34_01
BT_70/18_10f_0.34_02
BT_70/18_10f_0.34_03
BT_70/18_10f_0.51_01
BT_70/18_10f_0.51_02
BT_70/18_10f_0.51_03
BT_70/18_10f_0.51_04
BT_70/18_10f_0.51_05
BT_70/18_10f_0.68_01
BT_70/18_10f_0.68_02
BT_70/18_10f_0.68_03
BT_70/18_10f_0.68_04
BT_70/18_10f_0.68_05
BT_70/18_9f_0.68_01
BT_70/18_9f_0.68_02
BT_70/18_9f_0.68_03
BT_44_4f_0.68_01
BT_44_4f_0.68_02
BT_44_4f_0.68_03
BT_105_9f_0.68_01
BT_105_9f_0.68_02
BT_105_9f_0.68_03

n
[--]

b*
[mm]

t*
[mm]

Af
[mm2]

Fmax
[kN]

Nmax
[kN]

Vmax
[MPa]

10
10
10
10
10
10
10
10
10
10
10
10
10
10
10
10
10
10
10
9
9
9
4
4
4
9
9
9

4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4
4

0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.1066
0.16575
0.16575
0.16575
0.15145
0.15145
0.15145

4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
4.26
3.84
3.84
3.84
2.65
2.65
2.65
5.45
5.45
5.45

5.35
5.19
5.08
4.78
4.12
4.75
3.53
5.29
5.51
4.74
3.90
5.19
3.24
4.51
6.32
7.49
7.23
5.44
5.20
6.11
5.48
5.65
3.83
3.60
3.36
9.28
9.03
8.95

8.08
7.84
7.66
7.22
6.21
7.17
5.33
7.98
8.32
7.16
5.89
7.84
4.88
6.81
9.54
11.3
10.91
8.21
7.85
9.22
8.27
8.52
5.78
5.44
5.06
14.01
13.63
13.51

1895
1839
1797
1694
1457
1682
1250
1872
1952
1680
1382
1839
1145
1598
2238
2651
2559
1926
1842
2403
2156
2221
2179
2051
1908
2570
2500
2478

Average Vmax
[MPa]

1727
(CoV = 9%)

1691
(CoV = 23%)

1529
(CoV = 18%)

2243
(CoV = 16%)

2260
(CoV = 6%)
2046
(CoV = 7%)
2516
(CoV = 2%)

gmax
[mm]
2.257
2.532
2.107
1.670
1.729
2.585
1.526
1.683
2.449
1.941
1.615
1.763
1.700
0.859
1.994
2.569
2.568
2.407
3.099
2.232
2.880
2.870
2.821
2.937
3.505
3.589
3.845
3.397

Average gmax
[mm]

2.147
(CoV = 18%)

1.886
(CoV = 26%)

1.579
(CoV = 27%)

2.527
(CoV = 16%)

2.661
(CoV = 14%)
3.088
(CoV = 12%)
3.610
(CoV = 6%)

Table 2. Peak load Fmax and corresponding axial force Nmax, axial stress Vmax, and global slip gmax of the tested
specimens.

The average peak stress of textile 70/18 is between 1529 MPa (displacement rate 0.51
mm/min) and 2260 MPa (displacement rate 0.68 mm/min). The corresponding coefficients of
variation (CoV) are equal to 18% and 6%, respectively. The slip at the peak load is between
1.57 mm (displacement rate 0.51 mm/min, CoV=27%) and 2.66 mm (rate 0.68 mm/min,
CoV=14%). The average peak stress of textiles 44 and 105 are 2046 MPa (CoV=7%) and
2516 MPa (CoV=2%). The global slip at the peak load exceeds 3 mm for these textiles.
The σ-g responses of the tested specimens are shown in Figure 7 where the fibers tensile
stress V is reported as a function of the global slip g of the interface surface on which the
debonding occurs (maximum of the global slips measured by the transducers T4 and T5). The
experimental V-g responses shown in Figure 7 are consistent with the idealized V-g response
shown in Figure 8a, which is associated with the typical CML shown in Fig 8b [26] and with
a bonded length equal to or longer than the effective bond length.
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Figure 7. (a) Beam test; (b)-(h) V-g responses of the tested specimens.
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Figure 8. (a) Idealized V-g response; (b) typical CML.

This response curve exhibits an ascending branch up to the debonding stress Vdeb, which
correspond to the onset of the interfacial crack propagation that occurs for a global slip equal
to sf (Figure 8b). A further ascending branch, up to the peak stress Vmax, is exhibited if a constant friction branch follows the slip sf in the CML and the bonded length is longer than the
effective bond length. The slope of this branch is related to the friction shear stress Wf (Figure
8b). Once the peak stress is attained the applied stress decreases until it reaches a constant
value due to friction only. The snap back phenomenon shown in Figure 8a, which is due to
the elastic energy release associated with the decrease of the force N, is not experimentally
caught by the performed beam tests since they are controlled by the displacement of the load
application point.
An initial linear branch is exhibited by all the V-g responses shown in Figure 7 whose
slope is related neither to the type of textile nor to the displacement rate. This branch is followed by an ascending branch with a smaller slope up to the onset of the debonding phenomenon. Once the debonding initiates the increase of the load up to the peak stress Vmax is
associated with the development of friction shear stress [26] in the debonded region near to
the loaded end. The descending branch is associated with the increase of the length of the
debonded zone up to the complete debonding and the attainement of a constant stress associated with the interfacial friction shear stress Wf [25]. It should be noted that some beam tests
were stopped before reaching the friction branch to save time.
Figure 9 compares the σ-g responses of beam test on textile 70/18, characterized by a nominal slip rate equal to 0.00085 mm/s, with the σ-g responses obtained by D'Antino et al. [25]
on the same composite through single-lap shear tests at the slip rate of 0.00084 mm/s with a
bonded length equal to 330 mm. Similar responses are obtained with the single-lap and beam
tests. In particular the performed beam tests provided a slightly lower peak stress and corresponding global slip and a slightly higher friction stress compared to the values of the corresponding parameters provided by single-lap shear tests. The mentioned differences between
the results of these tests are not fully consistent with the experimental results presented by
Calabrese et al. [33]. In [33] it is observed that beam tests and single-lap shear tests provide
similar peak stress, while beam tests provide friction stress that are roughly the double of
those provided by single-lap shear test.
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Figure 9. Comparison between the σ-g responses obtained with beam tests and the σ-g responses obtained by
D'Antino et al. [25] through single-lap shear tests.

The higher friction stress obtained with beam tests is attributed by the authors of [33] to the
transversal compressive stress on the textile at the edge of the blocks (at the mid-span of the
specimen) associated with their rotation. The edges of the concrete blocks were rounded at the
intrados of the hinged cross sections to reduce the transversal stress on the textile when the
blocks rotate. This could explain the difference between the results presented in [33] and the
results presented in this paper.
The influence of the displacement rate is shown in Figure 10 in which the peak stress (Figure 10a) and the corresponding global slip (Figure 10b) are reported as a function of the nominal slip rate.
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Figure 10. Influence of the slip rate: (a) peak stress vs. slip rate; (b) global slip at peak load vs. slip rate.

In Figure 10 the experimental results are also compared with those obtained by Carloni et.
al. [35] with single-lap shear tests. Experimental peak stress of single-lap shear tests presented
in [35] refer to bonded length equal to 330 mm and 430 mm. It can be observed that the dependencies of the peak stress and corresponding global slip on the slip rate are different from
those presented in [35], even if the peak stress corresponding to the slip rate 0.0025 mm/s is
similar. The difference between the results of beam tests and the results reported in [35] is
probably due to the different test procedure adopted. Indeed the single-lap shear tests presented in [35] are performed imposing a constant rate of the global slip, while the beam tests are
performed imposing a constant rate of the load application point. As discussed in section 2.2
the slip rate approaches to a constant value only at an advanced stage of the test (Figure 3).
This makes the beam test configuration unsuitable for investigating the influence of the load-
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ing rate on the interfacial stress transfer phenomenon, unless the tests are controlled by the
global slip measured through the transducers T4 and T5.
Figure 11 shows the comparison among the V-g responses of the three utilized textiles. It
can be observed that the response curves of textiles 44 and 105 are similar to those of textile
70/18. Textile 105 is characterized by slightly higher slip at peak load than those of 70/18.
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Figure 11. Effect of the fiber arrangement on the V-g responses: (a) textile 44 vs. textile 70/18; (b) textile 105 vs.
textile 70/18.

4

CONCLUSIONS

This paper presents the results of the first step of an experimental campaign for the characterization of the bond between PBO-FRCM materials and concrete by means of beam tests.
Three composite materials made of the same matrix and different PBO textiles were tested.
The tests were performed with different loading rates. The following conclusions can be
drawn.
1. Beam tests provided experimental responses similar to those obtained by several authors
through single-lap shear tests.
2. The fiber stress associated with the friction at the fiber-matrix interface was lower than
that obtained by other authors with similar tests. This difference can be ascribed to the geometrical characteristics of the employed specimen.
3. It was not possible to observe a clear dependence of the joint capacity and the corresponding global slip on the loading rate. Therefore beam test does not appear suitable for evaluating the effect of the loading rate on the bond properties of PBO-FRCM materials, unless
they are performed controlling the relative displacement between the concrete blocks or
the interfacial slip at the mid-span of the specimen.
4. Textiles of PBO fibers with different fiber amounts have comparable responses in terms of
shear stress transfer mechanism in the investigated range.
The beam test appears to be an alternative to single-lap or double-lap shear tests to characterize the interface between FRCM materials and the substrate. However further investigations
are needed to determine the influence of the geometry of the specimen and the test procedure
on the measured parameters.
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Abstract
The low seismic performance level of precast reinforced concrete (RC) structures mainly depends on inadequate connections between structural elements. Seismic capacity of precast RC
structures can be improved inserting dissipative devices in the nodes between structural elements. With reference to a new conception dissipative device named Joint Torsional Dissipative Device (JTDD) design abaci that represent the main correlations between the geometric
and mechanical characteristics of the device are proposed. The design abaci constitute an
operative tool that can be used to rapidly determine the optimal dimensions of the individual
device as functions of the main characteristics of the structural system, e.g. angular rotation
at the elastic limit, torsional stiffness and torsional moment at the elastic limit. The construction of the proposed design abaci is performed for a wide range of possible combinations of
geometrical quantities characterizing the shape of the nodal devices.
Keywords: Precast RC Structures, Seismic Capacity, Nodal Dissipative Device, Torsional
Behavior, Design Abaci.
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1

INTRODUCTION

In new precast reinforced concrete (RC) structures if typical isostatic schemes are adopted
the fulfillment of the capacity requirements provided by current Italian code [1] is obtained
only adopting very large column sections. This leads to high construction costs and low market competitiveness [2, 3, 4]. An improvement of the seismic capacity of precast RC structures can be obtained inserting dissipative devices in structural nodes [5, 6]. Many research
works are available in technical literature [7], however the scarce application of the results to
real precast RC structures suggests a necessary deepening of the constructive and economic
aspects in order to ordinarily use these dissipative devices [2]. The research aim is that of defining the characteristics of a specific nodal device able to satisfy the requirements of energy
dissipation, of adaptability to the current precast constructive systems and of cost containment.
With reference to a device of new conception, described in the following paragraphs, the research activity has been focused on the definition of a design tool that allows to associate the
nodal device mechanical characteristics to the geometric and dynamic characteristics of the
precast system [8]. Indeed in previously performed studies [9, 10] it has been observed that a
nodal dissipative device modifies the degree of constraint among the connected structural elements, producing a stress redistribution and a change of the dynamic characteristics of the
precast system. Therefore in order to ensure that the device itself is effective in terms of dissipated energy and does not produce negative effects in terms of stresses, it must be designed
appropriately for the specific precast structural system. In particular design abaci that represent the main correlations between the geometric and the mechanical characteristics of the
device have been defined. The design abaci constitute an operative tool that can be used to
rapidly determine the optimal geometric dimensions of the individual device as a functions of
the demand parameters requested by the structural system (e.g.: angular rotation at the elastic
limit, torsional stiffness and torsional moment at the elastic limit). The design abaci have been
defined for a wide range of possible combinations of geometrical quantities characterizing the
shape of the nodal devices.
2
2.1

DISSIPATIVE DEVICE DESCRIPTION
Operating principles

The JTDD are activated by the relative rotations that occur among the precast structural
members (vertical and horizontal) following the system lateral deformation. The device allows horizontal and vertical displacements and restraints the nodal rotations through a hollow
cylinder of steel or of a similar material that deforms in torsion in the elasto-plastic range. The
amount of dissipated energy is therefore closely related to the extent of rotations and therefore
to the floor drifts. This implies that the optimal working conditions of the device are those associated with structures undergoing large horizontal displacements under earthquakes. However the insertion of the JTDD modifies the degree of rotational constraint in the nodes among
the structural elements with a consequent stress redistribution on them, that has to be accounted for in the verification of strength. A fundamental condition for a proper functioning of the
devices is that the rotation at the elastic limit is larger than the nodal rotation induced by the
vertical and horizontal service loads. For rotations lower than the elastic rotation the stress
distribution on structural elements is a function of the device elastic stiffness. Therefore as the
device constitutive law varies, stress distributions different from those associated to a scheme
of isostatic columns and simply supported beams are obtained. In particular a constitutive law
characterized by high values of elastic stiffness and plastic threshold leads to a late activation
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of the devices in the plastic field, transforming the devices in fixed support constraints and
impeding them to dissipate the energy necessary to reduce the seismic action effects. Low
values of elastic stiffness and plastic threshold allow an early activation of the device with
hysteretic cycles characterized by a small dissipation. In the case of an early device activation
a significant part of the seismic action would still affect the columns only. The device calibration is closely related to the geometric and dynamic characteristics of the structure, therefore
the present study has the aim of defining design abaci that correlate the geometrical and the
mechanical characteristics of the devices. Indeed an incorrect calibration of the devices can
compromise the benefits resulting from their insertion in the structural system.
2.2

Possible applications

In the last years numerous dissipative or isolation devices able to increase the energy dissipation of a structural system and to reduce the damage have been developed [7]. This approach allows to increase the performance level of precast structures keeping the construction
cost at acceptable levels. The possible applications of the JTDD mainly concern new precast
RC structures having a static scheme with isostatic columns and simply supported beams.
Seismic protection devices can also be installed in existing structures for their seismic retrofitting. As already mentioned in previous paragraphs the proposed dissipative device works as a
rotational constraint. Therefore with reference to precast structural system with isostatic columns and simply supported beams the natural positioning of the device is at the beam extrados in correspondence of the beam-column joint and laterally to the columns at the columnfoundation joint (Figure 1). In this last case the device can be installed when columns are inserted into sleeve plinths and the internal hollow space between the column and the plinth is
constituted by deformable material.

Figure 1: Installation example of the JTDD in the beam-column joint and in the column-plinth joint.

2.3

Geometrical and rheological characteristics

All elements constituting the proposed JTDD are made of steel type S275 (Table 1). It has
been also studied the possibility of making the hollow cylinder, that is subjected to torsion,
with different steel types or different materials characterized by a low elastic modulus and a
low plastic threshold as the lead or the aluminum. The use of materials different from the steel
type S275 allows to produce devices with lower stiffness and plastic threshold but with a
larger dissipative capacity in the plastic field.
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Material

(N/mm2)

(N/mm2)

(N/mm2)

fyk

Hy (%)

210000
70000
5000

80000
26000
1785

275
150
25

0.13
0.21
0.50

E

Steel S275
Aluminium
Lead

G

Table 1: Material mechanical characteristics.

The device is constituted by a hollow section cylinder arranged with the longitudinal axis
in the horizontal direction. The cylinder is constrained to a central plate connected to the vertical structural element and to two lateral plates connected to the horizontal structural element.
The central plate has a vertical slotted hole, while the lateral plates have horizontal slotted
holes. The presence of the slotted holes in the plates allows the structural elements connected
by the device of sliding in the horizontal and vertical direction without inducing shear stresses
in the hollow cylinder. The steel plates are connected to the structural elements through suitably dimensioned mechanical or chemical anchors (Figure 2). The length, the outer diameter
and the internal thickness of the hollow cylinder vary as a function of the geometrical and dynamic characteristics of the precast structure. Indeed the geometrical parameters of the hollow
cylinder together with the utilized material type determine the elastic stiffness, the plastic
threshold and the ultimate angular strain of the torsional device.

Figure 2: 3D views of the JTDD.

3

NONLINEAR BEHAVIOUR

The linear and nonlinear behavior of the device is assimilable to the elastic-plastic behavior of the hollow cylinder subjected to torsional strains. The equations governing the device
elastic behavior are those of the torsion classic theory for circular hollow section reported in
the following. With reference to Figure 3 the following equations can be defined:

Figure 3: Infinitesimal cylindrical element subjected to torsion.
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torsion angle per length unit
(1)
outer fiber slip

J max

§ bb' · RdI
¸|
a tan¨¨
¸ dx
'
aa
©
¹

R-

(2)

linear variation of the distortion γ as a function of r. In the section the torsion angle is independent of r, therefore
(3)
The JTDD has a hollow circular section therefore with reference to Figure 4 the following
equations are defined:

Figure 4: Section of hollow cylindrical element.

polar torsional inertia
(4)
unit torsion angle

o

(5)

where Mt = torsional moment and G = shear modulus;
total torsion angle between two section placed at a distance L
(6)
Assuming the Wmax of the outer fiber equal to

the torsional moment at the elastic limit

can be evaluated with the following relation:
(7)
In order to develop a design procedure for the selection of the device type to install in the
precast structural system, the study of the JTDD plastic behavior has been performed in the
first instance with a simplified analytical method. The evaluation of the device ultimate angular rotation is based on the maximum axial deformation of the diagonal of the unit element of
the hollow cylinder outer fiber (Figure 5).
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The element abcd in Figure 5 is considered deformed in torsion

Figure 5: Unit plane element deformed in torsion.

With reference to Figure 5 it is obtained:
(8)
the same length can be determined w the cosine theorem applied to the abd triangle:
(9)
Using both relations it is obtained:

·
§S
2
1  cos¨  J ¸ o 1  2H max  H max
1  sin J
(10)
¹
©2
With this last equation it is possible to relate the ultimate axial deformation of the material
Hmax with the ultimate slip Jmax. Being linear the slip pattern with the radius, in that it derives
from the congruence and is independent of the material behavior, it is possible to find the ultimate angular rotation associated to the ultimate slip.
1  H max

4

2

DEVICE PROPERTIES

As already introduced in the previous paragraphs the JTDD mechanical characteristics are
directly relatable to the elastic stiffness, the plastic threshold and the ultimate rotation of the
hollow cylinder subjected to torsional strains. In order to provide an operative tool design
abaci for different material types have been defined. They graphically reproduce the analytical
relations among the length, the outer radius and the thickness of the hollow cylinder and the
and the mechanical parameters describing the device operation. For this purpose two shape
factors, named S1 and S2 respectively, that represent the ratios of the geometric quantities
defining the hollow cylinder have been defined. In particular S1 = rm/S and S2 = rm/L where
rm is the average radius, S is the thickness and L is the length (Figure 6). Relating the shape
factors S1 and S2 with the elastic stiffness, the angular rotation at the elastic limit, the plastic
threshold and the ultimate angular rotation of the hollow cylinder it has been possible to define the above mentioned abaci. The material constitutive law has been assumed elasticperfectly plastic. To determine the plastic torsional moment a tangential stress uniform distribution within the thickness of the hollow cylinder has been assumed. This last hypothesis implies that also the moment-angular rotation diagram of the hollow cylinder will show an
horizontal plastic branch.
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Figure 6: Geometrical quantities of the hollow cylinder.

Different types of JTDD have been designed parametrizing some geometrical quantities of
the hollow cylinder to the varying of the utilized materials. The main results obtained with the
performed analyses are reported in the following. In particular for different device types Figures 7, 8 and 9 report the torsional moment-total angular rotation diagrams while Figures 10,
11, 12 and 13 report the abaci relating the yielding torsional moment Mty and the elastic stiffness Kt with the shape factors S1 and S2.
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Figure 7: Torsional moment - total angular rotation diagram of steel devices.
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Figure 8: Torsional moment - total angular rotation diagram of aluminum devices.
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Figure 9: Torsional moment - total angular rotation diagram of lead devices.
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ABACO Kt-S1 : Dispositivi in acciaio
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Figure 10: Torsional stiffness Kt - shape factor S1 abacus for steel devices.

ABACO Kt-S2 : Dispositivi in acciaio
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Figure 11: Torsional stiffness Kt - shape factor S2 abacus for steel devices.
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Figure 12: Yielding torsional moment - shape factor S1 abacus for aluminum devices.
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Figure 13: Yielding torsional moment - shape factor S2 abacus for aluminum devices.
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Where the symbols used in the figure legend have the following meaning:
De = outer diameter, S = thickness and L = cylinder length.
In the diagrams reported in Figures 10, 11, 12 and 13 the quantity parametrized to define
the devices is De.
Therefore the abaci relating the device mechanical characteristics to the S1 and S2 shape
factors and the moment-total angular rotation diagrams constitute an operative tool to design
the JTDD. Indeed once defined the device geometry through the S1 and S2 shape factors it is
possible to determine the corresponding mechanical characteristics as elastic stiffness and
yielding moment. For each device characterized by specific S1 and S2 shape factors it is
moreover possible to determine the constitutive law in terms of torsional moment and total
angular rotation.
5

CONCLUSIONS
x Aim of the present work is the definition of abaci for designing rotational dissipative devices to be placed in the nodes of precast reinforced concrete (RC) structures.
x The insertion in the structure of dissipative devices also at the column base leads to an
increase of displacements under seismic action and although the natural consequence is
the increase of energy dissipated by the devices, to contain the floor drifts below the
thresholds allowed by code it is necessary to calibrate the device cycles also as a function
of this last parameter.
x Moreover it has to be noticed that the insertion of these rotational devices produces a
benefit in terms of reduction of retrofitting costs and unused costs of the structure subsequent to a seismic event.
x For what concerns the construction costs of a new structure, the proposed device has a
low cost, their operation is of mechanical type and their installation and maintenance do
not request particular precautions.
x Quick comparison calculations have been performed to evaluate the reduction of the construction costs after the insertion of the dissipative devices. The comparison of the construction costs, relative to the columns only, has shown a savings of about 35%.
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Abstract:
This paper studies the behavior of enhanced strengthening Carbon Fiber Reinforced Polymer
(CFRP) strengthening schemes. The CFRP systems are bonded to concrete substrates using
toughened adhesive layers to limit the failure propagation in the interface and its brittle nature.
Due to the importance of the integrity of the substrate two different scenarios are examined
experimentally and analytically: healthy concrete and with corrosion products leached by the
corroded reinforcement. The modified shear behavior (stress, slip) of the interfaces between
concrete and CFRPs was investigated with a double shear test configuration. The corrosion
products leached on the external layers of the substrate affected the interface response of the
strengthening scheme, resulting in lower rates of shear stresses corresponding to lower slip
ratios. The analysis of the sliding and shear stress distribution along the interface has also been
investigated locally by finite elements using a cohesive model (CM) to examine the propagation
of failure at the interface length. Toughened adhesives limit the substrate’s dislocations and
shift the response of the interface from pure elastic to pseudo-ductile in distinct stages. The
debonding mode (brittle or pseudo-ductile) depends heavily on the toughness of the adhesive
and its tensile modulus, since the higher the modulus is, the more brittle the response becomes.
Keywords: CFRPs, corrosion, strengthening schemes, adhesive layers, toughness, efficiency
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1

INTRODUCTION

In the past few decades, there is a boost in the technological advancement of structural solutions with various strengthening schemes developed for reinforced concrete (RC) members.
Bonded composites, that is Fiber Reinforced Polymers (FRPs) made of glass, carbon or other
kinds of fibers is a commonly used type. It is commonly accepted that the efficiency of the
retrofitting measures is mainly based on the connection of the concrete substrate and the composite [1]. As such, the integrity of the substrate and the connection layer of the strengthening
measure are the key elements to a successful intervention.
The use of FRPs orientates towards enhancing the deformability of the strengthened structural members since this type of retrofitting measures are not used to increase the stiffness of a
structural member. They are applied on an adhesive layer, which fulfils the requirements of
international standards, e.g. EN 1504-4 [2]. Standard epoxy adhesives normally show high tensile modulus and result in brittle fracture of the matrix. The main goal of this research paper is
the explanation of the interfacial response of FRP and concrete substrate. FRP measures investigated are enhanced using toughened adhesive layers, which have a lower stiffness matrix and
permit higher fracture energy.
This research examines, experimentally and analytically with finite element models (FEM),
the use of toughened epoxy adhesive layers as part of strengthening schemes for RC members
and has a focus on the examination of the limitation of the substrate’s failure propagation due
to the use of enhanced retrofitting systems. The toughened adhesives are expected to absorb
more energy before debonding, especially under dynamic loads [3], [4]. The interaction with
the concrete substrate to the dislocations imposed is examined with double-lap shear tests in
carbon FRP (CFRPs) applied to concrete prisms.
Finally, the effectiveness of the bond behavior of these layers is also dependent on the concrete substrate integrity. As structures are exposed to various and at times extreme environmental conditions, the corrosion effect is usually met and has a tremendous impact on the structural
integrity of the existing structures. As such, strengthening such members is challenging. A commonly accepted practice in these cases is, first, to define the corrosion rate and then to substitute
the concrete substrate with a new one. In cases that the corrosion rate is low, and the bond
behavior of concrete is within acceptable limits, strengthening measures can be directly applied.
This paper also examines the influence of the corrosion products on the interface response of
CFRP measures applied with toughened adhesive layers.
2

EXPERIMENTAL INVESTIGATION

For the purposes of the study, an experimental campaign has been designed. The campaign
has two phases: a) accelerated corrosion procedure and b) double lap testing. The wider experimental campaign includes three different commercialized FRP systems (fabrics, laminates,
Near Surface Mounted bars-NSM) applied in a healthy and corroded concrete substrate using
three different adhesive layers, two of which are toughened. In this paper, the specimens including FRP fabrics are presented.
2.1 Materials
Nine concrete blocks with dimensions 150x150x250mm were prepared according to [5], [6],
[7] with 28-day compressive strength of 37.5MPa corresponding to a tensile strength of 3MPa.
All blocks contained steel rebar (fsy=500 MPa) of 18mm diameter in the middle of the crosssection placed longitudinally to the concrete block. CFRP sheets (SikaWrap: density ρ=1.8
kg/L, tensile strength σu =4900 MPa, modulus of elasticity E0.05-0.25%= 230GPa, tensile strain
εEAB=1.7%) were bonded symmetrically on opposite sides of the concrete blocks at a bond
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length of 200m. The fibre orientation was 0° along the longitudinal direction of concrete blocks.
The systems were applied with a dry lay-up process and according to the technical specification
of the manufacturer. The interfaces were treated properly to have a laitance contaminant-free,
open-textured surface and were cleaned with air pressure to remove loose material, dust and
rust. The two components’ epoxy adhesives (Table 1) were mixed according to the manufacturer’s recommended ratio and time (4:1 for Sikadur 330 and 100:74 for Sikadur 370). The
composites are left to cure at ambient conditions (20°C, 50% relative humidity-RH) for at least
a week before testing.
type
Sikadur 330
Sikadur 370

density ρ [kg/L]
̴ 1.4
̴1.7

tensile strength σu
[MPa]
29
30

E-modulus
(0.05-0.25%) [GPa]
4000
5000

tensile strain ε (EAB)
[%]
1
2.5

Table 1: Mechanical properties of epoxy adhesive layers.

2.2 Accelerated corrosion
The concrete prisms were exposed to wet conditions in a tank. They were bathed in a 3.5-5%
weight NaCl-water solution (Figure 1a), which covered one third of the cross-section size of
the concrete blocks [8], [9]. A low ratio of corrosion of the steel rebar cross-section is created
almost equal to 6% with a continuous power supply (Ĭ1mA) [9] wired in the steel rebars for
about three weeks.
2.3 Experimental configuration
Various experimental setups of double lap tests exist in the international literature [10].
These configurations permit the direct examination of the shear stresses of the interface. This
study adopts a modified double lap shear test (Figure 1b). The concrete block lays on hollow
support that permits slip and is hanged from the gripped ends of the FRPs that are fixed to a
rigid steel frame. This alteration of the classic setup with two concrete blocks limits the relative
slips of the interfaces of the different blocks, eliminates slips at the gripped ends of the FRP
and at the same time permits direct shear stress measurement. The tests were performed on a
compression machine at a speed of 1mm/min at room temperature (20°C). The measurements
of the deformation of the central part of the CFRP were recorded using a high accuracy laser
sensor. Also, two Linear Displacement Transducers (LDVT) with a maximum capacity of
100mm, were used to measure the displacement of the upper level of the concrete block and the
grips.
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Figure 1: Experimental campaign: a) accelεrated corrosion, b) double lap (DL) setup.

3

FINITE ELEMENT SIMULATION

Except for the experimental investigation, a numerical study was conducted in order to study
locally the overloading, the response, initiation and propagation of failure of the interface. The
debonding of FRP composites applied to the concrete substrate was simulated with a numerical
model developed using the commercial software ANSYS. For the realistic representation and
simulation of the failure modes of CFRP strengthened concrete substrates a bilinear cohesion
zone model (CZM) fracture model was used and calibrated from the experimental results [11].
Concrete and CFRPS were treated as homogeneous isotropic linear-elastic materials and were
connected through zero thickness interfaces. Concrete and composites were simulated using a
3d solid element, defined by eight nodes having three degrees of freedom at each node (translations in the nodal x, y, and z directions).
4

RESULTS

4.1 Experimental results
The results are presented in shear stress- shear deformation diagrams of the average curves
for the two categories of specimens, healthy and corroded, with both adhesive layers. Table 2
contains the characteristic values of the experimental results and the average curves.
Specimens wrapped with fabrics (Hl330_1-3, Cr330_1-3) of unidirectional carbon fibers applied with the epoxy adhesive layer 330 present a response in three distinct stages, shown in
Figure 2a. The toughened epoxy layers limit the substrate’s failure propagation, allow the fracture to happen in stages and absorb more energy before debonding.
In the first stage the fabric is tensed (Stage I: linear elastic) at a linear rate. The fibers’ configuration of the sheets is unidirectional and in parallel to the loading direction. This prevents
bridging the crack propagation. In the second stage, there is a progressive crack initiation of the
epoxy layer leading to crack opening, followed by a non-linear elastic yielding branch up to the
transition point (Stage II: non-linear elastic yielding). The transition point (τtrans, γtrans) practically corresponds to the further propagation of the crack pattern from the resin to the substrate
and the overall connection of the two materials. The third stage is characterized by major cracking both at the adhesive layer and the substrate. Plastic regions are created at the concrete, and
especially at the initial debonding area at a distance of 5 cm from the loading end. At the ultimate point of this stage (Stage III: major cracking), the specimens exhibit debonding of the FRP
(τu, γu). The failure mode is mainly caused due to the spalling of concrete at the delamination
propagation area after the 5 cm and no FRP rupture is met (Figure 2c).
Figure 2b also shows the effect of corroded steel rebars on the interface response. The green
dashed line represents the average curve of specimens with corroded steel rebar with fabrics
applied on the concrete substrate with epoxy adhesive layer 330, whereas the red solid line
represents the average curve of the healthy specimens containing the same epoxy. There is a
clear difference in the response in both cases. The interface of the corroded substrate (330_corroded_ave) containing corrosion products presents a 20% decrease in shear strength (τu) and
24% lower shear deformation (γu) at the ultimate point (Table 2). Also, the transition point is
shifted to lower values of deformations (52%) and strength (18%). The leached corrosion products laying on the sides of the concrete substrate and the minor strains due to the initiation of
corrosion are practically mass disturbance creating regions of altered consistency and resistance.
Also, even in such low percentages of corrosion, which corresponds to corrosion initiation and
to allowable bond values of the substrate, the crack initiation in the concrete mass in
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combination with the rust laying on the interface, makes the connection with the FRP strengthening scheme weaker and results in lower values of slip and shear strength.
A higher stiffness matrix corresponding to the specimens with sheets applied with epoxy
adhesive layer 370 (Sikadur370) presents a different response (Hl370_1-3, Table 2). Figure 2b
shows that the tougher the epoxy resin matrix is, the stages II and II coincide. This means that
even though there is a distinct transition point in almost the same levels of shear deformations
but in higher values of shear stresses, the crack pattern both in the substrate and in the adhesive
layer propagates simultaneously up to the debonding point of the strengthening system. The
intrinsic toughened adhesive layer 370 is designed for steel substrates and especially suitable
for fatigue cracking applications [4]. The crack width in the cases of concrete substrates is bigger than fatigue cracking in steel substrates. In combination with the stiffness of the matrix, the
response alters from pseudo-plastic (case of Sikadur 330) to brittle.
4.2 Finite element results
The finite element simulations’ results were calibrated with the corresponding tests. Figure
3a shows the total stresses concentrated at the interface area between the concrete substrate and
the FRP sheet. The stresses present a similar value in both cases, that is healthy and corroded
substrates. Both cases, have a concentration of stresses near the loading end, presenting similar
failure modes. Figure 2c show the differences of the failures and agree with the plastification
mechanism of concrete and the sliding distance of the interface, of the FEM simulations’ results
presented in Figure 3a&b. It is also remarkable that the active length of the interface, meaning
the length which concentrates the highest ratios of stresses, is 5% lower in the case of the corroded specimen.

Figure 2: Experimental results of the DL tests: a), b) shear stress vs shear deformation curve, c) failure mode.
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Figure 3: Contour plots of the interface a) total stresses, b) sliding distance.
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0.20 0.65
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0.99
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1.11
1.20
1.09
1.13

0.47
0.32
0.12
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1.73
0.60
0.47
0.93

25%
23%
1%
18%

25%
13%
20%
20%

35%
44%
80%
52%

30%
59%
48%
24%

Table 2: Experimental results.

5

CONCLUSIONS
x Toughened adhesive layers shift the interface response in comparison with the standard
epoxy commonly used, from brittle to pseudo-ductile in distinct stages. The more tough
the adhesive layer is, the shorter are the stages before the failure of the wrapped CFRPs.
x The distinct stages of the response of interfaces denote a progressive failure and correspond
to the crack propagating stages up to failure.
x The corrosion products affect the interface response. They provoke a decrease of approximately 20% of the ultimate shear strength and corresponding shear deformation, whereas
the transition point is met in almost half the shear deformation.
x The length of the CFRP which is overloaded and hence activated, is almost 40% of the
total length, whereas, in the case of leached corrosion at the interface, the active length is
5% lower. The majority of stresses are concentrated at a distance of 5 cm of the loading
end provoking spalling of the concrete’s substrate.
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Structural joints are generally the most critical parts of RC precast structures in terms of
seismic assessment, especially in existing buildings, where friction connections can be often
found. This issue, widely highlighted in the aftermath of recent earthquakes in Europe, have
brought the scientific community to develop retrofitting techniques improving the seismic performance of the connections. The presented work deals with a dissipative hysteretic device,
made of two steel rods, arranged as a three-hinged arch, and provided with moon sickle
shaped items. It is applied at the beam-to-column connection level and it is intended for both
restraining the relative displacements between the joined structural elements and dissipating
energy coming from the earthquake. In the presented study, the innovative device is described
in detail along with its numerical model, as applied to an existing single-story RC precast
structure with beam-to-column friction connections. The results of preliminary numerical
analysis showing its efficiency are also reported.
.H\ZRUGV3UHFDVW5&6WUXFWXUHV)ULFWLRQ&RQQHFWLRQV5HWURILWWLQJ1RQOLQHDU$QDO\VHV
,QQRYDWLYH'HYLFH
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 ,1752'8&7,21
3UHPDWXUHIDLOXUHRIVWUXFWXUDOMRLQWVLVWKHPDLQLVVXHGHWHFWHGIRUWKHH[LVWLQJ5&SUHFDVW
EXLOGLQJVGXULQJHDUWKTXDNHV$VGHPRQVWUDWHGE\UHFHQWVHLVPLFHYHQWVLQDOO(XURSH>@
WKLVLVFDXVHGE\HLWKHUWKHDEVHQFHRIDPHFKDQLFDOGHYLFHLHKRUL]RQWDOORDGWUDQVIHUUHO\
LQJ RQO\ RQ IULFWLRQ RU WKH LQDSSURSULDWH FRQQHFWLRQ GHVLJQ ERWK UHVXOWLQJ LQ LQDGHTXDWH
VHLVPLF SHUIRUPDQFH /RFDO FROODSVH RI VWUXFWXUDO MRLQWV RIWHQ LQYROYHV GLVDVWURXV VWUXFWXUDO
EUHDNGRZQGXHWRWKHORDGVWUDQVIHULQDELOLW\DQGWKHORVVRIVXSSRUWSKHQRPHQD)RUWKLVUHD
VRQ WRJHWKHU ZLWK UHWURILWWLQJWHFKQLTXHVDWWKHVWUXFWXUHDQGWKHHOHPHQWOHYHOVVRPHVROX
WLRQV DLPLQJ DW LPSURYLQJ FRQQHFWLRQ VHLVPLF UHVSRQVH DUH GHYHORSHG LQ ODVW \HDUV 7KH
VLPSOHVWDQGPRVWREYLRXVLQWHUYHQWLRQFRQVLVWVLQWKHLQWURGXFWLRQRIGHYLFHVDEOHWRUHSUR
GXFHDKLQJHGUHVWUDLQDWWKHMRLQWVOHYHOWKXVUHGXFLQJWKHGHIRUPDWLRQGHPDQG+RZHYHUD
VLJQLILFDQW VKRUWFRPLQJ IRU WKLV VROXWLRQ LV GHWHFWHG ,QGHHG WKH VWUHVVHV WUDQVPLWWHG WR WKH
EDVHRIWKHFROXPQVDUHVLJQLILFDQWO\KLJKHUWKDQWKHRQHVUHFRUGHGIRUWKHXQUHWURILWWHGVWUXF
WXUHOHDGLQJWRDJUHDWHULQYROYHPHQWRISODVWLFKLQJHVDQGKHQFHDKLJKHUOHYHORIVWUXFWXUDO
GDPDJH 7KHUHIRUH WKH VWDWHRIWKHDUW GHYLFHV DUH DEOH WR ERWK VWUHQJWKHQ VWUXFWXUDO MRLQWV
OLPLWLQJWKHUHODWLYHGLVSODFHPHQWEHWZHHQWKHFRQQHFWHGHOHPHQWVDQGGLVVLSDWHDSRUWLRQRI
WKH VHLVPLF HQHUJ\ FRPLQJ IURP WKH JURXQG PRWLRQ DYRLGLQJ KLJK GDPDJH 3DVVLYH HQHUJ\
GLVVLSDWLRQGHYLFHVUHSUHVHQWWKHHDVLHVWDQGPRVWHFRQRPLFDOVROXWLRQLQWKHZRUOGRIVWUXF
WXUDOFRQWUROV\VWHPVVLQFHWKH\GRQRWUHTXLUHDQ\H[WHUQDOHQHUJ\SRZHURUHOHFWURQLFKDUG
ZDUH DQG WKHLU IXQFWLRQLQJ LV VLPSO\ DFWLYDWHG E\ VWUXFWXUDO GLVSODFHPHQWV 0DUWLQHOOL DQG
0XODV >@ LQYHVWLJDWHG WKH SRWHQWLDO DSSOLFDWLRQ RI D FRQQHFWLRQ UHWURILWWLQJ GHYLFH DOUHDG\
XVHGIRUFDVWLQVLWXUHLQIRUFHGFRQFUHWHDQGVWHHOEXLOGLQJVWRDQ5&SUHFDVWLQGXVWULDOVWUXF
WXUH7KHSURSRVHGV\VWHPLVDEOHWRERWKUHVWUDLQWKHUHODWLYHGLVSODFHPHQWEHWZHHQSULQFLSDO
EHDPVDQGFROXPQVDQGGLVVLSDWHHQHUJ\WKDQNVWRWKHIULFWLRQGHYHORSHGGXULQJWKHURWDWLRQ
RIDQDQQXODUEUDVVSODWHLQVHUWHGEHWZHHQVWHHOFRPSRQHQWV7ZR831FKDQQHOVHFWLRQV
DUHFRQQHFWHGWRWKHEHDPDQGWKHFROXPQHQGUHVSHFWLYHO\FUHDWLQJWKHGLVVLSDWLYHKLQJHDW
WKHLU LQWHUVHFWLRQ 7KH SURYLGHG FRQILJXUDWLRQ DOORZV D TXLFN UHFHQWHULQJ DIWHU WKH VHLVPLF
HYHQW1RQOLQHDUG\QDPLFDQDO\VHVRQDVWUXFWXUDOPRGHODUHSHUIRUPHGFRPSDULQJWKHVHLV
PLFUHVSRQVHRIWKHEDUHEXLOGLQJZLWKWKHRQHHTXLSSHGZLWKURWDWLRQDOIULFWLRQGHYLFHV2XW
FRPHV IURP WKLV DVVHVVPHQW VKRZ WKH JRRG EHKDYLRU RI WKH DQDO\]HG UHWURILWWLQJ WHFKQLTXH
DEOHWRHQKDQFHWKHGDPSLQJRIWKHVWUXFWXUHUHGXFLQJVLJQLILFDQWO\WKHK\VWHUHWLFHQHUJ\DV
FULEDEOHWRSODVWLFKLQJHVDWWKHFROXPQVEDVHGHVSLWHDPRGHUDWHLQFUHDVHRIWKHRYHUDOOVWLII
QHVV DQG WKXV RI WKH VHLVPLF EDVH VKHDU 3ROOLQL HW DO  >@ SURSRVHG DQ LQQRYDWLYH
FRQQHFWLRQUHWURILWWLQJV\VWHPFRPELQLQJWKHGHIRUPDELOLW\RIVWHHOZLWKWKHKLJKVWUHQJWKRI
FRPSRVLWHPDWHULDOV&DUERQZUDSSHGVWHHOWXEHVFDQEHFRQQHFWHGWRWKHVWUXFWXUDOHOHPHQWV
EHDPVDQGFROXPQV WKDQNVWRDWKUHDWHGEDUSDVVLQJWKURXJKFLUFXODUKROHVRQWKHWXEHEDVLV
(DFK WXEH ZRUNV LQ FRPSUHVVLRQ GLVVLSDWLQJ VHLVPLF LQSXW HQHUJ\ DQG WKXV OLPLWLQJ WKH
WUDQVPLVVLRQRIWKHVWUHVVHVWRWKHEDVHVRIRUHDFKFRQQHFWLRQWZRGHYLFHVKDYHWREHSUR
YLGHG4XDVLVWDWLFPRQRWRQLFDQGF\FOLFH[SHULPHQWDOWHVWVZHUHSHUIRUPHGRQWKHSURSRVHG
V\VWHPLQRUGHUWRDVVHVVWKHHQHUJ\GLVVLSDWLRQFDSDFLW\UHFRUGLQJYHU\VWDEOHK\VWHUHWLFF\
FOHV$QXPHULFDOYDOLGDWLRQZDVDOVRSHUIRUPHGHYHQLIFRQVLGHULQJDVLPSOHVWUXFWXUDOPRG
HO GHPRQVWUDWLQJ WKH H[SHFWHG EHQHILFLDO LPSDFW RI WKH SURSRVHG GHYLFH RQ WKH VHLVPLF
VWUXFWXUDOUHVSRQVH6R\GDQHWDO>@GHDOWZLWKDQHZOHDGH[WUXVLRQGDPSHU /(' XVDEOH
LQUHWURILWWLQJLQWHUYHQWLRQVIRUSUHFDVWVWUXFWXUHVMRLQWV,WLVFRQVWLWXWHGE\DF\OLQGHUIXOORI
OHDGDVKDIWDQGDFDS/HDGLVDUHODWLYHO\IOH[LEOHPHWDOOLFPDWHULDODEOHWRGLVVLSDWHDFRQ
VLGHUDEOHDPRXQWRIHQHUJ\ZKHQLWLVIRUFHGWRGHIRUP,QRUGHUWRGLVVLSDWHVHLVPLFHQHUJ\
WKHFDSDQGWKHVKDIWKDYHWREHFRQQHFWHGWRGLIIHUHQWVWUXFWXUDOHOHPHQWV LHFROXPQVDQG
EHDPV ZKHUHUHODWLYHGLVSODFHPHQWVDUHH[SHFWHG$QXPHULFDOPRGHORIDQH[LVWLQJ5&SUH
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FDVWVWUXFWXUHLVGHYHORSHGLQ6HLVPR6WUXFW>@DQGG\QDPLFDQDO\VHVDUHSHUIRUPHGZLWKWHQ
KLVWRULFDOJURXQGPRWLRQV7KHRXWFRPHVIURPWKHVHLVPLFDVVHVVPHQWRIWKHEDUHVWUXFWXUHDUH
WKHQFRPSDUHGZLWKWKHUHVSRQVHRIWKHVDPHVWUXFWXUHUHWURILWWHGZLWKOHDGH[WUXVLRQGDPSHUV
(YHQLIWKHUHFRUGHGDFFHOHUDWLRQLQFUHDVHVIRUWKHUHWURILWWHGVWUXFWXUHGXHWRWKHLQFUHDVHLQ
ODWHUDOVWLIIQHVVVKHDUUHVLVWDQFHLQWKHFROXPQVLVQRWH[FHHGHGDQGEHQHILWVIURPWKHDSSOLFD
WLRQRIWKH/('VDUHFOHDUEHDPFROXPQUHODWLYHGLVSODFHPHQWVDUHVWURQJO\UHGXFHGDVZHOO
DVWKHEHQGLQJPRPHQWDWWKHEDVH,QWKLVZD\WKHSODVWLFL]DWLRQRIWKHVWUXFWXUHLVOLPLWHG
DQGWKHGDPDJHOHYHOUHVXOWVWREHORZHU
7KH SUHVHQW ZRUN VKRZV DQ LQQRYDWLYH K\VWHUHWLF GHYLFH IRU WKH UHWURILWWLQJ RI 5& SUHFDVW
VWUXFWXUDOMRLQWV7KHHIILFLHQF\RIWKHV\VWHPLVDVVHVVHGHYDOXDWLQJWKHVHLVPLFUHVSRQVHRI
DQ H[LVWLQJ5& SUHFDVWVWUXFWXUH ZLWK EHDPWRFROXPQIULFWLRQFRQQHFWLRQVEHIRUHDQGDIWHU
WKHDSSOLFDWLRQRIWKHK\VWHUHWLFGHYLFH7RUHDFKWKLVJRDOVHYHQQRQOLQHDUG\QDPLFDQDO\VHV
DUH SHUIRUPHG WRJHWKHU ZLWK DQ HQHUJ\ EDODQFH HVWLPDWLRQ GHPRQVWUDWLQJ WKH DELOLW\ RI WKH
SURSRVHGV\VWHPLQERWKSUHYHQWLQJWKHUHODWLYHGLVSODFHPHQWVDWWKHFRQQHFWLRQOHYHODQGUH
GXFLQJWKHURWDWLRQDOGHPDQGDWWKHEDVH
 '(6&5,37,212)7+(5(752),77,1*6<67(0
7KHSURSRVHGGHYLFHUHSUHVHQWVDQXSJUDGLQJRIDQDOUHDG\SDWHQWHGV\VWHPIRUWKHUHWURILW
WLQJ RI VWUXFWXUDO HOHPHQWV FRQQHFWLRQV LQ SUHFDVW EXLOGLQJV > @ ZKLFK FRQVLVWV RI WZR
KLQJHGVWHHOSURILOHVOLQNHGWKURXJKKRUL]RQWDOGRZHOVWRWKHFRQQHFWHGHOHPHQWVLHEHDPV
DQG FROXPQV $  PPUXEEHUOD\HU VXUURXQGVWKHGRZHOVVLQFHLWLVGHPRQVWUDWHG>@WKDW
WKLVH[SHGLHQWLVDEOHWRUHGXFHWKHFRQFUHWHFUDFNLQJDWWKHURGVFRQQHFWLRQORFDWLRQWKXVLP
SURYLQJ WKH GHYLFH IXQFWLRQLQJ 7KLV DUUDQJHPHQW DOORZV WXUQLQJ WKH KRUL]RQWDO VKHDU IRUFHV
DFWLQJ RQWKH FRQQHFWLRQ LQ D[LDO IRUFHVLQWKHURGVWKDQNVWRDWKUHHKLQJHGDUFKEHKDYLRU
7KHUHIRUH LW LV DEOH WR VLJQLILFDQWO\ OLPLW RU HYHQ SUHYHQW UHODWLYH GLVSODFHPHQW EHWZHHQ
EHDPVDQGFROXPQV,WLVSRVVLEOHWRWDNHDGYDQWDJHRIWKHGHYLFHLQERWKH[LVWLQJEXLOGLQJV
RIWHQ SURYLGHG ZLWK IULFWLRQ FRQQHFWLRQV DQG FXUUHQW FRGHFRQIRUPLQJ EXLOGLQJV DV D YDOLG
DOWHUQDWLYHWRWKHFRQYHQWLRQDOGRZHOFRQQHFWLRQ,QWKHKHUHLQSUHVHQWHGYHUVLRQ )LJXUH 
WKHK\VWHUHWLFSURSHUWLHVDUHJLYHQE\VRPHVSHFLDOJDGJHWVPRRQVLFNOHVKDSHGPRXQWHGRQ
HDFKSURILOHZKLFK\LHOGXQGHUWKHD[LDOORDGLQWKHURGVDQGGLVVLSDWHVHLVPLFHQHUJ\XQGHU
JRLQJSODVWLFGHIRUPDWLRQV

)LJXUH0HWDOOLFK\VWHUHWLFGHYLFHFRQILJXUDWLRQ

7KHGHYLFHDFWVOLNHDVWUXFWXUDOIXVHLQZKLFKWKHVHLVPLFGDPDJHLVFRQFHQWUDWHGGHFUHDVLQJ
WKHGXFWLOLW\GHPDQGDWWKHSODVWLFKLQJHVORFDWLRQ$WWKHHQGRIWKHJURXQGPRWLRQVWULNLQJ
WKHEXLOGLQJWKHVHJDGJHWVFDQEHHDVLO\UHSODFHGZLWKRXWLQWHUUXSWLQJWKHSURGXFWLYHDFWLYL
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WLHV7KHIRUFHGLVSODFHPHQWEDFNERQH )LJXUH FDQEHUHSUHVHQWHGDVDQHODVWLFKDUGHQLQJ
FXUYHFKDUDFWHUL]HGE\D\LHOGLQJSRLQW G) DQGDSRVW\LHOGLQJVWLIIQHVVGHILQHGWKDQNVWR
WKHVHFRQGSRLQWFRRUGLQDWHV G) ,Q7DEOHVWDQGDUGPHFKDQLFDOSURSHUWLHVIRUWKHURGV
DUHUHSRUWHGSURYLGHGE\WKHPDQXIDFWXULQJFRPSDQ\7KHSURSRVHGW\SHVXQGHUZHQWTXDOLIL
FDWLRQWHVWVDFFRUGLQJWRWKH(XURSHDQFRGH81,(1>@JRYHUQLQJWKHVHLVPLFGHYLF
HVGHVLJQ,QWKHSUHVHQWVWXG\URGW\SHLVFKRVHQDPRQJWKHSUHVHQWHGRQHVFRQVLGHULQJWKH
VKHDUDVVRFLDWHGWRWKH\LHOGLQJPRPHQWDWWKHFROXPQVEDVHDQGDSSO\LQJDFDSDFLW\GHVLJQ
VDIHW\IDFWRUVRDVWRDOORZWKHSODVWLFL]DWLRQRIVWHHOJDGJHWVEHIRUHWKH\LHOGLQJRIWKHSODVWLF
KLQJHV +RZHYHU WKLV LV D SUHOLPLQDU\ VWXG\ FRQGXFWHG RQO\ WR XQGHUVWDQG KRZ WKH GHYLFH
ZRUNVXQGHUVHLVPLFDFWLRQVDSURSHUFDOLEUDWLRQVKRXOGEHSHUIRUPHGLQRUGHUWRPD[LPL]H
LWVSHUIRUPDQFH

)
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)
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G
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7DEOH5RGVVWDQGDUGPHFKDQLFDOSURSHUWLHV

 &$6(678'<
$QH[LVWLQJVLQJOHVWRU\5&SUHFDVWVWUXFWXUHGDWHGEDFNWRWKH6HYHQWLHVLVFRQVLGHUHGLQ
RUGHU WR DVVHVV WKH HIIHFW RI WKH SURSRVHGUHWURILWWLQJGHYLFH7KHFRQVWUXFWLRQLVFRQILJXUHG
ZLWKDVLQJOHED\PORQJLQ[GLUHFWLRQDQGIRXUED\VHDFKRIWKHPPORQJLQ]GLUHF
WLRQ&ROXPQV¶WRWDOKHLJKWLVHTXDOWRPIXUWKHUPRUHVLQFHWKLVNLQGRIEXLOGLQJVDUHXVXDO
O\ LQWHQGHG IRU LQGXVWULDO DFWLYLWLHV GHVLJQ SURFHGXUH DQG PRGHOLQJ WDNH LQWR DFFRXQW WKH
SUHVHQFHRIDFUDQHDQGWKHUHODWLYHEUDFNHWVVXSSRUWLQJWKHFUDQHSODFHGDWPIURPWKH
FROXPQV¶ EDVH 6WUXFWXUDO OD\RXW LV SUHVHQWHG LQ)LJXUH  $ GHVLJQ VLPXODWLQJ WKHHOHPHQWV
GLPHQVLRQLQJSURFHVVLVSHUIRUPHGWDNLQJLQWRDFFRXQWFRGHVDQGUHJXODWLRQVRIWKH6HYHQWLHV
LH'0>@DQG&15>@7KHEXLOGLQJLVORFDWHGLQ&DWDQLDDQ,WDO
LDQFLW\ZLWKDKLJKVHLVPLFKD]DUGQHYHUWKHOHVVDWWKHWLPHRIFRQVWUXFWLRQLWZDVQRWFRQ
VLGHUHG DV D VHLVPLFSURQH DUHD VR WKH GHVLJQ SURFHGXUH LJQRUHG VHLVPLF DFWLRQV 5RRI
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FRYHULQJFRQVLVWVRISUHVWUHVVHGGRXEOH7HOHPHQWVZLWKHTXLYDOHQWVHFWLRQRI[P
SODFHG RQH QHDU WKH RWKHU RQ WKH WRS RI WKH SULQFLSDO EHDPV DQG OLQNHG WRJHWKHU E\ D  FP
WKLFNFRQFUHWHVODE7KHVORSHRIWKHFRYHULQJLVDVVXPHGWREH7KHSUHVHQFHRIWKHWRS
SLQJ VODE LQYROYHV D ULJLG GLDSKUDJP EHKDYLRU LH D ULJLG EHKDYLRU RI WKH IORRU LQ LWV RZQ
SODQH
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)LJXUH6WUXFWXUDOFRQILJXUDWLRQSODQYLHZDQGWUDQVYHUVDOYLHZ

5RRI HOHPHQWV DUH MRLQWHG WR WKH SULQFLSDO EHDPV WKURXJK VWHHOSODWHV DQG EROWV HQVXULQJ LQ
WKLVZD\DKLQJHFRQVWUDLQ3ULQFLSDOEHDPVLQWUDQVYHUVDOGLUHFWLRQ [GLUHFWLRQ SUHVHQWDYDU
LDEOHKHLJKWDQGDYDULDEOHVHFWLRQ 7VKDSHGDWWKHH[WUHPLWLHVDQGDIWHUDWDSHULQJ]RQH,
VKDSHG LQ WKH PLGGOH  +RZHYHU DQ HTXLYDOHQW UHFWDQJXODU DUHD [ P  LV DVVXPHG
VLQFHEHDPVVHFWLRQVKDSHGRHVQRWDIIHFWWKHUHVXOWV,Q]GLUHFWLRQLQVWHDGVHFRQGDU\EHDPV
DUHSURYLGHGLQRUGHUWRERWKFROOHFWUDLQZDWHUDQGFRQQHFWVWUXFWXUDOIUDPHVLQORQJLWXGLQDO
GLUHFWLRQ7KH\XVXDOO\KDYHD8VHFWLRQEXWDQHTXLYDOHQWUHFWDQJXODURQHLVFRQVLGHUHGZLWK
GLPHQVLRQV[FP8QOLNHURRIHOHPHQWVDQGEHDPVZKLFKDUHGLPHQVLRQHGRQO\IRUYHU
WLFDOORDGV SHUPDQHQWDQGYDULDEOHDFWLRQV FROXPQVDUHDOVRGHVLJQHGIRUKRUL]RQWDO ZLQG 
IRUFHVDFWLQJRQWKHVWUXFWXUH7KH\FRQVLVWLQSUHFDVWPRQROLWKLFHOHPHQWVZLWKDVTXDUHVHF
WLRQ ZKRVH GLPHQVLRQV DQG UHLQIRUFHPHQW DUH VKRZQ LQ )LJXUH D 7KH SUHVHQFH RI VRFNHW
IRXQGDWLRQV DOORZV FRQVLGHULQJ WKH FROXPQV IL[HG DW WKHLU EDVH 3ULQFLSDO EHDPV DUH VLPSO\
VXSSRUWHGRQFROXPQV¶KHDGWKURXJKDQHRSUHQHSDGZLWKGLPHQVLRQV[[PHWHUV
JHQHUDWLQJ D IULFWLRQ FRQQHFWLRQ VHFRQGDU\ EHDPV DUH KLQJHG WR WKH FROXPQV¶ KHDG WKURXJK
VWHHODQJOHVDQGEROWV,QGHHGDFFRUGLQJWRWKHGHVLJQSUDFWLFHRIWKHWLPHWKHKLJKHUYDOXHRI
D[LDO ORDG SURYLGHG E\ SULQFLSDO EHDPV RQWKHWRS RIWKHFROXPQV ZDV GHHPHG VXIILFLHQW WR
HQVXUH D SURSHU VWUHQJWK WR WKH IULFWLRQ FRQQHFWLRQ )URP WKLV DVVXPSWLRQ IROORZV WKH PRVW
LPSRUWDQWZHDNQHVVGHWHFWHGIRUH[LVWLQJ5&SUHFDVWVWUXFWXUHV
 121/,1($502'(/
$QRQOLQHDUQXPHULFDOPRGHOLVFUHDWHGLQ2SHQ6HHV>@LQRUGHUWRSHUIRUPDVHLVPLFDV
VHVVPHQWRIWKHXQUHWURILWWHGDQGWKHUHWURILWWHGVWUXFWXUH&ROXPQVDQGEHDPVDUHUHSUHVHQW
HG DV HODVWLF HOHPHQWV WKURXJK WKHLU ORQJLWXGLQDO D[LV WKH HFFHQWULFLWLHV JHQHUDWHG DW WKH
FRQQHFWLRQOHYHOW\SLFDORISUHFDVWVWUXFWXUHVDUHPRGHOOHGWKDQNVWRULJLGEUDFNHWV5RRIHO
HPHQWVDUHWDNHQLQWRDFFRXQWRQO\DVYHUWLFDOORDGDQGPDVVEXWWKH\DUHQRWH[SOLFLWO\PRG
HOOHG VLQFH WKH\ GR QRW DIIHFW WKH VHLVPLF UHVSRQVH &ODGGLQJ SDQHOV DUH QRW PRGHOOHG RQO\
WKHLUPDVVFRQWULEXWLRQLVFRQVLGHUHG(YHQLIWKHFODGGLQJDIIHFWVWKHVHLVPLFEHKDYLRURIWKH
EXLOGLQJPDNLQJLWVWLIIHULWVKRXOGEHQRWHGWKDWLQH[LVWLQJVWUXFWXUHVSDQHOVFRQQHFWLRQV
ZHUHQRWSURYLGHGZLWKHDUWKTXDNHUHVLVWDQFHVRSDQHOVFROODSVHDWYHU\ORZVHLVPLFLQWHQVL
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WLHVLHLQWKHHDUO\VWDJHVRIDJURXQGPRWLRQOHDYLQJWKHVWUXFWXUHEDUH7KHUHIRUHWKHDV
VXPSWLRQ RI QHJOHFWLQJ FODGGLQJ SDQHOV LQ WKH PRGHOOLQJ LV UHDVRQDEOH $ OXPSHG SODVWLFLW\
DSSURDFK LV IROORZHG FRQFHQWUDWLQJ WKH QRQOLQHDU EHKDYLRXU DW WKH FROXPQV EDVH 0RPHQW
URWDWLRQFXUYHVDUHGHWHFWHGSHUIRUPLQJDILEHUDQDO\VLVRIWKHFROXPQVFURVVVHFWLRQDQGDS
SO\LQJ )DUGLV IRUPXODWLRQV >@ IRU WKH \LHOGLQJ DQG WKH XOWLPDWH FKRUG URWDWLRQV 'LIIHUHQW
EDFNERQHVDUHREWDLQHGIRUWKHWZRKRUL]RQWDOGLUHFWLRQVDQGIRUFRUQHUDQGODWHUDOFROXPQV
7KHVHGLIIHUHQFHVDUHGXHWRWKHGLIIHUHQWORQJLWXGLQDOUHLQIRUFHPHQWSURYLGHGLQWKHWZRRU
WKRJRQDOVLGHVRIWKHFROXPQVFURVVVHFWLRQDQGWRWKHGLIIHUHQWYDOXHRID[LDOORDGVRQWKHWRS
RIWKHFROXPQV)LJXUHELOOXVWUDWHVWKHPRPHQWURWDWLRQFXUYHV(DFKFROXPQDQGWKHFRUUH
VSRQGLQJSODVWLFKLQJHFRQVWLWXWHDV\VWHPZRUNLQJLQVHULHVVRWKHLUVWLIIQHVVDUHFDOLEUDWHGLQ
RUGHUWRUHWXUQWKHRYHUDOOQRQOLQHDUVWLIIQHVV
3DUWLFXODUDWWHQWLRQLVSDLGWRWKHIULFWLRQFRQQHFWLRQPRGHOOLQJVLQFHWKHJUHDWLPSDFWRILWV
VHLVPLFUHVSRQVHRQWKHVWUXFWXUDOJOREDOFROODSVHFRQGLWLRQ$]HUROHQJWKHOHPHQWLVLQVHUWHG
DWWKHSULQFLSDOEHDPWRFROXPQLQWHUVHFWLRQDQGSURSHUPDWHULDOVDUHDVVLJQHGIRUHDFKGH
JUHHRIIUHHGRP7KHKRUL]RQWDOWUDQVODWLRQVLQ[DQGLQ]GLUHFWLRQV )LJXUH DUHFKDUDFWHU
L]HG E\ DIULFWLRQDO EHKDYLRU ZLWK DQHODVWLFSHUIHFWO\SODVWLFUHVSRQVHWKHHODVWLFEUDQFK LV
GHILQHGE\WKHODWHUDOVWLIIQHVVRIWKHQHRSUHQHSDGZKLOVWWKHIODWEUDQFKLVDWWDLQHGLQFRUUH
VSRQGHQFHRIWKHIULFWLRQIRUFH,QWKHYHUWLFDOGLUHFWLRQDQHODVWLFPDWHULDOLGHQWLILHGE\WKH
D[LDOVWLIIQHVVRIWKHSDGLVFRQVLGHUHGDVDFWLQJRQO\LQFRPSUHVVLRQJLYHQWKDWWKHSDGGRHV
QRWUHDFWLQWHQVLRQ5RWDWLRQDURXQGWKH]D[LV LQWKH[\SODQ LVOHIWIUHHZKHUHDVURWDWLRQV
DURXQG[DQG\D[HVDUHFRQVWUDLQHG
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)LJXUHD &ROXPQFURVVVHFWLRQDQGE 0RPHQWURWDWLRQEDFNERQHVDWWKHFROXPQSODVWLFKLQJH

)LQDOO\VWHHOSURILOHVFRQVWLWXWLQJWKHUHWURILWWLQJGHYLFHDUHPRGHOOHGWKDQNVWRWUXVVHOHPHQWV
LHHOHPHQWVDEVRUELQJRQO\D[LDOORDGV7RGHILQHWKHFRQVWLWXWLYHODZWKHDVVLJQHGPDWHULDO
LV D VHULHV RI DQ HODVWLF SHUIHFWO\ SODVWLF JDS PDWHULDO LQ RUGHU WR VLPXODWH WKH UXEEHU OD\HU
DURXQGWKHGRZHOVDQGDKDUGHQLQJPDWHULDOFRQVLGHULQJDNLQHPDWLFKDUGHQLQJUHVSRQVH3D
UDPHWHUVWREHDVVLJQHGDUHFDOLEUDWHGLQRUGHUWRUHSURGXFHD7\SHURGUHVSRQVHDFFRUGLQJ
WRWKHGHVLJQSURFHGXUHLOOXVWUDWHGLQ6HFWLRQ)ROORZLQJWKHUHFRPPHQGDWLRQVSURYLGHGE\
WKHPDQXIDFWXUHUFRPSDQ\WKHGHYLFHFRQILJXUDWLRQLVFKRVHQVRDVWRPDLQWDLQDGLIIHUHQFH
LQWKHURGVOHQJWKHTXDOWRP5LJLGEUDFNHWVDUHLQVHUWHGLQWKHPRGHOLQRUGHUWRFRQQHFW
WKHURGVWRWKHEHDPDQGWKHFROXPQUHSUHVHQWLQJWKHGLVWDQFHEHWZHHQWKHORQJLWXGLQDOD[LV
RI WKH VWUXFWXUDO HOHPHQWV DQG WKH FRQQHFWLRQ SURYLGHG E\ WKH GHYLFH 5HWURILWWLQJ LV SHU
IRUPHGRQO\LQWKHWUDQVYHUVH [ GLUHFWLRQ)LJXUHVKRZVWKHVFKHPDWLFUHSUHVHQWDWLRQRID
W\SLFDOIUDPHRIWKHUHWURILWWHGVWUXFWXUHLQWKH[GLUHFWLRQ

4794

&KLDUD'L6DOYDWRUH*HQQDUR0DJOLXOR0DULD*&DVWHOODQRDQG1LFROD&DWHULQR

3ULQFLSDO%HDP

5LJLG
%UDFNHW
)ULFWLRQ&RQQHFWLRQ



6XSHULRU5RG
,QIHULRU5RG

5LJLG%UDFNHWV




&ROXPQ







)LJXUH5HWURILWWHGIUDPHOD\RXW

 $1$/<6(6287&20(6

)>N1@

,Q RUGHU WR GHPRQVWUDWH WKH IXQFWLRQLQJ RI WKH SURSRVHG V\VWHP VHYHQ JURXQG PRWLRQV
*0 DUHVHOHFWHGDQGDSSOLHGILUVWWRWKHXQUHWURILWWHGVWUXFWXUHDQGWKHQWRWKHUHWURILWWHG
RQH)RUWKHUHFRUGVVHOHFWLRQ&RQGLWLRQDO6SHFWUXP0HWKRG>@LVLPSOHPHQWHGDFFRUG
LQJWR>@$OOWKHVSHFWUXPFRRUGLQDWHVDUHFRQGLWLRQHGWRWKHRQHFRUUHVSRQGLQJWRWKHIXQ
GDPHQWDOVWUXFWXUDOSHULRG$VRLOW\SH&LVFRQVLGHUHGWRGHWHUPLQHWKHHODVWLFVSHFWUXP7KH
FKRVHQLQWHQVLW\OHYHOUHIHUVWRDUHWXUQSHULRG75HTXDOWR\HDUVLHDLQ\HDUV
H[FHHGDQFH UDWH 6HLVPLF UHFRUGV WDNHQ IURP GDWDEDVH RI WKH ,WDOLDQ DFFHOHURPHWULF DUFKLYH
,WDFD >@DQGIURPWKHGDWDEDVH1*ZHVW>@DUHSURSHUO\VFDOHGLQRUGHUWRPDWFKWKHRE
WDLQHGWDUJHW VSHFWUXP$V FRQFHUQWKHXQUHWURILWWHGVWUXFWXUH RXWFRPHV VKRZ WKDW WKHIULF
WLRQFRQQHFWLRQVDFWLYDWHLQWKHYHU\ILUVWVWDJHVRIWKHJURXQGPRWLRQVDQGVLJQLILFDQWUHODWLYH
GLVSODFHPHQWEHWZHHQSULQFLSDOEHDPVDQGFROXPQVDUHUHFRUGHG6LQFHDVH[SHFWHGWKHVOLG
LQJEHJLQVEHIRUHWKHDFWLYDWLRQRIWKHSODVWLFKLQJHVDWWKHFROXPQVEDVHWKHVWUXFWXUHVKRZV
DQHODVWLFUHVSRQVHXQWLOWKHFROODSVHGXHWRWKHORVVRIVXSSRUWRIWKHEHDPV$SSO\LQJWKH
UHWURILWWLQJ GHYLFH WR WKH VWUXFWXUH DW HDFK FRQQHFWLRQ ORFDWLRQ )LJXUH   WKH ILUVW GHWHFWHG
EHQHILWLVWKHVWURQJUHGXFWLRQLQEHDPWRFROXPQUHODWLYHGLVSODFHPHQWV,Q)LJXUHWKHUHF
RUGHG GHIRUPDWLRQV RI D IULFWLRQ FRQQHFWLRQ HOHPHQWFRUUHVSRQGLQJ WRWKH UHODWLYHGLVSODFH
PHQWV RI WKH MRLQWHG PHPEHUV LV UHSRUWHG LQ ERWK WKH FDVH RI WKH XQUHWURILWWHG DQG WKH
UHWURILWWHGVWUXFWXUHIRUDVLQJOHJURXQGPRWLRQ
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UHWURILWWHGVWUXFWXUHIRU*0

)RUWKHVDPHFRQQHFWLRQDQGWKHVDPHVHLVPLFLQSXWIRUFHGLVSODFHPHQWUHVSRQVHRIWKHUHWUR
ILWWLQJGHYLFHLHRIWKHSDLURIURGVLVUHSRUWHGLQ)LJXUHFRQILUPLQJWKHFRUUHVSRQGHQFHWR
WKHDVVLJQHGEHKDYLRU
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)LJXUH)RUFHGLVSODFHPHQWUHVSRQVHRIDSDLURIURGVLQSDUWLFXODUIRUD DQLQIHULRUSURILOHDQGIRUE DVXSH
ULRUSURILOH

7KHLQIHULRUURGVKRZVDOZD\VDKLJKHUHQJDJHPHQWZLWKODUJHUDQGPRUHQXPHURXVK\VWHUHW
LFF\FOHV,WLVZRUWKWRUHPHPEHUWKDWHDFKURGLVSURYLGHGZLWKDPPJDSVLPXODWLQJWKH
UXEEHUOD\HUDURXQGWKHGRZHOLWLVSDUWLDOO\YLVLEOHRQO\LQWKHVXSHULRUURGUHVSRQVHUHSUH
VHQWHGE\WKHIODWEUDQFKDWIRUFHHTXDOWR]HUR,QRUGHUWRKLJKOLJKWWKHEHQHILFLDOHIIHFWRI
WKH GLVVLSDWLYH GHYLFH RQ WKH K\VWHUHWLF VHLVPLF UHVSRQVH RI WKH VWUXFWXUH WKH VDPH VHW RI
JURXQGPRWLRQVLVDSSOLHGWRWKHVDPHVWUXFWXUHUHWURILWWHGZLWKDQLGHQWLFDOGHYLFHEXWLQGHIL
QLWHO\HODVWLF)RUERWKWKHUHWURILWWHGV\VWHPVWKHHODVWLFDQGWKHK\VWHUHWLFRQHWKHOLPLWDWLRQ
RIWKHGLVSODFHPHQWVDWWKHFRQQHFWLRQOHYHOLVDFKLHYHGEXWLQWKHILUVWFDVHWKHRQO\VRXUFHRI
K\VWHUHWLFGLVVLSDWLRQLVSURYLGHGE\WKHSODVWLFKLQJHVDWWKHFROXPQVEDVH)URPWKHFRPSDU
LVRQEHWZHHQWKHVHWZRVROXWLRQVLWLVSRVVLEOHWRXQGHUVWDQGKRZPXFKWKHSURSRVHGK\VWHU
HWLF GHYLFH LV DEOH WR UHGXFH WKH SODVWLF URWDWLRQDO GHPDQG DW WKH EDVH DQG WKHUHIRUH WKH
VWUXFWXUDOGDPDJH$QHQHUJ\EDODQFHDQDO\VLVLVSHUIRUPHGRQERWKWKHVWUXFWXUHVDOORZLQJD
UDSLG DQG V\QWKHWLF HYDOXDWLRQ 7KH LQSXW HQHUJ\ WUDQVIHUUHG WR WKH VWUXFWXUH E\ WKH JURXQG
PRWLRQLVDEVRUEHGDQGGLVVLSDWHGWKDQNVWRHQHUJ\FRQWULEXWLRQVUHODWHGWRWKHVWUXFWXUDOUH
VSRQVH,QSDUWLFXODUNLQHWLFHQHUJ\WKDWLVRULJLQDWHGE\WKHPRWLRQRIWKHEXLOGLQJHODVWLF
VWUDLQHQHUJ\ZKLFKGHSHQGVRQWKHOHYHORIVWUDLQUHFRUGHGIRUWKHVWUXFWXUDOHOHPHQWVK\V
WHUHWLFHQHUJ\JLYHQE\WKHPRPHQWURWDWLRQF\FOHVRIWKHSODVWLFKLQJHVDWWKHEDVHLHE\
WKHQRQOLQHDUUHVSRQVHRIWKHVWUXFWXUHIULFWLRQDOHQHUJ\SURYLGHGE\WKHIRUFHGLVSODFHPHQW
F\FOHVJHQHUDWHGE\WKHIULFWLRQFRQQHFWLRQYLVFRXVGDPSLQJHQHUJ\UHSUHVHQWLQJWKHFRQWUL
EXWLRQRIWKHGDPSLQJRIWKHVWUXFWXUH 5D\OHLJKGDPSLQJLVFRQVLGHUHG )LQDOO\WKHUHLVWKH
FRQWULEXWLRQRIWKHUHWURILWWLQJGHYLFHVZKLFKLVUHFRYHUDEOHIRUWKHHODVWLFV\VWHPDQGXQUH
FRYHUDEOH IRU WKH K\VWHUHWLF GHYLFH WKDQNV WR LWV GLVVLSDWLYH SURSHUWLHV )LJXUH  VKRZV WKH
RXWFRPHVRIWKHHQHUJ\EDODQFHDQDO\VLVIRUERWKWKHVWUXFWXUHVIRUDVLQJOHJURXQGPRWLRQ
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)LJXUH(QHUJ\EDODQFHIRU*0IRUD WKHVWUXFWXUHZLWKDQHODVWLFUHWURILWWLQJGHYLFHDQGE DVWUXFWXUHZLWKD
K\VWHUHWLFUHWURILWWLQJGHYLFH

7KHEHQHILFLDOHIIHFWRIWKHK\VWHUHWLFGHYLFHLQUHGXFLQJWKHGLVVLSDWHGHQHUJ\RIWKHSODVWLF
KLQJHVDWWKHEDVHLVHYLGHQW7KHRWKHUHQHUJHWLFFRQWULEXWLRQVVHHPQRWWREHDIIHFWHGE\WKH
GLVVLSDWLYH EHKDYLRU RI WKH GHYLFH 7KLV WUHQG LV REVHUYHG IRU HDFK RI WKH FRQVLGHUHG VHYHQ
JURXQGPRWLRQVHYHQLIQRWWRWKHVDPHH[WHQW,Q)LJXUHWKHSODVWLFKLQJHVK\VWHUHWLFHQHU
J\ IRU ERWK WKH V\VWHPV LV FKDUWHG H[SUHVVHG DV D SHUFHQWDJH RI WKH WRWDO LQSXW HQHUJ\ )RU
VRPHHDUWKTXDNHVWKHSURSRVHGGHYLFHVOLJKWO\UHGXFHVWKHSODVWLFLQYROYHPHQWRIWKHVWUXF
WXUHDQGLQDQ\FDVHLWLVQRWDEOHWRSUHYHQWWKH\LHOGLQJRIWKHKLQJHVDWWKHFROXPQVEDVH
$VDOUHDG\REVHUYHGDSURSHUFDOLEUDWLRQLVQHHGHGIRUWKHK\VWHUHWLFGHYLFHDQGDVHQVLWLYLW\
DQDO\VLVRQWKHSDUDPHWHUVFRQGLWLRQLQJLWVUHVSRQVHVKRXOGEHSHUIRUPHG

(ODVWLF'HYLFH
+\VWHUHWLF'HYLFH





(K >@









*0

*0

*0

*0

*0

*0

*0

)LJXUH3ODVWLFKLQJHVK\VWHUHWLFHQHUJ\LQWKHFDVHRIDQHODVWLFUHWURILWWLQJGHYLFHDQGDK\VWHUHWLFUHWURILWWLQJ
GHYLFHIRUDOOWKHJURXQGPRWLRQV

 &21&/86,216
7KLVSDSHUSUHVHQWVDQRYHOPHWDOOLFK\VWHUHWLFGHYLFHLQWHQGHGIRUWKHVHLVPLFUHWURILWWLQJ
RIEHDPWRFROXPQFRQQHFWLRQVLQ5&SUHFDVWEXLOGLQJV7KHSURSRVHGV\VWHPDSSOLHGDWWKH
MRLQWOHYHOLVGHVLJQHGWRERWKUHVWUDLQWKHUHODWLYHGLVSODFHPHQWEHWZHHQWKHFRQQHFWHGHOH
PHQWVZRUNLQJDVDWKUHHKLQJHGDUFKDQGGLVVLSDWHWKHJURXQGPRWLRQLQSXWHQHUJ\WKDQNV
WR VSHFLDO JDGJHWV ZLWK K\VWHUHWLF UHVSRQVH $ QRQOLQHDU PRGHO RI D 5& SUHFDVW LQGXVWULDO
VWUXFWXUHZLWKIULFWLRQFRQQHFWLRQVLVLPSOHPHQWHGLQ2SHQ6HHV>@DQGVHYHQQRQOLQHDUG\
QDPLFDQDO\VHVDUHSHUIRUPHGKLJKOLJKWLQJWKHZHDNQHVVRIWKHVWUXFWXUDOMRLQWV,QGHHGWKH
GHWHFWHGJOREDOFROODSVHLVGXHWRWKHEHDPVORVVRIVXSSRUWZKHQWKHVWUXFWXUHLVVWLOOLQWKH
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HODVWLF ILHOG 7KHQ K\VWHUHWLF GHYLFHV DUH LQVHUWHG LQ WKH VWUXFWXUDO PRGHO DW WKH FRQQHFWLRQ
OHYHOVDORQJWKHWUDQVYHUVDOGLUHFWLRQDQGWKHVDPHVHLVPLFLQSXWVDUHDSSOLHGRQWKHUHWURILW
WHG EXLOGLQJ 7KH FRPSDULVRQ EHWZHHQ WKH UHVSRQVH RI WKH XQUHWURILWWHG DQG WKH UHWURILWWHG
VWUXFWXUHOHDGVWRWKHIROORZLQJILQGLQJV
L
7KHSURSRVHGGHYLFHLVDEOHWRVWURQJO\OLPLWWKHUHODWLYHGLVSODFHPHQWVEHWZHHQEHDPV
DQGFROXPQVDYRLGLQJVWUXFWXUDOFROODSVHGXHWRORVVRIVXSSRUWSKHQRPHQD
LL
7KHVHLVPLFGHPDQGDWWKHEDVHLQFUHDVHVZKHQWKHGHYLFHLVLQVHUWHGUHVXOWLQJLQWKH
\LHOGLQJ RI WKH SODVWLF KLQJHV +RZHYHU LW LV GHPRQVWUDWHG WKDW WKH UHFRUGHG OHYHO RI
GDPDJH LV ORZHU WKDQ WKH RQH FRUUHVSRQGLQJWR WKH DSSOLFDWLRQ RIDWUDGLWLRQDO GHYLFH
ZLWKDQHODVWLFEHKDYLRU
LLL
7KHK\VWHUHWLFSURSHUWLHVVKRZHGE\WKHPHWDOOLFGHYLFHDUHQRWVXIILFLHQWWRUHGXFHVLJ
QLILFDQWO\ WKH SODVWLF GHIRUPDWLRQV DW WKH FROXPQV EDVH IRU DOO WKHDSSOLHG JURXQG PR
WLRQV LQGHHG LQ DOO WKH FDVHV \LHOGLQJ LV QHYHU SUHYHQWHG $ SURSHU FDOLEUDWLRQ LV
QHHGHGWRRSWLPL]HWKHUHWURILWWLQJSHUIRUPDQFH
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)DJJLDQR % HW DO Post-event analysis of industrial structures behavior during
L’Aquila earthquake.3URJHWWD]LRQHVLVPLFD (QJOLVK6SHFLDO(GLWLRQ S
0DJOLXOR*HWDOThe Emilia earthquake: seismic performance of precast reinforced
concrete buildings.(DUWKTXDNH6SHFWUD  S
'H\DQRYD063DPSDQLQDQG51DVFLPEHQHAssessment of single-storey precast
concrete industrial buildings with hinged beam-column connections with and without
dowels LQ Proceedings of the Second European Conference on Earthquake
Engineering and Seismology
%HOOHUL$HWDOSeismic performance of precast industrial facilities following major
earthquakes in the Italian territory.-RXUQDORI3HUIRUPDQFHRI&RQVWUXFWHG)DFLOLWLHV
  
/LEHUDWRUH / HW DO Failure of industrial structures induced by the Emilia (Italy)
2012 earthquakes.(QJLQHHULQJ)DLOXUH$QDO\VLVS
2]GHQ 6 HW DO Performance of precast concrete structures in October 2011 Van
earthquake, Turkey.0DJD]LQHRI&RQFUHWH5HVHDUFK  S
6H]HQ + HW DO Structural Engineering Reconnaissance of the August 17, 1999,
Kocaeli (Izmit), Turkey Earthquake
0DUWLQHOOL3DQG0*0XODVAn innovative passive control technique for industrial
precast frames.(QJLQHHULQJ6WUXFWXUHV  S
3ROOLQL$91%XUDWWLDQG&0D]]RWWLExperimental and numerical behaviour of
dissipative devices based on carbon ϋ wrapped steel tubes for the retrofitting of
existing precast RC structures.(DUWKTXDNH(QJLQHHULQJ 6WUXFWXUDO'\QDPLFV
  S
6R\GDQ & ( <NVHO DQG ( øUWHP Seismic performance improvement of singlestorey precast reinforced concrete industrial buildings in use. 6RLO '\QDPLFV DQG
(DUWKTXDNH(QJLQHHULQJS
6HLVPR6WUXFW A computer program for static and dynamic nonlinear analysis of
framed structures. KWWSZZZVHLVPRVRIWFRP 
&LPPLQR 0 HW DO Seismic retrofit strategies for friction beam-to-column
connections of industrial RC precast structures.6HLVPLFUHWURILWVWUDWHJLHVIRUIULFWLRQ
EHDPWRFROXPQFRQQHFWLRQVRILQGXVWULDO5&SUHFDVWVWUXFWXUHVS
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0DJOLXOR * HW DO Cyclic shear tests on RC precast beam-to-column connections
retrofitted with a three-hinged steel device.%XOOHWLQRI(DUWKTXDNH(QJLQHHULQJ
  S
(1 Anti-seismic device. %UXVVHOV %HOJLXP (XURSHDQ &RPPLWHH IRU
6WDQGDUGL]DWLRQ
/HJJHQProvvedimenti per le costruzioni con particolari prescrizioni per le zone
sismiche (in Italian)*8Q
&1581,Ipotesi di carico sulle costruzioni (in Italian),VWUX]LRQLGHO
&RQVLJOLR1D]LRQDOHGHOOH5LFHUFKHHGHOO¶(QWH1D]LRQDOH,WDOLDQRGL8QLILFD]LRQL
3((5&OpenSees8QLYHUVLW\RI&DOLIRUQLD%HUNHOH\
)DUGLV01DQG'%LVNLQLVDeformation capacity of RC members, as controlled by
flexure or shear 3HUIRUPDQFHEDVHG HQJLQHHULQJ IRU HDUWKTXDNH UHVLVWDQW UHLQIRUFHG
FRQFUHWHVWUXFWXUHV.DEH\DVDZD7(GLWRU8QLYHUVLW\RI7RN\R
/LQ7&%+DVHOWRQDQG-:%DNHUConditional spectrumϋbased ground motion
selection. Part I: hazard consistency for risk ϋ based assessments. (DUWKTXDNH
HQJLQHHULQJ VWUXFWXUDOG\QDPLFV  S
/LQ7&%+DVHOWRQDQG-:%DNHUConditional spectrumϋbased ground motion
selection. Part II: intensityϋbased assessments and evaluation of alternative target
spectra.(DUWKTXDNH(QJLQHHULQJ 6WUXFWXUDO'\QDPLFV  S
,HUYROLQR,$6SLOODWXUDDQG3%D]]XUURRINTC Project - Assessing the (implicit)
seismic risk of code-conforming structures in Italy &203'<1   WK
(&&20$67KHPDWLF&RQIHUHQFHRQ&RPSXWDWLRQDO0HWKRGVLQ6WUXFWXUDO'\QDPLFV
DQG (DUWKTXDNH (QJLQHHULQJ  0 3DSDGUDNDNLV 0 )UDJLDGDNLV HGV  ± -XQH

/X]L / HW DO ITACA (ITalian ACcelerometric Archive): A web portal for the
dissemination of Italian strong-motion data. 6HLVPRORJLFDO 5HVHDUFK /HWWHUV 
  S
1*ZHVWSeismic database. KWWSSHHUEHUNOH\HGXQJDZHVW 
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Abstract
Engineering modeling and analysis of historical structures include various uncertainties and
related difficulties. The most important difficulty is to obtain consistent data of structural materials without damaging historical texture as much as possible. The aim of this study is to
determine the average compressive strength of the minarets of the Blue Mosque by means of
ultrasonic testing. In the scope of the study, cube samples were collected from the unusable
stones that were remained from restoration works carried out in the mosque. Compressive
strength tests were performed following ultrasonic tests and a highly correlated relation was
obtained. This relation was used in a detailed ultrasonic test study carried out in the minarets
of the Blue Mosque and afterward, the mean compressive strength distributions for each minaret were estimated. It is thought that the results of the compressive strength test applied for
the first time on the Blue Mosque stones as well as the detailed results for each minaret will
make a significant contribution to the literature for future restoration studies and analyses.
Keywords: Blue Mosque, compressive strength, non-destructive techniques, cultural heritage,
masonry structure
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1

ULTRASOUND TESTING

Ultrasound testing is a nondestructive method that uses high frequency sound wave to determine the material properties. It is based on evaluation of the velocities of P and S waves
which are transmitted and reflected back through the material. This study covers the application of ultrasound testing method on Blue Mosque Minarets in İstanbul, Turkey. The equipment utilized for the application is Proceq Pundit Lab Plus. It consists two probes that
transmit and receive the sound waves and a device that displays the obtained value. In this
study, two probes are used: 250 kHz probe and 54 kHz probe. The 54 kHz probe only generates P waves, whereas the 250 kHz can generate both P and S waves. As can be seen in Figure
1, there are three types of measurement techniques: direct, semi-direct and indirect. The most
reliable one is the direct measurement technique, however it is only applicable when the material thickness is appropriate to transfer the waves through the probes which are located reciprocal.

Figure 1. The three types of measurement regarding the arrangement of the probes (Pundit Lab Operating Instructions)

2

EXPERIMENTAL STUDIES

Blue Mosque is constructed in between 1609-1616, with its 6 minarets. The laboratory experiments are applied on the stones of the minaret which is under restoration whereas the site
investigation is carried on the other 5 minarets of the mosque. The two of those five minarets
(M1 and M6) have a height of 57 meters with two balconies; whereas the other three ones
(M2, M4, M5) are 66 meter tall with 3 balconies. The minarets are stone masonry constructions. Figure 2 illustrates the settlement of the minarets of the Blue Mosque. While this study
is being carried, the honeycomb part of the minaret M3 is removed due to the restoration work.
The ultrasound, Schmitt and the compressive strength tests are carried on the stones removed
from the honeycomb and will not be reused after the restoration. Besides, ultrasound testing is
done on the other five minarets on the site.

Figure 2. Blue Mosque and the settlement of its minaret
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Figure 3. The debris removed from the minaret M3 and the cubic specimens obtained by cutting them

Figure 3 shows the debris removed from the minaret M3 and cut to the appropriate shape
for the compressive strength test. The 7x7x7 cm and 5x5x5 cm cubic pieces, which are referred as “the large samples” and “the small samples” respectively in this paper, are obtained.
First the large ones are worked. Five measurements are done for the each three pair of opposing surfaces to evaluate the P and S wave velocities, not only the numerical value but also
with the wave forms. The 54 kHz probes are used for the P waves and the 250 kHz ones for
the S waves. When it is completed, P wave velocity values are found to be reliable. However
the 250 kHz probes generate the P and S waves together, therefore the velocity value shown
on the screen is not respectable and the wave forms are required to be inspected. Nevertheless
it should be a detailed observation, since the P and S waves are not clearly detectable due to
the limited dimension of the specimens. After the ultrasonic test, the Schmitt Hammer test is
carried and then the density of each cubic piece is determined.

Figure 4. The ultrasound and Schmitt Hammer tests application

Figure 5. The samples cracked while the Schmitt Hammer test application

The Schmitt Hammer test is applied on each three non-reciprocal surfaces. After the ultrasonic test, Schmitt Hammer test and the density evaluation, compressive strength test is applied. The small samples are cracked during the Schmitt Hammer test, due to their dimensions,
hence it is decided not to apply the test on them. Besides, the test applied on the large samples
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is not concluded in reliable correlation with the compressive strength test. Therefore, the
Schmitt Hammer test results are not regarded in this study.
It is observed on the cracked specimens that, despite their soft surfaces they have quite stiff
cores inside. This fact is considered as one of the reasons for not yielding reliable correlation
between Schmitt Hammer test and compressive strength test results.
There are several ultrasound test measurements that resulted in remarkably different outcomes for each surface pairs of the same sample. Besides, it is thought that the compressive
strength result is effected by the other two directions that the compression is not applied. Regarding these observations, three different methods are asserted in order to inspect the correlation between the P wave velocity and the compressive strength value.
3

THE ANALYSES

The analyses are launched after collecting the data from the previously mentioned tests.
The S wave velocities are determined by observing the wave forms, then the regression analysis is carried to evaluate the correlation of the data. First, the correlation between the P wave
velocity and the compressive strength is inspected. Concerning the readings on different surfaces of the samples, the correlations between the compressive strength and the following
three measurements are regarded respectively: P wave velocity related to the compressed surface; the mean value of the P wave velocity related to each surface; the minimum P wave velocity obtained from each surface.
As can be seen in Figure 6 and 7, the correlations are found to be 66%, 77% and 79% respectively.

Figure 6. The correlation between the compressive strength and P wave velocity related to the compressed surface

Figure 7. The correlation between the compressive strength and (a) The mean value of the P wave velocity related to each surface (b) the minimum P wave velocity obtained from each surface
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Then, the correlation between the minimum P wave velocity obtained from each surface
and the compressive strength is observed for the samples having 40MPa and below compressive strength. As Figure 8(a) points, the correlation increases up to 81% in that case. Consequently, the same analysis is carried for the samples with a compressive strength of 35 MPa
and below; 30 MPa and below. The correlations are found to be 81% and 85% respectively
(Figure 8(b), 8(c)). It is clear that the correlation is the same for the samples with a compressive strength of 40 MPa and below and 35 MPa and below; whereas it increases for the ones
with 30 MPa and below. However, there are 55 samples with 40 MPa and below compressive
strength out of 61 total samples; whereas only 32 of them have 30 MPa and below compressive strength. It implies that, when only the samples with 30 MPa and below compressive
strength are considered, almost the half of the specimens are disregarded.
Figure 8(d) represents that when the samples with a compressive strength of 25 MPa and
below are considered, the correlation decreases to 77% and there are only 18 samples tested.
Respecting the previously mentioned results, when the correlation and the number of the
tested samples are regarded, the correlation between the compressive strength and the P wave
velocity for the specimens with a compressive strength of 40 MPa and below is found to be
more reliable among the carried regression analyses.
Furthermore, the correlation between the P and S wave velocities is examined. As explained earlier, the S waves require a detailed eye observation on the waveforms. The observation declines that detecting the S wave velocity on a large cubic is easier and more reliable
than that on a small one; since the wave path is longer. Therefore, the correlation between P
and S waves is examined regarding the results obtained from the large samples. When the P
wave velocity is considered, the mean value of the three surface readings is taken and as can
be seen in Figure 9(a), it is found to be 86% correlated to the S wave velocity.

Figure 8. Correlation between the minimum P wave velocity from each surface and the compressive strength for the
samples having 40 MPa and below (a), 35 MPa and below (b), 30 MPa and below (c), 25 MPa and below (d)
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Figure 9. The correlation between (a) Vs and Vp (b) Density and Vp regarding three surfaces of the samples

Furthermore, the correlation between the density and the P wave velocity is examined. The
minimum value of the P wave velocity readings from the three surfaces is regarded. First, the
analysis is carried concerning the results taken from the samples with a compressive strength
of 40 MPa and below; however it is revealed that the correlation and its equation does not
change significantly when all the samples are considered. Therefore, the equation found when
all samples are analyzed is respected (Figure 9(b)).
The other five minarets M1, M2, M4, M5, M6 are observed by ultrasound testing equipment on site and the results are assessed regarding the laboratory test results mentioned above.
The 54 kHz and 250 kHz probes are used for the site survey. Besides, the circular column at
the core of the minarets where the stairs are rising, is measured by direct method using 54 kHz
probes.
4

RESULTS

First, the equations obtained from the laboratory tests are applied on the site survey results.
The regression equation of the P wave velocity and compression strength correlation is adopted on the P wave velocity reading taken from the minarets on site to reveal the compressive
strength of the material. The mean compressive strength values of each stone in a minaret is
evaluated as following: 28 MPa for M1, 10 MPa for M2, 31 MPa for M4, 10 MPa for M5, 10
MPa for M6. Besides, the samples tested in the laboratory result in 28 MPa of mean compressive strength. The compressive strength of different parts of each minaret is indicated in Figure 11, by a color scale. The color scale is illustrated in Figure 10.

Figure 10. Color scale

5

DISCUSSIONS

This study offers the first application of compressive strength test on Blue Mosque stones,
therefore it provides notable contribution to the literature when the future restoration works
are considered. The samples tested in the laboratory result in 28 MPa of a mean compressive
strength and the compressive strength of the other five minarets on the site is detected part by
part for each one.
It is found to have a correlation of 81% between P wave velocity and the compressive
strength of the material. Besides, it is assumed that the nonhomogeneous structure has an effect on the compressive strength of the stones.
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Figure 11. The compressive strength of different parts of each minaret shown by a color scale
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Moreover, a number of stones with tough inner cores despite of their soft surfaces are
blamed for the unreliable Schmitt Hammer test results. Additionally, the Schmitt Hammer test
is observed to damage the samples.
The samples tested in the laboratory reveal that the P wave velocity obtained from different
directions of the same cubic is significantly variable and the compressive strength result is
highly effected by this diversity. The most reasonable outcome is obtained when the correlation between the minimum of the P wave velocity readings taken from 3 different surfaces of
the sample and the compressive strength. However, it must be regarded that, the five minarets
on site are not appropriate for taking the readings from all directions of the material.
When the P wave velocity that appears on the screen during the reading and the S wave velocity that obtained by an eye observation on the wave form are compared, the former one is
found to be more respectable. Therefore, especially for the site surveys, the limitations of
reading the S wave velocity should be concerned. This study offers the idea to determine the
material property using the P wave velocity, neglecting the S wave velocity.
When the larger samples are considered higher level of correlation is found between the P
and S wave velocities and the correlation between the P wave velocity and the density. This
relationship may lead to the evaluation of S wave velocity and the density; therefore the shear
and the elasticity modulus, employing the measured P wave velocity. This concept is left for a
further study.

REFERENCES
[1]

Proceq, Pundit Lab Operating Instructions, Proceq SA, Schwerzenbach, Switzerland,
2017.

4807

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

EXPERIMENTAL INVESTIGATION OF SHEAR STRENGTH OF
SOLID BRICK URM WALLS RETROFITTED WITH TRM JACKET
Athanasia K. Thomoglou1, Athanasios K. Karabinis2
1

Civil Engineering Department, Democritus University of Thrace (DUTh),
Kimmeria, 67100 Xanthi, Greece
e-mail: athomogl@civil.duth.gr

2

Civil Engineering Department, Democritus University of Thrace (DUTh),
Kimmeria, 67100 Xanthi, Greece
e-mail: karabin@civil.duth.gr

Abstract
This study is part of an experimental program on full-scale strengthened Un-Reinforced Masonry (URM) walls with Textile reinforced mortars (TRM). Four solid brick walls (one control and three strengthened specimens with central opening), were tested under the diagonal
tension (shear) test method in order to investigate the effectiveness of the strengthening system on the in-plane behavior of the walls. All the URM panels consist of solid bricks and a
high strength binder mortar. Both of them have increased mechanical properties leading to
improved shear behavior of the masonry walls. Several parameters pertaining to the in-plane
shear behavior of the retrofitted panels were investigated, including shear capacity, failure
modes, the number of layers of the external TRM jacket and the existence of the central opening of the wall. The experimental work allowed an evaluation of the shear behavior in the
case of the bidirectional textile (TRM) system applied on URM walls. The experimental results of URM and retrofitted walls with different layers are compared with each other. The
purpose is to investigate in depth and to draw conclusions about the in-plane shear behavior.
Keywords: TRM, solid brick URM, in-plane performance, seismic strengthening, diagonal
compression test, wall’s opening.
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1

INTRODUCTION

The existence of the doors and/or windows openings of the Unreinforced masonry (URM)
walls significantly affects the shear behavior of the structure. Hence, there is an urgent need to
investigate the influence of the retrofitting technique on URM walls with openings. In the
field of rehabilitation and strengthening of the existing masonry buildings, Textile Reinforced
Mortar (TRM) has attracted considerable research interest as an alternative to the traditional
strengthening methods due to its better compatibility with the URM substrate, fire resistance,
excellent mechanical strength and stiffness in the direction of the fibers, while it improves the
seismic capacity of URM walls (Thomoglou et al 2020). Nevertheless, there is limited experimental research on full-scale walls.
The existence of openings in masonry walls is often responsible for in-plane collapse
mechanism creation, leading to the entire building collapse (Chalioris et al. 2013, Chalioris et
al. 2015). Considering this critical parameter, there is a limited experimental study on retrofitting masonry walls with openings. Several works on infill masonry walls with openings were
carried out by Kakaletsis and Karayannis (2008), Kakaletsis and Karayannis (2009), Decanini
et al. (2014), Mansouri et al. (2014), Sigmund and Penava (2014), Tasnimi and Mohebkhah
(2011), or without openings by Lee et al. (2010), Rousakis (2017) and Rousakis (2020). From
the abovementioned research, it is concluded that openings have a significant effect on the
characteristics of masonry infill walls, such as failure mode and lateral strength, and ductility
reducing shear strength, stiffness, and energy dissipation capacity.
The work concerns diagonal compression tests on solid brick URM and retrofitted walls
with TRM jacket on both sides of the walls. The TRM reinforcement system comprises one,
two, or three plies of glass fiber mesh in a cement mortar matrix. This strengthening method
has an advantage over other traditional solutions in easy application, excellent adhesion of the
mortar to the brick substrate, high tensile strength, and low elasticity increasing compatibility
with masonry. The purpose is to investigate and to draw conclusions about the shear behavior
of strengthened full-scale brick URM walls with a central opening.
2

EXPERIMENTAL PROGRAMM

This experimental study deals with full-scale URM walls comprising solid bricks and a
high strength binder mortar (Durostick D-31). The TRM strengthening system consist of one,
two or three layers of glass mesh in a cementitious matrix applied to both of the specimen
with central opening. The strengthening concept is based on the observation that the strengthening mortar matrix plays a key role to the contribution of the total shear capacity
(Thomoglou et al. 2020). All the experiments were conducted at the Laboratory of Reinforced
Concrete and Seismic Design of Structures of the Department of Civil Engineering of the
Democritus University of Thrace.
3
3.1

MECHANICAL PROPERTIES OF MATERIALS
Mechanical properties of bricks and mortar and exterior strengthening

The nominal dimensions of the solid bricks were 200 mm (Length) x 100 mm (Width) x 50
mm (Height) (Figure 1a). The compressive behavior of brick units is determined in two load
directions: perpendicular and parallel to the bed joints. Six units were tested in total under an
axial load after grinding of their loading surfaces according to procedures established in the
European standard EN 772-1 (2000). Two displacement transducers (LVDTs) and a laser meter were used to measure the vertical and horizontal deformations, Δv and Δh (Thomoglou et
al. 2018). The compressive strength of the bricks equals to 116.17 MPa. A render mortar of
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20M class was used to construct all the walls, with a nominal mortar thickness of about 10
mm. The 28-day compressive strength of the Durostick D-31 mortar obtained by testing 40
mm × 40 mm × 160 mm mortar prisms according to EN 1015-11 (1993) with an average value of 38.15 MPa, while the tensile strength is 15.76 MPa (Figure 1b).
Prior to the application of the TRM jacket, the masonry specimen was coated with lightheavy, reinforced cementitious mortar (SikaRep®-200 Multi) in order to smooth the protrusions and to get a flat layer on the external surface. The exterior strengthening system consisted of 1, 2 or 3 plies of glass grid embedded into a cementitious matrix. The glass fibers were
arranged along two rectangular directions with axial spacing of 18.1 mm in the longitudinal
and 14.2 mm in the lateral direction, respectively, as shown in Figure 1c, while its mass was
360 g/m2 per unit area. The modulus of elasticity in the longitudinal direction was 80 GPa.
Fiber reinforced cementitious mortar with pozzolanic admixtures had a 28-day compressive
and flexural strength of 28.85 MPa (based on EN 1015-11) and 6.78MPa, respectively, while
the Modulus of elasticity was 8.03 GPa (according to the manufacturer) (Thomoglou et al.
2019b).

a)

b)

c)

Figure 1 a) Dimensions of solid brick, b) Maturing mortar prisms and test pieces after a three-point bending test,
c) Dimensions of fiberglass grid SikaWrap®-350GGrid.

4
4.1

TEST SET-UP AND LOADING
Main headings

In order to investigate the shear behavior of the strengthened walls under lateral loading,
the diagonal compression test, was standardized by ASTM E 519-07 (ASTM 2010) to determine the shear capacity of 1200 mm x 1200 mm masonry panels. The specimens were loaded
in compression along one diagonal to cause tension failure, with the specimens splitting apart
parallel to the direction of loading. For this study, four specimens were constructed in full
scale and the thickness for all panels was 210 mm. All specimens were with central opening
(one control and three strengthened walls with 1-ply, 2-ply or, 3-ply glass TRM, respectively).
The dimensions of the opening are 450 mm (length) and 300 mm (height) (see Figure 2a).
The layers of the glass TRM were applied over each side of the panel.
The in-plane test setup comprises of two steel loading shoes, according to ASTM E519,
placed diagonally opposite to the corners of the specimen, while they attached the upper shoe
to the MTS servo-hydraulic piston (Figure 2b). Diagonal compression was applied via a 450
kN MTS servo-hydraulic piston. High-performance shrinkage compensated a cementitious,
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free-flowing mortar SikaGrout-312 HP which was used to fill the two shoes (capping), maturing for at least 24 hours.
The compressive load applied uniaxially and monotonically to the failure point at a rate of
0.01 mm/s. The diagonal compression test was widely used to broaden the knowledge on masonry subjected to in-plane behavior. Although diagonal compression does not reproduce a
field condition behavior of the masonry field, however, it is more conservative because of the
limited value of the vertical load and is standardized according to ASTM 2010, (Thomoglou
et al. 2019a).

a)

b)

Figure 2 a) Experimental set up of solid brick URM wall with central opening, b) Arrangement of measuring
instruments on the URM wall.

5
5.1

RESULTS-DISCUSSION
Displacement Force Diagram

The mechanical parameters of the tested specimens are presented in Table 1. The results of
the experimental tests on the maximum applied load, the ultimate shear stress, the ultimate
displacement, the ultimate shear strain, and the failure mode for each specimen are presented
in columns (2)-(6) of Table 1, respectively. The production of the reinforcement is defined as
the ratio between the maximum load applied to each strengthened panel to the unreinforced
control wall. It can be observed that there is an increase in shear capacity and therefore an improvement in the production of external strengthening amounting to 339%, 470%, and 701%
for 1, 2, and 3-ply TRM jacket, respectively, compared to the value of 61.49 kN of the control
wall. Besides, the displacement of the retrofitted specimen shows 2.31, 2.71 and 3.04 times
the value of 4.19 mm of the control one, for 1, 2, and 3-ply TRM jacket, respectively.
The results from those masonry specimens with a central opening retrofitted with 1 to 3ply TRM jacket are summarized in the response curves of Figure 3 and compared with each
other. In the load-displacement diagram, the strengthened masonry specimen with central
opening and 3-ply of fiberglass mesh (SS-O-UMG3), presenting more plastic behavior and
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showing the best shear response from all the strengthened walls. An important observation is
that as the shear capacity so the ultimate displacement of retrofitted masonry walls increases
proportionally to the amount of TRM for 1 and 3 plies.

Figure 3 Experimental set up of solid brick URM wall with central opening.

Maximum
Plies of
Ultimate
Ultimate
Specimen
Displace
applied
TRM
Shear
Shear
ment
Codes
failure
textiles
stress
strain
load
Pu
τu
δu
γu
(kN)
(Mpa)
(mm)
(mm/mm)
(1)
(2)
(3)
(4)
(5)
(6)
SS-OControl 61.49
0.17
4.19
0.0028
UM1
SS-O1 ply
208.19
0.59
9.67
0.0051
UMG1
SS-O2 plies 289.23
0.82
11.35
0.0068
UMG2
SS-O3 plies 431.20
1.22
12.72
0.0091
UMG3

Failure Mode

(7)
SF
TRM failureDT
TRM failureDT
TRM failureDT

DT: Diagonal Tension, SF: Shear Friction
Table 1: Experimental results.

5.2

URM Failure Modes

The typical crack patterns of the four masonry walls after shear failure are illustrated in
Figure 4. The control wall with central opening showed a brittle failure caused by the loss of
the bond between the mortar and the bricks, as well as a diagonal tensile stress with a simultaneous fracture of the mortar and bricks, which caused a stair-step cracking and shear friction
(Thomoglou et al. 2019a). Hence, the failure mode of the control wall with central opening
(SS-O-UM1) is a shear friction. The failure mode of the strengthened wall with 1-ply (SS-O-
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UMG1) is diagonal tension, which appears with a thorough crack along the entire length of
the diagonal parallel to the direction of the load and across the width of the panel. The evolution of the diagonal crack started from the point where the maximum concentrated tensile
stresses appear. This point is the two opposite corners of the hole in the vertical direction,
while at the two opposite corners of the other direction maximum compressive stresses develop. Also, two cracks are developed from the external side of the panel and end at the two opposite corners of the opening, which are located almost perpendicular to the load direction
(Figure 4a)-b).

a)

b)

c)

d)

Figure 4 Failure mode of a) control brick URM wall (SS-O-UM1), b), c), d) strengthened wall with 1-ply (SS-OUMG1), 2-ply (SS-O-UMG2) and 3-ply (SS-O-UMG3) glass textile, respectively.

The failure mode of the retrofitted solid brick URM (SS-O-UMG3) with 3 plies of glass
textile and a central opening is similar to the specimens with 1 and 2 plies of TRM jacket (see
Table 1 and Figure 4 b)-d)). Nevertheless, a wider vertical crack is observed and parts of the
strengthening mortar of the TRM jacket are effectively detached. The glass textile failure is
observed here as well as in the case with 1 and 2 plies (SS-O-UMG2, SS-O-UMG3), respectively (Figure 4b)-d)). Finally, the effectiveness of this significant strengthening technical is
highlighted, if we include the fact of preventing the final collapse of the masonry, which is
very important for the safety of human and material resources.
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CONCLUSIONS

A full-scale experimental investigation was aimed to assess the effectiveness of the TRM
external jacket in order to improve the in-plane behavior of the four solid brick specimens
with a central opening. The masonry panels were retrofitted using three different configurations (with 1, 2, 3 plies of a both-sided TRM application) and were tested under monotonic
diagonal tension (shear) test. From the aforementioned results, the following concluding observations arise:
x The TRM jacket has improved the shear capacity and deformation capacity, which
caused the failure of the strengthened walls in a more plastic way.
x There is an increase in shear capacity and therefore an improvement in the production
of external strengthening amounting to 339%, 470%, and 701% for 1, 2, and 3-ply
TRM jacket, respectively, compared to the value of 61.49 kN of the control wall.
x The displacement of the retrofitted specimens shows 2.31, 2.71 and 3.04 times for 1, 2,
and 3-ply TRM jacket, respectively, compared to the value of 4.19 mm of the control
wall.
x The best shear behavior was demonstrated by the masonry specimen with 3-ply of
TRM and a central opening of solid bricks compared to all masonry walls.
x The failure mode of the control wall with central opening is shear friction, while the
strengthened masonry specimens exhibited TRM failure and diagonal tension.
x The tests results demonstrated that the glass TRM jacket plays an important role in retaining and protecting the solid brick masonry wall. The strengthening system prevents
the abrupt reduction of the resistance and significantly reduces the brittle behavior,
avoiding an explosive collapse.
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Abstract
Metamaterials for seismic protection are engineered to filter the low frequency component of
seismic waves. In this study, we investigate the performance of a metastructure focusing on
the improvement that the concept design of metamaterials can bring in the field of seismic
isolation. The metastructure is realized as composite foundation built as a stack of concrete
plates having internal resonant elements. The feasibility of the composite foundation is investigated by performing simulations in which at the base of each column of the building a composite metastructure replaces elastomeric isolator. Dynamic linear analyses are set for
concrete multi-story frame buildings by using spectrum-compatible accelerograms for the
horizontal components of the ground motion. The main result is the achievement of a reduction in the total displacement of the upper structure with respect a classical base isolation
system. This work is a step forward in the understanding of the properties and performance of
composite foundations as innovative base isolation system.
Keywords: Metamaterials, Seismic isolation.
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1

INTRODUCTION

Research and applications in earthquake engineering are focused on seismic protection methodologies for infrastructures and buildings since a lot of decades. Despite the great developments in geophysics seismic monitoring, the incoming earthquake is a dreadful natural event
with a significant impact on the structures and people. The reduction of the buildings seismic
vulnerability is an important research field in which two main approaches merge; from one
side the design capacity strategies based on exploitation of the ductility resources of the building by preserving global safety condition are widely applied in common design activity; from
the other side, seismic protection techniques are explored and improved in order to get the
best safety condition for the structures when earthquakes occur. Nowadays, seismic protection
system is often designed by combining more than one technology, such as elastomeric and
damper elements. Within this context, concepts for seismic protection, related to metamaterials, are introduced by researchers as innovative approaches useful at developing technologies
for seismic protection.
2

SEISMIC METAMATERIAL

Metamaterials attracted interest from the field of physics, where structures that shown
negative refraction and permittivity were realized. From the end of the last century research
on metamaterials in optical and electromagnetic field exploded [1]. They can be defined as
artificial structures with periodic architecture, not available in nature, designed to produce an
optimized response to specific excitation. The most interesting property for the development
of seismic metamaterials is the chance to exploit the frequency bandgap in which propagation
of seismic wave is attenuated [2]. From this starting point a lot of searches in earthquake engineering started and proposed new approach in seismic protection: seismic cloaks and
metabarriers as large-scale protection system of large built areas (and ground volume) and
metafoundations, as improvement of seismic protection for the single building by including
metamaterial design in the foundation structure [3-9]. The main evidence in all the applications is the low frequency working range (0.1-20 Hz), because both earthquakes frequency
content and natural frequencies of most of the building in civil engineering are low. For this
reason, seismic metamaterials involve large mass and size.
3

STANDARD BASE ISOLATION SYSTEM

Base isolation systems are widely used for seismic protection of concrete multi-story frame
buildings. The most popular devices are the elastomeric isolators in which layers of rubber
and vulcanized reinforcement steel plates are alternated. Rubber compound guarantees high
damping action or other elements with high damping capacity increase this property: the first
are called High Damper Rubber Bearings (HDRB), the second Lead Rubber Bearings (LRB).
The main features of elastomeric devices are the horizontal low stiffness and vertical load capacity need to transfer the entire dead and live load to the foundation. When this devices are
installed at the base of the building, mechanical decoupling between superstructure and
ground is achieved and, the vibration period of the structure shifts to higher period and the
total acceleration of structural mass is reduced. Their effectiveness is tested by massive experimental tests and, by now, thousands of isolated buildings with this system demonstrate good
performance when seismic event occurs.
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4

METASTRUCTURE

From analytical point of view, the study of seismic metamaterials is manly based on the theory of phononic crystals and periodic chains of mass-in-mass system. The bandgap computed
with the dispersion relation defines the attenuation regions of metamaterial in the space frequency-wavenumber [10]. Metastructure is proposed in this work, to replace elastomeric devices in standard base isolation system. In this study metamaterial is characterized by external
element with inclusions therefore simplified lumped model is a bi-atomic chain or mass-inmass chain. The parameters of the model are: mass of external element (m1), mass of internal
element (m2), stiffness connection between consecutive external elements (k1) and stiffness
connection between internal and external elements (k2). The dispersion relation of the periodic
chain of the mass-in-mass system is given by:
(1)
Starting point of this study are the results obtained by experimental tests on a demonstrator
built of four stacked concrete square plate in each of which five cylindric steel resonators are
allocated [11]. Connections was realized by rubber elements excited in tension-compression
regime. The demonstrator was tested under dynamic loading with sinusoidal input, from 1 to
8 Hz, applied at the bottom plate. Measurements of displacements confirm a bandgap near 5
Hz. From the bottom to the top, input signal is trapped, and the top plate does not move. Demonstrator was designed with external mass (m1) equal to 317 kg, total internal mass (m2)
equal to 245 kg, external stiffness connection (k1) equal to 155e3 N/m and internal stiffness
(k2) connection equal to 1080e3 N/m. This values are used in the following, as reference in
design of metastructure simulated in this work.

(a)

(b)

Figure 1: (a) geometry of one plate of the metastructure designed in this work with values shown in Tab 1. (b)
details about rubber connection between resonators and concrete plate.

5

NUMERICAL INVESTIGATION

In this part, seismic performance of a square plan concrete four-story frame building is
studied An artificial seismic signal is applied and the results between the performance of the
proposed metafoundation and the standard base isolation are compared. The building has a
symmetrical geometry, with side equal to 6 m, height of each story equal to 3.5 m, section
column of 0.5x0.5m, section beam of 0.4x0.6 m. Concrete floors have thickness equal to 0.2
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m and base floor, that ensure rigid motion of the isolated structure, 0.35 m. The dead load is
estimated at 7 kN/mq while live load is set at 2 kN/mq.
The design of metastructure is performed in order to define the lower branch of the bandgap
by keeping appropriate horizontal stiffness and by limiting structural mass. Reference design
is the experimental device [11] whose plate can be used as modular element and in this work
by considering six plate in 2x3 array. Fig.1 shows sketch of one plate of the metastructure
while Tab. 1 collects geometrical and mechanical data: m1 is the concrete plate mass, m2 is the
total mass of resonators, k2 is the liner compression/traction stiffness of rubber elements that
connect resonators with concrete plate, while k1 is the horizontal stiffness between overlapped
plates that is realized by appropriate connection elements. Theoretical expected dispersion
relation obtained by using this design is shown in Fig.2.
m1
1902 kg

k1
0.31e6 kN/mm

m2
1470 kg

k2
1.08e6 kN/mm

Table 1: Mechanical lumped parameters of metastructure.

Figure 3: Dispersion curves of mass-in-mass chain with lumped parameters equal to data in Table 1. Theoretical
expected bandgap starting at 2.70 Hz.

In order to compare the behavior of metastructure and standard base isolation with elastomeric devices (named BI in the following for brevity), equivalent linear stiffness for BI is assumed qual to k2.
5.1

Artificial seismic input

Dynamic loading applied at the building is a set of artificial ground acceleration timehistory computed through the software SIMKE_GR (SIMulation of earthQuaKE ground motions) [12]. Indeed, in compliance with construction standards in design of structures for
earthquake resistance (European codes and Italian national codes), seismic analyses can be
performed by using a set of spectrum-compatible artificial accelerograms at elastic response
spectra with a viscous damping equal to 5%. The source data of artificial earthquakes generation are collected in Table 2 and one of the accelerograms is shown in Figure 3. Accelerograms concern horizontal component of the ground motion while vertical one is neglected.
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site
Messina (IT)

design
life
50

ground
type
D

ag/g
0.337

viscous
damping
0.05

Table 2: Spectrum-data for the generation of the artificial horizontal seismic accelerograms.

Figure 3: Artificial spectrum-compatible earthquake (a) time-history ground acceleration, (b) ground acceleration in frequency represented by Fourier amplitude spectrum.

5.2

Dynamic analysis: model

The building is modeled by using the structural software SAP2000 [13]. A diaphragm constraint is applied at each story to model high stiffness of the concrete floor. Metastructure is
modeled by using a simplified configuration of points (one for each plate) connected by mechanical link with linear force-displacement law. Damping in metastructure is neglected in
order to observe mechanical response associated with the design configuration of mass and
stiffness. Linear dynamic analysis is performed by using direct integration method on Eq. 2
that represents the linear system of equations of motion of the building and metastructure
(coupled) in which M is the stiffness matrix, C the viscous damping matrix, K the stiffness
is the ground acmatrix, , and are acceleration, velocity and displacement fields and
celeration. Vertical motion is neglected in metastructure. Viscous proportional damping is set
equal to 5% at 1 and 10 Hz.
(2)
In addition to artificial earthquake, a sweep signal, modulated between 0.1 and 10 Hz, is
applied at the base of the structure to check working frequency range of metastructure and
frequency response function is evaluated as ratio between power spectral density of displacement field of the check point and that of input as shown in Eq.3.
(3)
Results show comparison between response of structure with fix base, standard elastomeric
devices and metastructures.
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5.3

Results

The total displacement at the top of the building is shown in Fig. 4. Total displacement for
isolated structures is almost entirely a rigid motion of the whole structure respect to the plane
of the isolation system because bending modes are attenuated. Reduction of displacement
when metastructure is set (red line) can be observed in the most time of structural response, in
some points is closed at 50% compared to the BI case. This result improves performance in
seismic protection because amplitude and number of oscillations of the superstructure is reduced. Fig. 5 shows the frequency response function of metastructures and highligths reduction at lower frequency compared to BI while peaks between 1 and 3 Hz concern local modes
of the metastructure (motion in-phase and out-phase between plate and resonators).

Figure 4: Time-history total displacement at the top of the building (uT) with fix base (black line), BI (blue line),
metastructure (red line) by applying artificial earthquake (ug) .
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Figure 5: Frequency Response Function evaluated as ratio between power spectral density of total displacement
at the top of the building (uT), with fix base (black line), BI (blue line), metastructure (red line), and ground motion (ug) set as modulated sweep signal.

6

CONCLUSIONS
• One metastructure characterized by four overlapped plates with inside resonators is proposed as innovative system od base isolation, by starting from good results in experimental investigation;
• The goal of metastructures would be the total isolation of the structure during earthquake
but tuning bandgap at very low frequencies is very hard because requires lower stiffness
and higher masses;
• By setting appropriate configuration of metastructure bandgap closed to 2 Hz is obtained
and filter effect is enforced compared to standard BI system;
• Good reduction in oscillations and amplitude total displacements of four-story frame
building under seismic dynamic loading is provided. This can have important benefits for
the occupant because perception of earthquake is reduced.

7
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Abstract
In this study the effect of ground motion characteristics on the response of an isolated base
using double friction pendulum bearings (DFPBs) is presented. Planar nonlinear time history
analyses are performed considering one horizontal and the corresponding vertical component
of natural ground motion records. Both far-fault and near-fault ground motion records are
considered. In order to focus on the effect of the ground motion intensity measures on the
DFPBs response, without taking into account the effect of any other structural characteristics, an analysis model comprised of two DFPBs coupled with a rigid beam is assumed. For
this reason, a finite element modeling that can capture the kinematic behavior of the isolation
bearing parts is adopted. In order to investigate the effect of the vertical seismic component
on the response of the isolated base results in terms of peak developed displacements are presented. Moreover, the performance of ground motion intensity measures for use in probabilistic seismic demand models for isolated base under horizontal and vertical seismic component
is assessed.
Keywords: Seismic Isolation, Double Friction Pendulum Bearings, Vertical Ground Motion,
Optimal Intensity Measures.
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1

INTRODUCTION

Base isolation consist a seismic protection technique which may applied in both new and
existing structures [1]. Two main categories of base isolation devices are in use, the rubber
bearings and the friction pendulum ones. The single friction pendulum (SFP) bearings have
been studied since 1990 [2-4]. Subsequently, bearings composed by multiple concave spherical surfaces, such as double friction pendulums (DFPs), have been also examined [5].
Isolation devices are principally described by low lateral stiffness. Due to this fact, the superstructure is decoupled from the ground by implementing isolators at a certain level. Thus,
the seismic demands of the superstructure are significantly reduced, while large displacements
are introduced at the isolators [1]. However, under near-fault ground motions, which are characterized by large amplitude, low frequency, and pulse type of excitation, the performance of
the base isolation tends to be reduced [6].
Another feature of near-fault ground motions is the intense vertical component [7, 8]. The
detrimental effect of the strong vertical excitation is examined in reinforced concrete buildings, bridges and isolated structures [9-16]. The performance of friction pendulum bearings is
strongly affected by the axial load variation during the sliding phase [17, 18]. As such, the
effect of vertical ground motions on the response of seismically isolated structures should be
studied using more sophisticated models. Given that, in order to assess the seismic response
under a probabilistic framework, and set the probabilistic seismic demand model (PSDM), the
uncertainties introduced by the ground motions should be examined [19-21]. By this, the efficiency of several intensity measures (IMs) in predicting the seismic response of base isolated
structures, under horizontal and vertical ground motions, is investigated.
In the present study the effect of seismic excitation characteristics on the response of an
isolated base, formed using DFP bearings, is assessed. Specifically, 21 IMs are examined in
order to conclude to the most optimal one upon which the PSDM should be conditioned.
Near-fault, as well as far-fault natural ground motion records are considered. Moreover, both
horizontal and vertical seismic excitation are assumed, in order to highlight the contribution
of the vertical component on the seismic response, examining also the variation of the performance of the IMs in estimating the response of the isolated base.
2

OPTIMAL INTENSITY MEASURES

In recent years, probabilistic analysis has become widely used for structural engineering
purposes and PSDMs have been developed aiming to predict the response of a structure under
earthquakes of certain intensities. The most common tool for this assessment is to develop
fragility curves of structures. Specifically, fragility expresses the probability (P) that the capacity (C) of a specifically measured engineering demand parameter (EDP) of a structure will
exceed a certain level of demand (D), for a specific ground motion IM, as defined by the following equation [22]:
P D ! C IM

§
·
ln(Sd / Sc ) ¸
)¨
¨ E 2 ¸
D IM
©
¹

(1)

ZKHUHĭLVWKHVWDQGDUGQRUPDOFXPXODWLYHGLVWULEXWLRQIXQFWLRQ6c is the median value of the
FDSDFLW\ZKLFKLVHVWLPDWHGWKURXJKWKHDGRSWHGOLPLWVWDWHVDQGȕD|IM is the dispersion or logarithmic standard deviation for the demand conditioned the IM.
The median seismic demand Sd is related to an examined IM with the following expression:
Sd

a IM
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where a and b are the linear regression coefficients for the logarithmic expression of the assumed scale law.
The linear regression analysis is performed between the engineering demand parameter
calculated via the time history analyses and the corresponding IM values. The dispersion of
the median demand is reported by the logarithmic standard deviation of the linear regression
analysis (Eq. (3)). This parameter constitutes the demand uncertainty introduced in the probabilistic model.
ED IM #

¦ (ln(d )  ln(a
i

b

IM )) 2

N2

(3)

where N is the total number of the data.
The appropriate selection of an IM plays an important role in the accuracy of a probabilistic seismic demand analysis (PSDA) for structures. As such, the choice must be made based
on criteria, presented in the literature, which help to distinguish the accuracy of the seismic
assessment. An optimal IM is defined by primary factors such as efficiency, practicality, proficiency and sufficiency [22-25].
Efficient IMs are the ones that eliminate the dispersion of the results about the median,
which means a decrease in the uncertainties introduced to the PSDM, resulting in superior
fragility curves GXULQJWKHYXOQHUDELOLW\DVVHVVPHQWǹGLVWLQJXLVKHG,0DFFRUGLQJWRLWVHIIL
FLHQF\LVUHSUHVHQWHGE\DORZHUORJDULWKPLFVWDQGDUGGHYLDWLRQȕD|IM (Eq. (3)). Moreover, the
coefficient of determination of the linear regression analysis (Rr2) could represent a parameter
that denotes the performance of an IM regarding its appropriateness in predicting the structural damage [26]. Practicality refers to whether or not there is any direct correlation between an
IM and the demand placed on the structure and is measured by the regression parameter b in
the PSDM Proficiency is a composite measure that assesses the effect of both efficiency and
practicality as follows [25]:
]

3

ED IM
b

(4)

EXAMINED GROUND MOTION RECORDS AND IMS

In order to examine the effect of the ground motion characteristics on the response of the
isolated base a cloud analysis is performed using the natural ground motions proposed by
FEMA P695 [27] are considered. The specific data set is comprised of both far-filed and nearfield ground motion records. The hole set consists 50 pairs of ground motions. However, due
to the fact that vertical excitations records are not provided for 4 seismic events (i.e. RSN725,
RSN496, RSN723, RSN1048), 46 pairs of ground motions are used. From those, 21 pairs are
far-filed records, while 25 are near-fault ones.
In order to designate the earthquake intensity measures (IMs) that affect the seismic response, a large number of seismic parameters is considered in the present study. Specifically,
20 IMs, of the horizontal seismic excitation, are taken into account which can be classified
into amplitude, energy, spectral, and frequency parameters [28]. Amplitude parameters include peak ground acceleration (PGA), peak ground velocity (PGV), and peak ground displacement (PGD). The root mean square of acceleration (ARMS), of velocity (VRMS), and of
displacement (DRMS), the characteristic intensity [29] (IC), the Arias intensity [30] (IA), the
cumulative absolute velocity (CAV), the specific energy density (SED), the strong motion
duration [31] (tD), the index proposed by Fajfar-Vidic-Fischinger [32] (IFVF) and the characteristic length scale [33, 34] (Lm), fall into the class of energy ground motion parameters. Re-
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garding the spectrum intensity measures, the acceleration spectrum intensity [35] (ASI), the
velocity spectrum intensity [35] (VSI), the Housner spectral intensity [36] (SIH), and the spectral acceleration (Sa(Tt)) that correspond to the fundamental vibration period of the superstructure (Tt) are considered. The mean period [37] (Tm), the ratio PGV/PGA, and the period
(Tpred) corresponding to the peak acceleration of the elastic response spectrum are assumed as
frequency parameters.
4

EXAMINED MODEL

Scope of this study is to examine the effect of the ground motion IMs on the response of a
seismic isolated base using DFPBs, under horizontal and vertical excitation. As such, the
DFPBs are simulated with a full three dimensional continuum modelling using the finite elements method. The analytical presentation of the adopted modelling approach, as well as it
validation has been presented by Kavvadias et al. [38]. The detailed model of the bearing’s
geometry allows a complete description of it kinematic behavior, accounting the restoring
forces, the variation of axial forces among the contact surfaces as a consequence of vertical
acceleration or overturning moments, and uplift [39]. In order not to count the effect of any
structural feature on the dynamic response, a simplified analysis model is examined. The
analysis model consists of two identical isolation bearings connected with a rigid and massless beam. The gravity loads W are considered at the top of the isolators, while the ground
motion excitation is applied at the base in terms of seismic acceleration. The schematic of the
model, as well as the DFPB properties are presented in Figure 1.
W

W

Rigid Beam

Tiso = 3s

R1 = R2 =1,18m
ȝ1 = ȝ2 = 0,1

Figure 1: Schematic of the examined numerical model.

5

RESULTS

Planar nonlinear time history analyses are performed using each horizontal component individually. Additionally, in order to examine the effect of the vertical ground motion, time
history analyses are conducted assuming also the vertical excitation along with each horizontal one. The data are classified also according to the seismic record type to far-fault and nearfault. In order to evaluate the seismic response of the isolated structural system, the maximum
bearing displacement (MBD) is considered as EDP.
In Figure 2 two representative force-displacements loops of the DFPBs are presented. It is
obvious that vertical excitation causes an intense variation of the shear forces which can be
justified by the variation of the axial forces due to the vertical acceleration. However, in both
loops can be observed that the maximum developed displacements do not present a noticeable
variation.
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Figure 2: Force-Displacement hysteretic loops of the DFPBs.

In Figure 3 the MBDs for each analysis type is presented. Figure 3(a) depicted the results
under far-field seismic records, while in Figure 3(b) the results under the near-fault records
are illustrated. It can be observed that the maximum seismic demands are higher under nearfault records. However, regardless the ground motion record type, the maximum response
seems not to be affected by the vertical excitation, as the maximum displacements considering
only the horizontal component (MBDH) are fairly equal to the displacements assuming also
the vertical component of the ground motion (MBDH+V). Although the detailed FEA modelling of the DFPBs, the effect of the vertical ground motion component on the MBD is negligible.
(b)
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MBDH (m)

MBDH (m)

Figure 3: Comparison of the MBDs considering horizontal and horizontal along with vertical seismic excitation
under (a) far-fault and (b) near-fault ground motion records.

As indicated above, the identification of an optimal IM in estimating the seismic demands,
is based on criteria such as efficiency, practicality and proficiency. In Figure 4 the values of
the coefficient of determination (Rr2  WKH VWDQGDUG GHYLDWLRQ ȕD|IM), the slope of the linear
regression (b) and the proficiency value (ȗ) are presented. The IMs criteria values are presented comparatively regarding the ground motion record type and the consideration of the vertical ground motion on the analysis.
It is obvious that the presence of the vertical component do not affect the performance of
the horizontal seismic excitation IMs. Therefore, there is no need to examine the effect of the
characteristics of the vertical acceleration signal on the seismic demands, as it should be negligible.
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Figure 4: Values of (a) coefficient of determination Rr2, (b) standard deviation ȕD|IM, (c) slope of the linear regression b and (d) proficiency value ȗ.

In general the most optimal IMs are the parameters VSI and SIH. These two velocity based
spectral parameters present at the same time the higher values of Rr2 and b, and the lower valXHVRIȕD|IM and ȗ. As such these parameters rank as the most optimal ones regardless the as-
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sessment criteria. The performance level of the two aforementioned most optimal IMs are almost identical regardless the ground motion record type. Under far-fault excitations, acceleration based parameters such as PGA and ASI demonstrate high enough performance in
predicting the seismic response with low uncertainties. Moreover, they present high level of
practicality. That can be justified due to the fact that the acceleration level defines the initiation of sliding, given that a vast majority of the far-fault ground motions barely initiates the
isolator’s sliding. On the other hand, under near-fault excitations these parameters present
poor performance. Furthermore, velocity based parameters such as PGV and IFVF performs
quite well in case of near-fault records. Finally, ground motion parameters such as PGD, tD
and frequency based ones are found to be the less optimal IMs to generate PSDMs for seismic
isolated structures.
6

CONCLUSIONS

In the present study the effect of the ground motion intensity measures on the seismic response of a base isolated with double friction pendulum bearings is investigated. Moreover,
the effect of the vertical ground motions is examined. Thus a finite element analysis modelling is adopted that can capture in high accuracy the kinematic response of the bearings. The
main concluding remarks can be summarized as follows:
1. Vertical ground motion component may affect the shear forces of the bearings due to the
variation of the axial forces, however does not significantly affect the developed maximum displacements.
2. Near-fault seismic records result to higher seismic demands.
3. The characteristics of the vertical excitations does not affect, in a systematic way, the developed maximum displacements of the isolation bearing. Therefore, the performance of
the horizontal seismic component IMs presents identical performance regardless the consideration of the vertical seismic component.
4. The velocity spectrum intensity (VSI) and the Housner’s spectral intensity (SIH) are identified as the most optimal IMs for use in probabilistic seismic demand models for the examined structural system under both far-fault and near-fault ground motion records.
5. Under far-fault records, peak ground acceleration (PGA) and tacceleration spectrum intensity (ASI) follows, while under near-fault records peak ground velocity (PGV) and the
intensity proposed by Fajfar-Vidic-Fischinger (IFVF) present also a high performance.
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Abstract. The importance of the logistics sector has increased even more in the last year, due
to the Pandemic event which lead to an increasing of the online purchases. Goods and products
are generally located in steel frames known as steel racks or simply racks. Consequently also
the safe design of these structures, i.e. preserve their fully functionality and avoid their collapse,
is becoming of paramount importance, especially when they are located in strong and moderate
seismic zones. Despite pallet rack provisions for seismic loads have been signiﬁcantly improved
in the recent years, only two classic ways to enhance the seismic performance are considered:
rack netting and structural strengthening. Both of these suggested solutions are not fully effective to preserve the integrity of the stored products that, when subjected to strong accelerations,
can topple and fall down. The only reliable and effective systems seem to be the introduction
of seismic devices, such as base-isolation and energy dissipation systems. Since no indications
about these techniques are reported in the standards, many researches worldwide are trying
to ﬁll this gap. Unfortunately, up to now, just theoretical studies and very limited applications
are available in literature. In the present paper a short overview on the base isolation systems
available on the market for different steel storage rack typologies is presented highlighting main
advantages and defects of each solution.
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1

SEISMIC FEATURES OF PALLET RACKING SYSTEMS

Storage racking systems are engineered structures which are designed to withstand high
loads during their life. In many countries all over the world, performance requirements and
compliant criteria are established either by law or by technical recommendations, which often
regard seismic actions as well. Typical rack frames (Figure 1) are made by open cold-formed
thin-walled steel members, which lead to signiﬁcant and non-negligible torsional effects. In
fact, designers must be able to account for the calculation of bimoment distribution along the
members and the associated tangential and normal warping stress during the design of rack
frames [1]. In addition, these members are often prone to local and/or distortional buckling
phenomena, which largely precede the attainment of the yielding capacity. These proﬁles do
not guarantee the exploitation of the plastic capacities of the cross sections [2]. For this reason,
designers cannot rely on the capacity design principles [3] enforced by the mainstream codes
worldwide [4, 5]. For the plastic design of such structures, it is important to rely exclusively
on the post-yielding capacity of connections. The cyclic response of standard beam-to-column
rack joints is remarked by a strong pinched behaviour. The typical relationship between the
bending moment and the relative upright-beam rotation shows a considerable loss of stiffness
after the ﬁrst cycle [6, 7, 8]. Also the connections between uprights and building slab are
characterised by a very limited degree of ﬂexural stiffness and bending resistance. In most of
the cases, when the cross-aisle direction is considered, the seismic action can pose a risk for
the overturning, which becomes the most dangerous limit state. Nevertheless, as happened for
the beam-to-column connections, the nonlinear cyclic behaviour can provide a non-negligible
ductility to the structure. The main peculiarity of these structures is the quite limited self-weight,
which is generally not greater than 5% of the payload. This characteristic brings to periods of
vibration which are greatly dependent on the considered level of occupancy, affecting hence
either the seismic effects and the structural responses. The design is governed by different
load conditions: i) the fully loaded rack (100% occupancy); ii) only the top storage level fully
occupied and iii) occupancy levels from 50% to 70% of the total load. These conditions are
prescribed in both the static (EN15512:2021 [9]) and the seismic (EN16681 [10]) design codes.
For seismic design purposes, racks are often broken down into two planar lateral resisting sub-systems, which can be used to assess the overall performance of the structure. The
down-aisle structural scheme can be studied as a moment-resisting frames; they are made up of
uprights (vertical elements) that are connected to pallet-beams (horizontal elements) by means
of special beam-end connectors. A great body of research focused on studying its performance
by exploiting the analogues techniques used for standard buildings [12]. Down-aisle frames
have fundamental periods usually longer than 2.00 seconds (see, [11]), which entails a higher
demand in terms of displacement.
The cross-aisle structural scheme is often truss-like and tends to have fewer internal degrees
of freedom, thus making fragile collapse modes most likely. Hence, as also shown by many
works [13, 14, 15]. Hence, its lateral resistance is promoted by the ﬂexural behaviour of the
base-plate connections and the stiffness of the braces. Nevertheless, this scheme gives to the
upright frames a high degree of stiffness, which may cause excessive accelerations at decks
level. This last circumstance sets the stage for the sliding of pallets on the supporting beams,
which can lead to shedding of goods, endangering the health of workers/customers or damage
some structural parts and thus likely triggering cascading effects. In the cross-aisle direction,
the fundamental period is generally short, comprised between 0.5s and 1.0s [16, 17], placing
the structure in the most energetic part of the commonly deﬁned design spectra.
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Figure 1: Typical steel storage pallet rack and its main components [11]

Despite the great efforts made to develop more safe and update standards [10], there are
issues which still remain not solved. In particular, during a seismic events pallets can overturn
and impact against the steel structural skeleton frame causing the well-known domino effects,
i.e. the progressive collapse of the entire structural system, as showed in 2. An adequate
isolation system could be useful to prevent also this phenomena.

Figure 2: Collapse of a warehouse after an earthquake in Italy [18]
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2

SEISMIC ISOLATION AND ENERGY DISSIPATION DEVICES

Nowadays, a large variety of devices and techniques are available for seismic isolation of
structures, often increasing in its use in highly exposed seismic areas [19], where seismic design
of structures can be challenging when post-earthquake functionality is considered [20]. Base
isolation systems (BIS) are known to be the most cost-effective and efﬁcient devices for earthquake mitigation [21]. In general, BIS introduces a layer between structures and foundations (or
bases) consisting of suitable devices with low lateral stiffness, which almost completely retain
the previous vertical stiffness. The main effect of inserting the isolation system is a major shift
in the fundamental vibration period of the structure that can be selected to be quite distinct from
the energy contents of most predicted seismic events.
Similar beneﬁts are demonstrated when the BIS technique is applied to racking systems. The
research proposed by [22, 23] shows that if a warehouse is treated as a standard building, several
advantages can be obtained when the seismic performance is evaluated. In particular, the proposed solution concerned the application of elastomeric seismic isolators at the base of the huge
warehouse, under the concrete slab, as can be done in traditional buildings. Authors demonstrated a non-negligible beneﬁts especially in terms of reduction of relative displacements and
torsional effects. However, despite this approach is promising, it is not always applicable, and
its convenience may stuck to only one structural direction due to a quite remarkable difference
in periods. For this reason some pieces of research focused on proposing purposely developed
hardware to be used for rack systems.
2.1
2.1.1

Seismic isolators for cross-aisle direction
Pellegrino® isolation system

The trademark Pellegrino® identiﬁes a system that provides seismic isolation along the crossaisle direction alone to pallet type steel storage racks, by incorporating high damped elastomeric
bearings and friction plates (Figure 3). Filiatrault et al. (2008) [24] presents a summary of the
experimental results of isolated pallet racking tests performed on the triaxial shake table at the
University of Buffalo (USA). The proposed Pellegrino® isolation system works in the cross-aisle
direction and can cut down the amount of energy that is transmitted to the superstructure, thus
reducing the likelihood of content spillage. Figure 3 shows a detailed view of the system, which
consists of a U-shape plate (Horizontal Support), inserted inside a steel box (Box Fabrication)
which is welded on the base plate (Base Plate). For the sake of brevity more details are not
reported here. The base plate must be anchored to a rigid slab by means of anchor bolts. The
results obtained from full-scale experimental tests [24] showed: i) the system reduce greatly the
top accelerations in the cross-aisle direction but it has also some beneﬁcial effects in reducing
the accelerations in the down-aisle direction. The efﬁciency of the base isolation system in
reducing the cross- and down-aisle accelerations increases with the weight of the merchandise.
This beneﬁcial effect is directly related to the changing in the fundamental period of vibration
which increase in both directions with respect to the natural period of the racks with ﬁxed bases;
ii) damage on the uprights and merchandised overturning, which characterised the ﬁxed base
tests, have never observed in the base isolated cases; iv) the system brings to a great reduction
of the interstorey drifts.
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2.1.2

IsolGOODS® isolation system

FIP MEC has developed a quite novel device (Figure 4) that is an unidirectional seismic isolation device that provides seismic isolation to the rack in the cross-aisle direction only. This
solution is effective because the fundamental period of racks in the cross-aisle direction is usually short, and thus the isolation system can provides a greater shift in period while keeping a
small footprint. This allows to use the pallets slots at ground level, as in a conventional pallet
rack, while part of said pallet slots is lost when using multi-directional isolators. Additionally,
the system is able to prevent the up-lift of the rack, that could happen in particular load cases under high seismicity actions, in particular in single-entry pallet racks. IsolGOODS® is classiﬁed
as a pendulum isolator or Curved Surface Slider (CSS), as deﬁned in [25], with a single surface
of sliding. Low-lateral ﬂexibility is guaranteed by a low-friction material, and FIP MEC uses
a particular material for this device, i.e. FIP friction material (FFM), which ensures very high
load-bearing capacity and wear resistance [26]. The performance of the IsolGOODS® device
has been assessed by means of shake table test performed at the FIP Laboratory Tests (Italy).
A one-bay four-storey pallet rack was equipped with the presented isolation system and its dynamic behaviour was studied under a set of ground motions, as discussed in Tagliaﬁerro et al.
(2021) [17].

Figure 4: device installed under a single-entry pallet rack: render view of IsolGOODS® solutions [11]

Together with the two presented solutions, other special devices have been developed by dif-
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ferent company during the last years for storage racks, like the LOKI system one (http://www.lokibase.com,
accessed 2021). However, up to now, there are no scientiﬁc results published on international
journals for this or other systems.
2.2

Energy dissipation

For the points introduced in the previous section, the common procedures enforced by many
codes for the seismic design of structures associate a certain structure ductility to a certain degree of energy dissipation. The most common approach foresees the use of a factor used to scale
down the seismic demand, by inherently assuming that part of the energy that an earthquake can
possibly transmit to a structure is partially dissipated/avoided. In general, a dissipative structure
can be designed by either locating ductile zones or adding extra devices to perform that duty.
The latter represents the approach that should be followed for inherently fragile structures.
2.2.1

Upliﬁtng and sliding friction base-plates

The considered device was proposed as a friction-based devices and can provide energydissipation by means of wide and stable loops, with a negligible hardening phenomenon and
experiencing no damage. For seismic resistant structures, purposely designed devices are commonly embedded into braces [27], beam-to-column joints, and into column-base joints [28],
whereas it is always important to guarantee an even distribution of inter-storey drifts to exploit
the displacement-dependent energy dissipation of these devices [29]. A novel dissipation joint
was studied by Tang et al. (2017) [30] for adjustable pallet racking systems. It was developed
for low and medium-rise racks, and the method consists of inserting a steel sliding friction
base-plate connected to all the uprights (Figure 5(a)). The device, presented for the ﬁrst time
in Clifton (2005) [31] (Figure 5(d)), can dissipate energy thanks to a friction-based mechanism
rather than forming yielding zones at the base connections. On top of this, this device promotes
a rocking behaviour, so that, when the device is activated, the structure beneﬁts from a further
shift in period.
2.3

Seismic performance of Grana cheese steel racks

As it is well-known, Grana is a type of Italian cheese proposed in the form of large wheels.
Generally Parmigiano cheese is stored in structures made by composed steel tubular columns
(two tubes of 50 × 50 mm with thickness of 3 or 4 mm and a global height from 7 to 9 m)
having 1.5 m of span (Figure 6). Along the cross-aisle direction, each bay is connected by
means of wooden panels, on which the cheese wheels rely, and via a continuous tubular steel
on the top. Global length can vary from 18 to 40 m. When the steel rack is connected to the
concrete wall (case S2 of Figure 6), it is simply supported on the ﬂoor, i.e. no anchors are
present. On the other hand, when it is anchored to the ﬂoor, it is not connected to counter walls
(case S1 of 6). Bracings are always present only in the down-aisle direction. A great number
of these structures have been designed more than 20 years ago, considering only vertical forces
(with no seismic actions) and, therefore, they are generally in an unsafe condition. For this
reason, earthquakes occurred in May 2012 in Emilia Romagna (Italy) caused causes severe
damages to grana warehouses, that progressively collapsed causing a domino effect leading to
the loss/depreciation of several thousands of tons of grana cheese.
After this catastrophic event more attention has been paid to the seismic behaviour of these
structures. Franco et al. [32] proposed a complete study on the dynamic behaviour of these
racks, focusing the attention on the seismic improvement techniques. A solution proposed
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(b)

(c)

(a)

(d)

Figure 5: (a) Test setup of the fully loaded frame [30]; sketches of the three connections compared: (b) rigid
base-plate, (c) yielding base-plate and (d) friction base-plate

by the Authors is to use a passive-control system: viscous dampers are directly connect to the
surrounding concrete structures (see, S3 of Figure 6). The time-history analyses of the proposed
conﬁgurations have shown that the use of dampers presents noteworthy advantages for all cases
in which the constraint degree of the racks is augmented and, consequently, their stiffness is
increased. The advantages are in terms of stress reduction in the rack elements, and of reaction
forces transmitted to the surrounding support structures.

Figure 6: Three structural conﬁgurations that can be considered to simulate the scalere in the cross-aisle direction
(after Franco et al [32]).

Furthermore, as discussed in [33], some producers, instead of performing speciﬁc seismic
study on their warehouse, decided to renew completely the steel structures by changing com-
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pletely the structural system. The brand new structures that store Grana cheese consist of coldformed columns; the components of the bracing system are made using structural bolts, instead of welding. Boxed composite columns (different from producer to producer) are realised
by coupling two open cold-formed mono-symmetric channels or sigma members. Along the
columns height (in general about 7-9 m), horizontal L-proﬁles (angles) are connected, vertically spaced at about 330 mm and protrude beyond the central column as cantilever beams
supporting the wooden boards (with 30 mm thickness), on which cheese wheels are directly
located. In the longitudinal (down-aisle) direction, the geometry of the oldest and new type
cheese rack is the same, differing only for the structural components and for the connection
system between columns. This new frames are never connected to the surrounding concrete
structure and in seismic areas, rely completely on the hysteric behaviour of the base-plate.
3

FINAL REMARKS

The deep understanding of the seismic performance of steel structures used to store good
and products, known as steel storage pallet racks, is becoming of a paramount importance.
In the speciﬁc standards only the classic techniques to improve structural behaviour of racks in
seismic zones are provided, with no indications about the seismic isolation or energy dissipation
devices. If overturning of stored goods is of concern, there are only two ways reported for the
improvement of the safety of racks in seismic zones: rack netting and structural strengthening.
The rack netting is a steel netting installed on all sides of the rack, covering the bay openings
from top to bottom. It can be noted that if netting is installed, it then needs to be removed
and reinstalled every time a storage slot is accessed. As regards the latter provision, it can be
noted that it allows the structure to meet the code requirements, but increases the stiffness of
the structure at the same time, adding rigidity and introducing higher accelerations throughout
the system. The two approaches can be used together, but neither rack netting nor structural
strengthening protect the rack and prevent adequately the product shedding.
The product shedding prevention must be always considered in the design process, being
the total cost of stored goods generally much higher than the cost of the structural components.
Seismic isolation seems to be a very useful and effective solution, and a number of investigations
are nowadays in progress in many parts of the world. The paper has shortly discussed the
main characteristics of several devices applied to different typologies of steel storage racks, by
reporting studies taken from the available literature. The two innovative systems called RIGIDU-RAK system (Pellegrino®) and FIP MEC System (IsolGOODS®) are reported showing main
characteristic and advantages of each solution. The results show that the application of a seismic
isolation system can reduce accelerations on both cross- and down-aisle directions, and avoid
the overturning of the stored goods and damage on the uprights. Finally, the use of dissipative
devices is discussed. It can be an effective and low-cost solution as demonstrated by Tang et al.
(2017) and Franco et al. (2015). Devices of such kinds can provide rack structures with more
resilience, for the design and retroﬁt of structures, as it is shown in the collected research.
4
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Abstract
This paper presents the research on recycled rubber material design, made from vehicle tires,
to be used as a matrix of low-cost seismic isolators' prototypes for risk mitigation in South
America buildings. Four mixes were contrasting to determine the influence of the particle size
distribution on the recycled rubber characteristics, three of them with different size particle
composition and the last one with a non-control distribution. Mechanical properties such as
density, hardness, and tensile stress, were studied, and stereoscopic images were taken. In the
controlled size distribution case, the experimental results showed an improvement in the
packing capacity of the particles with a better consolidation of the material under the same
processing conditions as a consequence. Regarding the tension stress, the controlled mixes
achieved a maximum strength higher than the non-controlled mix (up to 70%), and their spectroscopy images show consolidated materials without voids or pores. All the samples presented a similar hardness with values higher than the natural rubber one (60). Therefore, the
development of recycled rubber material with a control size distribution allowed to improve
the material behavior without changes in the manufactured process.
Keywords: Seismic Isolation, Low-Cost Seismic Isolators, Recycled Rubber, Particle Size
Distribution.

4845

Rojas C. Carolina, Ortega E. Lizeth, Madera S. Ingrid, Losanno Daniele, and Ortiz L. Albert

1

INTRODUCTION

Seismic isolators are proposed as technologies for the mitigation of seismic risk to be applied in various structures and are currently accepted by several countries [1]. Current efforts
are mainly directed towards reducing manufacturing costs and reducing the weight of devices,
exploring variations in the matrix material [2], [3], and the reinforcement material [4]–[6].
Studies focused on the matrix of the devices offer interesting environmental benefits when
using recycled rubber for their manufacture. The consolidation of the material from recycled
rubber can be with additives such as binders or without using them [7].
The recycled rubber as a raw material of the seismic isolators has been studied by several
authors [8 – 12] to gain insight into the possible parameters and their influence on the material
performance and presented the viability to use it for commercial production [11]. These studies employed a manufactured molding process to consolidate the material, with additives [12]
or without it [8-11]. They also studied the influence of the manufactured process parameter
such as molding time and pressure time.
The tensile strength increases with higher pressure and more extensive molding time,
which means the cohesion between particles improves to obtain density with values higher
than 1.18 g/cm3, as shown at the diagram at figure 1 [8]. A relation between the size distribution on the particle rubber and the behavior of the final material was proved.
Higher results in tension were obtained for tertiary distributions with 25% of medium particles and 25% of large particles, in contrast to the distribution composed for 100% of fine
material that presented comparable tension values but 62% of maximum elongation [9, 10].
The designed material from the studies mentioned previously were used to produce commercial devices such as anti-vibration tiles and tiles [11].

Fine

Medium

Coarse

Figure 1: Work diagram of Guglielmotti [8].

According to the studies previously mentioned, the results obtained evidenced the influence of the particle distribution on the material properties for the same processing conditions.
The current study proposes the design of a recycled rubber matrix by evaluating different particle size distributions to improve the performance of the recycled rubber material.
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2

EXPERIMENTAL PROCEDURE

The samples were made with rubber particles recycled from tire used coming from the
productive process of a Colombian Company (Occidental de cauchos). This company is dedicated to recycling and reusing tires used to produce simple components, like car mats and
others. To obtain the particles of rubber, the tires were classified, separated, adequate, shredder, sieved, and packed; the process uses particles with a primary diameter higher than
2.00mm, which correspond to the material retention of 10 mesh sieves [13]. To consolidate
the matrix, the particles were agglomerated with a polyurethane binder manufactured by
molding compression.
The design of the rubber matrix was made to obtain insight into the effect of the size distribution in the performance of the rubber matrix, an additional separation after the recycle
tyre process mentioned in the raw material section was made with mesh sieves. Table 1 shows
the classification of the rubber particles used to design the rubber material.
Size (mesh
sieve)
5-200
10-30
10

Diameter
(mm)
0.074-0.297
0.595-2.00
>2.00

Classification
Fine
Medium
Coarse

Table 1: Particles classification.

Three size particle distributions were designed using the particle classification presented in
Table 1. The denomination letter and composition in weight percentage of each mixer is show
at the Table 2. These mixes were evaluated in contrast with a non-control distribution (NC)
obtained from the separation process that the company currently uses at their productive process, using sizes of particles of 2.00 mm and less.
Mix
A
B
C

Fine (%)
50
50
75

Medium (%)
25
50
25

Coarse (%)
25
0
0

Table 2: Mixer composition.

The characterization techniques were tensile strength (ASTM D412-06, ASTM D3039),
and hardness (ASTM D2240-05) [14]. Due to the dependence of the compression time by the
sample size, each test requires different amounts of time to be manufactured. Table 3 shows
compression times and molding temperature.
Test
Compression time (min)
Compression temperature (°C)

Shear
15, 20
140

Tensile
3, 5, 7
140

Table 3: Fabrication process of sample rubber matrix.
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To evaluate the matrix's conformability regardless of its compatibility and presences of porous, stereoscopic images were taken with a Stereoscopic Stereo Discovery V8 of Carl Zeiss
with an AxioCam ERc5s camera in the facilities of the Pontificia Javeriana University.
3
3.1

RESULTS AND ANALYSIS
Tensile test

The samples are denominated by letter and compression time, the first one was indicated at
Table 2, and the last one was indicated at Table 3. For example, the A3 denomination is for
mix A compressed for 3 minutes. Figure 2 shows the experimental results of the tensile test
for each Mix and compression time. Results include the samples of non-control distribution
made at this study and the results obtained in other studies [15].

Figure 2: Experimental results for tensile test.

The tension test provides information about the adhesion between the rubber particles;
therefore, the material's behavior will depend on its consolidation. Figure 2 shows a proportional relationship between maximum stress and deformation, where the highest values of
maximum stress correspond to the largest deformations. The dispersion founded in the results
may be due to purely procedural conditions, such as the heat transfer that produced a loss of
mold temperature.
In general, all the proposed mixtures (A, B, and C) reached values greater than 6 MPa with
deformations greater than 100%. It was found that mixture A showed the highest value of
maximum tensile stress, with 6.53 MPa for 109.7 % deformation, with differences of 7.2%
and 2.8% compared to the maximum values of maximum stress of mixtures B and C, respectively. The synergy between particle sizes led to improved packing capacity in the material,
increasing the contact surface area between them, and the density obtained from these samples was 0.94 g/cm3.
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3.2

Hardness

The hardness samples were denominated similar to the tensile test. The three mixes are indicated by the letter (A, B, C), and the number 1 and 3 indicated 10 and 15 minutes of compression, respectively. Figure 3 shows the results of hardness for the different mixtures.

Figure 3: Shore A hardness of the samples.

Hardness is a surface property; it provides an idea of the surface resistance of the samples
and the state of consolidation in this area. The hardness results show that mixture C presented
the best performance for the shortest molding time evaluated, with 71.67 for 10 minutes, in
contrast to 70 and 67.7 for the same molding time of mixtures B and A, respectively.
Similarly, the recycled rubber agglomerate material with the composition of the mixture C
presented the highest hardness values, with 73.3 shore A for 15 minutes of molding time. In
general, there is an increase in hardness with increasing molding time, although the values are
very close to each other. These results are higher than those obtained from materials made
from natural rubber, for which 50 Shore A is reported [16], but it is an acceptable difference
for use in seismic isolators.
3.3

Stereoscopic Images

The stereoscopic images were used to evaluate the sample's failure zone to define the material behavior in the test. Figure 4 shows the 3 mixes (A, B y C) and the non-controlled sizes
distribution sample. Each mix exhibits their own and particular surface provided by the compactibility due to different particle sizes where the fine particles fill the voids between the
coarser particles.
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a)

b)

c)

d)

Figure 4: Stereoscopic images of failure zone of the samples.

As shown in figure 4, the material failure occurred in the interface between the rubber particles and through some rubber granules, preserving the integrity of the adhesive and rubber
adhesive interfaces. The tensile test proves the relation between compactability and material
behavior. The adhesion between rubber particles grows as the compactability increases, producing higher tensile strength and percentage strain due to the bigger superficial area. The
hardness does not exhibit a relation with the particle's sizes distribution. That fact could be
related to the superficially feature of the property, which shows the adhesion between particle
in a superficial way but does not reflect the property across the material.
4

CONCLUSIONS

From the results obtained in this study, it can be concluded that the design of the matrix
material made from recycled rubber particles, having the granulometric distribution as a control parameter, allows obtaining materials with good mechanical performance. This happens
when 50% of its composition are fine grains, and the remaining percentage is distributed
evenly between coarse and medium particles, producing synergy of sizes that increases the
compaction capacity.
The stereoscopic images show the effects of different particle size distributions designed to
provide synergy between sizes to increase the effective superficial area. These changes in the
arrangement of the rubber particles produce a variety of mechanical behavior, affecting properties like tensile strength, as was shown in the experimental results of the present study.
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The hardness results for the different mixtures (A, B, and C) presented very similar values,
with a small increase with increasing molding time for each mixture. On the other hand, it
was found that an improved behavior of the material fabricated with the particle size distribution, where Mix A presented an increase of 71.8% of maximum stress in tension for similar
values of deformation concerning the results obtained with granulated rubber matrices without
control over the distribution of particle sizes.
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Abstract
Ports play a crucial role in the world economy, as they represent critical nodes in regional
and national transportation networks. They are usually located in areas prone to geohazards,
such as earthquakes and soil liquefaction. Although warehouses constitute a port system's key
components, the published literature in the evaluation of their seismic vulnerability considering the effect of soil liquefaction and soil-structure interaction (SSI) is generally inadequate.
To bridge this gap, this study's objective is to implement a numerical investigation of the influence of both liquefaction and SSI on the seismic vulnerability of typical port steel lightframe warehouses. The following numerical modelling approaches are applied: i) a 2D fixedbase structure subjected to outcrop bedrock seismic motion neglecting SSI and liquefaction;
ii) ) a 2D flexible-base model, considering both SSI and liquefaction; iii) a 3D fixed-base
model which is subjected to outcrop bedrock seismic motion and thus neglecting both SSI and
liquefaction; iv) a 3D fixed-base model subjected to a free-field motion that considers liquefaction. We conduct nonlinear incremental dynamic analysis for the above numerical approaches to derive seismic fragility and vulnerability curves considering (or not) SSI and/or
liquefaction. The earthquake demand is determined based on the selection of actual earthquake records covering a wide range of seismic input motions in terms of amplitude, frequency content, and significant duration. The comparative results show the considerable role of
liquefaction and SSI in altering the seismic fragility and port warehouses' vulnerability.
Keywords: Fragility, SSI, liquefaction, steel light-frame warehouse, numerical modelling.
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1

INTRODUCTION

Ports represent critical nodes in regional and national transportation networks, having an
important impact on the world economy. Thus, resilience and continuous operation of port
structures are interrelated with international, national, and regional growth and development.
However, ports are usually located in areas prone to geohazards, such as earthquakes and soil
liquefaction. Although warehouses, which are large space steel light-frame buildings (with or
without masonry infills), constitute key components of a port system, the published literature
in the evaluation of their induced physical damages due to the effect of ground shaking and
soil liquefaction is generally inadequate. Also, soil-structure interaction (SSI) may play a significant role in the seismic performance of port structures, modifying their dynamic characteristics, as well as the seismic response at the foundation level. According to PIANC [1], most
damage to coastal structures is the result of SSI; thus, design and analysis procedures should
include both geotechnical conditions and structural conditions of coastal structures.
Usually, the seismic response of buildings is estimated assuming fixed-base conditions,
which is reasonable solely for structures on stiff or rock-type soils. Nevertheless, the seismic
response of a structure on soft soil may considerably differ compared to the fixed-base assumption [2]. In general, nonlinear soil behaviour and SSI effects on structures, either beneficial or detrimental, are well-studied [3-5]. Geometrical and material nonlinearities in the soilfoundation-structure system may detrimentally affect the dynamic behaviour of the structure,
with respect to the soil characteristics and the intensity of the ground motion [6]. The problem
is expected to be even more complicated when soil liquefaction phenomena are present.
Although some progress has already been made on the influence of ground shaking and
soil liquefaction on the structural response and vulnerability of steel frame buildings [7-9],
studies coupling both phenomena are limited. To estimate the seismic response of buildings,
also considering liquefaction, more sophisticated methods can be used [10-11]. Within an effective stress site response concept, a "fully coupled approach" can be adopted that uses a
plasticity-based constitutive model to predict both the pore pressure and the stress-strain response of the soil [12]. For estimating seismic performance and damages, the "coupled approach" has already been used for bridge systems [13-15], quay walls [16-17] and other
simplified soil-structure systems [18-19]. However, its application to steel frame buildings on
soils considering both liquefaction and SSI effects so as to estimate their physical seismic
damages, needs further investigation.
To bridge this gap, we implement a numerical investigation of the influence of both SSI
and liquefaction on the seismic vulnerability of typical port steel light-frame warehouses. The
numerical modelling approaches used for the investigation are a 2D fixed-base structure neglecting SSI and liquefaction, a 2D flexible-base model considering both SSI and liquefaction,
a 3D fixed-base model neglecting both SSI and liquefaction as well as a 3D fixed-base model
subjected to a free-field motion that considers liquefaction. We conduct nonlinear incremental
dynamic analysis for the above numerical approaches to derive seismic fragility and vulnerability curves considering (or not) SSI and/or liquefaction. Comparative results are presented
showing the significant role of liquefaction and SSI in altering the seismic fragility and vulnerability of port warehouses.
2

CONCEPTUAL MODELLING APPROACHES

We developed four modelling approaches to produce fragility curves considering (or not)
SSI and soil liquefaction:
i. a 2D fixed-base structure subjected to outcrop bedrock seismic motion neglecting SSI
and soil liquefaction;
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ii.

iii.
iv.

3
3.1

a 2D flexible-base model, considering both SSI and soil liquefaction. SSI is modelled
by applying the direct approach. The soil and the structure are analysed as a single
system, while liquefaction is considered by employing a fully coupled (u-P) formulation. Such a formulation is capable of simulating permanent shear-strain accumulation
in clean medium-dense cohesionless soils during liquefaction and appropriate constitutive model for the examined soil profiles;
a 3D fixed-base model which is subjected to outcrop bedrock seismic motion and thus
neglecting both SSI and liquefaction and
a 3D fixed-base model subjected to a free-field motion that considers liquefaction.
This two-step uncoupled approach considers the liquefaction effects on the free-field
response using the above described u-P formulation and appropriate constitutive model for the examined soil profiles. The free-field response is then applied to the fixedbase structure neglecting, thus, the SSI effects.
NUMERICAL MODELLING
Selection of the structural building typology and soil profiles

We study a typical steel light-frame warehouse, representative of Thessaloniki port critical
buildings. Figure 1 and Figure 2 illustrate a representative cross-section and the floor plan respectively of the typical warehouse, as provided by Thessaloniki Port authorities and reproduced by the authors. The main characteristics of the building are set equal to total mass
m=5.1tn, fundamental period To=0.30s, and yield strength fym= 235.0 MPa. Regarding the soil,
we consider three representative soil profiles of the port area of Thessaloniki (Greece), simplified with respect to their total depth, denoted as SP1, SP2, and SP3 (Figure 3), based on the
available geotechnical information of the port area and the available SPT and laboratory data
[20-21]. The fundamental periods To of the three soil profiles are equal to 0.88 s, 0.73 s, and
0.64 s, respectively. Figure 3 presents for all three soil profiles the variation of the shear wave
velocities VS with depth together with a general geotechnical characterization according to the
USCS soil classification scheme. The liquefaction potential of the subsoil layers of the selected soil profiles was quantitatively evaluated following the Eurocode 8 guidelines (EC8)- Part
5 (CEN 2004). For SP1, potentially liquefiable soil formations are found at depths z=-9÷-11m,
z=-14÷-20m, and z=-26.5÷-36m, for SP2 at depths z=-3÷-14m, while for SP3 at depths z=4÷-20m, which are basically silty/clayey sands and non-plastic silts with low values of NSPT.
Thus, knowing that the liquefaction susceptibility in the port area is rather high, these soil
profiles refer to ground type S according to the EC8 soil classification scheme [22].

Figure 1: Cross-section of the typical warehouse.
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Figure 2: Plan view of the typical warehouse.
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3.2

Structural modelling

In the former two conceptual modelling approaches (i.e., i. and ii.), two-dimensional (2D)
numerical simulation of the reference building, as shown in Figure 4 left, is conducted using
the open-source computational platform OpenSees [23]. Inelastic force-based formulations
are implemented for the 2D, three- degree of freedom nonlinear beam-column frame elements
modelling, while the roof (trusses) of the building is modelled using "truss" elements (with
two degrees of freedom). The uniaxial "Steel01" material is used to construct a uniaxial bilinear steel material object with kinematic hardening. The main parameters required, i.e., the
yield strength (Fy), the initial elastic tangent (E0), and the strain-hardening ratio (b), which is
the ratio between post-yield tangent and initial elastic tangent, are taken equal to Fy = 235.0
MPa, E0 = 2.1·105 MPa and b=0.01, respectively. The nonlinear beam-column frame elements
are subjected to both axial compression and bending, considering five Gauss-Lobatto [24] integration points along each member's length. The applied formulations allow both geometric
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nonlinearities (P-delta and large displacements/rotation effects) and material inelasticity to be
captured. Distributed material inelasticity along the element is applied based on the fibre approach to represent the cross-sectional behaviour [25]. Each fibre is associated with a uniaxial
stress-strain relationship; the sectional stress-strain state of the beam-column elements is obtained through the integration of the nonlinear uniaxial stress-strain response of the individual
fibres in which the section is subdivided. The truss elements are subjected only to axial compression. As they are constructed with a uniaxial material object, they consider strain-rate effects. The masses are applied as distributed along columns and beams (by assigning the
specific weight of steel material) plus concentrated vertical loads on joints due to the existence of trusses in the normal direction.
In the latter two conceptual modelling approaches (i.e., iii. and iv.), three-dimensional (3D)
numerical simulation of the reference building, as shown in Figure 4 right, is conducted using
the SAP2000 finite element program [26]. For all sections, the S235 built-in steel material
with isotropic symmetry type is used with the yield stress defined equal to 235 MPa and the
maximum tensile stress equal to 360 MPa. A parametric stress-strain curve is utilized to capture the nonlinear behaviour of the steel material comprising an initial linear region, a plastic
plateau, a strain hardening region, and finally, a necking region leading to rupture. The main
parameters required to construct the backbone stress-strain curve, i.e. the strain at yielding,
the strain at the onset of strain hardening, the strain at maximum stress and the strain at rupture, are taken equal to 0.011 for yielding, 0.02 (end of the plateau), 0.14 and 0.20, respectively. The kinematic hysteresis model is also considered, which is based upon kinematic
hardening behaviour that is commonly observed in metals. This model dissipated a significant
amount of energy and is appropriate for ductile materials. Under the rules of kinematic hardening, plastic deformation in one direction "pulls" the curve for the other direction along with
it. Matching pairs of points are linked. Upon unloading and reverse loading, the curve follows
a path made of segments parallel to and of the same length as the previously loaded segments
and their opposite-direction counterparts until it re-joins the backbone curve when loading in
the opposite direction. We use the fibre approach to represent the cross-sectional behaviour of
the beams and columns, while the built-in steel frame sections are utilized to model trusses
and braces sections. To consider nonlinear element behaviour, SAP2000 offers various hinges,
such as uncoupled moment (M2 or M3), axial force (P), or hinges with axial force and moment interaction. Herein, we consider nonlinear behaviour for beams and columns elements
using fibre hinges P-M2-M3, where the hinge force-deformation relationship is input manually, determined from the cross-section fibre model, while for trusses and braces elements, concentrated plastic hinges calculated according to FEMA are used. Once hinges are assigned,
material nonlinearity may then characterize the inelastic response of frame elements. For columns and beams, in that way, each point represents a tributary area, having its unique stressstrain law. The axial stresses are integrated over the section to estimate the values of P, M2,
M3. Fibre hinges are adapted more effectively to reality, even though they demand a lot of
computational workloads. When it comes to strength loss, this is orientated by stress-strain
law. In a cross-section, all fibres do not fail at the same time, and, thus, the overall hinges lose
their capacity at a steady pace. For trusses and braces, axial hinge type is used. Generally,
these sections are not stressed by bending or shear force but only from axial compression load.
In addition, the plasticity is distributed at the edges of each element. The hinges behave according to elastoplastic perfectly plastic law, with maximum stress defined by yield point
stress. Strength loss is considered to be extrapolated, since sudden loss is often unrealistic and
may cause difficulties to analysis, leading to time consuming.
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Figure 4: 2D (left) and 3D (right) numerical model of the warehouse.

3.3

Soil modelling

Each soil profile comprises several layers of cohesive and cohesionless soil material. The
groundwater table is located at a depth of 1.5m, 2.0m and 1.5m for the soil profiles SP1, SP2,
and SP3, respectively (Figure 3). Saturated unit weights are used for the soil below this level
and effective stress analysis is conducted using nine-node quadrilateral elements with both
displacement and pore pressure degrees of freedom. Such elements are able to simulate fluidsolid coupling during the earthquake excitation, based on Biot's theory of porous medium [27].
To account for the finite rigidity of the underlying bedrock, a Lysmer-Kuhlemeyer [28] dashpot is incorporated at the base of the soil profile using a bedrock shear wave velocity of
627.0m/s, 750.0m/s and 750.0m/s for the soil profiles SP1, SP2 and SP3, respectively and a
mass density of 2.2Mg/m3. The Lysmer-Kuhlemeyer dashpot is assigned based on the viscous
uniaxial material model and the 'zeroLength' element formulation at the same location, to
connect the two previously defined dashpot nodes. This material model requires a dashpot
coefficient that is defined according to Joyner and Chen [29] as the product of the mass density and the shear wave velocity of the underlying bedrock also including the base area of the
soil profile. To model the underlying elastic half-space necessitates that the nodes at the base
of the soil model are free to displace in the horizontal direction, are all given the same horizontal displacements and finally are fixed against vertical translation only. Mass and stiffness
proportional Rayleigh damping is assigned to account for energy dissipation during seismic
loading with a damping ratio equal to 2.0%. Periodic boundary conditions are used to ensure
that free-field conditions exist at the horizontal boundaries of the model. The displacement
degrees of freedom for the nodes on either side of the soil model are tied together, imposing
the same translational displacements in x and z directions, and rotation about the y-axis. Each
soil profile is excited at the base by a horizontal force time history proportional to the known
velocity of the ground motion [29]. Due to the consideration of an elastic half-space it was
possible to directly apply the outcropping rock motion at the base of the soil model [30].
We employ a fully coupled (u-P) formulation, capable of simulating permanent shearstrain accumulation in clean medium-dense cohesionless soils during liquefaction and dilation
due to increased cyclic shear stiffness and strength. The soil constitutive behaviour is based
on the framework of multi-surface plasticity [31], with modifications by Yang [32]. The hardening law, the yield surface and the flow rule constitute the major components of the plasticity model. During the application of the gravity load, at first the material behaviour is linear
elastic, while in the second part of the gravity analysis the constitutive behaviour of the soil
elements is changed to elastoplastic. In the subsequent dynamic loading phase, the stressstrain response is elastic-plastic. To generate soil hysteretic response under cyclic loading, we
adopt a purely deviatoric kinematic hardening rule [31]. This kinematic rule dictates that all
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yield surfaces may translate in stress space within the failure envelope [32-33] and be consistent with the Masing unloading/reloading criteria [34]. For the cohesionless soil layers, an
elastic-plastic material, namely "PressureDependMultiYield02", is used in Opensees, where
the yield function is assumed to follow the Drucker-Prager shape and the yield surface is a
function of friction angle and cohesion. Plasticity is formulated based on the multi-surface
concept, with a non-associative flow rule [32] that handles the soil contractive/dilative behaviour during shear loading to achieve appropriate interaction between shear and volumetric responses. For the cohesive soil layers, an elastic-plastic material in which plasticity exhibits
only in the deviatoric stress-strain response, namely "PressureIndependMultiYield", is used.
The volumetric stress-strain response is linear-elastic and is independent of the deviatoric response. This material is implemented to simulate monotonic or cyclic response of materials
whose shear behaviour is insensitive to the confinement change. The yield function is assumed to follow the Von Mises shape and the yield surface is a function solely of undrained
shear strength. Plasticity is formulated based on the multi-surface concept, with an associative
flow rule in which the incremental plastic strain vector is normal to the yield surface.
3.4

Soil-structure interaction modelling

For the 2D flexible-base model (modelling approach ii) the direct approach is applied,
which accounts simultaneously inertial and kinematic interaction effects. Figure 5 represents
the 2D coupled finite element (FE) soil-structure model for the warehouse resting on the liquefiable soil, which is subjected to combined ground shaking and liquefaction. The grids
adapted for the different soils SP1, SP2, and SP3 have a total length three times their depth to
avoid spurious wave reflections at the vertical boundaries. Their dimensions are defined equal
to 60.0m x 180.0m, 50.0m x 150.0m and 46.0m x 138.0m, respectively. Dense discretization
is achieved using quadrilateral elements of 0.5m x 2.0m, considering that the maximum frequency of interest is set to 10Hz. This mesh allows an adequate number of elements to fit
within the shortest wavelength of the propagating shear wave.

Figure 5: Finite element 2D model for the typical steel light-frame warehouse on liquefiable soil.

A full bond is assumed between the structure's foundation and the soil nodes. The soil and
the structure nodes at the level of foundation have appropriate constraints in order to ensure
equal displacements. Shallow, relatively flexible foundations are considered, modelled as
elastic beam-column elements of infinite rigidity, which allow columns to move differentially.
In this case, it is furthermore assumed that no interface has been considered between the
structure and the foundation and that failure will take place on the structural elements of the
building, while the structural integrity of the foundation itself will not be affected by the liquefaction induced deformation.
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4
4.1

NUMERICAL ANALYSIS
Seismic input motion

A representative set of fifteen real ground motion records (Table 1) is selected from the
European Strong-Motion Database to perform nonlinear incremental dynamic analyses. They
are all referring to rock type or stiff soils (ground types A and B according to EC8) with moment magnitude (Mw) and epicentral distance R that range between 5.5<Mw<6.5 and
0<R<45km respectively. The primary selection criterion is the average acceleration spectra of
the set to match the corresponding 5% damped median plus 0.5 standard deviations spectrum
defined based on the ground motion prediction equation (GMPE) proposed by Akkar and
Bommer [35]. The optimization procedure is performed using REXEL software [36] that allows obtaining combinations of accelerograms, which on average are compatible to the reference spectrum. Figure 6 shows the mean elastic response spectrum of the records in
comparison with the corresponding median plus 0.5 standard deviations Akkar and Bommer
[35] spectrum. As shown in the figure, a good match between the two spectra is achieved.
Earthquake
Date
Name
Umbria
Marche
(aftershock)
Valnerina
SE of Tirana
Lazio
Abruzzo
(aftershock)
Valnerina
Kozani
Friuli
(aftershock)
Umbria
Marche 1
Friuli
(aftershock)
Patras
Kalamata
Umbria
Marche 2
Montenegro
(aftershock)
Kefallinia
island
Ano Liosia

Mw

Epicentral
EC8
Fault
PGAinitial PGAcorrected
Waveform
Distance
Site
ID
Mechanism
[m/s2]
[m/s2]
[km]
class

6/10/1997 5.5 normal

5

1.838

2.060

A

651

19/9/1979 5.8 normal

5

1.510

1.472

A

242

9/1/1988 5.9 thrust

7

4.037

3.826

A

3802

11/5/1984 5.5 normal

15

1.411

1.373

A

990

19/9/1979 5.8 normal
13/5/1995 6.5 normal

5
17

2.012
2.039

2.060
2.158

A
A

242
6115

15/9/1976 6

12

1.339

1.373

A

149

26/9/1997 5.7 normal

23

1.645

1.668

A

763

15/9/1976 6

14

2.586

2.649

B

134

14/7/1993 5.6 strike slip
13/9/1986 5.9 normal

9
11

3.337
2.670

3.434
2.747

B
B

1932
414

26/9/1997 6

11

5.138

5.592

B

594

24/5/1979 6.2 thrust

17

1.708

1.766

B

229

23/1/1992 5.6 thrust

14

2.223

2.060

B

6040

7/9/1999 6

14

2.159

2.256

B

1714

thrust

thrust

normal

normal

Table 1: List of records used for the dynamic analyses.
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These records are then filtered between 0.25 and 15.0 Hz, using a fourth-order bandpass
Butterworth type filter. Baseline correction linear type is also applied. Table 1 also presents
the values of PGAcorrected obtained from the corrected accelerograms used for the analyses.

Figure 6: Average elastic response spectrum of the input motions in comparison with the corresponding median
plus 0.5 standard deviations Akkar and Bommer [35] spectrum.

4.2

Numerical analyses

To examine the effect of liquefaction on the seismic ground response, we initially perform
a comparative dynamic analysis of the considered nonlinear soil profiles. In this respect, the
utilized earthquake records are scaled at PGA values equal to 0.05g and 0.3g. For PGA equal
to 0.05g, it seems that the soil responses are within the linear elastic range, since the effective
confinement values with depth do not approach zero. On the contrary, for the dynamic analyses with input motions scaled at 0.30g, liquefaction is taking place. Layers of potential liquefaction may be identified by loss of effective confining stress at certain depths, which is
verified by the relative stress-strain loops. Figure 7 shows representative results in terms of
effective confinement with depth and stress-strain hysteretic loops at specific depth (i.e., 7 m
below surface) indicatively for Soil profile SP2 and Montenegro (aftershock) input motion
scaled at 0.05g and 0.3g.
Moreover, an initial elastic modal analysis of both the 2D and 3D fixed-base models is
conducted to define the dynamic characteristics of the structure and increase the reliability of
the proposed modelling approaches. The fundamental period of the studied structure is computed equal to 0.298 s for the 2D fixed-base model and 0.293 s for the corresponding 3D
fixed-base model providing a first verification of their validity.
4.3

Incremental dynamic analysis

2D and 3D incremental dynamic analysis (IDA) is then conducted to estimate more thoroughly the seismic performance of the typical steel light-frame warehouse due to ground
shaking and liquefaction. To express the scaling level an initial, temporary choice of an intensity measure (IM) is needed. Scaling can be re-expressed in any other scalable IM [37] after
the runs are performed. In this study, the IM is initially described by the peak ground acceleration on rock outcropping conditions (PGArock). This IM is considered more appropriate due
to its simplicity. Hence, IDA for the fixed-base and the three SSI models is conducted by applying the 15 progressively scaled records, considering a first elastic run at 0.05g, an initial
step of 0.1g and a step increment of 0.1 g. A sequence of at least ten runs is performed on
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each record. The damage measure (DM) is expressed in terms of maximum inter-story drift
(maxISD), which is known to relate well to dynamic instability and structural damage of
frame buildings.

Figure 7: Variation of the effective confinement with depth and stress strain hysteretic loops at specific depth for
SP2 and Montenegro (aftershock) input motion scaled at 0.05g (top) and 0.3g (bottom)

5
5.1

FRAGILITY AND VULNERABILITY CURVES
Definition of limit states

A key factor for the vulnerability assessment is the accurate definition of damage limit
states as they directly influence the evaluation of the fragility function parameters. Four damage states are defined in terms of maxISD ratio, describing the exceedance of slight, moderate,
extensive, and complete damage of light-weight steel warehouses. According to NIBS [38],
"Steel Light Frames" structures are mostly single storey structures combining rod-braced
frames in one direction and moment frames in the other. Due to the repetitive nature of the
structural systems, the type of damage to structural members is expected to be rather uniform
throughout the structure. Consequently, warehouses are considered as "Steel Light Frames"
structures. The qualitative description of each damage state for steel light-frame structures
adopted in this research work can be found in NIBS [38]. Usually, the damage limit states are
defined on the IDA curves derived for the fixed-base building subjected to ground shaking,
with the complete/collapse damage limit state placed at a point where the IDA curve is leaning towards the flatline. The damage limit states are selected based on the existing literature
[7, 38] combined with the IDA analysis results and objective engineering criteria. The adopted damage limit state values are shown in Table 2.
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Limit states Steel light-frame warehouse
LS 1
0.50%
LS 2
1.00%
LS 3
2.00%
LS 4
3.30%
Table 2: Limit state values in terms of maxISD adopted for steel warehouse.

5.2

Development of fragility and vulnerability curves

A fragility curve describes the probability of exceeding a specific damage state under a
seismic excitation of a given intensity. They can be produced taking advantage of the results
of the nonlinear IDA in terms of PGA and maxISD ratio, as two parameters are required for
the lognormal distribution functions given from the following equation:
(1)
where Φ is the standard normal cumulative distribution function, LSi is the damage limit state,
IM is the intensity measure of the earthquake expressed both in terms of rock outcropping
and β are the corresponding median values at which the building
PGArock measure in g,
reaches each damage limit state, i, and log-standard deviations respectively. A linear regression fit of the logarithms of the PGArock-maxISD and data pairs which minimize the regression residuals is adopted. Three components of uncertainty are accounted for related to the
definition of the limit state value βLS (defined empirically as βLS =0.4), the capacity of each
structural type βc (defined empirically as βc =0.30), and the demand βD [38]. The demand βD
is calculated conducting statistical processing of the numerical results (IM-DM data pairs). In
particular, we estimate the dispersion of the logarithms of PGArock-maxISD obtained from the
numerical analysis using the regression fit. The total parameter β, which represents the total
dispersion related to each fragility curve, is finally evaluated as the root of the sum of the
squares of the three variability dispersions assuming that they are statistically independent
[38]. Figure 8 shows the derived fragility curves along with their fragility parameters (median
and log-standard deviation β) in terms of PGArock for the steel light-frame warehouse subjected to ground shaking considering the different approaches.
From Figure 8 some interesting conclusions could be derived. First of all, it is noticed, that
2D and 3D configurations for the fixed-base structure, ignoring liquefaction and SSI effects,
are generally correlated quite well with the 3D fixed-base model showing lower vulnerability
values for all damage states. Secondly, it seems that the vulnerability of a steel light-frame
warehouse, when considering liquefaction effects, is very low. More specifically, for PGArock
values up to 2.0g, the 2D flexible-base and the 3D fixed-base models that consider liquefaction are almost no damaged. For PGArock higher than 2.0g, only the "Slight" damage state exists while fragility curves for the other damages are not proposed. A third important
conclusion is that the effect of SSI is not significant for the 2D and 3D models which consider
liquefaction. Thus, the proposed fragility curve for slight damage state is almost identical for
the 2D flexible-base and the 3D fixed-base models implying that the influence of SSI is not of
paramount importance for this specific structure.
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Figure 8: Fragility curves in terms of PGArock for the steel light-frame warehouse subjected to ground shaking
considering the different approaches.

Next, for the 3D fixed-base approach neglecting liquefaction, we perform a comparison between the herein resulted fragility curves with the ones proposed by Nazri et al. [7] for similar
structures (Figure 9). For the "slight" and "moderate" damage states fragility curves are in
quite good agreement. For the rest two damage states the correlation between the two approaches is not that good. This is due among other factors to the differences on the structural
characteristics and the definition of the complete damage limit state.

Figure 9: Comparison of the proposed fragility curves for the warehouse using the 3D fixed-base approach neglecting liquefaction with the corresponding analytical ones of Mohamed Nazri et al. [7].
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Once the probabilities of exceeding the predefined damage limit states are calculated, the
vulnerability (or damage) index dm for each level of seismic intensity can be estimated according to the following expression:
(2)
where dmj is the damage index (taking values from 0: no damage to 1: complete damage) corresponding to each seismic intensity level j, Pij is the discrete damage probability for each
damage limit state and di is the damage index at each damage limit state.
Following NIBS [38], we set the central value of the damage index at each damage limit
state for the RC buildings equal to 0.10, 0.15, 0.40 and 0.80 for the LS1 (minor), LS2 (moderate), LS3 (extensive) and LS4 (complete), respectively. A vulnerability curve is then generated which provides a unique damage index for each level of seismic intensity.
Figure 10 shows the derived vulnerability curves in terms of PGArock for the warehouse
subjected to ground shaking considering the different approaches. We observe that the vulnerability of the 2D and 3D fixed-base configurations is in good agreement. When liquefaction is
considered, the vulnerability decreases. This is due to the increased nonlinear behaviour of the
soil profile introduced by the liquefaction. The 3D fixed-base, and the 2D flexible models that
consider soil liquefaction, give almost the same vulnerability curve, which shows that the
consideration of SSI has no considerable effect on the vulnerability of the structure.

Figure 10: Vulnerability curves in terms of PGArock for the steel light-frame warehouse subjected to ground
shaking considering the different approaches.

6

CONCLUSIONS

Within this study's framework, incremental dynamic analysis was performed for a typical
port steel light-frame warehouse using a selected set of earthquake records considering four
different modelling approaches. This study aimed to identify soil liquefaction and SSI's role in
altering the seismic fragility and vulnerability of port warehouses.
1. We concluded that 2D and 3D configurations for the fixed-base structure, ignoring
liquefaction and SSI effects, are generally correlated reasonably well with the 3D
fixed-base model showing lower vulnerability values for all damage states.
2. Secondly, it seems that the vulnerability of a steel light-frame warehouse, when
considering soil liquefaction effects, is very low, possibly due to the increased nonlinear behaviour of the soil profile introduced by the liquefaction.
3. A third important conclusion is that the impact of SSI is not significant for the 2D
and 3D models which consider soil liquefaction. Thus, the proposed fragility curve
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for slight damage state is almost identical for the 2D flexible-base and the 3D
fixed-base models implying that the influence of SSI is not of paramount importance for this specific structure.
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ABSTRACT
The assessment of the built heritage vulnerability is a needful task to mitigate the seismic risk.
At this aim, fragility functions estimate the probability of exceedance of a structure at discrete
levels of ground motion. The paper focuses on the estimation of seismic fragility of unreinforced
masonry buildings typical of the inner Central Italy. Fragility assessments were performed for
selected ordinary buildings representative of the urban fabric of the Central Italy, hit by the
2016 earthquake recently. The buildings’ stock belongs to a macro-typology defined by structural features, easily available from visual inspections and geometric surveys. The structural
performances of the buildings are assessed by means of empirical and numerical approaches,
based on a large portfolio of information gathered after the 2016 earthquake swarm. Lastly,
the fragility curves for the macro-typology have been derived referred to the attainment of four
limit states of interest. A comparison between the obtained results in terms of probabilities of
exceedance underlines the main advantages and limitations of each approach in the seismic
vulnerability prediction on large scale applications.
Keywords: Masonry un-reinforced buildings, fragility curves estimation, vulnerability assessment, damage scenarios.
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1

INTRODUCTION

Recurring earthquakes in seismic prone areas represent a serious threat for the built environment due to structural vulnerabilities that affect the existing buildings. Particularly, masonry constructions suffer extended damage up to lose their structural stability under an
earthquake action. Thus, in recent years, a growing attention has been reserved to the evaluation
of the structural vulnerability of existing buildings, also deepened by fragility assessment, to
mitigate the seismic risk. A fragility function specifies the probability of a structure of attainment or exceedance a limit states of interest, depending upon a certain ground motion intensity
measure [1].
About the estimation of the fragility functions, a significant part of the scientific literature focuses on the derivation of fragility curves based on simplified analysis methods or alternative definition of the limit states [2, 3].
Several approaches are used to derive fragility curves: empirical, analytical and hybrid.
Empirical fragility methods aim to predict damage for specific levels of ground motion intensity
based on post-earthquake damage data of specific building typologies [4,5,6], through simplified assessment of seismic performance. Analytical methods, also called mechanics-based
methods, define the fragility functions based on structural or analytical models that appraisal
the seismic behaviour of the structure [7,8]. Limit state are defined in terms of quantitative
measure of structural performance, like displacements and deformation indicators [9,10]. Hybrid methods derive fragility curves using features of empirical and mechanics-based methods.
The reliability of each method depends on the availability of data and its accuracy.
Empirical fragility assessment is calibrated on a specific area hit by an earthquake. In
general, empirical fragility curves reflect uncertainties on structural data and ground shaking
intensity. Analytical fragility assessment requires a numerical or mechanical model of the structure based on an in-depth knowledge of mechanical parameters and structural details, difficultly
achievable at territorial scale application.
This paper aims to compare the empirical and numerical approaches to derive fragility
curves for ordinary masonry buildings, located in the inner Central Italy, recently hit by a shattering seismic swarm. The investigation of the seismic behavior of these buildings attempts to
mirror the entire class, representative of the local built-up.
The mean damage of the buildings’ class was, in accordance with the European Macro
seismic Scale classification, EMS-98, through an empirical approach proposed by the authors,
to derive fragility curves for five damage states. After that, the fragility functions were estimated from the results of non-linear static analysis. A comparison between the typological empirical fragility curves and numerical ones reveals the main advantages and limitations in
forecast damage scenarios and supporting resilience-enhancing strategies.
2

DESCRIPTION OF THE CASE STUDY

2.1 Characterization of the case study
The Italian built environment exhibits typical features for each region, in terms of materials and structural configurations, requiring a classification at local or regional scale [11].
This paper deserves attention to the seismic performance of the masonry ordinary buildings
typical of the Central Italy, hit by the last seismic swarm occurred in the 2016. The proposed
methodology can be addressed to any buildings’ typology by considering structural features of
the analyzed facilities, as done by other authors [12,13].
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The prevalent typologies of the analyzed built-up consist of low-rise masonry buildings
and reinforced-concrete frame buildings. Regarding the masonry facilities, two main typologies
could be detected in the selected geographical area: (i) historical constructions and (ii) ordinary
buildings. Buildings (i) are located in the historical centers, often built attached to each other
up to compose masonry aggregates of structural units with different height, number of stories,
structural types and materials heterogeneities [14,15]. In general, historical buildings are conceived to withstand only gravity loads: under an earthquake action, they suffer local mechanisms, like out-of-plane response of masonry walls. Buildings (ii), built in the last century to
expand urban centers, follow the empirical rules and the code dispositions in force at the construction period. Most of them are endowed of connections wall-to-wall or anti-seismic devices,
like iron ties, that ensure a global response of structures. Often though the poor mechanical
properties of the masonry give rise to an unsatisfactory seismic performance.
Fifteen masonry buildings are selected as representative of the ordinary buildings’ class
of the area hit by the 2016 earthquake. Most of these buildings manifested an in-plane seismic
response, with typical shear and bending failure modes. Some of them suffered local mechanisms due to the ineffectiveness of the connections wall to wall. The observed damage was
estimated in agreement with the damage classification by Grünthal [16] that ranges from the
Level 0 to the Level 5.
Buildings with a suffered damage grade Dk2 consist of 13.33% of the sample; with a
damage grade Dk3 of 80 %, and with a damage grade Dk4 of 6.67%.
2.2 The Central Italy seismic swarm
In 2016, the Central Italy was hit by a seismic swarm that started on 24 August. The first
mainshock, with a magnitude Mw= 6.2, occurred with an epicenter located in Accumoli (Rieti).
The second mainshock, with a magnitude Mw=5.5, occurred with an epicenter in Norcia (Perugia). The seismic swarm continued up to 6500 aftershocks with a Mw until 5.5, affecting four
regions: Lazio, Abruzzo, Marche and Umbria. The seismic genetic area concerns a complex
structural configuration and different faults, see Fig.1 (INGV) [17]: the soil and topographic
configurations drove strong local site effects.

Fig. 1 Scheme of Quaternary and / or active faults in the area between the Montereale basin
(south) and the Colfiorito area (north): COF, Colfiorito fault; MVF, fault of the M. Vettore; NF, Norcia fault;
CF, Cascia fault; LMF, Monti della Laga fault; MF, faults in the Montereale basin (INGV)
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Overall, the seismic swarm was shattering giving rise to hundreds of buildings damaged
and un-safe.
3

SEISMIC VULNERABILITY ASSESSMENT

3.1 Seismic assessment by means an empirical approach.
In the last decades, a significant part of the scientific literature focused on the simplified
estimation of the seismic vulnerability of masonry buildings [18,19] to face the estimation of
the seismic vulnerability at territorial level.
Empirical approaches attempt to overcome the effort of seismic vulnerability assessment on large-scale application resorting to few structural and mechanical parameters, known
from visual inspections or geometric surveys.
The authors proposed a simplified method finalized to provide a vulnerability index
(ranging from 0 to 100) for the in-plane seismic behavior, based on ten parameters evaluated
through quick formulations, related to three classes of growing vulnerability (from A to C),
with different scores associated, see Table 1.
Parameter of the wall
1
2
3
4
5
6
7
8
9
10

Weight

Quality of the masonry
Amount of openings
Behaviour in plan
Behaviour in elevation
Typology of opening
Stiffness of the spandrel beams
Tensional state in plan
Tensional state in elevation
Position of the wall
Site effects

1.00
0.5
0.8
0.75
0.20
0.40
0.8
0.8
1.25
1.05

Class A: score 0
Class B: score 50
Class C: score 100

Table 1: Form of the proposed predictive method.

The method was applied to each building of the case study. The mean value of the vulnerability
indices, representative of the entire buildings’ sample, was equal to 43.88. The expected mean
damage of the typological class μD was estimated using the macro-seismic method [20], according to Equation 1:
ሺூାǤଶହିଵଷǤଵሻ

ߤ ൌ ʹǤͷ ቂͳ   ݄݊ܽݐቀ

ொ

ቁቃ (1)

Where I is the macro-seismic intensity, Q is a ductile factor set equal 2.3, and V is the
normalized vulnerability index representative of the entire class. The average vulnerability
curves and the confidence bounds associated are derived for different scenarios, expressed in
terms of macro-seismic intensity, in Fig.2 (a), and in terms of peak ground acceleration in Fig.2
(b), evaluated according to Murphy O’Brien law correlation [21].
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Fig. 2. Mean typological damage curves: in terms of Intensity Measure (a); in terms of ag (b).

The probability of occurring the damage grade Dk is estimated as a function of the μD
according to the Eq. 2, [16]:
 ൌ 
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The typological fragility curves, derived by means the empirical method, are plotted in
Fig.3: expressed in terms of macro-seismic intensity, in Fig.3 (a), in terms of peak ground acceleration in Fig.3 (b).

Fig. 3. Typological fragility empirical curves: in terms of Intensity Measure (a); in terms of ag (b)

3.2 Seismic assessment by means mechanical approaches.
Mechanics-based approaches appraisal the seismic structural performance of buildings
accurately based on a numerical or analytical modeling. The achievement of a reliable estimation of the seismic behavior of a structure requires a deep knowledge of the structural system,
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detailed data, in-situ diagnostic tests, and a high computational effort. Therefore, the mechanical estimation of the seismic performance at territorial level represents a tricky application.
Nevertheless, the authors derived the fragility curves of the class through numerical
analysis to compare the different approaches.
Static no linear analysis was performed using a commercial software package, 3Muri
software [22], in which the equivalent frame modelling is implemented. The seismic action
corresponds to the design response spectrum, defined to the spectral parameter ag (max acceleration value), F0 (max value of the amplification factor for the horizontal acceleration response
spectrum) and Tc* (period of the horizontal onset for constant velocity), according to the Italian
Seismic Code [23, 24]. The response spectrum is defined for a return period, Tr, of 30 years,
for Operational Limit State, LS1; 50 years, for Damage Limit State, LS2; 475 years, for Significant Damage Limit State, LS3; 975 years, for Collapse Limit State, LS4. Non-linear static
analyses were carried out along the longitudinal and transversal direction, by applying two different seismic loads, and an accidental eccentricity between the mass centroid and the stiffness
centroid is considered, according to the Italian Design Code. The Acceleration Displacement
Response Spectrum, ADRS, was assumed to evaluate the seismic capacity and demand of the
structure [25]. Twenty-four pushover analyses were performed from each of the fifteen buildings, yielding 360 analysis.
Still, for each structure, the analysis representative of the lowest safety level.
The probability of collapse, Pc, descends from the estimation of the standard normal
cumulative distribution function Φ, as expressed in Equation (3):
ଵ

ௌ

ܲሾ݀௦ ȁܵௗ ሿ ൌ ߔ ቂఉ  ቀௌ  ቁቃ (3)
ೞ

ೞ

Where ds is the displacement of the threshold of damage state, Sds is the median value
of spectral displacement at ds, ßs is the standard deviation of the natual logarithm of spectral
displacement of a damage state ds. The limit damage thresholds are reported in Table 2:
Damage
Limit State
LS1
LS2
LS3
LS4

Displacement
Limit State
0.7·dy
Operational Limit State
0.8·dy+0.2·du
Damage Limit State
Significant Damage Limit State 0.5·(dy+du)
Collapse Limit State
du
Table 2: Damage thresholds definition.

The yielding and ultimate displacement, dy and du, correspond to the average of the fifteen
values, equal to 0.003 m and 0.011 m, respectively. The standard deviation is equal to 0.15 for
the yielding displacement and 0.39 for the ultimate displacement. The typological fragility
curves derived by means the numerical method are plotted in Fig. 4.
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Fig. 4. Typological fragility numerical curves for different limit states.

4

COMPARATIVE ASSESSMENT OF THE FRAGILITY CURVES

Fragility functions estimate the probability of a structure to attain or exceed limit states
of interest, depending upon a certain ground motion Intensity Measure. In seismic risk assessment, probabilities of exceedance of limit states of interest are useful to predict the seismic
behavior of the built environment before an earthquake occurs.
The authors performed seismic fragility assessment for the class of the ordinary masonry
buildings based on the empirical and numerical probabilities of exceedance.
Furthermore, the large portfolio of the gathered information and data allows to estimate
the real damage scenario occurred after the 2016 earthquake. The suffered damage of each
building of the stock was correlated to the Intensity Measure experienced by the attenuation
law proposed by Crespellani [26], see Eq. 4, to prove the reliability of the proposed empirical
method in predicting seismic damage scenario:
ܫாெௌିଽ଼ ൌ Ǥ͵ͻ  ͳǤͷܯௐ െ ʹǤͶሺܴ  ሻ (4)
Where Mw is the moment magnitude occurred, set equal 6.2, and R is the distance from
the epicenter, equal to 21.5 km. The discrete damage distributions for each buildings of the
sample, evaluated for an intensity measure equal to 8.07, is reported in Fig. 5.

Fig. 5. Discrete damage distributions for I=8.07.
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The percentage of buildings of the sample with a damage grade Dk2 was equal to 6.67;
with a damage grade Dk3 was equal to 86.67, and with a damage grade Dk4 equal to 6.67.
The forecast damage shows a good agreement with the real suffered damage: the preponderant level of damage is Dk3, with a discrepancy equal to 6.97 % with the real damage.
Moreover, the correlation law neglects the influence of possible site effects on damage
scenario.
The results discussed above prove the capability and reliability of the empirical method to
forecast the expected damage of buildings’ sample.
Whereupon a comparison in terms of typological fragility curves is performed to compare
empirical and mechanics-based methods, see Fig. 6, expressed in terms of ag.

Fig. 6. Fragility curves comparison.

For a seismic demand encloses in the range 0-0.3 g, the discrepancy in terms of probability
of exceedance for the LS1 reaches the value of 29.9 %; for the LS2 reaches the value of 47 %.
The comparison highlights a difference of fragility curves, more remarkable for the LS1 and
LS2. Whereas the fragility curves referred to the attainment of the LS3 and LS4 shows a better
agreement. For a seismic demand higher than 0.3 g, the discrepancy in terms of probability of
exceedance for the LS3 reaches the value of 19 %; for the LS4 reaches the value of 25 %.
The empirical and numerical probability values of exceeding the limit state LS1 and LS2
may be regarded as too scattered to consider equivalently the two approaches.
Overall, the empirical curves overestimate the probabilities of the collapse, on the safe side
in predicting the damage scenario.
5

CONCLUSIONS

The paper aims to derive fragility curves for masonry buildings’ class, composed of fifteen
selected buildings typical of the inner Central Italy, by empirical and numerical method. A
simplified assessment of the seismic behavior of the buildings is performed, through an empirical method proposed by the authors, to provide a mean vulnerability index representative of
the buildings’ sample. Based on the empirical results, the mean damage was evaluated, according to the Macro Seismic Methodology to derive empirical fragility curves of the buildings’
class. After that, fragility curves are derived from the results of non-linear static analysis. Based
on a comparison between the different methodologies, the typological fragility curves show

4876

Capanna, Di Fabio and Fragiacomo

different values of the expected damage, more scattered for the limit states LS1 and LS2. For a
seismic demand encloses in the range 0-0.3 g, the discrepancy in terms of probability of exceedance for the LS1 reaches the value of 29.9 %; for the LS2 reaches the value of 47 %.
Whereas the fragility curves referred to the attainment of the LS3 and LS4 shows a better agreement. For a seismic demand higher than 0.3 g, the discrepancy in terms of probability of exceedance for the LS3 reaches the value of 19 %; for the LS4 reaches the value of 25 %.
Thus, the current research results show that a typological approach fails for the LS1 and LS2
states of interest.
To improve the numerical fragility assessment of the buildings’ typology, an investigation of
the yielding displacements may be useful to propose an appropriate definition of the threshold
for the slight and moderate damage states. The identification of suitable limit states for masonry
buildings is still an open issue.
Similarly, to improve the empirical fragility assessment, the ductile factor of the masonry structures, set equal to 2.3 in the empirical formulation of the expected mean damage, could be
deepened: even within the ordinary masonry class, buildings exhibit different ductile behaviour
factors, showing the dispersion of the ductile parameter Q.
Therefore, the empirical typological fragility assessment ensures accurate and quick seismic
vulnerability prediction on large scale, reducing computation time of seismic analysis of buildings’ class. For the LS1 and LS2 limit states, the current research points out that a typological
approach requires more accurate quantitative parameters to grasp the buildings’ seismic behavior, with either approaches. To improve the fragility assessment of the buildings’ typological
class, an investigation of the onset of the damage may be useful to propose an appropriate definition of the threshold for the slight and moderate damage states. Thus, the limitations of each
approach in forecasting damage scenarios and supporting resilience-enhancing strategies could
be removed improving observational, experimental and numerical data to better deepen the
seismic behavior of buildings under investigation.
6
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Abstract
Seismic resilience is a modern approach that aims to return the community of damage to its
natural condition in a shortest possible time. Seismic resilience could be interpreted as a structure's ability to maintain a degree of functionality over a particular period of time once it is
exposed to seismic events. The research study aims to address with an approach of functionality
and seismic resilience of a mid-rise Ordinary Moment Resisting Frame (OMRF) structure subjected to repeated earthquakes. Besides, as a vulnerability and functionality study for risk assessments, both the Seismic Resilience Index (SRI) and the fragility surface were used to
determine the seismic resilience of the selected building. The fragility surfaces expressed the
probability of damages with respect to intensity measure and seismic event period (T). The
concept phases of this approach were as follows: (1): Select targeted buildings, (2): Select and
scaled a set of repeated Seismic Ground Motion (SGM) records, (3): Generate an Incremental
Dynamic Analysis (IDA), (4): Fragility surface and (5): Functionality curve, with seismic resilience index (RI). Eventually, after investigating the structure through the vulnerability assessment, initiating with IDA, and ending with the fragility surface, it is clearly established that
the buildings do not have the capacity to withstand a 15 sec repetitive earthquake due to their
ordinary structural design related to ductility demand. Meanwhile, with an increase in the possible seismic ground acceleration, the fluctuation in functionality, SRI, robustness, structural
losses, and time recovery of distinct performance levels could be estimated.
Keywords: Seismic Resilience Index, Repeated Earthquake, Fragility Surface, Functionality
Curve, Damage State, Structural Losses.
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1

INTRODUCTION

In the last decades, the intensity and frequency of earthquakes has increased, causing severe
destruction with enormous number of casualties, posing a main disruption and change in the
economic, social, and technical conditions for specific communities. Due to this fact, ‘resilience’, ‘vulnerability’, ‘risk reduction’, and ‘recovery’ definitions are trending in research community. However, it is vital to conduct a quantitative procedure to evaluate these intuitive
definitions [1].
All these lead to the development of a resilience assessment for earthquakes by using a specific index, which is considered an important factor for managing and planning natural disasters.
The main idea of resilience at the beginning was developed by ecologists, however, it expanded
to a wider range of fields i.e., social science, psychology, and engineering [2].
The Seismic Resilience Index (SRI) is considered a powerful tool to demonstrate the capability of a structure to sustain a particular standard of performance and usability across a span
of time control TLC [3]. Bruneau et al. [4] introduced a very general definition for resilience,
which covered all the precautions that should be taken to reduce the main losses resulting from
hazards, and also the study covered the effects of mitigation and recovery. After this broad
definition that was introduced by Bruneau and Reinhorn [5], many studies were produced tackling the development and assessment of resilience.
Samadian et al. [6] conducted a study in Iran to determine the seismic resilience of built and
rehabilitated RC school buildings, whereby the study was assessed through utilising vulnerability and fragility curves. The main objective of this study is to implement a new approach
which focuses on provincial economic conditions, through the use of vulnerability analysis to
estimate earthquake-related losses. The results showed that when the magnitude of hazard levels was increased the SRI decreased functionally. The study concluded that retrofitted school
buildings had a higher resiliency level. Furthermore, the comparative study between fragility
and vulnerability curves showed that the vulnerability curve indicated more efficient results to
evaluate the SRI.
Furthermore, Vona et al. [7] introduced a new resilience approach for communities based on
numerical assessment and observed post-seismic restoration procedure. The study focused on
the housing systems to develop SRI for the communities, by which it was expressed as a combination of SRIs for each building category. The proposed approach could help in assessing
different scenarios with more precise results, which could be achieved with more potential
choices.
Titi and Biondini [8] tested the reliability of concrete frame structural systems that were
affected by corrosion. The results showed that the designed structures designated to have the
same level of functionality could display different seismic resilience over a specific time span
resulting from the surrounding environmental conditions. Other studies were established to assess resiliency and calculate the SRI for different type of structures. For instance, Alipour and
Shafei [9] assessed the seismic resilience transport networks and Banerjee and Chandrasekaran
studied the seismic resilience of bridges under the effect of multi-hazards [10].
In addition, Cimellaro et al. [1] introduced a framework for analytical quantification of disaster resilience. This research focused on integrating information from different fields, which
were earthquake engineering, social sciences, and economics to develop a disaster resilience
framework. The main outcome of this study was to build a decision-making tool that could help
both the policy makers and the engineering professionals for better preparedness and restoration
plans after disasters.
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Various studies tackled the development and assessment of SRI and covered different categories and indicators [11-13], however, the studies that focus on the assessment and development of SRI under repeated earthquakes are limited.
Repeated earthquakes represented two or more incidents, which precisely hit the same fault
area and slip, by which it generated the same waveform [14]. The repeated earthquakes could
cause a significant deterioration and higher displacement demand for buildings. All these factors could directly impact the resiliency of these buildings [15-17]. Uchida [18] conducted a
study to detect the repeated earthquakes and their application in characterising slow fault slip.
The author concluded that by measuring the degree of waveform similarity and accurate hypocentre positions could help in recognising the repeated earthquakes and it could assist in evaluating the source-overlap ratio. The fragility curve or surface is considered as an efficient tool
to study the effect of repeated earthquakes.
In seismic risk assessment, fragility curves are considered an essential element, which is
defined by relating a given level of seismic intensity to the possibility of reaching or exceeding
a certain degree of damage. To determine the performance limit states in relation to the Performance Based Seismic Design (PBSD) during earthquakes, structural damage was measured
based on the Engineering Demand Parameters (EDP), i.e., vertical displacements, crack patterns or rotations. To establish fragility curves, which are empirical, theoretical, judgmental,
and hybrid, different approaches could be used. [19, 20].
The fragility curve is usually defined by one parameter i.e., PGA, Sa, and Arias, but one
distinct parameter is insufficient to study the effect of earthquakes on the buildings precisely.
From here came the idea of developing fragility surface, by taking into consideration more than
one parameter at the same time when studying the effect of the earthquake [21-23]. Many studies developed fragility surface to assess seismic risk on structures. For example, Ardebili and
Saouma [24, 25] developed seismic fragility surfaces to study the effect of earthquakes on concrete dams, and Gehl et al. [26] developed fragility surfaces to evaluate the seismic vulnerability
assessment for masonry buildings.
This leads to exploring the fact that lends the rise to the significance of seismic resilience
and functionality, and the vulnerability risk assessment by using fragility surface. The aim of
this paper is to shed the light on studying the seismic vulnerability assessment for an Ordinary
Moment Resisting Frame (OMRF) structure that was designed away from any seismic attention
under repeated earthquakes. This paper discusses the procedure for combining the vulnerability
analysis to know the possibility of damages for four damage states, namely immediate occupancy (IO), damage control (DC), life safety (LS), and collapse prevention (CP), with the functionality of the structure post seismic event in respect to recovery time. Each damage states
corresponds to an intensity measure to be determined by using the incremental dynamic analysis
(IDA), and fragility surface. From the damaged states the preparedness of recovery procedure
was adopted into three retrofitted actions. Firstly, no actions had been taken related to IO; secondly, the action was to apply a retrofitted application related to DC and LS; and thirdly, the
action was at the replacement restoration process at CP level. Eventually, the SRI, functionality,
loss of resilience and robustness were determined.
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2

CONCEPTS OF SEIMSIC RESILIENCE INDEX (SRI)

The Seismic Resilience Index (SRI) is considered as the main tool for studying the building
ability to tolerate a particular standard of performance and reliability across a broad time control
TLC . In this paper, the SRI will be developed through applying different steps. Firstly, a model
will be developed to the selected building by using finite element platform. Thereafter, ground
motions for repeated earthquakes will be selected. Then, the IDA will be performed. This will
all lead to the development of fragility surfaces and vulnerability curves. Finally, the functionality curve will be produced, which will help in estimating the SRI, Robustness (R), and Losses
of Resilience (LOR). In order to develop the SRI and its functionality curve Q (t) the following
steps should be tracked as shown and illustrated in Figure 1. Each step will be discussed in
detail in the following section.

Figure 1: Framework steps for developing SRI.
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2.1 Modelling structural configuration

12m

A mid-rise model of a 4-storey reinforced concrete building with a total height of 12.0 m
and with a common slab thickness of 200 mm was considered in this study. The structural
system selected for lateral resistance is considered as Ordinary Moment Resisting Frame
(OMRF). The model was designed according to the regulation of ACI318-14 code for gravity
loads, and for UBC1997 as OMRF for seismic loads. With reference to the seismic code, the
building was assumed to be in seismic zone 4, having soil profile SD, with Ca = 0.44, and Cv
= 0.64 seismic coefficients.
The building materials used were 35 MPa of concrete compressive strength (f’c), and yielding strength (fy) of 420 MPa for the reinforcing steel bars. The gravity loads consisted of dead
load and live load which was taken as 2kN/m2, and 4kN/m2, respectively. The columns cross
sections were selected with dimensions of 300 mm x 300 mm, with drop beams of 300 mm x
500 mm. The design calculations supported the use of minimum reinforcement ratio for column
longitudinal rebars, which was 1%, whereby 8T12 was used for column reinforcements, with
T8 spaced every 300 mm as transversal reinforcement. For the beams, the design expressed the
use of 3T12 as bottom longitudinal reinforcement, and 2T12 as top reinforcement. Figure 2
shows the targeted selected building model in three-dimensional (3D) shape, and elevation
views.

25m
Figure 2: Selected targeted building model in 3D and elevation views.

2.2

Repeated ground motion selection

Many studies have considered the impact of repetitive earthquake-induced ground motions
on the responsive behaviour of the structures. They found that both the inelastic displacement
ratio and its inter-storey drift ratio were significantly influenced by the occurrence of frequent
earthquakes. Therefore, in this study, the impact of repeated earthquakes is recognised.
Two real seismic sequences were allocated to each of the ground motion records, namely
Chalfant Valley (July 1986 - two events), Imperial Valley (October 1979 - two events) and
Mammoth Lakes (May 1980 - two events) from the same station with various record names.
For each occurrence, each single ground motion record had a time interval of 15 sec. A gap
time interval of 100 sec was added between the two consecutive seismic occurrences. As proposed by Hatzigeorgiou and Liolios [27], this gap had zero spite of potential acceleration values
and was completely sufficient to reduce the displacement of any structure due to attenuating
and returning to the remaining condition. The three repetitive events were selected from the
Pacific Earthquake Engineering Research Center (PEER) database. The selected magnitude
(Mw) was between 5 and 7 Richter scale, and of intensity measure, PGA ranges between 0.113g,
and 0.447g as shown in Figure 3.
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Nevertheless, to perform the IDA and establish fragility surfaces or curves, the selection of
appropriate ground motion records are very critical as recommended by international standard
codes, such as FEMA356, UBC1997, IBC2000, and others [28-30]. These standard provisions
also recommended to select a minimum of three ground motion records, or seven to develop a
vulnerability assessment analysis. Finally, the selected earthquake events were scaled based on
UBC97 target spectrum where the building was located.

Figure 3: Selection of repeated ground motion seismic events.

2.3 Seismic resilience index functionality assessment procedure
Resilience is a specific consideration for evaluating the seismic resistance of the structures
and infrastructures, as based on the Multidisciplinary Center for Earthquake Engineering Research (MCEER). Resilience is quantified ranging from 0% to 100% in terms of functionality
to be normalised into 0 and 1 to develop its SRI, whereby 0% means spectacular failure and
100% reveals no structure deterioration. It is a wealth of information to develop the SRI as
seismic indicator and a recovery application that can help to reduce direct and indirect losses
caused by earthquakes.
The SRI is defined as the functionality of a structure after the recovery process or the ability
of a structure to withstand earthquakes without any reduction in its functionality [31]. Also, the
SRI can be treated as an alternative to deal with the problem of functionality which has been
neglected in the seismic codes [32]. Therefore, the SRI is determined by referring to the functionality curves as shown in Figure 4. The area under the curve of functionality demonstrated
the structure's resilience, whereby, the functionality of the structure was represented as Q ( t ) ,
as illustrated in Equation (1), and the resilience R as a function of Q ( t ) and time of event
t OE with recovery time T REC along the total control time T LC , as shown in Equation (2).
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Functionality :

Q( t ) 1  ^L( I ,T REC ) u [H(t  t OE )  H (t  (t OE T REC ) @ u f REC ( t ,t OE ,T REC ) `

(1)

Resilience (R):
T REC

R

³

TOE

Q( t )
T LC

(2)

Figure 4: Seismic Resilience with respect to time: Functionality curve.

2.4 Loss function evaluation
Losses are very unpredictable in an exceptional case, such as a terrorist attack, blast or other
man-made catastrophe, and are different for any scenario discussed. The estimation of losses
due to seismic activity is usually questionable and unpredictable. However, it is possible to
make some common classifications and identify different types of losses.
Generally, the loss feature usually consists of two types of losses, such as direct losses and
indirect losses. The direct loss is referred to structural damages and losses, whereas the indirect
losses are referred to causalities, social and economic losses. Since the quantitative analysis of
indirect financial damage and human casualties, losses is a complicated procedure, a lot of attention was given to the direct loss in this analysis, as it ultimately depends on the risk of the
extensive structural damage.
The direct loss was calculated by using Equation (3) which was required to find the discrete
damage probability of four damage states from the fragility surface as a vulnerability analysis.
As per FEMA356, by taking into consideration the vertical and horizontal lateral-force resisting
components, the state of structural damage during the earthquake determined the performance
and output level of a building. These four-performance levels were classified and determined
based on % Inter-Storey Drift Ratio (%ISDR) as an Engineering Demand Parameter (EDP).
Table 1 describes performance levels of each damage state.
L D = ¦ PE (DS = K)×rK
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Where L D is the direct loss, (K) represents the damage state of each performance level,

PE (DS = K) represents the discrete damage probability, rK is the corresponding damage ratio
for each limit state and damage state that was taken from HAZUS MR4 [33] technical manual,
as shown in Table 2. The discrete damage was calculated from the difference between two
cumulative distribution functions corresponded to develop fragility surface for each state, as
shown from Equation (4) to Equation (8).
§ ln(IM)  O ·
P > Damage ! DS@ I ¨
¸
9
©
¹

(4)

Where I is the cumulative distribution function, IM is an intensity measure, O is the mean
value, and 9 is the standard deviation.
P[DS IO] P[DS IO]  P[DS DC]

(5)

P[DS DC] P[DS DC]  P[DS LS]

(6)

P[DS LS] P[DS LS]  P[DS CP]

(7)

P[DS CP] P[DS CP]

(8)

Damage State (DS)
Immediate Occupancy
(IO)
Damage Control
(DC)
Life Safety
(LS)
Collapse Prevention
(CP)

Damage Description

% Inter-Storey
Drift Ratio
(%ISDR)

There is significant damage to the minor structural elements, but the building stability or lateral ability to resist prior and after the seismic is
unaffected.
A certain quantity of repairable damage is appropriate, but the repair cost should be substantially lower than the replacement value.
Due to the higher damage, repair is feasible but
economically inefficient and costly. The loss is
moderate, but the structure stays stable.
The structure is on the threshold point of local
or complete failure being experienced.

1.0%

1.50%
2.0%
2.50%

Table 1: Damage state performance levels description and its damage measures
Damage State (DS)
Immediate Occupancy (IO)
Damage Control (DC)
Life Safety (LS)
Collapse Prevention (CP)

Damage Ratio (rk)
0.10
0.40
0.80
1.0

Table 2: HAZUS MR4 technical manual for damage ratios of buildings

4887

Moustafa Moufid Kassem, Fadzli Mohamed Nazri, Ahmad Mohamad El-Maissi

2.5 Recovery function and time
The progress and the pattern of the structure's post-seismic event rehabilitation will be represented through recovery functions and time. Therefore, for evaluating seismic resilience, recovery time and recovery function are crucial after a seismic event, hence, it should be precisely
measured. There are different types of recovery function that could be selected depending on
the system and society preparedness response, for example, three possible recovery functions
are: linear, exponential, and trigonometric. Where the recovery improvements of the building
vary according to the type of recovery functions, it is included to assess the building's functionality, since each function has its own path of restoration. In this study, the linear function is
considered to evaluate the building functionality, whereby it is the simplest function commonly
used when there is no information available about crisis management and resources. The equations (9, 10 and 11) show the different types of functions that may be used to develop the recovery time and its function path.
§ t  t OE ·
(9)
Linear function:
f rec t ,t OE ,T REC
¨1 
¸
T REC ¹
©
Exponential function:

f rec t ,t OE ,T REC

Trigonometric function:

f rec t ,t OE ,T REC

3

§ t  t OE ln 200 ·
exp ¨ 
¸
T REC
©
¹
ª t  t OE º °½
°
0.5 ®1  cos «3
»¾
T REC ¼ ¿°
¬
¯°

(10)
(11)

RESULTS AND DISCUSSION

The numerical model of the mid-rise building was developed by using the Finite Element (FE)
platform, where the nonlinear time history analysis was generated to develop the incremental
dynamic analysis curve. From the IDA curves, the relationship between %ISDR and spectral
acceleration of first periodic mode Sa (T1) could be determined, and thus, it determined the
performance level of the structure based on 4-performance limit state as shown in Figure 5.
Where the damage of measured Sa (T1) of the repeated earthquakes were increasingly scaled
by 0.05 g until it exceeds 2.0 g, the analysis was stopped due to the instability of the structure.
The IDA curves are considered an important parametric tool, which evaluates the dynamic behaviour of the structures. This curve clarifies that the building performance is linearly in rapid
changes between the damaged states, by which it tends to undergo into three restoration options
that will be taken into consideration during post seismic events. The options are; no action at
IO stage, restoration action at DC and LS stage, and replacement action at CP stage.
For example, in case of immediate occupancy, no retrofitting action is needed to be applied
before exceeding 0.78 g. However, once it reaches the damage control and life safety stages at
1.24 g, and 1.54 g, respectively, it is recommended to apply a retrofitting action before it reaches
the collapsed stage, whereby the replacement action is the only choice at 2.15 g and more. Table
3 summarises the structural performance levels, and types of preparedness actions.
Damage State
Immediate Occupancy
Damage Control
Life Safety
Collapse Prevention

IM of each Damage StateSa(T1), [g]
0.78g
1.24g
1.54g
2.15g

Preparedness Action of each Stage
No Action
Restoration- repairing action
Restoration- repairing action
Replacement action

Table 3: IM of each damage state and its preparedness actions.
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Figure 5: Incremental dynamic analysis curve under repeated earthquakes.

After performing the IDA, the fragility surface and the fragility curve for each damaged state
was developed to determine the probability of reaching or exceeding the damaged state at certain Intensity Measure (IM). In this research, the spectral acceleration Sa (T1) was chosen as it
was used to perform the nonlinear analysis of time history, as well as the seismic events periodic
time was selected as another parameter to be used in developing the fragility surface in order to
study the effect of 15 sec seismic events with 100 sec gap between two repetitive earthquakes.
The mean and standard deviations are needed to establish the fragility surface assessment as
shown in Table 4.
Damage State
Log-normal parameters for midrise building

O
0.899

IO

9
0.249

O
1.333

DC

9
0.386

O
1.794

LS

9
0.517

O
2.22

CP

9
0.631

Table 4: Log-normal distribution parameters for developing fragility surfaces for each damage state.

Figure 6 presents all set of fragility surface. The study focused on four intensity measures (1.0
g, 1.5 g, 2.0 g, and 2.5 g) for further applying the preparedness actions of recovery in respect
to 15 sec of two repetitive seismic events without considering the 100 sec periodic gap. When
1.0 g ground motion intensity was applied, the building still behaved in the immediate occupancy level with a probability of reaching or exceeding damages of 66%, whereby the rest of
the damaged states achieved 19%, 6%, and 2.5% for damage control, life safety, and collapse
prevention states, respectively. However, when the structure was exposed to higher intensity
measure of 1.50 g, the structure was between two damaged states of damage control and life
safety. Whereas, a certain quantity of repairable action was appropriate to be applied with a
probability of reaching or exceeding the states of 67%, and 28%, respectively, with slight increases for the collapse stage with 12% possibility of damage. Furthermore, at intensity measure
of 2.0 g, the restoration process was mandatory where the loss was moderate, but the structure
stays stable that could be classified at life safety stage with probability of reaching the damage
of 65%, and 35% for collapse prevention state. Finally, with regard to the IDA curves, when
the ground motion intensity surpasses 2.0 g, the structure would suffer from extensive damages
and the structure would behave on the threshold point of local or complete experienced damage
by achieving 100% probability of damages for the life safety stage. Furthermore, it started to
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face a crucial damage by achieving probability of damages of 66% at 2.50 g. Therefore, after
analysing the structure through the vulnerability examination, starting with IDA, and finishing
with the fragility surface, it was clearly identified that due to its ordinary design moment frame
system, the building did not have the ability to resist a 15 sec repetitive earthquake. In addition,
the implementation of the resilience assessment was important to plan the recovery process for
four different damage states by investigating the structure's functional resilience, degradation,
robustness, and recovery time post-seismic events. Table 5 represents the percentage of cumulative damage probability of exceedance for the four damage states.

Figure 6: Fragility surfaces for each performance damage state.

Intensity Measure, Sa(T1), [g]

IO

DC

LS

CP

1.00g
1.50g
2.00g
2.500g

66.00%
99.00%
100%
100%

19.00%
66.00%
95.00%
100%

6.00%
28.00%
65.00%
91.00%

2.50%
12.00%
36.00%
66.00%

Table 5: Probability of damage using CDF for each damage state.
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In order to find the SRI and its functionality, the discrete damage probability should be calculated by using Equations (5) to (8). The discrete damage probability was computed from the
vulnerability analysis obtained from the fragility surface, known as cumulative distribution
function. Table 6 presents the discrete damage probabilities due to post seismic events for each
damage state. Subsequently, the direct damage loss L D ratio could be computed by the product of PE (DS = K) with the damage ratio rK as illustrated in Table 7.
Intensity Measure, Sa(T1), [g]

IO

DC

LS

CP

1.00g
1.50g
2.00g
2.500g

47%
32%
4%
0%

16%
38%
30%
9%

4%
16%
30%
25%

3%
12%
36%
67%

Table 6: Discrete damage probability for different IMs and DS

Intensity Measure, Sa(T1), [g]
Direct Loss L D

1.0g-IO

1.5g-DC

2.0g-LS

2.50g-CP

0.164

0.438

0.721

0.898

Table 7: Direct damage loss ratio for different IM and DS as a preparedness stages

For instance, the time needed for the recovery approach depends on the damage level of the
structure. The time required for full recovery was deemed in this study between the time of
occurrence (tOE) of seismic event as minimum period, and the control time (TLC) as the maximum period. In this study, the time occurrence was assumed to be taken at the 30th day of the
120 days of the total control period. This study focused on three types of preparedness actions
for different retrofitting stages, which were IO, DC, LS, and CP with different intensity
measures of 1.0 g, 1.50 g, 2.0 g, and 2.50 g. These preparedness actions were: No action, retrofitting action, and replacement action based on calculating the SRI and its functionality curve.
At 1.0 g represented by IO retrofitting stage, the recovery time was set at 37th days which is
seven days after earthquake time occurrence to return back to its functionality as before the
earthquake. This means that no rehabilitation process needs to be performed. In terms of functionality, the building SRI at this stage was equal to 91.8% (0.918), with robustness of 83.6%.
On the other hand, as the ground motion acceleration becomes higher reaching 1.50 g, which
was represented by DC retrofitting stage, the recovery time was set to be at 54th days which was
24 days after seismic action occurrence, which means a simple retrofitting application is needed
for restoration process. Whereas, at this stage the SRI decreased to 78.1% (0.781), with an
approximate of 37% drop in its robustness to 56.2%.
Moreover, at the life safety retrofitting stage with 2.0 g, the recovery time was set at 107th days
from total time control which equals to 77 days after the seismic time occurrence. The building
requires a quick retrofitting action to be taken before it reaches the collapse stage, with losses
of more than 72% from its robustness, with SRI equals to 64% (0.64) where the robustness
equals to 28%.
Furthermore, at the collapse stage the retrofitting actions was not applicable, because the structure resilience loss exceeded 90%, where the structure robustness equals to 11%. Besides, the
recovery time was set at 200th days which was 170 days after time occurrence, which means it
exceeded the total time control, and it was beyond control to apply any of the rehabilitation
process. In this stage, at 2.50 g the replacement action was the only option that could be applied,
where the building SRI and its functionality equals to 55% (0.55). Although, during the total
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time control of 120 days, the functionality of the structure equals to 33% (0.33). Figure 7 shows
the variation of functionality curve with respect to time by using the linear function. Furthermore, the shaded area below the functionality curve represented the seismic resilience of the
structural system. Table 8 summarises the resilience index, robustness, and losses for each damaged state.

Figure 7: Functionality resilience curves for different preparedness stages.

Seismic Resilience Outcomes

IO

DC

LS

CP

Seismic Resilience Index (SRI)
Robustness (R)
Loss of Resilience (LOR)
Time Recovery (TREC)

0.918
83.6%
16.4%
7 days

0.781
56.2%
43.8%
24 days

0.64
28%
72%
77 days

0.55
11%
89%
170 days

Table 8: Seismic resilience output results for the targeted building
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4

CONCLUSION

The aim of the analysis was to determine the impact of the proposed repetitive seismic acceleration on the seismic resilience capability of the Ordinary Moment Resisting Frame (OMRF)
building by applying a set of vulnerability assessment.
x From this analysis, the fluctuation in functionality, resilience index, robustness, structural
losses, and time recovery of different performance levels could be predicted with an increase in the potential seismic ground acceleration (1.0 g, 1.50 g, 2.0 g, and 2.50 g), which
was needed for the post-seismic event strategic recovery planning.
x It could be shown that the increase from 1.0 g to a maximum of 2.50 g as a seismic intensity
measure for different damaged states resulted in a substantial increasing trend in the damage
loss ratio that further influenced the structure's functionality. As well as it increases the time
recovery for the structure to compensate its strength as before the seismic event.
x The disparity in seismic resilience demonstrated the effect of ductility capability and demand ductility of the OMRF structure at the post-seismic event for the various ground accelerations.
x The outcomes showed that despite the performance level, the seismic resilience for different
damaged states had to be taken into consideration to assess the seismic vulnerability and
functionality of the structural behaviour.
5
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Abstract
Several European countries are likely to experience extensive damage following major earthquakes due to high vulnerability and exposure, associated with the age of the built environment and the presence of densely populated areas, respectively. For these reasons, largescale seismic risk assessment has a pivotal role. Given the large number of buildings to be
assessed, indirect methods are usually the preferred option. However, simplified methodologies for reinforced concrete buildings have been recently developed, predominantly using
non-linear time history analyses, and have shown to be a suitable alternative to indirect approaches. Simplified methodologies represent buildings as multi-degrees-of-freedom “sticklike” models, with the inter-storey behaviour modelled through an equivalent spring. These
methodologies considerably reduce the computational effort yet achieving comparable accuracy with rigorous analyses. A major limitation of these methodologies is that they are applicable only to shear-type buildings, regular both in plan and in elevation. Aimed at
overcoming this gap, the present work proposes a simplified method applicable to both regular and irregular reinforced concrete buildings. More specifically, each column is modelled
separately with two uncoupled springs, one in each principal direction, to capture the torsional behaviour while retaining high computational efficiency. The proposed method is applied to a case study to demonstrate its capabilities.
Keywords: Vulnerability Assessment, Reinforced Concrete, Shear-Type, Irregular Buildings,
Stick-Like Models, Non-Linear History Analyses
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1

INTRODUCTION

Cities are densely populated areas that may experience extensive damage and casualties in
the occurrence of major earthquakes. Hence, large-scale seismic risk assessment is of paramount importance to assess expected damage and plan mitigation strategies. Given the high
number of buildings to be assessed, indirect methods have been preferred to methods based on
detailed structural analyses that use Finite Element (FE) modelling. More specifically, models
based on vulnerability indices [1], or on the classification of buildings into typological classes
(e.g. [2] and [3]) have been developed. More recently, Polese et al. [4] proposed an innovative
method based on buildings inventory (combining Census-based data and interview-based
CARTIS approach) and seismic damage assessment. Indirect methods have demonstrated to
provide acceptable results in a general framework. However, their reliability is strictly dependent upon the amount and quality of data and they are drastically simplified with respect
to a detailed modelling approach. Direct methods include the capacity spectrum method [5],
which adopts Single-Degree-Of-Freedom (SDOF) building models and pushover (PO) analysis to predict damage. Lu, Xinzheng et al. [6] showed that the method provides a good estimation of global building behaviour (in terms of strength and ductility), with moderate
computational effort but it has important limitations, e.g., it cannot represent concentration of
damage at the different storeys.
Recently, as the computational power increases and becomes more easily available, direct
Non-Linear History Analysis (NLHA)-based methodologies have become increasingly popular (e.g., [7], [8] and [9]). In this way, it is possible to fully describe the characteristics of the
soil on which buildings are based (in time and frequency domain) through suitable ground
motion selection, or more sophisticated approaches, along with the non-linear characteristics
of the buildings [6]. These methodologies require a direct simplified model for buildings, to
compute the Engineering Demand Parameters (EDP) (e.g., inter-storey drift, peak floor acceleration) needed to predict damage. Typically, buildings are directly implemented, usually as
Multiple-Degree-Of-Freedom (MDOF) shear systems. More specifically, each storey is represented by a concentrated mass and a non-linear spring, thus considerably reducing the computational effort compared to refined models, yet increasing the accuracy compared to the
indirect procedures. Backbone curves of springs are calibrated based on simulated design procedure [7] or adopting a multi-objective Genetic Algorithm (GA) procedure that employs the
results of non-linear cyclic pushover analyses done on refined non-linear models (e.g., [9]).
A drawback of the simplified models developed to date is that they are applicable only to
shear-type buildings, regular both in plan and in elevation. This drawback is relevant for two
main reasons:
x structural irregularities, due to non-symmetric distribution of load resisting elements
(stiffness and strength eccentricity) and non-symmetric distribution of masses are particularly common in old buildings;
x torsion can adversely affect the seismic performance of buildings with any type of eccentricity [10], [11] and [12].
For these reasons, a simplified model capable of capturing the torsional behaviour of buildings is needed for NLHA-based methodologies. In this work, a model is proposed which aims
to represent the flexural and torsional behaviour of Reinforced Concrete (RC) frame structures in a simplified and light-computational manner. The applicability of the model is general
since it is suitable for different structure configurations, not necessary shear-type. It can reproduce the behaviour not only of regular buildings, but also of irregular buildings with torsional behaviour, that have not been considered before. The main software used is OpenSees
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along with STKO [13], a Graphical User Interface (GUI) with a pre and post processor for
OpenSees.
2

METHODOLOGY

In the proposed simplified model, the building is represented by a three-dimensional (3D)
MDOF model, fully described by the columns. The non-shear-type behaviour of the building
is achieved by adopting calibrated shear-inter storey drift (V-ID) curves for each column. At
the local level, each column is represented by two uncoupled translational springs in the two
main horizontal directions. If the centre of mass and the centre of stiffness of the building do
not coincide, coupling is automatically achieved at the global level, see Figure 1, thus capturing the torsional behaviour.
Each column is modelled in OpenSees as a zeroLength element with two nodes. A rigid
material is assigned to all the Degrees Of Freedom (DOFs), except for the translations along
the local axis (2) and (3) (assuming the local axis (1) always directed along the axis of the
column) and for the rotation against the local axis (1) (torsion), which is kept released. Calibrated backbone curves are assigned to the two translational DOFs (see Figure 1).

Figure 1. (left) Scheme of the general idea for the storey model (CR: Centre of Stiffness, CM: Centre of
Mass); (right) model of the springs, in local axes (2) and (3).

Each spring is defined by an appropriate V-ID backbone curve, that represents the column
behaviour in the considered direction. First, an analytical parameter-dependent V-ID curve is
defined. A trilinear curve is adopted, and no refined models are needed for this first step. In a
second phase, the parameters are calibrated to represent the behaviour of the column in its
configuration (e.g., boundary conditions), accounting implicitly for beams flexibility. To derive the analytical parameter-dependent V-ID curve, the method stems from the definition of a
trilinear sectional moment-chord rotation (M-θ) curve, which can be simply defined independently from column boundary conditions. The model proposed by Ibarra [14] is used in
this work. Using basic structural mechanics relationships and assuming a shear-type configuration for the column, the M-θ curve is used to find the corresponding analytical shear-type
V-ID curve, which maintains the same shape of the M-θ curve, see Figure 2.

Figure 2. (left) column model with two end rotational springs; (centre) moment-rotation (M-θ) curve by [14];
(right) V-ID curve for the column under the shear-type assumption.
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The expressions for the points defining the shear-type V-ID relationship are then modified
through a set of five parameters and are presented in Eq. 1 (for details on moment/rotation
calculation see [14] and [15]).

(1)

Changes in the values of the parameters (i.e., DEJPN) modify, in turn, the shape of the
V-ID curve. The value of each parameter can be adjusted to represent the realistic behaviour
of the column. Indeed, the analytical curves were purposely defined such that the values of the
parameters could be directly retrieved making use of some data-driven techniques (e.g., machine learning) that, once developed, would make the definition of the final curve a rapid process. However, the development of this algorithm is beyond the scope of this paper and will
be addressed in future works.
Refined reference curves are used in this work. In this perspective, parameters are found by
comparison between the analytical and the numerical curves, either by trial-and-error process
(i.e., manually changing the values until the approximation is acceptable) or making use of
more automatised and accurate procedures. The latter approach is adopted herein, more specifically the parameters values are evaluated using a GA procedure, with the objective of finding the parameters for which the error between the numerical and analytical curves, see Eq. 2,
is minimized. More insights about the proposed methodology can be found in [16].
(2)

3

CASE STUDY

The building considered as case study is adapted from a structure dating back to the 1970s
[17], whose characteristics have been slightly modified for the purpose of the current work.
The building has three storeys, the first storey is 3.4 m high, the second and third storeys are
3.05 m high. The length of all spans is 3.75 m. Column sections may be divided into three
groups, indicated in the following as CA, CB, and CC, see Figure 3. Within each group, columns have also different sections for each floor. Moreover, columns at the first, second and
third storey are subject to an axial load of 0.1 Pcu, 0.2 Pcu and 0.3 Pcu, respectively, where Pcu
is the ultimate axial compressive bearing capacity of the column. Beams are all deep with section 30 cm x 50 cm. The concrete and steel reinforcement properties are fc = 23.5 MPa, fy =
440 MPa. They are taken from [17] and represent mean values.
A detailed model is considered as benchmark for the simplified model. Both the columns
and the beams are modelled as lumped plasticity elements. The model is fixed at the base and
a rigid diaphragm is implemented at each storey level. The axial loads are applied as concentrated forces and the masses are added as nodal masses, equal in the three translational DOFs.
A Rayleigh damping of 5% is applied, taking as reference the first and second frequencies of
vibration of the structure, as derived from the modal analysis.
The simplified model is built as described in Section 2. Figure 4 shows the calibration of
the V-ID curves for the frame 2Y of Figure 3. A set of all five coefficients equal to 1 would
mean that the shear-type model perfectly captures the behaviour of the specific column.
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Figure 3. Plan view of the case study building; identification of frame 2Y.

Figure 4. Comparison of analytical (shear-type), numerical and analytical (calibrated) V-ID curves for frame 2Y.

3.1

Pushover analysis

A pushover analysis is performed on both detailed and simplified models along both x and
y axes of the model (see Figure 1). The pushover load is applied by following a uniform distribution along the height, hence the same load is applied at each storey, at its centre of mass
(CM). The load is applied with 2,000 increments through the DisplacementControl static integrator in OpenSees, setting the top CM as control node and a target displacement of 0.2 m
(corresponding to an average roof drift ratio of ~2%). The analysis is repeated in both global
horizontal directions, x and y, and results are investigated in the direction of loading.
Results are compared by plotting the total base shear-top displacement curve and the Interstorey Drift Ratio (IDR) values along the height. Figure 5 and Figure 6 show results for the
analysis in the x and y directions, respectively. Results show good correspondence between
the two models, with the larger differences found in the analysis performed in the global y
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direction. Yet, the simplified model underestimates the maximum base shear by only 2.3%. A
final comparison is shown in Figure 7, where the deformed shape of the structure at a fixed
time instant (step 1,000) is plotted. Both figures refer to the pushover in y, where the torsional
behaviour is more evident, and show that the torsional behaviour of the building is perfectly
captured by the simplified model.

Figure 5. Results from the pushover in x, base shear-top displacement and height-IDR plots.

Figure 6. Results from the pushover in y, base shear-top displacement and height-IDR plots.

Figure 7. Results from the pushover in y, deformed shape at step 1000 for the (left) benchmark detailed
model and (right) simplified model; colours represent the displacement in y (units: m).
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3.2

Non-Linear History Analysis

A non-linear history analysis is performed on both the detailed and simplified models. The
signal is a natural accelerogram selected from the PEER NGA database, related to the Imperial Valley earthquake of 1979, see Figure 8. The PGA is 0.24 g, and the total duration of the
signal is 50 s.

Figure 8. Imperial Valley accelerogram used to perform NLHA.

The acceleration history is defined in STKO as a path time series and is applied through
the UniformExcitation command. The analysis is performed using the Newmark transient integrator with parameters β = 0.25 and γ = 0.5. The time step is 0.01 s and is taken also as time
step for the analyses, deriving consequently the initial total number of steps. The adaptive
time step is used in the detailed model to achieve convergence. The analysis is first performed
separately in the global x and y directions. Then, a last analysis in which the seismic load is
applied to both the global directions, x and y, is performed. Due to the non regularity of the
building, the results are investigated in both directions. For brevity, only the analysis with the
load applied in both directions and the results in the y direction are shown herein. Results
from other analyses indicate very similar behaviour, for more details, see [16].
Results in terms of maximum base shear as absolute value show differences lower than
0.5 %, see Table 1 and Figure 9. The negligible difference is further confirmed by the total
base shear-top CM displacement plots, see Figure 10. In terms of EDP, the IDR is the parameter that is best represented by the simplified model, with very small differences. The
Peak Floor Acceleration (PFA) results show a very good correspondence between the two
models too, see Figure 11.
The simplified model presents significant advantages in terms of computational efficiency
reaching convergence much faster, with an overall shorter analysis duration. The gain in computational efficiency is more evident when NLHA are performed. More specifically, in the
non-linear dynamic case, the simplified model shows a reduced analyses duration to approximately 1/4 of the computational time necessary to bring the detailed model to convergence in
a case where no convergence issues arise, and up to approximately 1/100 when convergence
problems in the detailed model arise, thus the time step needs to be reduced. The latter case is
the one experienced in most of the analyses performed.
Table 1. NLHA - Imperial Valley signal, analysis in x+y, results in terms of maximum base shear.

Max Base
Shear [kN]

Simplified

Benchmark

Relative Difference

x

1513.0

1516.5

0.2 %

y

1791.7

1786.0

0.3 %
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Figure 9. NLHA - Imperial Valley signal, analysis in x+y, results in y, total base shear history.

Figure 10. NLHA - Imperial Valley signal, analysis in x+y, results in y, total base shear versus top displacement.

Figure 11. NLHA - Imperial Valley signal, analysis in x+y, results in y, IDR and PFA distribution.

4

SUMMARY AND CONCLUSIONS

In this paper, a simplified model for reinforced concrete buildings that is suitable for large
scale non-linear history analysis-based seismic assessment was proposed. The novelty of the
proposed model is the applicability also to non-shear-type configurations and the ability to
capture the torsional behaviour of irregular buildings. Both aspects are very common when
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dealing with an existing building stock. The proposed model is a three-dimensional multiple
degree of freedom column-based model, in which each column is represented by two uncoupled translational springs. In this way, coupling at the global level can be automatically obtained, making the model able to represent torsion. The non-shear-type behaviour is instead
achieved by specific calibration of the shear-inter-storey drift relationships for the column
backbone curves. Refined analyses on two-dimensional sub-frames together with a genetic
algorithm are used in this work, however the analytical expressions developed to describe the
shear-inter-storey drift curves are suitable for employment in a more efficient data-driven
procedure that will be addressed in future research.
The benchmark analyses showed a very good correspondence between the refined and
simplified results, both in terms of non-linear static and non-linear dynamic analyses. As for
non-linear history analyses, the simplified model is perfectly suitable to represent the base
shear history with negligible difference in terms of maximum base shear results. The investigated engineering demand parameters (i.e., inter-storey drift ratio and peak floor acceleration)
are correctly captured by the simplified model, too. The model is accurately able to represent
the torsional behaviour of the building. In terms of efficiency, the proposed model led to faster convergence and considerable decrease in computational times, making it a competitive
option for large-scale assessment applications.
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Abstract
The demand for a reliable modelling of steel structures introduces the need for the implementation of advanced techniques. Due to the shape and the properties of steel members, as well
as the connections among them, the performance of materially and geometrically non-linear
analyses are required in order to approach effectively the actual behavior of the steel structures. To this end, special calculation tools must be available in the software which is used for
analysis and design. More specifically, phenomena such as the bending, the torsional and the
torsional-flexural buckling as regards the geometric non-linear effects, and the elasto-plastic
behavior of steel in critical cross-sections, as regards the materially non-linear effects, require the implementation of appropriate stiffness matrices and load vectors. These calculation
tools are available in the literature. However, the inclusion of all required features in a finite
element demands a specific formulation. Therefore, the purpose of the present paper is to
propose the formulation of a two-noded macroelement with seven degrees of freedom per
node, which possesses abilities to model effectively the above-mentioned phenomena in practice. On the basis of a two-stage static condensation technique, the proposed finite element
includes features appropriate for the modelling of material non-linearity effects and the semirigid connections (through non-linear rotational springs), as well as the modelling of the geometric non-linear effects (using appropriate finite element formulation), and the influence of
the rigid joints (through rigid offsets). The proposed macroelement was successfully added to
the finite elements’ library of an existing professional software for the analysis and design of
steel structures. The reliability of the proposed element is tested in the current paper using the
solutions of well-known problems selected from the literature.
Keywords: Steel structures, Finite Element Method, Nonlinear Analysis, Buckling,
Beam/Column elements.
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1

INTRODUCTION

The analysis and design of members of steel structures require the implementation of specific modelling techniques (see e.g. [1-3]). The requirement of these techniques arises from
the fact that the shape and the load conditions of steel beams and columns make them sensitive to the consequences of phenomena which are related with geometric and material nonlinearities. Such phenomena are, for example the bending buckling, the torsional and torsionalflexural buckling as regards the geometric non-linear effects, and the elasto-plastic behavior
of steel in critical cross-sections, as regards the materially non-linear effects. The existence of
these unfavorable influences on the steel members has been recognized by the former, as well
as by the modern, seismic codes, e.g. [4, 5]. Thus, the problem of the effective design of steel
structures against static or dynamic (e.g. seismic) loads is treated in the cross-section and
member levels. For this reason, specific recommendations are proposed which, however, require the appropriate (and most accurate possible) modelling. A significant number of research studies (e.g. [6-10]) and scientific books (e.g. [11-13]) focused on the effective
modelling of steel members have been published. The existing theories regarding the elastoplastic behavior of steel, as well as the continuous improvement of finite element formulation
in combination with the computational abilities of the modern hardware, offer the possibility
of a more effective approach to the behavior of steel structural members.
In the current paper, the formulation of a new two-noded macroelement with seven degrees
of freedom per node, which can effectively model steel structures members in practice, is presented. Based on a two-stage static condensation technique, the proposed formulation includes
features appropriate for the modelling of material non-linearity effects and the semi-rigid
connections (through non-linear rotational springs), the modelling of the geometric non-linear
effects (using appropriate finite element formulation), and the influence of the rigid joints
(through rigid offsets). Using the static condensation method, the proposed element, with 14
degrees of freedom, can be compatible with the classic two-noded elements (with 12 degrees
of freedom) and co-exist with them in structures’ models. Thus, the problem of the design of
steel members in the cross-section and member levels can be handled practically using a
compact formulation. The reliability of the proposed element is tested using the solutions of
well-known problems selected from the literature.
2
2.1

FORMULATION OF THE PROPOSED MACROELEMENT
General description of the element

The proposed macroelement consists of three segments, as shown in Figure 1. More specifically:
x the end segment between the external node 1 and the internal (virtual) node 2, and the corresponding end segment between the internal (virtual) node 3 and the external node 4. In
each one of these segments, three absolutely rigid rod elements (perpendicular between
them) are defined. These elements are the three spatial components of the end rigid offsets
(in the local coordinate system of the macroelement) which model the bodies of beam-tocolumn joints.
x the median segment between the internal nodes 2 and 3. This segment models the flexible
part of the macroelement. The type of finite element which is used in this segment can be
selected on the basis of the considered problem. For example, Bernoulli or Timoshenko
beam elements can be used (see eg. [14]). In the present paper, the formulation which is
used for the modelling of the median segment will be described in the following sections.
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The connection of the median segment to the rigid offsets is achieved by means of rotational springs. These springs can be considered either as linear for (1st or 2nd order) elastic
analyses, or as nonlinear (in conjunction with M-φ diagrams) for materially non-linear analyses in the framework of the concentrated plasticity model.
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Figure 1: General description of the proposed macroelement

In Figure 1, the degrees of freedom (d.o.f.) of the proposed macroelement are also illustrated. It can be seen that they are 12 in number, as in case of the classic beam/column elements.
The 7th d.o.f., which is required for the modelling of the effect of warping, is considered only
in the median segment. Thus, the median segment can be an element with 14 d.o.f. The procedure of the transformation of the 14 d.o.f. of the median segment to the 12 d.o.f. of the
whole macroelement will be described in sections 2.2 and 2.3.
2.2 Stiffness matrix derivation
The stiffness matrix of the macroelement is derived in two steps. In the first step, the stiffness matrix of the median segment’s element is formed. In the second step, the matrix relation
between the stiffness matrix of the median segment and the stiffness matrix of the macroelement is formulated. This relation demonstrates the effect of the rotational springs and the rigid
offsets on the stiffness matrix of the macroelement.
A) Step 1: Derivation of the stiffness matrix for the median segment
The method for the derivation of the stiffness matrix of the median segment’s element is
based on the static condensation procedure (e.g. [15,16]). In general, static condensation is
used in order to reduce the number of the equations which constitute the system of equations
of equilibrium. In the present case, static condensation is necessary due to the fact that the
stiffness matrix of the median segment is based on the approach of the displacement field
through algebraic interpolation functions. These functions are used when the 7th d.o.f. must be
considered for the modelling of the warping effect, because, in this case, the exact solution of
the corresponding differential equations of equilibrium is not available. Thus, the discretization of the median segment is necessary. This discretization causes the increase of the nodes
and, consequently, the increase of the d.o.f. of the macroelement. Moreover, when the 7th d.o.f.
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is considered, the corresponding elements’ stiffness matrices are 14x14 matrices, not compatible with the classic 12x12 stiffness matrices which are mainly used in practice.
For this reason, in the present paper, the implementation of the static condensation procedure in two stages is proposed (Figure 2). In the first stage, all the internal d.o.f., which arise
from the discretization of the median segment’s element, are condensed. Thus, if the number
of the sub-elements in which the median segment is discretized is n (using n+1 nodes: n-1
internal and 2 external), then the corresponding stiffness matrix is a [7(n+1)]x[7(n+1)] matrix.

STEP
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Figure 2: The steps of the two-stage static condensation procedure
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Eliminating all the internal nodes at the first stage of the procedure, the [7(n+1)]x[7(n+1)]
stiffness matrix is transformed to a 14x14 matrix. Then, at the second stage of the procedure,
the 7th d.o.f. which corresponds to warping is condensed, transforming the 14x14 stiffness
matrix [ks.c.1] to a 12x12 stiffness matrix [kms] for the median segment (Figure 2).
As regards the matrix transformations which are required for the static condensation in
each one of the two stages, it must be noted that, whereas the first one of them is always performed using a specific procedure, the second one depends on the boundary conditions which
concern the warping effects in the end nodes of the median segment. Thus, the stiffness matrix [ks.c.1] and the load matrix [ps.c.1] of the median segment after the first stage of the static
condensation (Figure 2) are given by Eq. (1), (e.g. [17]):
1

> k s.c.1 @

AB AB
ABint
int int
int  AB
ª k sub
º  ª k sub
º  ª k sub
º  ª k sub
º
¬
¼ ¬
¼ ¬
¼ ¬
¼

> ps.c.1 @

AB AB
ABint
int int
int  AB
ª psub
º  ª k sub
º  ª k sub
º  ª psub
º
¬
¼ ¬
¼ ¬
¼ ¬
¼

(1)

1

The required matrix transformations for the second stage of the static condensation are summarized in Table 1.
Boundary
condition in
node Α
Bimoment
ΒΑ=0

Boundary
condition in
node B
Bimoment
ΒB=0

2

θ'ΧΑ=0

θ'ΧΒ=0

3

Bimoment
ΒΑ=-sAθ'ΧΑ

Bimoment
ΒB=-sBθ'ΧB

4

ΒΑ=0

ΒB=-sBθ'ΧB

5

Bimoment
ΒΑ=0

Warping
θ'ΧΒ=0

6

θ'ΧΑ=0

ΒB=-sBθ'ΧB

Case
1

Condensed stiffness matrix
[kms]
1

Condensed load matrix
[pms]
1

cc
cn
nn
nc
ªk s.c.1
º  ªk s.c.1
ºªk s.c.1
º ªk s.c.1
º
¬
¼ ¬
¼¬
¼ ¬
¼

cc
cn
nn
nc
ªps.c.1
º  ªks.c.1
ºªks.c.1
º ªps.c.1
º
¬
¼ ¬
¼¬
¼ ¬
¼

cc
ªk s.c.1
º
¬
¼

cc
ªps.c.1
º
¬
¼

ªs 0 º
nn
nn
As in case 1, with: ª¬k s.c.1º¼ ª¬k s.c.1º¼  « A »
¬ 0 sB¼
ª0 0 º
nn
nn
As in case 3, with: ¬ªk s.c.1¼º ¬ªk s.c.1¼º  «
¬0 s B »¼
cc
cnΑ
n cΑ
cc
cnΑ
ªk s.c.1
º  1  ªk s.c.1
º  ªk s.c.1
º
ªps.c.1
º  1  ªk s.c.1
º  bA
¬
¼ k nn AΑ ¬
¼ ¬
¼
¬
¼ k nn AΑ ¬
¼
s.c.1
s.c.1
1
cc
ªk s.c.1
º
ª cnB º ª n cB º
¬
¼ k nn BB  s  ¬k s.c.1 ¼  ¬k s.c.1 ¼
s.c.1

B

bB
cc
ªps.c.1
º
ª cnB º
¬
¼ k nn BB  s  ¬k s.c.1 ¼
s.c.1

B

Table 1: Summary of matrix transformations in the second stage of the static condensation

Where:
cc
cn
nn
nc
ªk s.c.1
º , ªk s.c.1
º , ªk s.c.1
º , ªk s.c.1
º are sub-matrices of ªk s.c.1º after the first stage of the static condensation
¬
¼
¬
¼ ¬
¼ ¬
¼ ¬
¼
(Figure 2),
cc
nc
ªps.c.1
º , ªps.c.1
º are sub-matrices of ªps.c.1º after the first stage of the static condensation (Figure 2),
¬
¼
¬
¼ ¬
¼

nnAA
nnBB
cnA
ncA
cn B
n cB
ªk s.c.1
º , ªk s.c.1
º , ªk s.c.1
º , ªk s.c.1
º are sub-matrices and k s.c.1
, k s.c.1 are elements of ª¬k s.c.1º¼ , if this ma¬
¼ ¬
¼ ¬
¼ ¬
¼
trix is written in the following expanded form:
cc
ª ªk s.c.1
º
¼
«¬
ncA
ª¬k s.c.1º¼ «ªk s.c.1 º
«¬ ncB ¼
«ªk s.c.1 º
¼
¬¬

cnA
cnB º
ªk s.c.1
º ªk s.c.1
º
¬
¼ ¬
¼»
nnAA
nnAB
k s.c.1
k s.c.1 »
»
nnBA
nnBB
k s.c.1
k s.c.1 »
¼
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It must be noted that cases 3 and 4 in Table 1 correspond to the partial restraint of warping
in end nodes A, B (for details see e.g. [18]). Thus, sA, sB are the constants of the warping
spring elements which partially restrain the warping. Finally, the terms bA, bB (see Figure 2)
are elements of the median segment’s load matrix [ps.c.1], which correspond to the warping
d.o.f. in the end nodes A, B.
The procedure described in Figure 2 is based on the derivation of the stiffness matrices [kij]
for the sub-elements (ij) which are the basic components of the macroelement (see the first
step of the procedure in Figure 2). The stiffness matrices for these sub-elements are available
in the literature (see e.g. [6, 7]). Their formulation is based on the linearized updated Lagrangian formulation of the equation of the incremental virtual work for a beam/column element
which possesses 7 d.o.f. in the end nodes (Eq. (2)):
2
2
2
Lij
2
2
§ d 2θ x ·
§ d2w ·
§ d2v ·
1 ª
§ dθ x · º
§ du ·
EAδ
EI
δ
EI
δ
EC
δ
GJ




«
¸
¸
¸
yy ¨
zz ¨
ω ¨
¨ ¸
¨
¸ »dx 
2 ³0 «
dx ¹
dx 2 ¹
dx 2 ¹
dx 2 ¹
dx ¹ »
©
©
©
©
©
¬
¼
Lij
Lij
Lij
2
2
2
ª§ dv · § dw · º
K w § dθ x ·
1
ª § du dv ·
§ du dw ·º
 ³ Fx δ «¨ ¸  ¨
δ¨
¸ » dx  ³
¸  Vz δ ¨
¸» dx 
¸ dx  ³ «Vy δ ¨
20
2 © dx ¹
© dx dx ¹
© dx dx ¹¼
0
0 ¬
¬«© dx ¹ © dx ¹ ¼»
Lij

Lij

Lij

ª § dv d 2 w · § d 2 v dw ·º
1
§ dv dθ x ·
§ dw dθ x ·
 ³ M yδ¨
 δ¨ 2
¸» dx 
¸ dx  ³ M z δ ¨
¸ dx  ³ M x «δ ¨
2 ¸
20
© dx dx ¹
© dx dx ¹
0
0
¬ © dx dx ¹ © dx dx ¹¼
Lij

Lij

§ dw ·
§ dv ·
 ³ Vy δ ¨
θ x ¸ dx  ³ Vz δ ¨ θ x ¸ dx
© dx ¹
© dx ¹
0
0

^δu`

T

(2)

^ f`  ^ f`
2

1

Where: E is the modulus of elasticity; G is the shear modulus; A is the area of the
beam/column’s cross-section; Iyy, Izz are the moments of inertia of the beam/column’s crosssection with respect to local axes y, z (Figure 2); J is the torsional constant; Cω is the warping
constant; Lij is the length of the element; {du} is the vector of the displacements of nodes i
and j (Figure 2); {f} is the vector of forces of nodes i and j (Figure 2) and Kw=[Fx(Iyy+Izz)]/A
is the Wagner coefficient. It must also be noted that the right superscripts 1 and 2 of vector {f}
refer to the deformed configurations C1 (the last known state) and C2 (current deformed state).
Both of these configurations are defined in the framework of the updated Lagrangian approach, as the start and the end of each incremental step of external loading (see e.g. [11]).
In order to derive the stiffness matrix [kij] starting from Eq. (2), the displacement field of
the element (ij) must be defined. For this reason, the following shape functions are used:
Ν1

Ν1 x

1  x Lij

N3

N3 x

1  3  x Lij

N5

N5 x

2

2

 2  x Lij

3  x L ij  2  x Lij

3

3

Ν2

Ν2 x

x Lij

N4

N4 x

x  2  x 2 Lij  x 3 L2ij

N6

N6 x

 x 2 Lij  x 3 L2ij

(3)

The corresponding matrices of these functions are:
uA
> N u @ [N1
uA
> N v @ [0
uA
> N w @ [0
uA
> Nθ @ [0

vA
0
vA
Ν3
vA
0
vA
0

wA
0
wA
0
wA
Ν3
wA
0

θΧA
0
θΧA
0
θΧA
0
θΧA
N3

θΥA θΖA u Β vΒ w Β θΧΒ θΥΒ θΖΒ θcΧA θcΧΒ
0
0 N2 0 0
0
0
0
0 0]
θΥA θΖA u Β vΒ w Β θΧΒ θΥΒ θΖΒ θcΧA θcΧΒ
0 N 4 0 Ν5 0
0
0 Ν 6 0 0]
c θΧΒ
c
θΥA θΖA u Β vΒ w Β θΧΒ θΥΒ θΖΒ θΧA
 N 4 0 0 0 Ν5 0  Ν 6 0
0 0]
θΥA θΖA u Β vΒ w Β θΧΒ θΥΒ θΖΒ θcΧA θcΧΒ
0
0 0 0 0 N5 0
0 Ν4 Ν6 ]
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Thus, the displacement in any point inside the element can be expressed in terms of its end
nodes displacements using Eq. (5):

> Nu @^u`

u

^u`

v

> N v @^u`

> N w @^u`

w

θx

> Nθ @^u`

ª¬ u i vi w i θ xi θ yi θ zi u j v j w j θ xj θ yj θ zj θcxj θcxj º¼

T

(5)

Eq. (2) also introduces the internal forces of the element (ij): Fx, Vy, Vz, Mx, My and Mz.
Assuming that no loads act on the element, these forces can be expressed in terms of the corresponding forces in the element’s ends i and j, using the relations of Eq. (6):
Fx

Fxj , Vy

Mx



M xj , Μ y

M zi  M zj
Lij

, Vz

M yi  M yj
Lij

§
§ x ·
x ·
Μ yi ¨1  ¸  Μ yj ¨ ¸ , Μ z
¨ L ¸
¨L ¸
ij ¹
©
© ij ¹

§
§ x ·
x ·
Μ zi ¨1  ¸  Μ zj ¨ ¸
¨ L ¸
¨L ¸
ij ¹
©
© ij ¹

(6)

Inserting Eqs. (5), (6) into Eq. (2), and after a specific transformation (e.g. [6, 8, 19]), the
stiffness matrix of the element (ij) can be expressed as follows:
º
ª 220 º
ª 220 º
ª 110 º
ª¬k ij º¼ EA ª¬k110
uu ¼  EI zz ¬k vv ¼  EI yy ¬k ww ¼  GJ ¬k θθ ¼
º
ª 110 º
ª 110 º
ª 110 º
 Fxj ª¬k110
vv ¼  Fxj ¬k ww ¼  Vy ¬k uv ¼  Vy ¬k vu ¼
Μ yi  M yj 100
010
º
ª 110 º
ª 110 º
ª¬k vθ º¼  ª¬k θv
º¼  ª¬k111
º ª 111º
 Vz ª¬k110
uw ¼  Vz ¬k wu ¼  K w ¬k θθ ¼ 
vθ ¼  ¬k θv ¼
L
ij

º
ª 110 º
ª 110 º
ª 110 º
 M yi ª¬k110
vθ ¼  Μ yi ¬k θv ¼  M zi ¬k wθ ¼  M zi ¬k θw ¼

(7)

M xj 210 M xj 210 M xj 120
ª¬k120
º
ªk wv º 
ªk vw º 
ªk wv º
vw ¼ 
2
2 ¬ ¼ 2 ¬ ¼ 2 ¬ ¼
Μ  M zj 100
010
ª¬k wθ º¼  ª¬k θw
º¼  ª¬k111
º ª 111º
ª 220 º
 zi
wθ ¼  ¬k θw ¼  EC ω ¬k θθ ¼
L


M xj

ij

Where:
Lij

ª¬ k stv
º
gh ¼

³

d s ª¬ N g º¼

T



dt > Nh @

dx s
dx t
0
g u, v, w h u, v, w
s, t order of differentation
v order of exp onent of x

 x v dx
(8)

From the study of Eq. (7), it can be concluded that the stiffness matrix [kij] (which can be
used for geometric non-linear analysis, additionally including the influence of the warping
effects) consists of 28 matrices. These matrices correspond to contribution of the element’s
elastic deformations and to the contribution of the element’s end forces. On the basis of the
above conclusion, the stiffness matrix can expressed as the summation of two matrices: the
linear elastic stiffness matrix [kij,e] and the geometric stiffness matrix [kij,g]:

ª¬k ij º¼

ª¬k ij,e º¼  ª¬ k ij,g º¼

(9)
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Where:

º
ª 220 º
ª 220 º
ª 110 º
ª 220 º
ª¬kij,e º¼ EA ª¬k110
uu ¼  EI zz ¬ k vv ¼  EI yy ¬ k ww ¼  GJ ¬ k θθ ¼  ECω ¬ k θθ ¼

(10a)

º
ª 110 º
ª 110 º
ª 110 º
ª¬k ij,g º¼ Fxj ª¬k110
vv ¼  Fxj ¬k ww ¼  Vy ¬k uv ¼  Vy ¬k vu ¼
Μ yi  M yj 100
010
º
ª 110 º
ª 110 º
ª¬k vθ º¼  ª¬k θv
º¼  ª¬k111
º ª 111º
 Vz ª¬k110
uw ¼  Vz ¬k wu ¼  K w ¬k θθ ¼ 
vθ ¼  ¬k θv ¼
L
ij

ª 110 º
º
ª 110 º
ª 110 º
 M yi ª¬k110
vθ ¼  Μ yi ¬k θv ¼  M zi ¬k wθ ¼  M zi ¬k θw ¼
M xj

M xj

M xj

(10b)

M xj

ª¬k120
º
ª¬k 210
º
ª¬k 210
º
ª¬k120
º
vw ¼ 
wv ¼ 
vw ¼ 
wv ¼
2
2
2
2
Μ  M zj 100
010
111
111
 zi
¬ªk wθ ¼º  ¬ªk θw ¼º  ¬ªk wθ ¼º  ¬ªk θw º¼
L


ij

B) Step 2: Derivation of the stiffness matrix [kme] for the macroelement
After the formulation of the stiffness matrix for the macroelement’s median segment according to the procedure which is summarized in Figure 2, the corresponding stiffness matrix
for the whole macroelement (Figure 1) can be derived.
At the beginning, the relationships between the displacements of internal nodes 2 and 3,
with those of external nodes 1 and 4 (Figure 1) are established. To this end, two factors must
be considered: (a) the fact that the rigid offsets are non-deformable elements and behave as
absolutely rigid bodies in 3D-space, and (b) the existence of the rotational springs which are
located in internal nodes 2, 3, where the median segment is connected to the rigid offsets
(Figure 1).
F22

2 y

F12
d2 v
ω31 2
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r e
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i
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Figure 3: Kinematic conditions of the proposed macroelement’s rigid offsets
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Due to the fact that the rigid offsets move as rigid bodies in the 3D-space, the displacements of the internal nodes 2 (u2, v2, w2), 3 (u3, v3, w3) are equal to the displacements of the
external nodes 1 (u1, v1, w1), 4 (u4, v4, w4) respectively, plus the displacements which are
caused by the rotations of the rigid offsets about the local axes 1, 2 and 3 (Figure 3). These
additional displacements can be calculated on the basis of Figure 3, with the assumption that
the displacements are infinitesimal. Moreover, the behavior of the rigid offsets as absolutely
rigid bodies leads to the conclusion that the rotations of the internal nodes 2 (θ12, θ22, θ32), 3
(θ13, θ23, θ33) about the local axes 1,2 and 3 are equal to the corresponding rotations of the external nodes 1 (θ11, θ21, θ31), 4 (θ14, θ24, θ34). It can be proved, with the aid of the Figure 3, that
(see also [20]):

> u int @ >T @  > u @

ª > Ι3 @ > t12 @ > 03 @ > 03 @ º
ª 0 e31 e21 º
ª 0 e32 e 22 º
«
»
»
«> 03 @ > Ι3 @ > 03 @ > 03 @ »  > u @ [t ] = « e 0 e » [t ] = « e
12
11 »
34
« 31
« 32 0 e12 »
«> 03 @ > 03 @ > Ι3 @ > t 34 @»
«¬ e21 e11 0 »¼
«¬ e 22 e12 0 »¼
«
»
«¬> 03 @ > 03 @ > 03 @ > Ι3 @ »¼

> u int @ = > u 2 v2 w 2 θ12 θ22 θ32 u3 v3 w 3 θ13 θ23 θ33 @
T
> u @ = > u1 v1 w1 θ11 θ21 θ31 u 4 v4 w 4 θ14 θ24 θ34 @

(11a)

T

(11b)

Where [I3] is the 3x3 identity matrix and [03] is the 3x3 zero matrix.
The existence of the rotational springs in the internal nodes 2, 3 causes discontinuity of the
rotations about the local axes 2 and 3 in these points. This is expressed through the parameter
Δθ and illustrated in Figure 4 for the case of bending of the macroelement in the local plane 12, where the rotational springs Kr32 and Kr33 are activated.
Body of joint
2
1

Δθ32
θ31

θ32

Rotational spring: K r33
θ33

2
Rotational spring: K r32

1

θ34
Δθ33

4

3
Body of joint

Figure 4: Modelling of semi-rigid connections through the rotational springs in the element’s internal nodes

If the rotational springs behave elastically or in the case of inelastic analysis (where, during
every incremental step of loading, the tangent stiffness of the rotational springs is used), the
equation which gives the value of the discontinuity Δθ is:

Δθ2i

Μ2i Kr2i ,

Δθ3i

Μ3i K r3i

(i

2,3)

(12)

Thus:

θ 22

θ 21  Μ 22 K r 22

1
θ 21  K r22
 Μ 22

θ 23

θ 24  Μ 23 K r 23

1
θ 24  K r23
 Μ 23

θ32

θ31  Μ32 K r32

1
θ31  K r32
 Μ 32

θ33

θ34  Μ33 K r33

1
θ34  K r33
 Μ33

(13)
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Taking into consideration Eq. (13), Eq. (11a) is modified as follows:

> u int @

ª> 03 @ > 03 @ > 03 @ > 03 @ º
«
>0 @ > K @ >0 @ >0 @ »
>T @  > u @  «« 03 0R 2 03 03 »»  >Sint @
> 3@ > 3@ > 3@ > 3@
«
»
«¬> 03 @ > 03 @ > 03 @ > K R 3 @»¼
ª
¬«

>Sint @

T

0 º
ª0 0
«
1
[K Ri ] = «0 K r 2i 0 »»
1
¬«0 0 K r3i ¼»

i

2,3

(14a)

TKR º¼»

= > F12 F22 F32 M12 M22 M32 F13 F23 F33 M13 M23 M33 @

(14b)

Thus, the matrix equation which relates the displacements of internal nodes 2 and 3 with
those of external nodes 1 and 4 is:

> uint @ >T@  > u @  >TKR @  >Sint @

(15)

It is also necessary to relate the forces of internal nodes 2 and 3 with those of the external
nodes 1 and 4. To this end, the six equations of equilibrium for each one of the two rigid offsets must be formed. These equations state the equilibrium of the three forces and the three
moments which act in each one of the two edges of the rigid offsets (nodes 1,2 and nodes 3,4).
Obviously, the forces which act at the edges of the rigid offsets are the elements of the vectors
[Sint] (Eq. (14b)) and [S], which is the vector of the forces of the external nodes 1, 4:

>S@

T

= > F11 F21 F31 M11 M21 M31 F14 F24 F34 M14 M24 M34 @

(16)

It can be proved [20] that the required relation of the forces of the internal nodes 2 and 3
with those of the external nodes 1 and 4 can be expressed in the following matrix form:

>S@ >T@  >Sint @
T

(17)

Eq. (17) arises from the rigid offsets’ equilibrium in the undeformed condition of the macroelement. However, in the framework of the geometric non-linear analyses, the equations of
equilibrium must be formulated in the element’s deformed condition. For this reason, Eq. (17)
must be modified. This modification concerns the introduction of the additional moments
which are produced when the forces in internal nodes 2, 3 are applied in the deformed state of
the element (Figure 3). It can be proved [14] that the modified form of Eq. (17) is:

>S@ >T@  >Sint @  ª¬Tg º¼  >u @
T

(18)

where [u] is the vector of the displacements of the external nodes 1, 4 (Eq. 11(b)) and the matrix [Tg] is calculated by means of the following equation:
ª>03 @ >03 @ >03 @ >03 @ º
ªF3 je3i  F2 je2i
º
0
0
«
»
03 @ >K s12 @ >03 @ >03 @ »
>
«
»
«
ª¬Τg º¼
ªK º 
0
F3 je3i  F1je1i
0
»
«>03 @ >03 @ >03 @ >03 @ » ¬ sij ¼ «
«
»
0
0
F
e
F
e

«
»
2 j 2i
1j 1i ¼
¬
«¬>03 @ >03 @ >03 @ >K s23 @»¼

i, j

 1,2
®
¯ 2,3

(19)

The relation between the displacements of the internal nodes 2,3 and the external nodes 1,4
(Eq. (15)), as well as the corresponding relation between the forces (Eq. (18)), constitute the
basis for the derivation of the stiffness matrix of the macroelement [kme] as a matrix function
of the stiffness matrix of the macroelement’s median segment [kms] (Table 1). It can be
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proved (e.g. [14]) that, after a sequence of matrix transformations using Eqs. (15), (18), the
stiffness matrix [kme] arises from the following equation:

>k me @ >Τ@ ^>Ι12 @  >k ms @  >ΤKR @`  >k ms @  >T@  ª¬Τg º¼
1

Τ

(20)

where the [I12] is the 12x2 identity matrix.
2.3

Load matrix derivation

The load matrices for the macroelement are formed using the basic principles of the twostep procedure which is used for the derivation of the stiffness matrix. This procedure was
described in Section 2.2. The current section focuses on the points of difference between the
procedure for the derivation of the load matrices and the corresponding procedure for the derivation of the stiffness matrix.
A) Step 1: Derivation of the load matrix for the median segment
As in case of the derivation of the median segment’s stiffness matrix, the corresponding
procedure for the formulation of the load matrix is based on the performance of static condensation in two stages (Figure 2). The load matrix of the median segment obviously depends on
the shape of the external loading. However, due to the fact that the median segment is discretized in sub-elements, any shape of continuously distributed load can be replaced by concentrated forces which are applied on the generated (n-1) nodes and the two external nodes A, B
(see Second step in Figure 2). As an example, this procedure for the case of a trapezoidal load
on a random part of the median segment is illustrated in Figure 5.

F1

q1

A
L1

q2

B

1
A

L2

2
1

2
L1

Lms

3

F2
4

3

F3
5

4

6
5

F4

.. n
... n-1

B

L2

Figure 5: Modelling of distributed load in the median segment through concentrated forces in the generated
nodes

Thus, the procedure for the derivation of the load matrix (as is the case with the procedure
for the derivation of the stiffness matrix) is based on the consideration of the median segment
as a sub-structure which is loaded only by concentrated forces in its nodes. This procedure
can generally be programmed, provided that the concentrated forces which replace the actual
external load are known. Using this approach, the load matrix [psub] (Figure 2) is derived.
Then, the next steps of the procedure which is illustrated in Figure 2 (third and fourth step)
lead to the generation of the 12x1 load matrix [pms] for the macroelement’s median segment.
B) Step 2: Derivation of the load matrix [pme] for the macroelement
The relation between the displacements and forces of internal nodes 2, 3, considering the
external loading of the median segment, is:

>Sint @ >k ms @  >uint @  >pms @

(21)

The corresponding relation for the external nodes 1, 4 is:

>S@ >k me @  >u @  >pme @

(22)
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By combining Eqs. (15) and (21), we obtain:

>Sint @ ^> Ι12 @  > k ms @  >TKR @`  >Kms @  >T@  >u @  ^>Ι12 @  >K ms @  >TKR @`  >pms @
1

1

(23)

The combination of Eq. (23) and Eq. (18) leads to the following equation:

>S@ ^>T@ ^>Ι@  >k ms @>TKR @` >k ms @>T@  ª¬Tg º¼`>u@  ^>T@ ^>Ι@  >k ms @>TKR @` >pms @`
1

T

1

T

(24)

Finally, by comparing Eqs. (22) and (24), the load matrix of the macroelement [pme] as a
function of the stiffness matrix [kms] and the load matrix [pms] of the median segment is extracted:

> pme @ >T@ ^>Ι12 @  >k ms @  >TKR @`  >pms @
1

T

3

(25)

NUMERICAL EXAMPLES

In order to check the efficiency of the proposed macroelement in the geometrically nonlinear analyses of framed structures, the solution of a set of numerical examples is presented
in the current section. A computer program in Fortran was developed for the implementation
of the proposed macroelement in these numerical examples.
3.1 Calculation of the critical load of beam/columns
The ability of the proposed macroelement to accurately calculate the critical loads of
beam/columns in lateral buckling was tested using a simply supported beam and a cantilever
beam. The data and the boundary conditions of these beams are illustrated in Figure 6. It must
be clarified that the ends of both beams are free to warp. Thus, the corresponding bimoments
are equal to zero.
y(v)
1
z(w)
u1=0, v1=0, w1=0
θx1=0, B1=0
y(v)

2

IPE400

L

x(u)

v3=0, w3=0
θx3=0, B3=0

IPE400

2

1
z(w)
u1=0, v1=0, w1=0
θx1=0, θy1=0, θz1=0, B1=0

3

L

x(u)

E=210000000 kN/m2, v=0.3
A=0.008446 m2
I y =0.00001317 m4
I z =0.0002313 m4
J =0.0000005 m4
I w =0.00000049 m6
L=10 m

B2=0

Figure 6: Simple beams for the study of the effectiveness of the new element in the calculation of buckling loads

For the modelling of beams, one macroelement with eight sub-elements was used. Thus,
the length of each sub-element is equal to Lse=10/8=1.25m. The calculated critical load values
were compared with the corresponding theoretical ones [21]. Three different load cases for
the simply supported beam were considered: (a) pure bending i.e. external moments Mze at its
ends, (b) concentrated load Fye at the middle, and (c) uniform load qye. It must be clarified that
the force Fye and the distributed load qye are applied at the shear center of the beam’s cross
section. The above load conditions can cause lateral buckling. In order to estimate the critical
load in each load case, two different approaches were adopted. In the first approach, the problem was solved by the addition of a perturbation torsional moment Mxe at the middle of the
beam. The value of this torsional moment was taken equal to 1/1000 of the value of each one
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of the three considered external loads. In the framework of this approach, the external loads
(and the perturbation torsional moment) were applied incrementally (i.e. step by step). In each
load step, the solution was achieved through an iterative procedure. The displacements and
the internal forces of the beam were stored after the convergence of each load step. The analyses were terminated when the convergence was impossible, after a pre-defined maximum
number of iterations. The termination of analyses indicates the values of the critical loads. In
the second approach, the calculation of the critical loads was achieved considering and solving the stability problem. Thus, in each load step (without the perturbation torsional moment
Mx), the value of the determinant detK of the stiffness matrix of the restrained beam was calculated and stored. The value of the external load for which the condition detK=0 is fulfilled
corresponds to the value of the critical load.
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Figure 7: Calculation of critical loads in lateral buckling for a simply supported beam using the new element

Figure 7 illustrates the main results of the analyses described above. The main conclusion
to be extracted from this figure is that the implementation of the proposed macroelement can
effectively approach the theoretical values of the critical loads for the studied cases (Eqs.
(26a)-(26c) [21]). More specifically, the differences of the calculated critical values from the
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theoretical ones are 0.47% in the case of the pure bending (Figure 7a), 2.12% in the case of
the concentrated load Fye at the middle of the beam (Figure 7b), and 0.34% in the case of the
uniform load qye (Figure 7c) when the first approach is adopted. The differences when the
second approach is adopted are correspondingly: 0.01%, 0.68% and 0.06%.
Ms.s.
cr,L

π  1

EI w π 2 EI y GJ
 
GJ L2
L
EI y GJ

s.s
Pcr,L
19.239 

qs.s
cr,L

L2

EI y GJ

32.1

L3

64.47kN

(26b)

10.76 kN m

(26c)

4.013

c
Pcr,L

ª1  EI
w
«¬

L GJ º
»¼
2

(26a)

117.76kNm

2



EI y GJ
L2

19.04kN

(26d)

Similar conclusions are extracted from the results of the solution of the cantilever beam,
which are presented in Figure 8. The theoretical value of the critical load (Eq. (26d), [21]) is
effectively approached using both types of analysis procedure. More specifically, the differences between the calculated and the theoretical value of the critical load are 0.72% according
to the first approach and 0.59% according to the second one.
Pye (kN)

25

3.E+16
Pcrit

20

2.E+16
2.E+16

18.9

15

Pye

y(v)

10

1

5

z(w)

L

0

0.05

1.E+16

2

x(u)
Mxe =0.001Pye

5.E+15

0.E+00

w2 (m)

0
0.1

DetK

0.15

-5.E+15

≈19.15
Pye (kN)

0
5
10
15
20
Figure 8: Calculation of the critical load in lateral buckling for cantilever beam using the new macroelement

The efficiency of the proposed macroelement was also studied in the case of an axially
loaded column with a cruciform cross-section (Figure 9a). This example was also studied in
[22]. The theoretical value of the critical load for pure torsional buckling is available in [21],
whereas the corresponding critical value of the axial force for flexural buckling can be calculated by the classic Euler formula. Both of the above critical values of the axial force Pxe are
given by Eqs. (27a), (27b).
s.s
Pcr,t

A  GJ
I y  Iz

s.s
Pcr,f

π 2  EIz
L2

195kN

(27a)
(27b)

15791.4kN

For the solution of the two problems, one macroelement with eight sub-elements was used.
The procedure which was adopted for the estimation of the critical axial-torsional buckling
load was based on the addition of a perturbation torsional moment Mxe equal to 1/1000 of the
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applied compressive axial force Pxe at the middle of the column (Figure 9b). Correspondingly,
a perturbation concentrated force Pye was added for the estimation of the critical axial-flexural
buckling load (Figure 9c). As in the case of the beam without an axial force, the external forces were applied progressively (step by step). However, in each one of the loading steps, an
iteration procedure was adopted for the accomplishment of the equilibrium between the internal and the external forces. As can be seen in Figure 9, as the compressive axial force approaches the theoretical values of the critical load, the displacements and the rotations at the
middle of the column are increased rapidly. In addition, the convergence to the solution became slow. Thus, the algorithm fails to converge after the pre-defined maximum number of
iterative steps. The solution with the proposed macroelement gives a value for the critical axial-torsional buckling load that is equal to Pcr,t=194.85kN (0.08% difference from the theoretical value), whereas the corresponding value for the critical axial-flexural buckling load is
15735kN (0.36% difference from the theoretical value).
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Figure 9: Calculation of critical loads for an axially loaded simply supported column using the new macroelement

3.2 Calculation of the critical load of simple framed structures
The scope of the current section is the study of the performance of the proposed macroelement in the geometric nonlinear analysis of simple framed structures. The extracted results
are compared with known solutions or with the corresponding results extracted from reliable
software.
The first example of this category is a clamped right-angle frame under a load P at the free
end, which was first solved by Argyris et al. [23], as well as by other researchers [22].
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Figure 10: Calculation of the buckling load of a clamped right-angle frame using the new macroelement
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4.5m

The data of this frame are presented in Figure 10. Each one of the two members of the frame
was modelled using one macroelement with eight sub-elements.
Following the procedures of the two approaches which were described in the previous section, the values of the frame’s critical load were estimated. These values are Pcr=1.0875N
(first approach) and Pcr=1.091N (second approach). The corresponding value which was calculated by Argyris et al. [23], using their formulation for the geometric stiffness matrix and 10
beam elements per member, is Pcr=1.088N.
The second example of this category concerns the one-storey steel space frame of Figure
11. This example was selected for the study of the performance of the proposed macroelement
when its abilities for the modelling of rigid offsets and semi-rigid connections are activated.
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Figure 11: One-storey steel space frame – data and modelling details

Two different types of analyses were performed. The first one concerns the flexural buckling analysis which leads to the calculation of the frame’s critical loads. More specifically, the
scope of this type of analysis is the calculation of the critical values (eigenvalues) of the load
factor λ which correspond to the modes of the overall flexural buckling of the frame for the
load pattern of Figure 12. The method which was adopted is based on the estimation of the
roots of the equation:
Det ª¬K P  λ º¼

0

(28)

where K(P·λ) is the global stiffness matrix of the restrained frame which depends on the external compressive forces P.
These roots were calculated using the Newton-Raphson algorithm. Details for the shape of
the function which relates the λ values with the values of det[K(P·λ)] for the examined frame
are presented in Figure 12. The first five critical values of factor λ where estimated. Definitely, in practical applications only, the first (and smaller) critical value λ1 is useful for the design. However, the calculation of the first five critical values of factor λ was carried out for
the further study of the effectives of the proposed macroelement.
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Figure 12: Calculation of the eigenvalues of the overall flexural buckling of the examined space frame using the
proposed macroelement

The problem was also solved using the program SAP2000 [24]. Table 2 presents the slight
differences of the first five critical λ values between the solution extracted by the SAP2000
program and the corresponding values extracted by the solution using the proposed macroelement.
λi

SAP2000

Proposed Macroelement

Difference (%)

λ1
λ2
λ3
λ4
λ5

126.06
133.23
468.26
468.32
498.86

126.04
133.21
468.27
468.34
498.82

0.014%
0.019%
-0.002%
-0.004%
0.008%

Table 2: Comparison of the eigenvalues calculated using the new macroelement and the SAP2000 program

The second type of analysis concerns the geometric non-linear analysis of the frame for the
vertical (distributed and concentrated) loads and the horizontal concentrated forces which are
illustrated in Figure 13.
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Figure 13: Load case for the geometric non-linear analysis of the space frame
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The problem was also solved using the program SAP2000, activating the option for the
consideration of the geometric non-linear effects. The comparison between the characteristic
results (bending moments and shear forces) which were extracted by SAP2000 and the corresponding results which were extracted by the solution using the proposed macroelement are
illustrated in Table 3. This comparison indicates that the proposed macroelement is capable of
extracting results very similar to ones extracted by the well-documented SAP2000 program.
Element/Node
1/1

2/3

5/5'
5/6'

Internal Force
M2,1
M3,1
V2,1
V3,1
M2,3
M3,3
V2,3
V3,3
M3,5'
V2,5'
M3,6'
V2,6'

Proposed Macroelement
-15.75
178.46
-49.40
25.84
-15.82
254.82
-100.61
25.85
74.33
78.80
-190.80
-180.85

SAP2000
-15.72
178.37
-49.39
25.85
-15.79
254.76
-100.61
25.86
74.38
78.75
-190.65
-180.8

Differences (%)
0.17%
0.05%
0.02%
-0.05%
0.22%
0.02%
0.00%
-0.03%
-0.07%
0.06%
0.08%
0.03%

Table 3: Comparison of values of bending moments and shear forces in characteristic points of the examined
space frame using the new macroelement and the SAP2000 program

4 CONCLUSIONS
In the current paper, the formulation and the study of the effectiveness of a proposed
beam/column macroelement for non-linear analysis is presented. This macroelement is a twonoded element with seven degrees of freedom per node and possesses abilities to effectively
model the members of steel structures. The inclusion of the seventh degree of freedom in each
node permits the modelling of the warping effects which are significant in steel members with
open thin-walled sections. The proposed formulation is based on a two-stage static condensation technique, which permits the connection of the new element with classic elements with
six degrees of freedom per node. The formulation of the new macroelement also includes rotational springs and rigid offsets at ends. It is thus able to model steel members with semirigid connections, as well as the influence of the body of rigid joints.
The proposed macroelement was successfully tested using well-known theoretical solutions from the literature and well-documented software (program SAP2000). The macroelement was also inserted to an existing professional software for the analysis and design of steel
structures.
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Abstract
The wind-structure interaction for structures sensitive to the wind action is commonly investigated through experimental campaigns in wind tunnel. Aerodynamic tests on rigid body models are carried out to estimate pressure coefficients that in turn are used to estimate the wind
action on the prototype surfaces. Pressure taps are located on the model surfaces and pressure scanners acquire pressure time histories. Pressure coefficients are calculated from pressure series, they are dimensionless values and they are nondimensionalized on the wind
velocity. In the wind tunnel, the flow is assumed stationary and consequently the mean value
of pressure coefficient time history is independent of the experiment time length. However, the
acquisition time length affects peak values and in particular the peak factor. In addition, the
most of processes acquired near edges and near the flow detachment zones are non-Gaussian,
contrary to what codes and standard suggest. It was estimated that several processes on the
surfaces of a rigid body are non-Gaussian and, in this case, the mean value is not significant.
At contrary, the mean value is mostly assumed as representative value of a measurement and
it is used to size the structure. It is true only for some specific zones. In addition, they depend
on the wind angle of attack. The purpose of this study is to discusses the Gaussian and nonGaussian processes localization for two examples of structure families, large span roofs and
bridge closed box section using aerodynamic experiments given by literature. The geometries
subject of this investigation are typical geometries of roofs and bridge sections sensitive to
wind action as for example cable nets roofs and suspended bridges.

Keywords: Wind tunnel, light structure, random processes, Gaussianity, stochastics.
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1

INTRODUCTION

The wind tunnel experimental campaign is largely used to estimate the wind effects on
structures sensitive to the wind. Structures very sensitive to the wind action are generally
large span roofs [1-5] as for example tensile structures for which the permanent load is smaller than the wind action, suspended bridges [6] that differently than traditional bridges made of
reinforced concrete that are sensitive to the seismic action [7] or steel corrosion [8] can be affected by the flutter instability and finally, high-rise buildings [9] that are slender.
The wind tunnel is used to investigate the aerodynamics and the aeroelastic behavior of
structures. The aerodynamics is commonly investigated through rigid body models and the
test purpose is to estimate pressures using tubes and pressure taps [1] or wind forces using
beam balances. The aeroelastic behavior is investigated through dynamic models that reproduces the prototype masses and stiffness based on scaling laws [10-14].
Aerodynamic and aeroelastic wind tunnel tests are both carried out for structures very light
and for which instability due to wind effects is expected. However, it is well known that the
more common experiments in wind tunnel are intended to estimate the wind action on the
structure surface through the pressure distribution. The pressure distributions across the test
model have historically been measured by drilling small holes (i.e. pressure taps) along the
airflow path and using multi-tube manometers to measure the pressure at each hole. Pressure
distributions can more conveniently be measured using pressure-sensitive paint, in which
higher local pressure is indicated by lowered fluorescence of the paint at that point. Pressure
distributions can also be conveniently measured using pressure-sensitive pressure belts, a recent development in which multiple ultra-miniaturized pressure sensor modules are integrated
into a flexible strip. The strip is attached to the aerodynamic surface with tape, and it sends
signals depicting the pressure distribution along its surface, [15].
The main results obtained from pressure tests is the pressure coefficients that depend on
the building shape and the turbulence flow. The experimental data are time histories and stationary processes. Many codes [16-17] suggest assuming the mean value of the pressure coefficient time history as a representative value for the wind action estimation. It is because
codes assuming that the random processes acquired in wind tunnel are gaussian [18] and consequently, the distribution of values is centered around the mean value. However, several
studies have shown that in many cases, processes acquired in wind tunnel are not Gaussian,
[19-23] and the skewness and kurtosis of the process are not negligible [24]. For these cases
the mean value can be not representative of the phenomenon. Another important statistic parameter of a random process is the absolute maximum that depends on the peak factor that in
turn depends on the time length of the process. The peak factor can be predicted analytically
through models that assume that the process is Gaussian [18] or not-Gaussian [25-31]. This is
a hot topic in the scientific literature because codes suggest the common value of the peak
factor of 3.5 that is commonly smaller than the experimental value.
This paper discusses the statistics of random processes acquired in wind tunnel during different experimental campaign on roofs and bridge sections. The pressure coefficients time histories peak factors are plotted comparing to the 95% level of confidence given by [18] and the
number of Gaussian and non-Gaussian processes were compared.
2

RANDOM PROCESSES STATISTICS

In this paper two set of pressure coefficients time histories are discussed. The first one consists of pressure coefficients time histories acquired on hyperbolic paraboloid roofs given by
[21] (Fig.1) and the second one consists of pressure coefficients time histories acquired on
closed box section of suspended bridges (Fig.2).
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The experimental campaign of hyperbolic paraboloid roofs discussed by [21] consists of
sixteen different geometries of hyperbolic paraboloid roofs with different plan shape (i.e.
square, rectangular, circular, and elliptical), two different curvature (i.e. more curved and flatter) and two different heights (i.e. tall and low). All geometries were tested in wind tunnel to
acquire pressure coefficients subsequently published in [16]. Models were equipped with
pressure taps (Fig.1) connected to pressure scanners.

Figure 1: Pressure taps tubes on a large span roof test model.

Pressure taps were located on the model external surfaces and more thickly along edges
were the flow detachment occurs. In these zones the pressure coefficient is generally bigger
than elsewhere for both values, the mean, and the peak value. In these zones the processes are
generally non-Gaussian [19].

Figure 2: Test model setup for a closed box section model [6, 13].

The pressure coefficients time histories were analyses to estimate the Gaussianity observing the empirical cumulative density function (ECDF), the skewness and the excessive kurtosis of the processes.
If the ECDF of the local peaks of the random process is fitted by a Rayleigh distribution,
the processes is Gaussian [18]. Otherwise, it the ECDF of the local peaks is fitted by a
Weibull distribution it corresponds to a non-Gaussian condition.

4928

M. Di Giovanni, P. D’Asdia

According to [24] the roof regions where the pressure coefficient process is non–Gaussian
are identified by the skewness bigger than 0.5 and/or the excessive kurtosis bigger than 0.5.
3

GAUSSIAN AND NON-GAUSSIAN PROCESSES

In this study the assumption given by [24] was assumed to select Gaussian and nonGaussian processes. They were compared with the 95% level of confidence of the Davenport
peak factor [18-19], for two set of data, pressure coefficients time history of hyperbolic paraboloid roofs [20] (Figs. 3-5) and of an example of closed box section for suspended pedestrian bridge [6, 13] (Fig.6). In Figs. 3-6, graphs show the peak factor gp for each pressure taps
#, gray continues line means the 95% Davenport level of confidence [18], green squared dot
means non-Gaussian processes and finally red dot means Gaussian processes.
Figures 3 show a comparison between a flutter (Fig.3a) and a more curved (Fig.3b) roofs
and it was observed that the curvature promotes the non-Gaussian processes decreasing.




























(a)

(b)

Figure 3: Gaussian and non-Gaussian processes for hyperbolic paraboloid roof: comparison between flatter (a)
and more curved (b) roof.

Figure 4 shows a comparison between low (Fig.4a) and tall (Fig.4b) building covered with
a hyperbolic paraboloid roof. It was observed that the building height slightly increase the
number of non-Gaussian processes.
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(a)

(b)

Figure 4: Gaussian and non-Gaussian processes for hyperbolic paraboloid roof: comparison between low (a) and
tall (b) building.

4929

M. Di Giovanni, P. D’Asdia

Figure 5 shows a comparison between two wind angles, 0° (Fig.5a) and 90° (Fig.5b). For
the wind angle equal to 0° the flow is parallel to cables with a downward curvature, for the
wind angle equal to 90° the flow is parallel to cables with an upward curvature. It was observed that the wind direction closely affects the Gaussianity. Fig.5b shows that the number of
non-Gaussian process for 90° is bigger than 0°.


































































(a)

(b)

Figure 5: Gaussian and non-Gaussian processes for hyperbolic paraboloid roof: comparison between wind angle equal to 0° and 90°.

JS

Figure 6 shows results for a closed box section (Fig.2) with two angles of attach, -10° and
0°, respectively. Results show a very relevant difference between the two configurations
(Fig.6a and Fig.6b). The number of Gaussian process decreases from -10° to 0° due to the
aerodynamics.

(a)

(b)

Figure 6: Gaussian and non-Gaussian processes for closed box bridge section: comparison between angel of attack equal to -10° (a) and 0° (b).

4

CONCLUSIONS

The Gaussianity of random processes was investigated on different geometries of roofs and
closed box section with different angle of attack. It was observed that:
• For roofs the curvature affects the number of Gaussian processes that increases for
flatter roofs.
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• The building height is not relevant in term of number of non-Gaussian processes for
the geometry investigated.
• The wind direction closely affect the number of non-Gaussian processes for roofs with
a double curvature (i.e. Hyperbolic paraboloid roofs) and during the oscillation of a closed
box section for a suspended pedestrian bridge.
Data have shown that non-Gaussian processes are mostly located near edges and near the
detachment zones. For these zones the davenport peak factor is not reliable because it underestimates the peaks of the random processes.
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Abstract
The prediction of the maximum or minimum peaks of a random process in the fields of civil
and mechanical engineering is a hot topic for the scientific literature. It is known that the
maximum of a random process depends on the process length. For this reason, a probabilistic
approach is necessary to estimate a reliable value from the process. Researchers for specific
case of studies proposed several analytical models to predict maxima of a random process.
Mostly, they are grouped on two families, models for Gaussian processes and models for nonGaussian processes. Each model was computed and calibrated based on a specific experimental campaign for a specific case of study. This makes difficult to select the best model for
every application. In addition, codes and standards neglect this topic and one might happen
to make the error to assume the maximum value as the statistical maximum of the random
process. Commonly, in the field of the structural engineering, peaks of a wind induced, or
wind-induced flow acceleration time histories are estimated following the probabilistic approach of Cook and Mayne. However, from 1950 to today hundreds different probabilistic
approach was given by literature. The purpose of this paper is to discuss an overview of models grouped by theoretical underlying assumptions.

Keywords: Random processes, Gaussianity, stochastics, peak factors, wind tunnel.
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1. INTRODUCTION
In the field of wind engineering the experimental tests in wind tunnel are the rule to investigate the building aerodynamics. In wind tunnel random processes of pressure are acquired
through pressure taps and tubes located on the building surfaces. Generally, the main result
that it is estimated is the pressure coefficient that is dimensionless respect to the wind tunnel
velocity. In wind tunnel, processes generally are stationary, and the mean value does not depend on the history time length. However, the mean value of the pressure coefficient time history is not the only one parameter that is important for the building structural analyses. In
many cases the most important magnitude is the maxima or minima peak of the random process that are closely important to design structure very sensitive to the wind action differently
than structure sensitive to the seismic action [1]. This is a hot topic for the scientific literature
in the fields of civil and mechanical engineering. Unfortunately, the absolute maximum (or
minimum) of a random process depends on the process time length. Usually, a probabilistic
approach is used to estimate a reliable maximum (or minimum) value from the process and
several analytical models were proposed by the scientific literature. Mostly, they are grouped
on two families, models for Gaussian processes and models for non-Gaussian processes. Each
model was computed and calibrated based on a specific experimental campaign for a specific
case of study and this makes difficult to select the best model for every application. The purpose of this paper is to discuss an overview of models grouped by theoretical underlying assumptions.
2. LITTERATURE OVERVIEW
2.1 From Cartwright and Longuet-Higgin, 1956 to Vanmarcke, 1975, through Davenport,
1964.
One of the first analytical model computed to predict extreme peaks used the field of wind
engineering is given by [2] (more recently developed by [3]) and it was computed to predict
the peaks of the sea waves. It is based on the assumption that the process is stationery and
Gaussian and that the maxima follow a Rayleigh distribution. Starting from this model, Davenport [4], developed the most used model to predict the peak factors of Gaussian processes.
It was based on the assumption that largest extreme values of a Gaussian normalized and
standardized process, asymptotically follow a Gumbel distribution. This model still today to
be the base of all analytical models to predict extreme peaks. About ten year later, [5] accounting for the dependence among the crossing events through a shape factor calculated
from the process spectral moments. Unlike Davenport’s peak factor, Vanmarcke’s [5], peak
factor can be applicable to narrow-band response processes while taking consideration of the
spectral bandwidth effects [6,7]. Several studies, also recently, have proposed method to extend the [4] and its subsequent updates to non-Gaussian processes, as for example [8] that
proposed the extended Davenport peak factor (EDPF). This method relates the descriptors of
the resultant, the parameters of the distribution function of the peaks, and the probability of
not exceeding a given threshold, however the method seems to have be limited and poorly
generalizable.
2.2 From Cook and Mayne 1979 to Harris, 2005
From 1979 to today, the studies published by Cook are a milestone because they proposed
a working approach based on a fully probabilistic assessment (i.e. the Gumbel distribution of
extremes) to estimate wind loads for the equivalent static design of structures [9, 10]. This
approach was born with the precise intent to fill a gap in codes and consequentially it is very
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sample. This approach was proposed in [11] and refined in [12] in which the previous approach is extended from the original first-order form, to admit multiple-order corrections
through a Monte-Carlo method that replaces the former integral method. This method is still
very often used in the field of structural wind engineering [13]. The design fractile of extreme
wind load coefficient distribution for a 50-year return period is recommended equal to 79%.
According to [14] this value can be increased to 93% to estimate the extremes of the wind velocity, based on the multi-order technique applied by authors.
In Cook, 1982 [15], Cook proposed the peak-factor approach that aims to exceed the limits
of the fully probabilistic approach, given by [11], for which fluctuations of load are due to
corresponding gusts in the approach flow. These numerical approaches will feed in the designer’s guide to wind loading of building structures, Parts 1 and 2 [16, 17]. These methods
were based on the assumption that the process is stationary, and this hypothesis is one of the
weaknesses on which [18] worked. It has given an extension of the methods given by Cook,
to full-scale wind-load measurements where the flow is intrinsically non-stationary. Harris,
1982 [19] provides the [15] theoretical background fully probabilistic approach (i.e. based on
the Gumbel distribution of the extremes). It proposed the elimination of the Monte-Carlo corrections, the will be widely used by researchers, as for example [20] that have used this method to estimates peak wind pressures on three-dimensional rectangular buildings with different
aspect and side ratios in different atmospheric boundary layers.
Harris will develop the traditional Gumbel extreme value method in [21] through a fitting
procedure using weighted least squares that improves set of plotting positions based on the
mean values of the order statistics and subsequently, through a direct method given by [22].
This last method does not require Monte-Carlo simulations or the assumption that extreme
pressures conform to the ultimate Fisher–Tippett Type I asymptote.
2.3 From Holmes and Moriarty,1999 to Torrielli et al, 2016 through modification of the
Cook and Mayne 1979 model
Several approaches have discussed modification and updates of the [11, 12] approach focused on the probability trend of the extremes in a random process.
The important issue of the extreme peaks of the wind velocity discussed by [23] have inspired [24-26] that have applied the Annual Rate of Independent Events (ARIE) method values, though its modification, to estimate the extremes wind velocity, subsequently discussed
for clarification by [27, 28] and [29]. The modification consists on using the Hybrid Weibull
model given by [30], to describe the parent distribution of the wind velocity simulations.
Holmes and Moriarty, 1999 [31] proposed the generalized Pareto distribution (GPD) and
its application to the statistical analysis of extreme wind speeds. It concluded that generalized
extreme value distribution (GEVD) can be used to determine the appropriate value of shape
factor, k, for use in the GEVD. In 2001, [32] and [33] not recommend this approach and discussed the conclusion given by [31], because this method is closely threshold dependent and
so not applicable for a process with a Weibull parents. However, [34] confirm the goodness of
this method using many and very long acquisitions of pressure series in wind tunnel experiments on a low-rise building as similarly it was done by [35].
Similarly, the Peaks-Over-Threshold (POT) is also affected by limits given by the practical
applications of POT method as it was shown by [36]. An and Pandey, 2005 [36] shown that
this model fail because the acute threshold sensitivity of wind speed estimates, which can be
attributed to erratic variation of model and sampling errors with selected threshold values. In
addition, [36], based on results given by [37], proposed a modification based on the assignment of an exponential prior on preconditioned data that is augmented with additional sample
information in an optimal sense through the principle of Minimum Cross-Entropy (Cross-
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Ent). An update of the POT method was proposed by [38] through a declustering of process to
extract independent peaks over a given threshold. for POT method and [39].
2.4 From Grigoriu 1984 to Kwon and Kareem, 2011, though Winterstein models.
Meanwhile, [40] discussed the mean up-crossing rates for Gaussian and non-Gaussian processes, laying the groundwork for future analytical models that aim to predict extremes of
non-Gaussian processes, as for example the analytical models given by [41, 42] and the chaos
polynomial theory of which some applications are discussed by[43, 44]. This approach was
largely used by researcher through application, as for example by [45, 46] or to develop new
models. Winterstein proposed a nonlinear vibration approach using the Moment-based Hermite model to predict extremes of a random vibration, subsequently applied in [47] on a statistical analysis of tension-leg platforms. Kareem and Zhao 1994 [48] developed the model
applied by [47]. The given improvement consists of an equivalent statistical quadratization
method that permits to derive the response probability density function, crossing rates, and
peak value distribution based on the first four cumulants. The method was known as revised
Hermite model [49, 50].
This method was developed by [51] using a limited number of statistical moments. Subsequently the model given by [47] and based on the an equivalent statistical quadratization
method was developed using a cubicization in [52]. Depending upon the nature of the nonlinearity, the quadratization and the cubicization method may be employed to approximate the
process by a quadratic or cubic polynomial. It permits to preserve the nonlinearity using a
Volterra functional series approach to attain the response transfer functions. The models is
known as modified Hermite model [49]. The distribution of the largest peak values is assumed as a Gumbel distribution, which implies a Weibull distribution for the local peaks of
the pressure coefficients.
Yang et al, 2013 [53] proposed a modification of modified Hermite model given by [52]
and [54] has given an application. The modification proposed by [53] consists on a numerically inversion of the relationship between skewness, kurtosis and the Hermite model shape parameters and on an approximate solution to improve the accuracy of the Hermite model.
The peak factor for non-Gaussian processes given by [48], was used by [55] to simulate
non-Gaussian processes in terms of correlation-distortion methods and application of higherorder spectral analysis. Similarly, the model given by [48] was used to Kareem et al 1998,
that developed a technique to model the contribution of the quadratic drag term containing the
square of the fluctuating velocity component through the development of a non-Gaussian gust
loading factor via moment-based Hermite transformation. This model was based on the concept of a translation process given by [40], moment-based Hermite model given by [42], and
the framework of Gaussian peak factor given by [4]. Thirteen years later, after [51] updates,
[49] completed the model and it gives the variance of the estimates in standard deviation for
the peak factor of non-Gaussian processes on the basis of a moment-based Hermite model
[41, 42].
Later, [56] proposed the “L-Hermite” model, an alternative cubic transformation calibrated
by the response “L-moments” rather than its ordinary statistical moments. However, this
method seems valid only for specific cases of study as for example marine structures in shallow waters [57], because it cannot convey sufficient information to accurately estimate extreme response statistics. The Winterstein, 1988 [42] and 2000 [51]
models were developed by [58] to improve their accuracy and simplify their application to
measured data in the case of wind pressure data. In particular, [58] proposed a closed form
approximate relationship between the skewness and kurtosis and the Hermite models shape
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parameters. Based on its results, it suggests that the bandwidth parameter related to the 4thorder spectrum moment should not be introduced.
Several papers proposed new models based on the moment-based Hermite polynomial
model as for example the model proposed by [59] that modify the Hermite polynomial method to obtain accurate approximation of extremes of processes with high skewness and Gaussian kurtosis. Many models promoted the Hermite polynomial model to transform nonGaussian data into a Gaussian process. Huang et al 2016 [60, 61] results suggest that Hermite
moment-based should be adopted in the peak value estimation for wind pressures only when
the skewness and kurtosis of a process are sufficient to capture its non-Gaussian properties.
However, Cook, 2016 [62] refuted these results applying the Bootstrapping methods (EVA )
[63].
Liu et al, 2016 and 2017 [64, 65] proposed a model that aims to solve the problem given by
the positive and negative probability distribution tails that affect skewness and kurtosis are
statistical moments. To improve the accuracy of the moment-based model approach, it derived a new moment-based translation model by defining a modified probability density function that is symmetric around the median of the original non-Gaussian process. Accordingly,
the distributions of maximum and minimum are addressed separately using newly defined two
sets of statistical moments with zero skewness. Rizzo et al, 2018 [50] have shown that for
strongly non-Gaussian processes this method is not particularly accurate. Rizzo et al, 2018
[50] have given an application of the modified Hermite models on Hyperbolic paraboloid
roofs [66-70].
2.5 From Sadek and Simiu, 2002 to Huang M. F. et al 2016
The theory proposed by [71] was innovative because it proposed an automated mapping
procedure to estimate the peak distribution of wind-induced non-Gaussian internal forces on
low-rise buildings by using a database-assisted design software. This mapping procedure requires identifying an analytical marginal probability distribution for the time series of interest
through numerical fitting of the distribution parameters. However, the Sadek and Simiu, 2002
[71] method has been applied only to non-Gaussian processes with an underlying marginal
gamma distribution [50]. The result obtained is that a gamma distribution (i.e. three-parameter
Gamma distribution) is appropriate for estimating the peaks corresponding to the longer tail
of the time series’ histograms and a normal distribution corresponding to the shorter tail of the
time series’ histograms, that are the same conclusions shown by [72]. The distribution of the
peaks is then estimated by using the standard translation processes approach given by [40]
and developed in [73]. It is found that the peak distribution can be represented by the Gumbel
distribution. The estimation obtained through this approach is based on the entire time series
and consequently it is more reliable than estimation based only on observed peaks. However,
the threeဨparameter Gamma distribution specific relationship between skewness and kurtosis
holds. Once the combinations of skewness and kurtosis of actual samples deviate far away
from the relationship, remarkable fitting errors will be incurred [74]. Ma and Xu, 2017 [74],
proposed an update of the Gamma method through the Johnson transformation to solve the
fitting error. This method depends on the maximum likelihood (MML) [75] to estimate the
Johnson transformation parameters.
Using the [71] procedure, [76, 77], estimated the extreme peak pressure distribution based
on wind-induced time history pressure data recorded in a wind tunnel and determined the design pressure and load coefficients at any selected probability level of non-exceedance for reliability-based structural design. Recently, Yang et al, 2019 [75] proposed an update using a
three-parameter Gamma distribution through formulations for estimating sampling errors of
the first four statistical moments.
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Based on the [71] results, [6] proposed the Gamma peak factor and it have applied this approach to estimate the wind-induced vibration on tall buildings. This study is one of the few
studies that worked on accelerations, discussed in this paper, differently than pressure or wind
velocity. For this reason, this contribute will be carefully discussed in the next sections.
From Sadek and Simiu, 2002 [71], Huang et al 2013 [78] and [79], gives an efficient model known as translated-peak-process method (TPP) for the estimation of the peak distribution,
peak factor, and variability of extremes, based on the Weibull distribution and point-to-point
mapping procedure. The innovation consists on a modification of the [71] from Gamma to
Weibull distribution processes [50] and it is particularly efficient for non-Gaussian process.
However, it needs to an elaboration of the measured data to fit a Weibull distribution that take
only positive bigger than zero values.
2.6 Analytical models based on the ACER approach
The univariate concept of average conditional exceedance rate (ACER) is a method for estimation of extreme wind speed statistics proposed by [80] and by [81] that have given an extension for estimation of extreme wind speed statistics to the case of bivariate wind speed
time series based on the previous research on the Monte Carlo methods for estimating the extreme response of dynamic systems [82, 83]. Naess and Karpa, 2015 [81] calibrated and tested
the bivariate method for simultaneous wind speed measurements from two separate locations.
The univariate approach is based on two separate components: the first component has the
capability to accurately capture and display the effect of statistical dependence in the data; the
second component is then constructed so as to make it possible to incorporate to a certain extent also the subasymptotic part of the data into the estimation of extreme values [80]. The
goodness of this analytical method was confirmed by [84] and it was used by the models developed by [85] and [86]. Finally, Chen, 2014 [87] proposed a model that, based on results
given by [88], through the curve-fitting and extrapolation of crossing rate, permits the estimation of extreme values distribution using Poisson distribution of crossings.
3. CONCLUSIONS
This paper discusses the most common analytical models to predict peaks (i.e. local and
absolute) from random processes. Models are grouped based to milestones and specifically
they are grouped in five families: (I) models for Gaussian process; (II) models from Cook
school, (III) models based on Grigoriu studies; (IV) models based on the Sadek and Simiu
studies and finally, (V) recent models based on the ACER approach. It is not possible to a
priori estimate the best model for a specific case of study investigated and all models are valid
until proven otherwise.
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Abstract

In earthquake analyses, usually the seismic displacement is estimated by the sliding-block
model, where a rigid block rests on an inclined plane and every time that the applied horizontal
acceleration is larger than the critical horizontal acceleration value for relative motion, the
block slides. This model is used for the prediction of permanent seismic movement of slopes
along a predefined slip surface, by appropriately selecting the equivalent critical and applied
acceleration values of the rigid block. However, the input seismic motion is usually specified
at the underlying bedrock and the seismic displacement along a slip surface depends not only
on the resistance along the slip surface, but also on the dynamic characteristics of the soil both
above and below the slip surface. Based on the above, the present work investigates and proposes expressions relating the ratio of the seismic displacement of slopes along a slip surface
and the corresponding displacement of the sliding-block model for similar applied acceleration
and critical acceleration of the slip surface in terms of characteristics of the soil profile both
above and below the slip surface. The proposed expressions were obtained based state-of-theart description of the dynamic response and results of previous dynamic seismic sliding displacement analyses. Parametric analyses using a recently developed numerical code were performed to calibrate and validate the proposed expressions. In these analyses, different
acceleration histories measured at rock sites are applied below soil layers with a slip surface
with varying critical acceleration value and dynamic properties both above and below the slip
surface.
Keywords: slopes, sliding-block model, dynamic response, seismic displacement, slip surface, coupled analyses
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1

INTRODUCTION

The seismic displacement of slopes usually occurs along a slip surface [1]. Engineers usually
assess the seismic safety of slopes using the dynamic factor of safety calculated from loads.
However, evaluations based on the dynamic factor of safety have the serious drawback that
they do not consider the seismic displacement, which is directly related to damage. In earthquake analyses, usually the seismic displacement is estimated by the sliding-block model [2],
where a rigid block rests on an inclined plane and every time that the applied horizontal acceleration is larger than the critical horizontal acceleration value for relative motion (ac), the block
slides. This model is used for the prediction of permanent seismic movement of slopes and
retaining structures along a predefined slip surface, by appropriately selecting the equivalent
critical and applied acceleration values of the rigid block [1, 3].
Different empirical expressions have been proposed predicting the seismic displacement of
the sliding-block model, in terms, primarily, of the ratio of the maximum acceleration of the
applied seismic motion by the critical horizontal acceleration for sliding [3]. In addition, some
of these expressions use other than the maximum acceleration parameters of the seismic motion,
such as the maximum velocity or the Arias Intensity, or parameters of the earthquake that produced the seismic motion, such as its earthquake magnitude or its earthquake fault distance
[4,5]. Furthermore, region-specific empirical expressions have been proposed predicting the
seismic displacement of the sliding-block model, as different regions have different earthquake
faults and geological profiles conditions, and thus potentially different applied seismic motions
characteristics [6].
However, the input seismic motion is usually specified at the underlying bedrock and the
seismic displacement along a slip surface depends on both the dynamic characteristics of the
sliding mass, and the soil profile below [8]. Based on the above, it is of interest for practicing
engineers, to relate the seismic displacement along slip surfaces, not only on characteristics of
the applied seismic motion and the critical horizontal acceleration for sliding of the slip surface,
but also to the dynamic soil properties both above and below the slip surface. Expressions have
been proposed predicting the seismic displacement of slopes in terms of not only characteristics
of the applied seismic motion and the critical horizontal acceleration for sliding, but also on the
dynamic characteristics of the sliding mass [7]. Furthermore, Katsenis et al [9] proposed empirical expressions relating the ratio of the seismic displacement of slopes along a slip surface
and the corresponding displacement of the sliding-block model for similar applied acceleration
and critical acceleration of the slip surface considering the dynamic soil profile characteristics
both above and below the slip surface. Their relationships are in terms of the soil profile type
of the slope according to Eurocode 8 [10] and the depth of the slip surface. Yet, the dynamic
response of soil layers is related to its dominant period [7, 8], and Eurocode profile types provide only an approximate prediction of the actual dynamic response.
The present work extends the Katsenis et al. [9] work by proposing an empirical expression
predicting the seismic displacement of slopes where the soil profile has any shear velocity value
and depth both above and below the slip surface. In order to achieve this goal, below, first a
critical literature review of the dynamic effect on the seismic displacement of slopes is pre-
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sented. Then, based on this critical review, equations simulating the dynamic effect on the seismic displacement of slopes are proposed. Following, a data base of seismic motions measured
at rock sites is obtained, mainly recorded in the European-Mediterranean regions and using this
data base an evaluation of the model parameters of the proposed equations and an assessment
of the accuracy of the model is performed. Finally, the paper discusses further validation and
application of the proposed equation.

CRITICAL LITERATURE REVIEW OF THE DYNAMIC EFFECT
ON THE SEISMIC DISPLACEMENT OF SLOPES

2
2.1 Eurocode

According to Eurocode 8 (European Standard, 2003), as illustrated in Fig. 1, the dynamic
response of elastic systems (S) depends on the critical period of the system (Ts) according to
the following equations:
Ts<Ta
≥

S(Ts)=1+ A Ts/Ta
≥

(1)

S(Ts)=1+A
S(Ts)=(1+A) (Tb/Ts)B

Ts>Tb

Where the parameters A and B typically equal 0.25 and 2/3 respectively and the parameters
Ta and Tb depend on the underlying soil type and for rock sites they equal Ta=0.10s Tb=0.40s.

1.4

S(T)/S(T=0)

1.2
1
0.8
0.6
0.4
0.2
0
0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

T (sec)

Figure 1: Seismic response in terms of Ts as predicted by Eurocode 8 (European Standard, 2003) for
rock sites.

2.2 Work by Rathje and Bray [7] and Bray and Travasarou [13]
The effect of the dynamic response of the sliding mass on the seismic displacement along
slip surfaces has been modelled among others by Rathje and Bray [7]. They consider the 1dimensional geometry of Fig. 2a where a horizontal shear wave propagates vertically above a
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slip surface with critical acceleration ac at a body with height h and shear wave velocity Vs and
identify the critical period of the system, as

Ts = 4h / Vs

(2)

Fig. 2b presents typical predictions of their model: The variation of sliding displacement
with Ts/Tm, where Tm is the mean period of the applied seismic motion, for the Aegion 1995
seismic motion with ac=0.5m/s2, h= 15m, ρ= =2 Mg/m3 and damping λ=0.15 is presented. In
Fig. 2b it can be observed that, similarly to Fig. 1, the effect of dynamic response (a) does not
exist for Ts=0, (b) as Ts increases, the dynamic effect increases and it produces maximum response approximately when Ts=Tm and (c) as Ts further increases beyond Tm, it decreases the
final seismic displacement along the slip surface (uf) towards zero.
Consistently, Bray and Travasarou [13] proposed empirical expressions relating the seismic
displacement, in addition to the critical acceleration ac and characteristics of the applied seismic
motion such as the earthquake magnitude uf, to Ts.

(a)

(b)

Figure 2: (a) The Rathje and Bray [7] model and (b) typical predictions of the model: Variation of sliding displacement with Ts/Tm for rigid and dynamic analyses. The Aegion 1995 seismic motion with ac=0.5m/s2, h=
15m, ρ= 2 Mg/m3 and λ=0.15 is presented.

2.3 The Katsenis et al. [9, 11] model
In the analyses described above the effect of the soil profile below the slip surface on the
seismic displacement has not been studied. The Katsenis et al [9, 11] model, is a cost-effective
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model which can study it: As shown in Fig. 3b, it considers the 1-dimensional dynamic response
of a horizontal soil profile of depth (h1+h2) with a slip element at depth h1. Different shear wave
velocities (Vs-1, Vs-2), densities (ρ1, ρ2) and damping (λ1, λ2) may exist above and below the slip
element. The slip element simulates the seismic displacement of the conventional sliding-block
model, where its resistance is defined by the critical horizontal value (ac), for which relative
movement in only one direction occurs. The two bodies move a horizontal distance xi, velocity
x'i and acceleration x''i, where i takes the values 1 and 2 for bodies 1 and 2 respectively. The
corresponding field configuration is that of a slope with a slip surface where seismic displacement may accumulate as a result of a horizontal shear wave, illustrated in Fig. 3a

(a)

(b)

Figure 3: The Katsenis et al, (2020) model: (a) field configuration of a slope with a slip surface where seismic
displacement may accumulate as a result of a horizontal shear wave, (b) simulation of (a) with a 1-D dynamic
system of 2 continuous bodies separated by a horizontal slip element. In the dynamic system (b) slippage may
occur along AA’.

2.4 Results of the Katsenis et al. [11] model
Katsenis et al. [11] define
Ts1=4 h1/Vs-1

(3a)

Ts-ave = 4 (h1/Vs-1+ h2/Vs-2)

(3b)

and Fig. 4 presents a typical computed permanent seismic displacement (uf) response of their
model. In particular, the computed displacement (uf) for the Aegion 1995 seismic motion with
ac=0.5m/s2, h1+h2=30m, ρ1=ρ2=2 Mg/m3 and λ1 =λ2=0.15 (a) versus Ts1/Tm for Vs-2=Vs-1,
h2=1m, 15m, 25m, (b) versus Ts1/Tm for h2=15m and (c) versus Ts-ave/Tm for the cases (a)
and (b) is presented.
It can be observed that the effect of the soil profile both above and below the slip surface on the
seismic displacement is considerable and that if uf is plotted in terms of the ratio Ts-ave/Tm,
the scatter in results for different Vs-2 and h2 values decreases considerably. It is inferred that
the dynamic effect on uf can partly be interpreted by relating uf to Ts-ave. In particular, similarly
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to the response of Figs. 1 and 2, but replacing Ts with Ts-ave, it can be observed that the dynamic response (a) does not exist for Ts-ave=0, (b) as Ts-ave increases, the dynamic effect
increases and it produces maximum response approximately when Ts-ave=Tm and (c) as Tsave further increases beyond Tm, it decreases the final seismic displacement along the slip surface (uf) towards zero.
Furthermore, Katsenis et al. [11] illustrate that the dynamic response play an important role for
small seismic displacement, but a smaller role for large seismic displacement (>0.5 m). Typical
results are given in Fig. 5, where the ratio of the rigid and dynamic uf value tends to zero as ac
decreases. Indeed, as identified by previous researchers also [14], large seismic displacement
corresponds to low critical acceleration value, which limits the seismic actions transmitted
across the slip surface, and thus the dynamic effect.
(a)

(b)

(c)

Figure 4: The computed permanent seismic displacement (uf) for the Aegion 1995 seismic motion with
ac=0.5m/s2, h1+h2=30m, ρ1=ρ2=2 Mg/m3 and λ1=λ2=0.15 (a) versus Ts1/Tm for Vs-2=Vs-1, h2=1m, 15m, 25m, (b)
versus Ts1/Tm for h2=15m and Vs-2=75, 150, 300, 500m/s and (c) versus Ts-ave/Tm for the cases (a) and (b)
[11].

Figure 5: Computed permanent seismic displacement (uf) by [11] for the elastic and rigid analyses in
terms of of ac for the Aegion 1995 seismic motion, h1=h2=15m, Vs-1=Vs-2= 200m/s, ρ1=ρ2=2Mg/m3,
λ1=λ2=0.15.

2.5 Previous empirical equation
Different empirical expressions have been proposed predicting the seismic displacement of
the conventional sliding-block model (uf-bl) in terms of ac and characteristics of the seismic
motion such as amax, Arias intensity, earthquake magnitude etc. [2-6]. In addition, some of these
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expressions are region-specific [7]. Katsenis et al. [9] in order, to separate the dynamic effect
from the seismic displacement accumulating along the slip surface for rigid blocks, propose to
relate uf on the conventional sliding-block model (uf-bl) seismic displacement for the same applied seismic motion and critical acceleration value, as
uf = R uf-bl

(4)

where the factor R simulates the dynamic effect and depends on various factors such as uf-bl ,the
soil profile type and the depth of the slip surface.
3

PROPOSED EQUATION PREDICTING THE DYNAMIC EFFECT
ON THE SEISMIC DISPLACEMENT OF SLOPES

The problem considered is that of Fig. 3a where a seismic horizontal motion is applied at the
bedrock underlying a soil profile where a potential slip surface exists at some depth, which is
simulated with the system of Fig. 3b.
In order, to separate the dynamic effect from the seismic displacement accumulating along
the slip surface for the same seismic motion, which has been predicted by previously proposed
empirical equations, similarly to [9], we relate uf on the conventional sliding-block model seismic displacement for the same applied seismic motion and critical acceleration value (uf-bl).
More specifically, we propose the following equation to predict uf:
uf= uf-bl Kdyn

(5a)

At this point it should be noted that uf-bl equals to uf in the case of a very stiff or of a very
shallow soil profile, where Ts-ave tends to 0.
As described above, (i) the dynamic response can be simulated in terms of the critical period
by an equation of the form of equation (1), (ii) the dynamic response of the problem considered
depends on the value of Ts-ave, given by equation (3b), (iii) the response of Figs. 4 illustrate
that the dynamic response (a) does not exist for Ts-ave=0, (b) as Ts-ave increases, the dynamic
effect increases and it produces maximum response approximately when Ts-ave=Tm and (c) as
Ts-ave further increases beyond Tm, it decreases the final seismic displacement along the slip
surface (uf) towards zero and (iv) the dynamic effect is affected by the magnitude of the sliding
seismic displacement. Thus, we apply equation (1) by assuming that Ta=Tb and replacing and
Ts with Ts-ave and we obtain
−

≤

Kdyn(Ts-ave)=1+ A Ts-ave/Ta

−

>

Kdyn(Ts-ave)=1+(1+A) (Ta /T-ave)B

(5b)

where Ta is the Ts-ave value where Kdyn is maximum and the parameters A, B determine
the peak value and the post-peak rate of decrease of the dynamic effect, as illustrated in Fig. 6.
Section 2.4 above, described that the dynamic effect diminishes as the seismic displacement
increases, or, equivalently, as the critical acceleration value for relative motion increases. Indeed, at the time intervals where seismic displacement accumulates, the body above the slip
surface is separated from and moves independently from the body below the slip surface, and
thus the relationship between the dynamic effect and the factor Ts-ave ceases to exist.
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We define as (Rt) the ratio of the sum of times where the seismic displacement accumulates
(ts) by the total duration time of the applied seismic motion:
Rt = ts /tt

(6a)

Based on the discussion above, it is inferred that as (Rt) increases towards 1, the dynamic
effect diminishes. Thus, as Rt increases, the factors A and B of equation (5b) decrease, and in
particular for large values of Rt, A and B tend to zero.
Yet, the factors tt, ts are not usually used or specified on earthquake engineering. On the
other hand, the intensity of a seismic motion is best defined by the Arias Intensity measure (Ia)
[5, 6] and the corresponding magnitude of the relative slip which occurs can be identified by ufbl. Thus, we approximate the factor Rt of equation (6a) with the factor R’t defined by commonly
used and well defined parameters Ia and uf-bl as

R’t=( uf-bl/ Ia)

(6b)

As R’t increases, the factors A and B of equation (5b) decrease towards zero and thus we
can write

A= a1 (Ia/ uf-bl)a2

(5c)

B= b1 (Ia/ uf-bl )b2

(5d)

where a1, a2, b1, b2 are model parameters.
It can be noted that equations (5b) and (5d) predict that, similarly to the response described
in section 2.4, (a) A and B decrease, and the dynamic response decreases, as Ar decreases and
uf increases and (b) A and B tend to zero and the dynamic response diminishes as Ar tends to
zero and as uf becomes very large.
(a)

(b)

Figure 6: The function Kdyn in terms of (a) A and (b) B. In (a) B=0.5 and in (b) A=1.
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DATA BASE AND PARAMETRIC ANALYSES

4

A data base of seismic motions was obtained using the ESM site (the Engineering StrongMotion Database), which contains waveforms with magnitude ≥ 4.0, mainly recorded in the
European-Mediterranean regions and the Middle-East and provides a set of facilities to search,
select, download and analyze ground-motion data. It is obtained by selecting the Northern and
Eastern components of seismic motions with the following restrictions: Soil type according to
EC8 : A (Rock), max(PGA) >100 cm2/s, M >5. The reason of the selection described above is
that (a) the Katsenis et al. [9, 11] model input motions must correspond to seismic motions at
rock sites without the amplification and modification phenomena that seismic motions exhibit
as they pass thru soil layers and (b) seismic motions with max(PGA) <100 cm2/s and M<5
typically do not cause intolerable seismic displacement along slip surfaces.
The data base included 56 cases, sorted in descending PGA order, given in Appendix A. For
the present application four seismic motions were selected. In particular, as the seismic displacement greatly depends on PGA, the seismic motions were selected staring from the first
and taking the next after passing 12. In this way, the seismic motions No1, 13, 25, 37 were
selected, having a variety of PGA values, ranging from large to small PGA. Table 1 gives the
main characteristics of these applied seismic motions.
Coupled linear dynamic parametric analyses were performed using the Katsenis et al. [9, 11]
model, and more specifically the corresponding numerical code DIAS [11]. All the seismic
motions described above were applied at the base of soil column with h1=h2=15m. The shear
wave velocities of the two bodies considered are given in table 2. In each seismic motion, at the
slip surface three ac values were assumed, selected in such a way that uf-bl equals 0.01, 0.1, 1m,
which cover the range of typical values of typical field problems of instability interest. In addition ,λ1=λ2=0.05, ρ1=ρ2=2t/m3 were assumed.
No

Region

Date

ML
6.6

Epicentral
Distance
27.4

PGA
(cm/s2)
-1010

1

Turkey, Düzce

11/12/1999

2

Montenegro

3
4

Ia (cm/s)

Tcr (s)

1331.53

0.25

15/04/1979

6.8

62.9

211

73.32

0.25

Turkey, Düzce

12/11/1999

6.6

30.3

-157

44.30

0.25

Italy, Umbria

30/10/2016

6.1

46.6

121

19.68

0.13

Table 1: The main characteristics of the applied seismic motions.
Vs-1 (m/s)

50

100

130

180

270

370

Vs-2 (m/s)

75

1500

300

500

750

5000

470

580

700

1000

2000

Table 2: Shear wave velocities applied in the parametric analyses

5

EVALUATION OF MODEL PARAMETERS

Fig. 7 gives the obtained results of the parametric analyses: The ratio uf/uf-bl in terms of
Ts-ave in terms of applied seismic motion and uf-bl is given for all seismic motions. Similarly
to the theory described above, it can be observed that plotting the results for each case of seismic
motion and uf-bl values in terms of Tave has small scatter and this is true especially for small
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uf-bl values. It is also worth noting that in the results presented in Fig. 7, uf/uf-bl was plotted in
terms of Ts1 instead of Ts-ave also, and it was observed that the scatter was much larger.

uf-bl=1cm

.

uf-bl=10cm

uf-bl =100cm

(1)

(2)

(3)

(4)

Figure 7: The function Kdyn for the seismic motions (1)-(4) in terms of uf-bl .

For each case of seismic motion and uf-bl value, the model parameters simulating the dynamic
response according to equation (5) were obtained. In all cases, the seismic response was simulated well when
Ta=0.3s

(5.e)

It can be noted that this value is consistent with section 2.1 statement that in rock sites Tm does
not exceed 0.4s. With Ta=0.3s, table 3 gives the obtained factors A and B. Fig. 8 presents the
parameters of table 3: The factors A and B in terms of (a) (1/uf-bl), (b) Ia, (c) (Ia/ uf-bl) are given.
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Strong correlations are observed in all cases and as illustrated in Fig 8c, the best-fit correlations
of the relations (5c) and (5d), according to equation (5b), occur when,
a1=0.17, a2=0.39

(5.f)

b1=0.20, b2=0.35

(5.g)

As illustrated in Fig. 8c, the coefficient of determination is larger than 0.85 in all cases and as
the coefficient of determination is close to unity, it is inferred that the proposed equation describes well the computed response
(a) Factor A
Ia (cm/s):
uf-bl(cm): 1331.5
1
2.5
10
1.2
100
0.2
(b) Factor B

73.3
1.2
0.4
0.2

44.3
1.2
0.3
0.1

19.7
0.5
0.2
0.1

Ia (cm/s):
1
10
100

uf-bl(cm): 1331.5

73.3

44.3

19.7

1.8
1
0.55

0.8
0.55
0.1

0.8
0.55
0.1

0.7
0.43
0.1

Table 3: The model parameters A and B simulating the dynamic response according to equations (5) , for each
case of the uf-bl (cm) and Ia(cm/s) of the seismic motion
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Factor A

Factor B

(a)

(b)

(c)

Figure 8: Analysis of the results of the table 3: The factors A and B in terms of (a)1/ uf-bl, (b) Ia, (c) Ia/
uf-bl.

6

DISCUSSION

6.1 Validation and Application
Partial validation of the proposed equation (5) is the fact that the coefficient of determination
(R2) of the fitting parameters a1, a2 and b1, b2 of the proposed equation is near unity and certainly larger than 0.8. However, it is desirable to perform additional analyses to validate equation (5), especially as only four seismic motions were used to derive it. For this purpose, more
parametric analysis to validate the proposed equation and analyze its error may be performed
by applying all the seismic motions of table A1, as well as different soil profiles.
Furthermore, because deterministic methods obtaining empirical expressions predicting the
seismic displacement of slopes do not rationally take into account the uncertainty of these expressions, researchers have recently turned to the probabilistic approach: (a) Creating probability curves of an annual exceedance of a specific value [15], or (b) fragility curves which
give the possibility of exceeding a certain seismic displacement value in the design time depending on the properties of the seismic excitation and of the slope [16]. Thus, it is desirable
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to extend and modify as necessary the proposed equation (5) by applying probabilistic methods.
6.2 Effect of non-linearity
Soil behaves linearly only at very small shear strains, well below the typical shear strains exerted in soil profiles near severe earthquakes [11]. It is inferred that for accurate predictions,
the linear methods described above must be extended with constitutive equations simulating
the non-linear soil response. Under dry conditions the degradation of the shear modulus with
shear strain must be simulated. The Katsenis et al [11] model simulates this degradation in
terms of the Plasticity Index of the Soil (PI), as proposed by the state-of-the-art model of
Vucevic and Dobry [17], shown in Fig. 9a. Typical results of numerical simulations illustrating the profound effect of soil non-linearities on the seismic response are given in Fig. 9b. The
case of the Aegion 1995 seismic motion with ac=0.5m/s2, Vs-2=Vs-1, h1=h2=15m,
ρ1=ρ2=2Mg/m3, λ1=λ2=0.15, PI1=PI2=0 is considered.
Katsenis et al. [11] observed that the effect of soil non-linearities can be simulated in linear
analyses by reducing the shear wave velocity to the average value one during the non-linear
dynamic simulation. Thus, it is inferred that equation (5) may potentially be extended to predict the non-linear soil response by proposing methods which adequately reduce the Vs-1 and
Vs-2 values in terms of the intensity of the applied seismic motion and the soil stiffness.
(a)

(b)

1

Gs /Go

0.8

0.6

0.4

0.2

0
1.E-05

PI=0
PI=15
PI=30
PI=50
PI=100
1.E-04

1.E-03

1.E-02

γ

Figure 9: (a) Shear modulus degradation versus shear strain in terms of PI, as proposed by Vucevic
and Dobry [17], (b) The computed displacement (uf) by Katsenis et al. [11] for the linear and nonlinear dynamic analyses versus Ts1/Tm for a specific case, described in the text.

4958

/RXNDV&.DWVHQLV&RQVWDQWLQH$6WDPDWRSRXORVDQG9DVVLOLV33DQRVNDOWVLV

7

CONCLUSIONS

 Expressions have been proposed predicting the seismic displacement of slopes in terms of
characteristics of the applied seismic motion and the critical horizontal acceleration for
sliding and only the dynamic characteristics of the sliding mass [7]. Only Katsenis et al.
[9] proposed empirical expressions in terms of the soil profile both above and below the
slip surface. Yet, their expressions are in terms of the soil profile type of the slope according to Eurocode 8 and not related to the dominant profile period.
 The present work proposes equation (5) simulating the effect of the dynamic response on
the seismic displacement of slopes in terms of the dominant period of the soil profile both
above and below the slip surface.
 This equation is based on state-of-the-art descriptions of the dynamic response, results of
previous dynamic seismic sliding displacement analyses and numerical predictions of the
model of Fig. 3b.
 It is desirable to perform more parametric analysis to validate the proposed equation and
analyze its error.
 The proposed equation may be extended to predict the non-linear soil response.

8
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Appendix
Table A1. Seismic motions collected and their magnitude and distance.
No
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38
39
40
41
42
43
44
45
46
47
48
49
50
51
52

Name
Turkey, Düzce
Turkey, Düzce
Italy, Umbria
Italy, Abruzzo
Italy, Umbria
Turkey , Kocaeli
Turkey, Düzce
Greece, Ioannina
Greece, Ioannina
Italy, Umbria
Turkey, Düzce
Montenegro
Italy, Lazio
Italy, Marche
Turkey, Kocaeli
Italy, Marche
Montenegro
Italy, Marche
Italy, Umbria
Italy, Umbria
Italy, Calabria
Italy, Umbria
Italy, Calabria
Italy, Abruzzo
Turkey, Düzce
Italy, Umbria
Turkey, Düzce
Bosnia and Herzegovina
Italy, Abruzzo
Italy, Abruzzo
Italy, Umbria
Italy, Campania
Turkey, Düzce
Greece, Ioannina
Italy, Marche
Italy, Calabria
Italy, Umbria
Croatia, zupanija
Greece, Athens
Italy, Marche
Italy, Marche
Greece, Peloponeze
Italy, Abruzzo
Italy, Calabria
Greece, Rodos
Italy, Umbria
Italy, Abruzzo
Turkey, Düzce
Italy, Catania
Italy, Abruzzo
Italy, Marche
Italy, Abruzzo

Date
12/11/1999
12/11/1999
30/10/2016
07/04/2009
30/10/2016
13/09/1999
12/11/1999
15/10/2016
16/10/2016
10/30/2016
12/11/1999
15/04/1979
24/08/2016
26/10/2016
17/08/1999
26/10/2016
15/04/1979
26/10/2016
06/10/1997
09/26/1997
25/10/2012
14/10/1997
09/09/1998
18/01/2017
12/11/1999
26/09/1997
12/11/1999
1990-04-03
18/01/2017
07/04/2009
30/10/2016
29/12/2013
12/11/1999
16/10/2016
26/10/2016
25/10/2012
30/10/2016
27/11/1990
07/09/1999
26/10/2016
26/10/2016
13/10/1997
18/01/2017
25/10/2012
24/01/2019
07/05/1984
18/01/2017
12/11/1999
13/12/1990
18/01/2017
26/10/2016
18/01/2017
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M (Mw)
6.6
6.6
6.1
5.4
6.1
5.8
6.6
5.6
4.8
6.1
6.6
6.8
6
5.4
7.25
5.4
6.8
5.4
5.4
5.8
5
5.5
5.5
5.4
6.6
5.6
6.6
4.8
5.1
5.4
6.1
5
6.6
4.5
5.9
5
6.1
5.6
5.8
5.4
5.9
5.8
5.4
5
5.2
5.9
5.4
6.6
5.6
5.3
5.9
5.4

Epic. Distance (km)
27.4
27.2
12
3.6
18.6
13.8
25.9
55.9
53.3
10.5
32.3
62.9
32.9
11.5
3.4
16.7
19.7
15.2
20.8
21.6
2.4
8.7
18
19.2
30.3
24.2
27.4
22
37.9
15.6
26
8.5
34.7
62.4
31.6
10.7
46.6
56.9
19.7
22.8
17.4
51.4
31.4
9.4
86.3
10.1
20.7
15.6
36.9
34.5
60.2
17
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Table A2. Characteristics of the seismic motions of table A1.
No
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38
39
40
41
42
43
44
45
46
47
48
49
50
51
52

E
-743
489
779
652
426
317
277
287
284
274
-254
-249
242
-194
229
-218
210
177
-101
184
182
94
-152
82
121
111
-133
109
-83
88
-131
130
-129
127
-117
-117
-90
-121
-119
-119
-119
-116
109
96
43
110
95
106
105
-68
71
-76

PGA (cm/s2)
N
-1010
-888
-850
304
385
-74
298
241
194
273
116
211
186
239
164
-130
173
-192
-184
164
-130
-176
-162
-161
-157
152
-148
-139
-138
131
114
-77
98
-114
-125
-124
121
121
-108
100
-84
117
-116
-114
112
98
108
74
61
103
103
-102

E
649.35
198.95
555.65
89.77
201.09
30.49
156.33
64.36
23.12
80.30
100.62
45.88
30.33
23.44
97.78
31.84
72.89
9.88
6.57
23.49
10.69
5.07
10.26
3.45
41.07
5.79
27.54
8.00
2.47
2.47
16.15
9.45
24.36
6.37
7.22
5.38
9.33
19.87
9.48
5.88
8.59
28.17
7.90
3.20
3.34
5.29
5.97
11.02
5.53
3.83
4.49
3.46

Ia (cm/s)
N
1331.53
979.16
608.67
49.83
192.23
3.76
185.24
84.47
22.85
70.73
19.58
73.32
12.33
19.74
73.72
17.65
61.59
8.89
13.84
27.93
8.99
11.43
15.68
9.71
44.30
11.30
37.35
12.37
4.92
4.58
11.65
8.56
22.52
9.41
9.25
5.63
19.68
18.62
6.54
5.80
8.63
19.12
10.43
3.45
11.19
6.23
8.78
6.42
4.71
6.41
4.29
5.78
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E
0.26
0.32
0.17
0.19
0.25
0.23
0.37
0.36
0.3
0.65
0.28
0.29
0.4
0.13
0.29
0.12
0.7
0.26
0.28
0.32
0.19
0.24
0.11
0.13
0.36
0.25
0.19
0.05
0.06
0.1
0.2
0.12
0.32
0.2
0.08
0.12
0.09
0.35
0.1
0.2
0.16
0.3
0.1
0.09
0.35
0.25
0.12
0.1
0.08
0.1
0.19
0.17

Tcr (s)
N
0.25
0.4
0.15
0.2
0.16
0.22
0.2
0.32
0.34
0.22
0.32
0.25
0.12
0.16
0.28
0.12
0.17
0.13
0.22
0.19
0.28
0.24
0.5
0.28
0.25
0.22
0.24
0.08
0.1
0.32
0.22
0.1
0.32
0.3
0.13
0.19
0.13
0.16
0.25
0.2
0.2
0.22
0.1
0.1
0.4
0.11
0.29
0.26
0.22
0.1
0.1
0.17
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Abstract
Urban development is increased and the construction of building on poor quality soils becomes non avoidable which increases the geotechnical risk. Below these circumstances, the
probabilistic approaches to study the behavior of a soil profile in a given environment have
been proposed in recent years. The purpose of this research work is to study the effect of vertical variability of soil shear modulus on soil seismic response using the probabilistic approach. Two types of heterogeneity are considered: (1) heterogeneity due to the random
distribution of the shear modulus in a soil profile; (2) heterogeneity of soil layer with shear
modulus increasing linearly with depth. The first heterogeneous soil models are generated by
Monte Carlo simulation. The spatial variation of the shear modulus is controlled by the variation coefficient parameters. The second heterogeneous soil models are assumed to have shear
modulus increasing linearly with depth. These heterogeneous soils are generated and then
integrated into the computer program based on the one dimensional wave propagation, resulting in seismic responses at the 'free field' soil. To demonstrate and show the importance of
considering heterogeneities in the model, the results are compared with examples of deterministic analysis by means of the experimental value of shear modulus obtained from a specific site in Algeria.
Keywords: Shear Modulus, Heterogeneity, Random Distribution, Increasing Linearly, Soil
Seismic Response.
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1

INTRODUCTION

In geotechnical practice, the determination of soil properties is based on tests carried out
on a limited number of samples in the laboratory or on site. Soil state variables in space and
time are due to complex geological conditions. Their properties change from a point to another. Due to the uncertainty associated with their inherent spatial variability, and limited available information, soil properties can be considered as random variables. Moreover, poor soil
sampling procedures, test procedures, characteristics of the test setup device and operator experience can have a large impact on the measured geotechnical properties. The probabilistic
approach is often used in engineering sciences to represent and decrease these uncertainties. It
attempts to take into account all the uncertainties affecting the properties of soils, and allow
the engineer to make the decision that bringing more objectivity; it assumes that the characteristics are variables defined by a mean, a standard deviation and a distribution law. To consider
these uncertainties using the probabilistic approach, soil properties are treated as random variables. These random variables are functions defined on a sample space to represent quantities
that can change. In practice, a random variable is where the estimated value is uncertain, but a
certain probability can be assigned to any specific value (take values from a finite or countable set) "for discrete random variables" or within any value from an interval on a real line
"continuous random variables”.
Several studies have been conducted taking into account uncertainty in geotechnical engineering, Tian and Jie [1] conducted a study of the uncertainty of soil parameters, regarding the
shear wave velocity (VS), thickness (h), density and damping for the propagating of onedimensional wave. Specific conclusions were drawn. Nour [2] studied, two-dimensional
seismic response, using Monte Carlo simulations combined with the deterministic method of
shear modulus, critical damping and Poisson's ratio of soil properties. The results showed a
significant attenuation of the tendency of the acceleration at the ground surface compared to
the homogeneous case. Dominic et al [3] carried out a study of the importance of the spatial
variability of soil properties on the surface response spectrum using Monte Carlo simulation
based on the Popescu methodology [4]. They concluded that local conditions are important
according to the gradient of the stiffness of the profile and intensity of the movement and that
further studies should be performed. Paolo and Cornell [5] presented a probabilistic work to
study the effect of soil layers on the estimation of the nonlinear amplification function, AF (f)
and the acceleration response spectrum for a frequency range of the oscillator of the structures.
The results revealed that AF (f) depends strongly on the intensity of the input soil movement
at the same oscillator frequency, for the two soil types studied (sand and clay). Andrade and
Borja [6] performed a combined stochastic-deterministic analysis of the local site response.
To compare the sensitivities of equivalent linear and non-linear analysis procedures, two
computer codes SHAKE and SPECTRA were used. The soil variability as well as the frequency and duration of earthquakes were considered in this study. The results showed that
SPECTRA has approximately the same sensitivity as SHAKE.
Other recent typical examples include the work of Li and Assimaki [7], Johari A. [8] and
Menzer Pehlivan et al [9] examined the special variability of soil on the prediction of a strong
soil motion, where the consequences of spatial variability on the seismic response are not well
understood. The basic characteristics of any layer are the shear wave velocity, the thickness
and the non-linear properties of soil. The values of these properties in nature through a site
vary from one point to another and there is always uncertainty in their measurement, this is a
major contributor to uncertainty in geotechnical engineering analyzes.
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2

PROBABILISTIC METHOD OF INDIRECT SIMULATION OF NON-GAUSSIAN
RANDOM FIELDS

The probabilistic method of indirect simulation of non-Gaussian random fields is based on
the theory of random fields. This approach is based on the decomposition of random variables
as described by Fenton [10].
The algorithm that allows the generation of 'f p (z) is described as follows:
NP

¦ 'g

'f p ( z )

pn

( z)

n 1

(1)

With ܰ is the number of soil properties to be simulated. The Gaussian random field with
ܰ variables, one-dimensional, with zero mean and unity variance 'g pn (z ) can be simulated
as follows [11, 16]:
N

2 ¦ Al , pn cos(k l z  : l , pn )

'g pn ( z )

l 0

(2)

With
For multivariate fields
Al , pn

H pn (k l ) 2'k

(3)

2 S (k l ) 'k

(4)

For uni-variate fields
Al

Equation (3) also can ensures the inter-property correlation, Ω݈,  ݊are random phases uniformly distributed in the interval [0 2ߨ]. The coefficients  ݊ܪare obtained from the inter
spectral density matrix in the wave number domain ܵ (ࣥ), the latter is a real, symmetrical matrix, and positive definite. The elements of the matrix H are obtained from the Cholesky decomposition of the symmetric matrix S which is defined by:

S (k )

ª S11 (k )
«
« S 21 (k )
« 
«
«¬ S Np1 (k )

S1Np (k ) º
»
S 22 (k )

S 2 Np (k ) »

S pipi (k )
 »
»
S Np 2 (k ) 
S NpNp (k )»¼

S12 (k )



(5)

The matrix  ݊ܪis assumed to be lower triangular:

H (k )

ª H 11 (k )
« H (k )
« 21
« 
«
«¬ H Np1 (k )

0



H 22 (k )




H Np 2 (k )




º
»
0
»
»
0
»
H NpNp (k )»¼
0

(6)

with ࣥ is the number of waves which satisfies:
k l
®
¯k u

l.'k
N .'k
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The wavenumber step Δࣥ is evaluated from the representation of ܵ ࣥ and by evaluating
the cut-off wavenumbers values ࣥ ݑfor ܰ increments, ࣥ ݑis defined by:
1
§ 1 ·
ku
ln¨ 4 ¸ ; O 0.001
a
©O ¹
(8)
a is a parameter statistic, which is obtained from a non-linear regression of experimental
data.
In this study, we consider one-dimensional, univariate, homogeneous but non-Gaussian
field with mean zero and spectral density function given by [2]:
S (k )

V2

V 1

2 S

a

ª § ka · 2 º
exp« ¨ ¸ »
«¬ © 2 ¹ »¼

(9)

In order to considerably reduce the computing time, the digital generation of sample functions of equation (2) is easily calculated using the Fast Fourier Transform (FFT), developed
by Yamazaki and Shinozuka [17] and modified by Zerva [18].
The analysis carried out in this paper considers λ (is a small real number close to zero)
equal to 0.001.
3

SPATIAL VARIABILITY OF UNBOUNDED SOIL PROPERTIES

Soil properties such as elastic modulus E, shear modulus G, permeability k, etc., are assumed to be lognormally distributed. This choice is motivated by the fact that these properties
are positive parameters, and that the lognormal distribution makes it possible to analyze their
great variability. The expression of the shear modulus for example is given by [2,10]:

OG ( z )

exp>O0G ( z )  [G 'f G ( z )@

(10)

With:

 2
V G2
(
1
)
Ln

[
° G
O02,G
°
(11)
®
1
°
2
°¯O0G z ln(O0,G )  2 [ G
Where O0,G and V G2 are respectively stand for shear modulus means and variance.
CVG: Coefficient of variation: To provide a dimensionless expression of the uncertainty inherent in a random variable.
4

HETEROGENEITY OF SOIL LAYER WITH SHEAR MODULUS INCREASING
LINEARLY WITH DEPTH

In this proposed approach the soil profile is assumed to have shear modulus increasing linearly with depth. In the upper layer, of thickness h1, the shear modulus is supposed to vary
according to [19]:
G1 ( z) G0 ( z / h1 ) p
(12)
Where z is the depth counted positively downwards from ground surface, G0 is the shear
modulus at depth h1, p is an arbitrary exponent, which takes values in range 0 d p  2. The
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parameter p can be determined by a least square fit through the measured values of the shear
wave velocity Vˆ ( z) and is given by Ref. [20]:
h

1 1 §z· ˆ
ln¨ ¸ lnV ( z )dz
(13)
h1 ³0 ¨© h1 ¸¹
Where Vs1 is the shear wave velocity at depth h1
For the underlying layer the shear modulus is assumed to be:
G2 ( z ) G0  G1 z / h2
(14)
Where z is counted from the layers interface and h2 is the thickness of second layer and G0+G1
is the shear modulus at depth h2.
p

5

lnVs1

RESULTS OF THE DYNAMIC RESPONSE OF A HETEROGENOUS ONEDIMENSIONAL SOIL PROFILE


Site variability Effects (shear modulus): the case of Souidania

This example deals with the vulnerability of a site with an inclined topography, with a
slope that varies from 4% to 5%, (figure 10). The site is located at Souidania, located in the
southwestern suburbs of Algiers and occupies an area of around 6 ha [21].

Fig. 1. Location of the project (Google Earth, October 2016)
It is shown in figures 2 and 3 ten realizations of the shear modulus for different values of
ܩܸܥǤ The effect of site variability is therefore an essential parameter in an urban environment
which must be evaluated to better define the lateral variability of the seismic movement of the
soil, with immediate consequences on the response of structures and their damage.
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Fig. 2. Ten realizations of variations in shear modulus, first site layer, for different values of ࢂࡳ.
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Fig. 3. Ten realizations of shear modulus variations, second site layer, for different values of
ࢂࡳǤ
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Fig. 4. Seismic amplification and the response spectrum in acceleration at the surface of the experimental case and of ten realizations according to the variability of the shear modulus G for a
value of CVG = 0.25.
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Fig. 5. Seismic amplification and the response spectrum in surface acceleration of the experimental case and ten realizations according to the variability of the shear modulus G for a value
of CVG = 0.5.
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Fig. 6. Seismic amplification and the response spectrum in acceleration at the surface of the
experimental case and of ten realizations according to the variability of the shear modulus G for
a value of CVG = 1

From figures 4, 5 and 6, it is clearly seen that the variation of the shear modulus has great
importance on the seismic amplification of the soil and this amplification varies according to
the coefficient of variation CVG where the value of the CVG varies from 0.25 slightly heterogeneous to the value 1.00 strongly heterogeneous. Figure 7 shows a comparison between the
case of heterogeneous experimental case, the cases of average of the ten realizations for each
CV value and the case of shear modulus increasing linearly with depth.
G01=45600000 Pa
G02=196500000 Pa
Ro1=1580 kg/m3
Ro2=1700 kg/m3
Beta=5%

Acceleration response spectrum (g)

1,4
1,2

Expiremental
CVG=0.25
CVG=0.50
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Period (s)

Fig.7. Surface acceleration response spectrum difference between the experimental case, the
case of Monte Carlo as a function of the variability of the shear modulus G for different CVG
values and the case of shear modulus increasing linearly with depth.

From the curves we can clearly see the differences between the studied cases, and that the
probabilistic seismic response of heterogeneous soil profile via Monte Carlo simulations, for
the value of CV = 0.25, is more equivalent to that of the seismic response of experimental
case. On the other hand, we have observed an attenuation compared to the other cases of the
value of CV = 0.5 and CV =1. Furthermore, For the case of the shear modulus increasing linearly with depth, the value of the response spectrum is identical to the probabilistic seismic
response of heterogeneous soil profile via Monte Carlo simulations for the case of CV = 1.
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6

DISCUSSION AND CONCLUSIONS

In this paper the acceleration response spectrum of the heterogeneous seismic amplification soils is analyzed. The random soil properties considered is the shear modulus, modeled
by random spatial fields. The random field for the shear modulus is obtained by adopting the
lognormal distribution, which allows its great variability to be analyzed.
As a summary of this article, we can recapitulate the following comments
 The increase in the coefficient of variation of the shear modulus induces a decrease in
soil amplification and the peak acceleration response spectrum for the one-dimensional
case. On the other hand, it is observed that increasing the coefficient of variation of the
shear modulus also causes a filtering effect which slides the fundamental frequency of
the system towards low frequencies, and causes attenuation of high frequencies. In this
case, the simulated soil becomes softer compared to the homogeneous soil ( = ܩܸܥ0).
 For the case of shear modulus increasing linearly with depth, the value of the response
spectrum is identical to the probabilistic seismic response of heterogeneous soil profile
via Monte Carlo simulations for case of CV = 1.
The results obtained indicate that the seismic response is related to the shear modulus variability. In addition, it is observed that the increase in the coefficient of variation of the shear
modulus induces a decrease in the peak value of the response spectrum in acceleration for the
one-dimensional case. The method described in this paper, by analyzing several realizations,
can reduce the geotechnical risk.
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Abstract
The existence of a “weak” layer, of low relative density, within a liquefiable soil profile, may
have a beneficial effect on the overall seismic response. The “weak” layer will liquefy earlier
and may act as a “Natural Seismic Isolation” system, for the overlying, stronger, liquefiable
layers, preventing thus the onset of liquefaction in them. In other words, it is possible that the
liquefiable ground above the “weak” layer will not liquefy and may thus form a competent
soil crust which will protect the integrity of infrastructure founded on it. The paper presents
results of a parametric investigation of the “weak” layer effects on the overall seismic response of liquefiable soil profiles. It is based on nonlinear numerical analyses, performed
with the Finite Difference method, and focuses on the effects of (i) soil properties (thickness
and relative density) of the “weak” layer and the overlying liquefiable layers as well as (ii)
the seismic motion characteristics on the extent of “weak” layer-induced natural seismic isolation.
Keywords: Liquefaction, Numerical Analysis, Seismic Response, Natural Seismic Isolation.
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1

INTRODUCTION

It is widely known that soil formations consisting of saturated, cohesionless soil layers are
highly susceptible to earthquake induced excess pore pressure accumulation and liquefaction,
with devastating results for infrastructures. However, it is possible that, under certain circumstances, the liquefaction of a soil layer prevents the propagation of seismic waves to the
ground surface and leads to the drastic attenuation of seismic actions on infrastructures.
Bouckovalas et al. [1] have shown that a uniform liquefiable layer, of adequate thickness and
drastically reduced acoustic impedance, may indeed act as a “Natural Seismic Isolation” system for seismic ground motions.
The concept of “Natural Seismic Isolation” can be also generalized for non-uniform liquefiable layers which include an intermediate “weak” layer, with significantly degraded liquefaction resistance. In these soil profiles, the intermediate “weak” layer will liquefy first and
will cause the attenuation of seismic motions, an effect which may prove beneficial for the
overlying and more stiff sand layers. Hence, it will act as a “Natural Seismic Isolation” system, preventing liquefaction to extent up to the ground surface. In other words, the liquefiable
ground above the “weak layer” will not liquefy and consequently it will maintain its strength
and may thus act as a foundation bearing soil crust. To date, there are no research studies that
systematically examine the above phenomena and suggest methods for their quantitative description. However, the few experimental and numerical studies that are found in the literature
(e.g. [2,3]) confirm the abovementioned beneficial “weak” layer effect.
The scope of this paper is to investigate the seismic response and the liquefaction of nonuniform sand deposits, aiming to a qualitative evaluation of the “Natural Seismic Isolation”
effect due to a “weak” soil layer embedded within the soil profile. For this purpose, a parametric investigation was performed focusing on the seismic response of non-uniform sand
deposits. In total, approximately 100 nonlinear, fully coupled, one-dimensional effective
stress numerical analyses aimed to examine the effect of various soil and seismic parameters
on the seismic response of liquefiable sites with an intermediate “weak” layer.
2

NUMERICAL ANALYSES

All numerical analyses were conducted in the Finite Difference code FLAC [4], for the
custom made soil profile depicted in Figure 1, which consists of five distinct soil layers under
the groundwater table. The total thickness of the soil profile is 18 m, with the upper and the
lower 2 m consisting of non-liquefiable medium plasticity clay with plasticity index PI = 30.
The shear wave velocity of the clay crust and the clay bed layers is equal to VS = 100 and
300 m/s respectively. The rest 14 m consist of liquefiable sand of variable relative density Dr,o,
with a “weak” layer of relative density Dr = 30 % and variable thickness Hweak embedded in it.
The base of the soil column was shaken with a 15-cycle harmonic excitation, of peak acceleration amax = 0.25 g and variable period Τexc (Figure 1). The values of: (i) the thickness of
the “weak” layer Hweak, (ii) the total thickness of the overlying soil layers Hcrust (soil crust), (iii)
the period of the seismic excitation Texc and (iv) the relative density Dr,ο of the stiffer sand
layers were varied parametrically to cover a wide range site and earthquake conditions encountered in practice. The baseline analysis was conducted for the following reference values
of the basic parameters: Hweak = 2 m, Hcrust = 6 m, Dr,ο = 60 % και Texc = 0.3 sec.
The NTUA-SAND critical state plasticity constitutive model [5,6] was employed to simulate the response of the liquefiable sand, while the simpler Ramberg and Osgood [7] constitutive model was selected to simulate the nonlinear hysteretic response of clay layers. The
NTUA-SAND model was calibrated against static and cyclic tests on saturated fine Nevada
Sand [8], while the Ramberg and Osgood [7] model was calibrated against the experimental
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modulus reduction and damping curves of Vucetic and Dobry [9] for low plasticity (PI = 30)
clays. Free-field lateral boundaries were simulated with the “tied-node” technique, which imposes the same (horizontal and vertical) boundary displacements at grid-points of the same
elevation. The “Selective Filtering Method” [10] was used in order to eliminate the numerical
noise which is inherent to elastoplastic dynamic analyses with FLAC, while the overall accuracy of the numerical methodology has been successfully evaluated in similar studies in the
past [e.g. 11,12].

Figure 1: Soil profile, Finite Different mesh and input motion oF the numerical simulations.

3

MECHANISMS OF WEAK LAYER EFFECT

To identify the mechanisms which control “weak” layer effects, and demonstrate their consequences on the seismic response of non-uniform sand deposits, the results of a typical analysis with Hweak = 2 m, Hcrust = 8 m, Dr,ο = 60 % and Texc = 0.3 sec are first presented in more detail.
For comparison purposes, the numerical analysis was repeated for the case of uniform sand of
relative density Dr,ο = 60 % over the entire 2 - 16 m depth, namely without intermediate “weak”
layer (i.e. Hweak = 0 m). Figures 2a and 2b compare the time-histories of the excess pore pressure ratio ru, defined as the ratio of the excess pore pressures Δu over the initial effective vertical stress σ’v,o (i.e. ru=Δu / σ’v,o), in the middle of the top sand layer as well as in the middle
of the “weak” layer, for the cases of uniform and non-uniform sand respectively. In addition,
Figures 2c and 2d present the respective comparisons for the time-histories of the shear stress
ratio CSR = τd / σ’v,o (where τd is the seismic shear stress amplitude).
As depicted by the ru time-histories of the non-uniform ground (Figures 2a and 2b), liquefaction occurs first in the “weak” layer at approximately t = 0.8 sec, and affects significantly
the evolution of the excess pore pressures on the sandy layers above and below the “weak”
one. Following the red lines in Figures 2a and 2b, it is observed that after the time instance
t = 0.8 sec, the excess pore pressure ratio in the “weak” layer becomes almost unity (ru ≈ 0.81.0) practically diminishing the shearing resistance of that layer. The result of this is to decelerate the excess pore pressure buildup in the overlying layer of relative density Dr,ο = 60% and
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prevent the onset of liquefaction that would have occurred in the absence of the “weak” layer
(black line). The above observations are in total accordance with the respective CSR timehistories in Figures 2c and 2d, where it is observed that around t = 1.0 sec the amplitude of the
τd / σ’v,o ratio above the “weak” layer drops to significantly lower levels. This observation, in
combination with the small excess pore pressure ratios at these depths, leads to the conclusion
that the liquefaction of the “weak” layer actually functions as a “Natural Seismic Isolation”
system for the overlying sand layer.

Figure 2: Typical time histories of excess pore pressure ratio ru and shear stress ratio CSR at the middle of the
“weak” layer and the overlying layer of sand.

For further insight, Figure 3a compares the variation with depth of the maximum excess
pore pressure ratio ru,max for both the non-uniform and the uniform soil profiles. It is observed
that due to the existence of the “weak” layer, liquefaction has not occurred at any depth in the
sand layer above it. In particular, the average value of the maximum excess pore pressure ratio above the “weak” layer rucr has been reduced from rucr ≈ 1.0 for the uniform sand deposit to
the value rucr = 0.65 in the presence of the “weak” layer. It is also observed that the effect of
the “weak” layer is also beneficial on the seismic response of the liquefiable sand layer below
it, although less significant and consistent than for the overlying sand layer. For this reason,
the following presentation will focus only upon results for the overlying sand layer.
The variation of the factor of safety against liquefaction FSL with depth is depicted in Figures 3b and 3c for the case of non-uniform and uniform sand deposit respectively. In both
cases, the values of the factor of safety were estimated following two different approaches.
Initially, FSL was estimated via the empirical methodologies that are commonly utilized in
practice (e.g. [13]), based on the results of in-situ SPT or CPT tests. More specifically, it was
assumed that the number of SPT blow counts is equal to N1,60 = 4.1 and 16.5 for Dr = 30 % and
Dr,ο = 60 % respectively [14]. For the estimation of the seismic actions, the nonlinear numerical analyses were repeated under drained conditions, i.e. without excess pore pressures
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buildup and liquefaction onset. In parallel, the values of FSL which correspond to the actual
response of each soil element during the numerical simulation were estimated, as follows:

FS L

§ N ·
¨
¸
© NL ¹

b

(1)

where N is the applied number of cycles by the seismic motion and ΝL the number of loading
cycles required to cause liquefaction based on the numerical analysis results. Equation (1) is
based on the mathematical expression of the liquefaction resistance curve, namely on the correlation between the cyclic stress ratio CSR and NL:
CSR

a  N L b

(2)

where the values of coefficient a and of exponent b depend on soil type and loading conditions. For the NTUA-SAND constitutive model and for Nevada Sand, it was assumed that
b = 0.41 - 0.57, based on the previous work of Kalogeraki and Zontanou [15]. More information regarding the estimation of FSL from the numerical analysis results can be found in
[15-17].

Figure 3: Typical variation with depth of (a) maximum excess pore pressure ratio ru,max and FSL considering (b)
non-uniform and (c) uniform sand deposit.

According to Figure 3b, the values of the factor of safety against liquefaction on the top
sand layer, based on the numerical analysis results and Eq (1), vary in the range FSL = 1.15 1.45, compared to the considerably smaller FSL values (FSL = 0.30 - 0.45) which were computed for the “weak” layer. It is thus evident that due to the onset of liquefaction in the “weak”
layer, the applied shear stress ratio CSR in more shallow depth is reduced, acting thus benefi-
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cially for the overlying sand layers, which have not been already liquefied. As the applied
seismic action is reduced, the factor of safety against liquefaction at these depths increases
significantly to values larger than unity, implying that the onset of liquefaction has been prevented. On the contrary, it is shown that the empirical methodologies that are used in practice,
which cannot take into account the presence of the “weak” layer, are entirely misleading as
they predict that the top sand layer will also liquefy and exhibit FSL ≈ 0.30 - 0.40. For the
“weak” layer, where the onset of liquefaction actually occurs, the two methodologies give
compatible results.
Similar conclusions arise even in the case of a uniform sand deposit (Figure 3c). In particular, the empirical methodologies give compatible results with the numerical analyses only for
the depths that liquefy first, while they predict considerably smaller FSL values in all other
depths. This means that the empirical methodologies for the estimation of FSL, which are
based on in-situ test results, are valid with acceptable accuracy only for the depths which correspond to the minimum factor of safety against liquefaction FSL,min, as they do not take into
account the drastic attenuation of the seismic actions in the soil deposits above the depth
where liquefaction is first triggered (or equivalently the minimum FSL value).
4

PARAMETRIC INVESTIGATION

In total, about 100 numerical analyses were performed, to explore the effect of the following basic parameters: (i) the thickness of the “weak” layer Hweak (= 0 - 11 m, at 1 m increments),
(ii) the thickness of the top sand layer Hcrust (= 5 - 10 m, at 1 m increments), (iii) the excitation
period Τexc (= 0.2 - 0.5 sec, at 0.1 sec increments) and, finally, (iv) the relative density of the
stiffer sand layers Dr,ο (= 40 - 90 % at 10 % increments).
Initially, the analysis of Section 3 was repeated for values of the “weak layer” thickness
varying in the range Hweak = 0 - 8 m, while its top remained constant at z = 8 m (namely with
constant Hcrust = 8 m). Figure 4a depicts the variation of the average value (with depth) of the
maximum excess pore pressure ratio in the top liquefiable sand layer rucr with the thickness of
the “weak” layer Hweak. In the same figure, the total range of ru,max values in the liquefiable
zones of the top sand layer is also presented. It is observed that the thickness of the “weak”
layer Hweak is a basic parameter as it significantly affects the value of rucr. It is noteworthy that
even a very thin liquefiable “weak” layer with Hweak = 1 m can prevent the onset of liquefaction on the overlying sand layers. In addition, it is observed that for larger Hweak thickness
values the rucr diagrams tend to stabilize to a minimum value min(rucr), which denotes the
maximum possible reduction of excess pore pressures in the top sand layer, or else the maximum possible “Natural Seismic Isolation” that can be achieved. In the examined case, the increase of the thickness of the “weak” layer Hweak leads to a significant reduction on rucr values
until the minimum value min(rucr) = 0.49 is reached, which corresponds to the numerical analyses with thickness equal to Hweak = 8m.
The format of Figure 4a was adopted for the presentation of the effect of all examined parameters in the present numerical investigation (i.e. Hcrust, Texc, Dr,o). In particular, the diagrams of the rucr variation with the thickness of the “weak” layer Hweak are depicted in Figure
4b for different top sand layer thicknesses Hcrust, in Figure 4c for different excitation periods
Τexc and in Figure 4d for different values of the relative density Dr,ο of the stiffer sand layers.
Figure 4b shows that not only the shape of the rucr - Hweak diagrams but also the minimum values min(rucr) are similar in all numerical analyses with different thickness of the top sand layer
Hcrust. In other words, the thickness of the top sand layer, namely the depth where the “weak”
layer is met, does not seem to have a significant effect on the values of rucr.
On the other hand, Figure 4c shows that the shape of the diagram alters significantly based
on the period Τexc of the seismic excitation. In particular, it is observed that the excitation pe-
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riod has no effect on the values of the minimum rucr ratio min(rucr), which in all cases is approximately equal to min(rucr) ≈ 0.50, but affects the reduction rate of rucr with Hweak, which
decreases as the excitation period increases. This effect becomes more prominent for
Τexc = 0.5 sec. This practically means that for larger Texc periods the Hweak thickness that is required in order to achieve the maximum possible reduction in the mean pore pressure ratio of
the top sand layer increases. In more detail, for Τexc = 0.2 sec the minimum ratio min(rucr) is
achieved for Hweak = 3 m, while for Τexc = 0.5 sec it is achieved for Hweak = 10 m. It should be
noted that this observation is in accordance with the findings of Bouckovalas et al. [1], who
showed that the excitation period is one of the basic parameters which affect the minimum
thickness of liquefied sand that is required for drastic attenuation of the seismic actions on the
ground surface.

Figure 4: Effect of parameters: (a) Hweak, (b) Ηcr, (c) Texc and (d) Dr,o on the variation of the average pore pressure
ratio in the top sand layer rucr.

Finally, Figure 4d shows that the relative density Dr,ο of the stiffer sand layers constitutes
also a crucial parameter for the definition of the minimum rucr value min(rucr), which reduces
significantly with the increase of Dr,ο. Apart from that, the shape of rucr - Hweak diagrams is
similar for all different relative densities Dr,ο. It is worth mentioning that even for relative
density Dr,ο = 40 %, i.e. slightly larger than that of the “weak” layer (Dr = 30 %), a reduction in
the values of rucr is observed, which implies that even a small difference in the soil conditions
of the “weak” layer, relative to the rest liquefiable ground, is adequate in order to achieve
“Natural Seismic Isolation” conditions.
For a more detailed insight in the effect of the relative density of the stiffer layer Dr,ο on the
values of the minimum ratio min(rucr), Figure 5 shows the variation of min(rucr) values with
the relative density of the top sand layer Dr,ο. It is thus observed that the minimum value of
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rucr reduced from min(rucr) ≈ 0.67 for relative density Dr,ο = 40 % to min(rucr) ≈ 0.36 for
Dr,ο = 90 %, while the reduction rate of min(rucr) reduces with the increase of Dr,ο value.

Figure 5: Variation of min(rucr) with the relative density of the top sand layer Dr,ο.

5

CONCLUSIONS

In the present study, the seismic response of non-uniform liquefiable sand deposits with an
embedded “weak” sand layer of low relative density and significantly downgraded liquefaction resistance is examined. In such deposits, the “weak” layer liquefies earlier than the stiffer
sand layers above and below it and forms a “Natural Seismic Isolation” system for the stiffer
overlying layers, which are now protected and maintain low excess pore pressure ratio values,
in the order of ru = 0.40 - 0.70. The “weak” layer effect on the seismic response of the underlying liquefiable layer is also beneficial, but not as important and consistent as for the overlying
layer.
The parametric analyses of this study revealed that the average values of the maximum excess pore pressure ratio that develop in the overlying sand layer rucr depend on the following
site and seismic excitation parameters: (i) the thickness of the “weak” layer Hweak, (ii) the excitation period Texc and (iii) the relative density Dr,ο of the stiffer layers. In particular, the increase of the thickness Hweak leads to reduction of rucr values until a minimum value
(0 < min(rucr) < 1), the increase of the excitation period Texc reduces the reduction rate of rucr
with the increase of Hweak, without however affecting the aforementioned min(rucr) value,
while the increase of Dr,ο leads to a reduction of the min(rucr) values. Finally, the depth of the
“weak” layer surface (Hcrust) has no substantial effect on the seismic system response.
Furthermore, it has been shown that the empirical methodologies which are widely applied
in practice for the estimation of FSL based on in-situ test results (e.g. [13]) can be applied with
satisfactory accuracy only for the depths corresponding to the minimum factor of safety
against liquefaction FSL,min, while they significantly underestimate the actual value of FSL
mainly for shallower depths.
It should be finally noted that the present research is currently in progress, aiming to study
the effect of additional parameters, such as the relative density of the “weak” layer and the
permeability of the liquefiable sand, as well as to propose an analytical methodology for the
prediction of the average value (with depth) of the maximum excess pore pressure ratio rucr
and of the factor of safety against liquefaction in the top sand layers.
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Abstract
The paper presents numerical analyses of a pile supported Tension Leg Platform wind turbine, during seismic loading and seabed liquefaction, taking consistently into account the
pile-tendon-platform interaction. The emphasis is on the system response when liquefaction in
the subsoil is extensive, leading to degradation of the pseudo-static factors of safety against
pullout failure of the pile well below unity. It is shown that the pile resistance to pullout failure decreases drastically during shaking, but fully recovers during the following dissipation
of earthquake-induced excess pore pressures and even exceeds the initial (pre-shaking) resistance value. Pile head displacements develop steadily during shaking and the following
excess pore water pressure dissipation phase, but only during the limited time period when
the static pullout factor of safety of the pile remains less than unity. Due to the very high tensional stiffness of the tendons, relative to the buoyancy stiffness of the platform considered in
this study, the pile head pullout is mostly transmitted to the platform, with only a very small
part corresponding to reduction of tendon elongation. As a result, the potential loss of buoy
stability and tendon pretension may prove detrimental, but they are recoverable following a
strong seismic event, as is unlikely to threaten the short-term safety of the platform.
Keywords: TLP Platform, Liquefaction, Numerical Analysis, Offshore pile foundation.
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1

INTRODUCTION

Compared to bottom-fixed support platforms (e.g. gravity base, tripod, monopile and
“jacket” supporting structures), the cost of Tension Leg Platforms (TLPs) depends on depth
only for the station keeping component and becomes competitive for relatively large water
depths, beyond about 80 m (e.g. Big Foot TLP, Magnolia TLP, Ursa TLP etc.). In addition to
the lower construction cost, the TLP concept is also appealing for high seismicity areas (e.g.
Italy, East Mediterranean, California, China, Japan), as it is rather insensitive to seismic actions, especially when the pile foundation response is considered along with the tendon-buoy
dynamic model (e.g. [1-4]).
Nevertheless, it should be noted that the previous findings apply to seismically stable soil
and foundation conditions, but they are still under consideration for liquefiable sand and silt
seafloor soil profiles, where seismic shaking may lead to excess pore pressure buildup and
partial or total loss of the pile foundation capacity to sustain the pretension of the tendons [5].
The static design of pile foundations is described with sufficient detail in a number of design
guidelines [6-7]. However, available guidance on the seismic design of TLP foundations is
limited and practically non-existent for earthquake-induced liquefaction in the foundation soil.
In view of the above objective limitations, the paper presents numerical analyses of a TLP
supported wind turbine during seismic loading and seabed liquefaction, taking consistently
into account the pile-tendon-platform interaction. The emphasis is on the system response
when liquefaction in the subsoil is extensive, leading to degradation of the pseudo static factors of safety against pullout failure of the pile well below unity. For this purpose, it was assumed that the liquefiable soil deposit extends along the entire pile length, instead of forming
one or more layers of limited thickness.
2
2.1

NUMERICAL MODELLING
The POSEIDON Model Floating Platform

The basic data for the numerical analyses are derived from the POSEIDON model TLP
(Figure 1a), which was conceptually designed and analyzed for combined wind and wave energy exploitation in Mediterranean Sea conditions [8]. In particular, the system consists of a
triangular platform supported by cylindrical floaters with a 5 MW wind turbine mounted at
deck’s center and three cylindrical oscillating water column (OWC) devices at its corners.
The spacing between each OWC is 50 m. In the center of the platform, a cylindrical solid
body is arranged to support the wind turbine. When positioned and stabilized, the draught of
the platform is 20 m and the tower of the wind turbine is cantilevered at an elevation of 10 m
above sea water level (SWL), at the top of the main column of the floating platform.
The floating structure is held in position by a Tension Leg Platform mooring system,
which consists of three steel tendons, anchored at the seabed. The tendons are symmetrically
placed and mounted at the base of the offset columns, i.e. at a depth of 20 m below the SWL.
The diameter of each tendon is 0.130 m, while its length varies in each examined location. In
all cases, the pretension load of each tendon is equal to Fo = 10800 kN. This load is transferred
to the foundation system of the platform, which consists of a single driven open-ended steel
pile under each tendon. The mass, including ballast, of the floating platform is 2183.6 t. The
equivalent, in terms of buoyancy force, cross-section area of the platform is 298.53 m2.
The pilot foundation design of the POSEIDON platform was conducted parametrically for
two installation locations in the Aegean Sea, assuming typical soil profiles that cover the
basic soil types commonly encountered in offshore sites. Of interest for the present study is
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the case of the non-cohesive seabed with medium density sand of relative density Dr = 50 %,
which is susceptible to earthquake-induced liquefaction.
The foundation piles were properly designed to withstand the combined static and cyclic
axial loads applied during the normal and extreme environmental design conditions [9]. In
more detail, the static loads come from the pretension of the steel tendons (i.e. Fo = 10800 kN),
while the cyclic loads are due to sea waves during a storm. The geometry of the pile (length
and diameter) was defined in order to ensure a that the factor of safety against static pullout of
the pile is greater than 2.0 for normal environmental conditions and greater than 1.50 for extreme environmental conditions [6-7]. This led to the selection of a steel pipe pile of L = 55 m
length and D = 2.5 m outer diameter.

Figure 1: (a) Illustrative presentation of the POSEIDON floating TLP [10], (b) The 3D numerical model of the
pile-tendon-floater system.

2.2

The 3D Numerical Model

The problem is analyzed numerically by means of 3D coupled dynamic analyses with the
finite difference code FLAC3D v6.0 [11]. The specific code employs an explicit scheme for
the integration of the equations of motion which is more efficient for highly nonlinear problems like the one analyzed herein, while it allows for coupling between water flow and dynamic loading.
The 3D mesh built to simulate the problem is shown in Figure 1b. A pile of length L and
diameter D is installed in a liquefiable uniform layer of Nevada Sand of relative density Dr
and permeability k. As the OWCs are at large distance apart, i.e 50 m, each pile and tendon
support is simulated independently. The liquefiable sand layer extends to the depth of the pile
tip, followed in depth by a much denser non-liquefiable sand layer of thickness 4D.
The pile supports a floater, defined in terms of its cross-sectional area Afl, through a pretensioned tendon of free length (before pretension) Lfree, cross-sectional area At and Young’s
modulus Et. The floater-tendon system can be adequately represented by two serially connect-
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ed springs [12] which are simulated herein by two sets of cable elements. The properties of
the cables (length, cross-sectional area and Young’s modulus) are properly calibrated to provide the axial stiffness of the tendon Kt (i.e. the tendon’s resistance against unit tensile displacement) and the axial stiffness of the floater Kfl (i.e. the floater’s resistance against unit
downward displacement), computed as:
Kt

Et At
Lfree

(1)

K fl

Afl  J w

(2)

and

During static uplift loading of the pile, the base of the model is fixed in all three directions
and vertical hinges are applied on the vertical boundaries. During seismic shaking the hinges
at the lateral boundaries are replaced with “tied-nodes” which impose the same boundary displacements at grid-points of the same elevation, replicating free field conditions, while a harmonic motion of amplitude amax, period T and N cycles is directly applied at the base
assuming rigid bedrock conditions. The in-plane and out-of-plane width of the mesh is 40D
and 20D respectively. The thickness of each zone is 1.0m, while the width is approximately
equal to 0.2D next to the pile and gradually increases to about 2.7D at the lateral boundaries.
The highly nonlinear response of the liquefiable sand is simulated with NTUA-Sand [1314] implemented in FLAC3D as a C++ plug-in constitutive model. NTUA-Sand is also used
to simulate the response of the dense sand layer below the pile tip, while the pile is simulated
through elastic solid elements with the axial stiffness and the unit per length weight of a hollow steel pile with diameter D = 2.5 m and wall thickness t = 31.35 mm.
A key aspect of the numerical methodology is the accurate simulation of the pile-soil interface, as the pile-soil relative slip, as well as the pullout capacity of the pile are both related
directly to the strength characteristics and the radial stresses of that interface. Following a trial-and-error approach [15], it was finally decided to install six sets of interface elements, one
for each set of zones that encircle the pile. Large values are assigned to the elastic stiffnesses
of the interface to ensure that no interface straining occurs before yield. The tensile strength
and the shearing cohesion of the interface are set to zero, while an interface friction angle δ is
adopted and properly calibrated based on relevant guidelines
2.3

Numerical Solution Sequence

The seismic response analysis of the pile-tendon-floater system is performed in two stages.
Initially, the pretension force Fo = 10800 kN is applied statically at the structural node corresponding to the top of the floater. In the sequel, the displacement of that node is constrained,
and the input seismic motion is applied at the base of the model. The analysis continues beyond the end-of-shaking, until excess pore pressures are fully dissipated. During this second
stage, the displacements of the pile head and the floater are continuously monitored, along
with the loss of tendon pretension and floater buoyancy. Still, to shed light on the mechanisms
that control the system response, it is also necessary to monitor the variation with time, during
shaking and following excess pore water pressure dissipation, of the degraded pullout capacity of the pile.
When numerically performed, the latter may extend the computational effort enormously,
as it is not part of the main seismic response analysis, but it has to be performed independently at regular time intervals, based on the ever current stress state around the pile. For this reason, the static pullout capacity of the pile was computed analytically, according to the API [7]

4986

Yannis K. Chaloulos, Yannis Z. Tsiapas, George D. Bouckovalas and Konstantinos N. Bazaios

and DNV [6] recommendations in connection with the liquefaction-affected radial stresses at
the pile-soil interface predicted during the second stage of the seismic response analyses. This
semi-analytical methodology has been implemented in the numerical analysis through a userdefined subroutine, written in FLAC3D’s inbuilt programming language FISH, to provide the
continuous with time variation of the pile capacity to sustain the tendon pretension load.
3

LIQUEFACTION EFFECTS ON PILE-TENDON-FLOATER RESPONSE

3.1

Input data and assumptions

The basic analysis presented herein is performed for 120 m water depth, assuming that the
relative density of the liquefiable layer is Dr = 50 % and that of the underlying non-liquefiable
sand is Dr = 90 %. The permeability is set equal to k = 6.6 x 10-4 m/s for both layers corresponding to a clean sand [16]. The single tendon-pile support considered in the analysis is attached
to a floater with equivalent cross-section area Afl = 99.51 m2 (i.e. 1/3 of the total), while the
free length of the tendon is Lfree = 100 m, the associated cross section area is At = 0.01327 m2
and
the
modulus
of
elasticity
is
Et = 200 GPa.
According
to
Εqs.
Error! Reference source not found. and Error! Reference source not found., the preceding values lead to an axial stiffness Kt = 62800 kN/m and Kfl = 995 kN/m for the tendon and the
floater respectively. The input seismic motion consists of N = 15 uniform acceleration cycles
(corresponding to an Mw = 7.5 earthquake) with amplitude amax = 0.24 g and period T = 0.5 sec.
3.2

Pile response

Figure 2 summarizes the response of the pile-tendon-floater system. More specifically,
Figure 2a presents time-histories of the pile’s pullout capacity Qult and the tendon’s force F
(black and red line respectively) both during and after the end of shaking until full excess pore
pressure dissipation. Similarly, Figure 2b presents the factor of safety against pullout of the
pile FS = Qult / F as well as the Stability Safety Factor FSst = U / Wfl (U is the total buoyancy
force and Wfl is the weight of the floater), while Figure 2c shows the uplift displacement of
the pile head and the floater. To further verify the semi-analytical procedure for the estimation
of Qult, during and after shaking, a set of undrained numerical analyses is performed at selected time instances in order to compute Qult and is compared with the analytical estimates. The
results of these analyses are shown on Figure 2a with the cyan bullets.
Based on the above observations the following critical time instances can be identified:
x Point A (tA = 3.5 sec): The factor of safety drops below 1.0 for the first time.
x Point B (tB = 8.0 sec): At the end of shaking Qult reaches a local minimum practically
equal to the buoyant weight of the pile.
x Point C (tC = 36.5 sec): The Factor of Safety becomes again larger than unity.
x Point D (tD = 250 sec): At the end of consolidation the post-shaking pullout capacity stabilizes to a value that is approximately 38 % larger than the initial.
The evolution of the pullout factor of safety is the key factor determining the accumulation
of pile displacements. More specifically, as shown on Figure 2c, pile displacements are limited as long as the factor of safety remains greater than 1.0 (up to Point A) and do not exceed
5 - 6 cm. However, as the FS becomes and remains lower than unity (between points A and C)
the rate of displacement accumulation increases substantially leading to uplift displacements
that increase linearly with time. It is noteworthy that at the end of shaking only a fraction of
the total pullout displacement has accumulated. Namely, at the end of shaking (Point B) dis-
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placements are approximately equal to 30 cm, and at the end of the failure stage (Point C) they
are equal to 85 cm. Afterwards (between points C and D), as the factor of safety becomes
again larger than unity, displacement accumulation practically ceases and the pile stabilizes.
The above observations suggest that the accumulation of pile pullout displacements is primarily influenced by the duration of the failure stage (tA - tC in Figure 2b) and may thus increase
considerably when the excess pore water pressure dissipation is delayed (e.g. for silty sand
seabed with lower permeability coefficient).

Figure 2: (a) Pile pullout capacity and tendon pretension force, (b) Pullout and Stability Factor of Safety (FS and
FSst), (c) Pile head uplift time-histories.

3.3

Soil Response

The patterns described in the previous section regarding the pullout capacity of the pile are
directly associated with excess pore pressure generation and soil liquefaction. Figure 3 presents time-histories of excess pore pressure ratio ru, defined as the ratio of the excess pore
pressures Δu over the initial effective vertical stress σ’v,o (i.e. ru = Δu / σ’v,o), at depths z = 1, 10
and 40 m below ground surface both at the free field and next to the pile.
Focusing first on the co-seismic response (t = 0 - 8 sec), the figure shows that complete liquefaction (ru = 0.9 - 1.0) takes place almost in the entire soil mass with the exception of the ar-
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ea around the pile head where the excess pore pressure ratio stabilizes at a peak value of
ru ≈ 0.5 - 0.6 (Figure 3). This non-liquefied zone is more clearly illustrated on Figure 4a which
shows contours of ru at the end of shaking. It has an inverted-cone shape and extends to a
depth of about 4 - 5 m (1.6 - 2.0 D). Post-seismically (t > 8 sec), excess pore pressures dissipate
primarily towards the ground surface as evidenced by the fact that excess pore pressures at
large depths dissipate earlier. Furthermore, this upward flow towards areas of lower hydraulic
head, causes the pore pressures near the pile head, where the soil hasn’t fully liquefied, to notably increase before they also start to dissipate.
It is interesting to observe the correlation between the generation of excess pore pressures
and the degradation of the pile’s pullout capacity. Namely, as shown in Figure 2b, the factor
of safety drops below unity at t ≈ 3.5 sec, which, according to Figure 3, coincides with the
moment when significant excess pore pressures (ru > 0.6) have started to develop in the soil.
Furthermore, the ultimate pullout capacity Qult and the factor of safety FS reach a local minimum at the end of shaking, when the majority of the soil is liquefied (Figure 4a). Finally, as
shown on Figure 4b, at t ≈ 36.5 sec the dissipation process has progressed significantly, the soil
has regained a considerable amount of its shear strength, and thus the factor of safety becomes
again larger than unity.

Figure 3: Excess pore pressure ratio (ru) time-histories at the free field and next to the pile at various elevations.

3.4

Tendon & floater response

Pullout of the pile causes both the floater to move upwards as well as the tendon’s elongation to decrease subsequently decreasing the pretension force. For the platform examined
herein, Figure 2c presents the evolution with time of the upward displacement of the floater
(red line) compared to that of the pile head (black line). As shown on this figure, the displacement of the floater resembles that of the pile head. Initially the displacement is very limited (up to Point A), while, afterwards, it increases linearly with time until the end of the
failure phase (Point C). Finally, the floater stabilizes to an upward displacement of about
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82 cm, approximately 3 cm less than that of the pile head. It is thus observed that the pile head
displacement is almost entirely (by approximately 96 - 97 %) transmitted to the floater, while
only a small portion (~ 3 - 4 %) causes the length of the tendon to decrease.
As a result, the tension force of the tendon is only marginally reduced by 7.8 %, from its
initial value Fo = 10800 kN to approximately F = 9950 kN (Figure 2c). Subsequently the stability safety factor of the floater decreases by 6.2 %, from 2.25 to 2.11 (Figure 2b). It should be
noted that the system studied herein employs a relatively short tendon (due to the shallow
seabed) with high tensional stiffness. For larger water depths and less stiff tendons, the percentage of pile head pullout that is transferred to the floater will substantially decrease, leading to higher loss of pretension platform stability.

Figure 4: Excess pore pressure ratio ru contours (a) at the end of shaking and (b) at t = tc when FS becomes greater than 1.0 post-seismically.

4

CONCLUSIONS

In summary, the following findings emerged from the study presented in this paper, with
regard to seismic liquefaction effects on TLP foundation-tendon-buoy systems:
(a) Upon complete free field liquefaction, the excess pore pressure ratio becomes approximately equal to unity (ru = 0.9 - 1.0) along almost the entire pile length. As a result, the
skin friction resistance of the pile is drastically reduced during shaking and it is almost
eliminated when free field liquefaction extends over the entire pile length. At that stage,
the main force resisting the pretension of the tendons is the buoyant weight of the pile.
(b) The pile resistance to pullout failure increases with dissipation of the excess pore pressures created during shaking, while the associated factor of safety becomes gradually
larger than unity, mainly due to the increase of the total radial soil stresses at the pile-soil
interface caused during shaking but also to the loss of tendon pretension. For the analyses
of this study, the final value of the ultimate resistance exceeds the initial static design by
about 38 %, while the corresponding factors of safety increase by approximately 48 %.
(c) Pile head displacements develop essentially in the time period, during and after shaking,
when the factor of safety against static pullout of the pile becomes less than unity (i.e. at
failure conditions) and may thus increase considerably when the excess pore water pressure dissipation is delayed (e.g. for silty sand seabed with lower permeability coefficient).
The displacements are insignificant before and after that time period, when the factor of
safety remained larger than unity.

4990

Yannis K. Chaloulos, Yannis Z. Tsiapas, George D. Bouckovalas and Konstantinos N. Bazaios

(d) Due to the very high tensional stiffness of the tendons considered herein, relative to the
buoyancy stiffness of the platform, the pile head pullout was almost entirely (96 - 97 %)
transmitted to the platform with only a very small percentage (3 - 4 %) corresponding to
the reduction of tendon elongation. For larger water depths and less stiff tendons, the
percentage of pile head pullout that is transferred to the floater may decrease substantially, leading to higher loss of pretension and platform stability.
(e) Despite the catastrophic per se effects of liquefaction (loss of pile capacity and large displacements), the overall stability of the floater is not jeopardized and the computed loss
of the tendon’s elongation and tension force is rather small to induce slackening. In addition, the above effects are potentially recoverable as the pretension force can be restored
to its initial or to an even higher value, taking also into account that the post-shaking
pullout capacity of the pile has considerably increased.
5
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Abstract
Investigating the dynamic response of wind turbine structures is of significant importance when
it comes to better understanding how their behaviour is affected by different design considerations and their foundation’s interaction with the soil. An extensive numerical investigation is
presented herein that foresees the performance of modal and pushover analysis on a wind turbine structure that has an 80 m steel tower and is founded on different clay profiles. The 3D
detailed models constructed in this research work consider the effect of soil-structure interaction by discretizing the pile foundation and soil domains through 8-noded hexahedral elements,
achieving maximum modelling accuracy. An investigation was also performed on the optimum
pile inclination, where based on the numerical findings, the optimum inclination of the battered
piles was found to be that of 10 degrees.
Keywords: Wind turbine structures, Battered piles, Push-over analysis, Modal analysis, Soilstructure interaction, Optimum design.
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1

INTRODUCTION

The finite element method has become the most commonly used method to model largescale reinforced concrete (RC) structures. It is of utmost importance for engineers to model
large-scale designs to investigate the dynamic behaviour, understand the mechanical behaviour
and to optimize their structural designs. It is evident that to capture the nonlinear dynamic behaviour of RC structures through the use of a 3D detailed modelling approach is very challenging [1-3], however, taking into account the soil-structure interaction (SSI) effect [4-6] is even
more challenging due to the computational demand and numerical instabilities during nonlinear
monotonic and cyclic analysis.
Due to the large size of wind turbine structures, it is not feasible to perform laboratory tests
in the appropriate facilities, as this relates in a large cost for physical experiments. However,
through time, to obtain more energy, wind turbines evolved rapidly in size. Therefore, this increase in size forced engineers to design larger towers that are founded or relatively large foundation systems, where the soil would have a larger influence on the overall dynamic response
of these structures.
Several numerical methods were developed to investigate the dynamic response of wind
turbine structures that account for the SSI effect and help in the better understanding of their
mechanical behaviour. Some of these numerical methods are the spring and damper approach
[7,8], which were also implemented in a pile foundation by Wang et al. [9]. Modelling and
analysis of wind turbine structures were performed herein through a 3D detailed modelling
approach [1-4], in order to investigate their dynamic response through implementing an accurate soil discretization through hexahedral finite elements (FEs). The soil parameters and wind
turbine design were based on data provided by the Wind Africa research project [10].
Research on the SSI phenomenon was presented in [9] where they performed numerical and
physical experiments on piled foundations. The spring and damper approach was used in [9] to
model the SSI phenomenon. Wang et al. [9] based their soil parameters on research work performed by Blanco et al. [11]. The piles for the numerical experiment performed by [9] were
modelled by using beam-column FEs and a pinned connection were assumed at the bottom of
the piles to prevent any displacement or uplift during the numerical analysis. Other research
was performed on wind turbine structures supported by monopiles in [12-16].
Prowell et al. [17] performed a numerical investigation on the influence of SSI on the dynamic response of wind turbine structure. Prowell et al. [17] used beam column FEs to discretize the wind turbine tower and solid FEs for the soil domain. The research work performed by
[17] concluded an increase in the natural frequency as the soil became stiffer, however, there
was a greater influence on the dynamic behaviour as the soil became softer. Guo et al. [18] also
presented research work on wind turbine structures by account for the SSI where push over
analyses were performed.
As discussed within [19], Reconan FEA [20] was used to reproduce experimental results of
a foundation with piles embedded in sand [9] through the use of a push over analysis. The same
software was also used [20] to perform modal and push over analyses on 80 m tall wind turbine
steel towers founded on soft clay, where the soil domain was discretized through hexahedral
FEs. The numerical results that derived from this research work are further discussed in this
manuscript.
2

MODAL ANALYSIS OF LARGE-SCALE MODELS

Modal analysis was performed in order to get an overview of the expected structures’ dynamic response. There are several solution methods for solving the eigenvalue problem that is
described by the following equation:
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Kφi

Oi Μφi

(1)

where, K is the stiffness matrix of the model, M is the mass matrix of the model, φi is a vector
that contains the eigenvectors of the system and λi is the corresponding eigenvalue i. The solution method used in this research work is called the subspace iteration algorithm [21]. This
solution technique is ideal when dealing with large-scale structures since it calculates few eigenvalues and eigenvectors of a large FE model.
This solution algorithm finds an orthogonal basis of vectors in ࡱାଵ , calculating in one step
the required eigenvectors when ࡱାଵ converges to ࡱஶ . The developed algorithm foresees the
iteration used in the subspace iteration method, i.e., step 2 of the complete solution phase proposed in [21]. For k = 1, 2, …, iterate from ࡱ to ࡱାଵ :
ࡷࢄାଵ = ࡹ࢞

(2)

then, find the projections of matrices K and M onto ࡱାଵ :
ࡷାଵ = ࢄ்ାଵ ࡷࢄାଵ

(3)

ࡹାଵ = ࢄ்ାଵ ࡹࢄାଵ

(4)

and solve for the eigensystem of the projected matrices:
ࡷାଵ ࡽାଵ = ࡹାଵ ࡽାଵ ࢫାଵ

(5)

Thereafter, find an improved approximation to the eigenvectors:
࢞ାଵ = ࢄାଵ ࡽାଵ

(6)

and then provided that the vectors ࢞ଵ are not orthogonal to one of the equilibrium eigenvectors,
ࢫାଵ ėࢫ and ࢄାଵ ė Φ as k ė Ğ.
It is important to note that the convergence of this method assumes that within the iteration
procedure the vectors in ࢄାଵ are ordered in such a way that the ith diagonal element in ࢫାଵ
is always larger than the previous i-1 element, i=2, ..., p. This ensures that the ith column in
ࢄାଵ converges linearly to ࢶ . Although this is an asymptotic convergence rate, it was found
that the smallest eigenvalues converge fastest [21], a finding confirmed by Markou et al. [22].
3

NUMERICAL MODELS OF WIND TURBINE STRUCTURES WITH SSI
CONSIDERATIONS

Initially, two wind turbine geometries were developed, however, it was decided to consider
only the first geometry (based on the needs of the project [10]), while it was also decided to
remove the blades, nacelle and hub to reduce the computational demand of the model. The wind
turbine in Fig. 1 (excluding the nacelle, hub and blades) was used during the parametric investigation that will be presented in this manuscript. It is important to note here that the mass of
the nacelle, hub and blades was applied at the top of the tower during the analysis as dead load.
Several soil profiles were investigated that included soil geometries based on the Wind
Africa project [10], whereas soil geometries where the piles are embedded in rock or situated
on softer soil were analysed. The first soil geometry was the Equal Layer Geometry, which was
refined into a model with piles embedded in a rock layer (Fig. 2a) and a model with extra soil
underneath the piles Fig. 3a. The second soil geometry will be referred to as the Increasing
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Layer Geometry. This geometry was also refined into a model with piles embedded in a rock
layer (see Fig. 2b) and a model with extra soil underneath the piles (Fig. 3b). During the soil
geometry investigation, the pile inclination was modified to determine the optimal foundation
design for the under-study wind turbine structure.

Figure 1. Wind turbine geometry.

(a)
(b)
Figure 2. (a) Equal and (b) Increasing Layer Geometry with the piles embedded in a rock layer.

(a)
(b)
Figure 3. (a) Equal and (b) Increasing Layer Geometry with the piles embedded in extra soil.

The pile inclinations used with each soil geometry was 0-, 5-, 10- and 15-degree battered
piles. The battered piles within the Increasing Layer Geometry can be seen in Fig. 4. For additional information on the material properties of soil domains please refer to [17]. It must be
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noted at this point that, a mesh sensitivity was also performed by using 25, 50 and 100 cm
elements for the discretization of the soil domains. This yielded an optimum mesh geometry
when 50 cm hexahedral elements are used. Buckling was also considered during the performance of the pushover analyses.

(a)

(b)

(c)

(d)

Figure 4. Pile layout of the increasing geometry with extra soil. (a) 0, (b) 5, (c) 10 and (d) 15 degrees of pile inclination.

4

MODAL ANALYSIS RESULTS

Modal analyses were performed for the first 24 modes, where the deformed shapes and the
eigenfrequencies will be discussed herein. The eigenmode legend in each figure shows only the
critical displacment, therefore, it has no physical meaningin in terms of displacement. However,
the periods and frequencies have a physical meaning and will be discussed in this section. Fig.
5 shows the fixed model (no SSI considerations), which had the same main eigenmodes as the
corresponding eigenmodes of the different geometries with SSI considerations. The deformed
shape of a fixed condition can be seen in Fig. 5.
The first three deformed shapes of the Equal Layer Geometry with 5- and 15-degree
inclined piles situated on extra soil can be seen in Fig. 6 and 7. The deformed shapes for the
other soil geomtries can be found in [17].
The Equal Geometry and the Increasing Layer Geometry had the same eigenmodes
during this numerical investigation, however, it was evident that the soil geometry has an
influence on the stiffness of the Wind Turbine structure. As it can be seen in Fig. 8, the rock
layer geometries had the lowest periods due to the hard rock that was prastically acting as a
fixed base to the piles. The numerical investigation of the 1st eigenmode yielded a minimum
period value for the 10-degree pile inclination, which was then used to perform further
investigations.
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ଵ = 2.509 s
(a)

ଶ = 2.509 s
(b)

ଷ = 0.279 s
(c)

Figure 5: Deformed shapes of the first three eigenmodes with a fixed condition at the bottom of the pile cap. (a)
1st, (b) 2nd and (c) 3rd Mode [17].

ଵ = 2.692 s
(a)

ଶ = 2.692 s
(b)

ଷ = 0.321 s
(c)

Figure 6: Eigen-shapes of the first three modes with a pile inclination of 5 degrees situated on extra soil. (a) 1st,
(b) 2nd and (c) 3rd Mode.

ଵ = 2.689 s
(a)

ଶ = 2.689 s
(b)

ଷ = 0.315 s
(c)

Figure 7: Eigen-shapes of the first three modes with a pile inclination of 15 degrees situated on extra soil. (a) 1st,
(b) 2nd and (c) 3rd Mode.
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Equal geometry
with extra soil

Period (s)

2.7

Equal geometry
with a rock layer

2.69
2.68

Increasing geometry
with a rock layer

2.67
2.66

Increasing geometry
with extra soil

2.65
2.64
0

5

10

15

Inclination (Degrees)
Figure 8: Period comparison of the 1st eigenmode.

5

PUSHOVER ANALYSES

The pushover analyses were conducted by applying a horizontal force of 3 MN, where all
dead loads were accounted for. The vertical and 10-degree inclination piles of the Equal and
the Increasing Layer Geometry were analysed. The P-δ curves for the various models were
compared, furthermore, the Load-Rotation relationship for the case of the pile cap was investigated.
The P-δ curves of the Equal Layer Geometry models can be seen in Fig. 9. It must be noted
here that all the models derived a failure due to local buckling at the base of the steel tower.
The Equal Layer Geometry with 10-degree inclined piles embedded in rock yielded the smallest
displacement at failure. A mechanical behaviour attributed to the stiffness increase due to the
rock layer combined with the pile inclination.
2500

Load (kN)

2000

1500

1000
Equal Geometry with vertical piles situated on extra soil
Equal Geometry with vertical piles embedded in rock
Equal Geometry with 10-degree inclined piles situated on extra soil
Equal Geometry with 10-degree inclined piles embedded in rock
Fixed Geometry

500

0
0

0.2

0.4

0.6

0.8

1

Displacement (m)
Figure 9: P-δ curves of the Equal Layer Geometry models [17].

1.2

1.4

The significance of SSI can yet again be observed when comparing the displacement at
failure of the SSI models and the Fixed Geometry (Fig. 9). According to the numerical findings,
the SSI can derive a total of 26.8 % increase in terms of horizontal displacement prior to failure
for the case of the model with vertical piles founded on soft soil.
The rotation of the pile cap for the under-study models can be seen in Fig. 10. As expected,
the foundation where the piles are situated on extra soil yielded a larger rotation than that of the
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rock layer. The Equal Layer Geometry with 10-degree inclined piles embedded in rock had the
lowest rotation of the different investigated foundation and soil profiles.
2500

Load (kN)

2000
1500
1000
Equal Geometry with vertical piles situated on extra soil
Equal Geometry with vertical piles embedded in rock
Equal Geometry with 10-degree inclined piles situated on extra soil
Equal Geometry with 10-degree inclined piles embedded in rock

500
0
0

0.02

0.04

0.06

0.08

0.1

0.12

0.14

0.16

Rotation (Degrees)
Figure 10: Rotation of the pile cap for the Equal Layer Geometry models [17].

The nonlinear increase in rotation of the pile cap for the Equal Geometry with vertical piles
situated on extra soil (Fig. 10) is due to the yielding of the soil that occurred during the nonlinear
analysis. The stress exceedance can be observed in Fig. 11, where the soil in the 1st layer yielded
at 36 kPa (Fig. 11a). The Equal Geometry model with 10-degree inclined piles situated on extra
soil had the same behaviour as previously discussed, but the observed level of plastification
was less than that of the vertical piles.
The rotation of the pile cap for the optimum foundation design can be seen in Fig. 12. The
von Mises stress distribution is also given, where it is easy to observe that the maximum
developed stresses were found at the piles’ heads.

(a)

(b)

Figure 11: Solid von Mises stress contours. Deformed shape of the tower for (a) Piles embedded in a rock
layer and (b) Piles situated on extra soil.
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Figure 12: Rotation of the pile cap of 10-degree inclined piles embedded in rock.

The SSI effect for the case of the models that foresee the Increasing Layer Geometry where
the model founded on soft soil derived a 13.31% displacement increase prior to failure when
compared to the fixed model. This verifies the more flexible behaviour of the SSI models,
whereas it is evident that, when the second soil profile is adopted a stiffer behaviour derives
when compared to the Equal Layer Geometry soil profile that derived a relevant 16% increase
in-terms of horizontal displacements. This is a clear indication that the soil profile plays a
significant role in the overall behaviour of the tower.
The 10-degree inclined and vertical piles embedded in rock have a small difference in terms
of displacement at failure (see Fig. 13). The 10-degree inclined piles model embedded in rock
and situated on extra soil yielded the lowest horizontal displacements.
The rotation of the pile cap for the under-study increasing layer models can be seen in Fig.
14. The Increasing Layer Geometry with 10-degree inclined piles embedded in rock had the
lowest rotation out of the investigated increasing layer soil profile models. This verifies the
previous finding that the 10-degree pile inclination stiffens the mechanical behaviour of the
foundation.
2500

Load (kN)

2000
1500
Increasing Geometry with vertical piles situated on
extra soil
Increasing Geometry with vertical piles embedded
in rock
Increasing Geometry with 10-degree inclined piles
situated on extra soil
Increasing Geometry with 10-degree inclined piles
embedded in rock
Fixed Geometry

1000
500

0
0

0.2

0.4

0.6

0.8

1

1.2

Displacement (m)
Figure 13: P-δ curves of the Increasing Layer Geometry models [17].
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2500

Load (kN)

2000
1500
1000
Increasing Geometry with vertical piles situated on extra soil
Increasing Geometry with vertical piles embedded in rock
Increasing Geometry with 10-degree inclined piles situated on extra soil
Increasing Geometry with 10-degree inclined piles embedded in rock

500
0
0

0.02

0.04

0.06

Rotation (Degrees)

0.08

0.1

0.12

Figure 14: Rotation of the pile cap for the Increasing Layer Geometry models [17].

6

CONCLUSIONS

Within this research work a numerical investigation was performed on the effect of the SSI
phenomenon on wind turbine structures by using a 3D detailed modelling approach. The
modelling approach foresaw the use of hexahedral element to discretize the soil domain as well
as the wind turbine structure. Thereafter, modal and pushover analyses were performed.
In regards to the numerical investigation of wind turbine structures and their dynamic
response, the numerical investigation of the modal analyses for the Equal Layer Geometry
models with extra soil and a rock layer concluded that the optimum inclination of the piles is
10-degrees measured from the vertical. The results obtained within this research work can be
used to optimally design the wind turbine foundation according to the relevant site conditions.
The pushover analyses further investigated the optimum foundation that derived from the
modal analyses, where the Increasing Layer Geometry with 10-degree pile inclination situated
on extra soil and embedded in rock were found to yield the lowest rotations and horizontal
displacements prior to failure.
Soil-Structure Interaction has a significant effect on the outcome of an analysis and the
mechanical response of the wind turbine structure, thus, the importance of a numerical investigation is crucial. It is essential to thoroughly investigate the effect of SSI on the superstructure
prior to finalizing and optimally designing a wind turbine structure.
A future step is to optimize the proposed structural design presented in this research work,
where a tower redesign is necessary to be per-formed so as to adjust the steel thicknesses based
on the stress analysis that was performed, minimizing the required material to manufacture the
tower. Furthermore, a full-scale nonlinear dynamic analysis will then be performed to further
investigate the overall response of the proposed design and parametrically investigate the ability
of the proposed design to minimize stress development at the soil, substructure and super-structure domains.
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Abstract. Increased demand for renewable energy production has stimulated interest in the
offshore wind turbine (OWT) industry as a viable solution, and with OWTs growing larger in
scale, further research is required into the dynamics of these newer structures. The majority
of installed OWTs to date are built upon monopile foundations, and it is widely acknowledged
that the current design methods for offshore piles are not appropriate for the large diameter
piles required. This paper uses a novel pile-soil gapping algorithm to simulate the effects of
degradation to the soil conditions in the sea bed. Using a 1D Winkler beam-spring approach, a
dynamic model is validated for prediction of the natural frequencies of several OWT case studies, and the gapping algorithm is shown to reproduce well the reduction in natural frequency
likely attributed to soil degradation measured from an OWT in Kentish Flats wind farm. It is
found through the simulation of rotor-stop tests that the presence of gapping decreases the measured natural frequency, and this effect is greater for the monopile foundations with a smaller
slenderness ratio.
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1

INTRODUCTION

The use of offshore wind power as a means of renewable electricity generation is becoming
ever more popular, and is set to continue to grow as an industry. Offshore wind turbines (OWTs)
can be mounted on a variety of foundations, including jacket structures, gravity bases, tripods
and more recently ﬂoating foundation concepts. However, the most common choice is the
monopile, due to its relatively simple and economical production. Monopiles are typically long
and slender foundations that ﬂex to accomodate the motion of the supported structure. But as
energy demands grow, and the construction technology improves, OWTs are rapidly increasing
in size, increasing their energy output, and requiring larger diameter and, therefore, more rigid
foundations than previously detailed in design recommendations.
OWTs consist of a monopile foundation, a long ﬂexible tower above the water line, and a
substructure connecting the two. The nacelle, containing the generators and blade assembly, is
afﬁxed atop the tower. Due to the top-heavy nature of this arrangement, OWTs are dynamically
sensitive structures, and as such due care must be taken to avoid unwanted resonances once
operational. The OWT design paradigm can be described with three categories; stiff-stiff, softstiff, and soft-soft [1], referring to the ﬂexibility of the support structure. Displayed in Figure
1, the OWT experiences four main driving frequencies. Wind and wave loading peaks at low
frequencies around 0.1 Hz. The rotation of the rotor within the nacelle exerts an additional
force on the system, at a frequency of 1P, ranging from around 0.1 to 0.3 Hz. The 3P loading
arises from the blade shadowing force exerted on the OWT from the air deﬁciency created by
the blades sweeping infront of the tower as they rotate, with a frequency of 3*1P for a threebladed turbine, and 2*1P for a two-bladed turbine (i.e 2P rather than 3P). In response to these
driving forces, the soft-soft design regime places the natural frequency of the superstructure
less than 1P, the soft-stiff between 1P and 3P and the stiff-stiff above 3P. Since the soft-soft is
in danger of becoming excited by environmental loading, and the stiff-stiff requires too much
steel to be economically viable, the soft-stiff approach is the most suitable. The bandwidth of
non-resonant frequencies is narrow, so it is important to be aware of the the natural frequency
of the structure upon installation, and also how it may vary during the operational lifetime.

Soft-soft

Soft-stiff

Stiff-stiff

1P

3P

Wind

Power spectral density

Waves

0.0

0.2

0.4

0.6

0.8

1.0

Frequency [Hz]

Figure 1: Example power spectrum of an OWT, showing rotor frequency 1P, blade passing
frequency 3P, and wind and wave spectra (Figure adapted from [1]).
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OWTs experience cyclic loading in the lateral direction from wind and waves, and during its
expected operational lifetime of 25-30 years may experience billions of cycles [2]. Currently,
the design methods employ beam-on-nonlinear-Winkler-foundation (BNWF) models with prescribed soil reaction p-y curves given by the DNV [3] and the American Petroleum Institute, or
API [4]. They recommend the use of cyclic loading curves based on empirical tests performed
on ﬂexible piles under hundreds of loading cycles [5]. It is widely shown that long term cyclic
loading has a considerable impact on the soil-structure interaction [6, 7, 8], including the effect
of soil degradation and gap formation under cyclic loads. It is therefore important to include
these mechanisms in models of OWT dynamics.
Gapping is the formation of a seperation between the foundation and soil, causing unresisted
lateral motion of the foundation, and a reduction in effective soil stiffness. It is affected by
the soil condition, where different soil cohesiveness will affect the subsequent cave-in of a gap
under cyclic load, but it has been shown that even cohesionless soils will not cave-in completely
under continuous cyclic loading [9]. Changing the properties of the soil will have an impact on
the natural frequency of the OWT, which is of speciﬁc importance for soft-stiff structures in
danger of resonance if they experience drift of this natural frequency. Differences have been
reported between the designed natural frequency and the measured value upon operation [10],
with Damgaard et al. [11] recording reduction in natural frequency likely attributed to soil
erosion in the upper layers around the foundation. It is important then to include in modelling
efforts how this frequency may change with soil condition over long term cyclic loading.
In this paper, a simple gapping algorithm is applied to a dynamic BNWF model of several
OWT case studies, and the effect of this gapping to the natural frequency is shown for different
monopile geometries and levels of loading. The results of this study will have applications in
the modelling and design of OWTs, and provide estimations for the condition of the soil after
reasonable loading simulations are applied.
2

THE MODEL

A BNWF concept model is used with Euler-Bernoulli beams to model the structure, and
soil springs with viscous dampers to model soil reaction, as displayed in Figure 2, with MRN A
representing the mass of the rotor-nacelle assembly, and F the externally applied force.
Soil reaction is modelled using the hyperbolic reaction curve of Duncan & Chang [12],
deﬁned as:
P =

kmax y
1 + y Pkmax
max

(1)

where kmax is the initial spring stiffness in N/m, Pmax is the ultimate capacity of the spring
in N, y the horizontal displacement in m and P the force in N. Masing rules [13] are used to
model the unloading response upon reversal. The value of the inital stiffness kmax used is that
of Vesic [14], which is described by:
kmax

0.65LEL Es
=
(1 − v 2 )



Es dp 4
Ep Ip

 121
(2)

where LEL is the elemental length in the BNWF model, Es the Young’s modulus of the soil,
ν the Poisson’s ratio of the soil, dp the diameter of the pile and Ip its second moment of area.
The ultimate capacity of the pile is deﬁned by the undrained shear strength of the soil, and given
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F

MRNA

Sea bed level

Nonlinear p-y springs and dashpots
with gapping algorithm

Nonlinear t-z springs
and Q-z spring

Figure 2: The BNWF model of an OWT where the lateral soil reaction is modelled with p-y
springs and viscous dashpot dampers, and the vertical reaction with t-z & Q-z springs. The
rotor-nacelle assembly is modelled as a point mass at the top node.
by [15]:
Pmax = LEL Np Su dp

(3)

where Np is a dimensionless coefﬁcient increasing with depth, linearly from a value of 2 to
a constant value of 11 from a depth of z/dp = 3, and Su is the undrained shear strength of the
soil. Since the system is exclusively loaded laterally in this study, the axial component of the
soil reaction springs can be neglected, as is commonly done for OWT analysis. A Newmark
beta method [16] is used to solve the dynamic problem iteratively, with a beta value of 0.3025,
and a gamma value of 0.6, in combination with a tangent stiffness method to model nonlinearity
in the soil response.
2.1

Damping

Damping in the system consists of a superposition of structural, hysteretic and radiation
damping. Aerodynamic and hydrodynamic damping sources are neglected for simplicity. Structural damping is modelled using the Rayleigh method, superposing contributions from the mass
and stiffness matrices to form the damping matrix, and classical damping formulations for the
coefﬁcients. A damping percentage of 1% is used for structural contributions, as it is typically
expected to be between 0.5% and 1.5% for OWTs [17]. Radiation damping is modelled with
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the damping coefﬁcient of Gazetas & Dobry [18], formulated as:


5/4   
3.4
cr
π 3/4 −1/4
= 1+
a0
2dp ρs Vs
π(1 − v)
4

(4)

where Vs is the shear wave velocity in the soil, ρs is the mass density of the soil, and a0 =
2πf dp /Vs is the dimensionless frequency. This damping is tuned to achieve a contribution of
0.5%.
2.2

Gapping model

The gapping model is based on an entry condition deﬁned by the soil reaction threshold, and
an exit condition based on a displacement threshold. If a node enters a gap, it experiences soil
resistance only from the side shear friction, modelled with a reduced stiffness value of 5% of
kmax . If a node is no longer in, or has not entered the gap, it continues to move based on the
Masing rules and hyperbolic curve.
The entry and exit conditions are modiﬁed using parameters αp and αy . A node enters the
gap if its p value crosses the threshold deﬁned by:
ppos = αp (z)p

(5)

pneg = αp (z) p

(6)

for p decreasing and increasing respectively, where p is the minimum and p the maximum p value for that degree-of-freedom over the time history of loading so far. The αp (z) value
can be calibrated over depth z, to control the amount of gapping down the pile. Exit threshold
values are based on displacement, and are deﬁned by:

αy y
if y ≤ 0 & N = 1
N
=
yneg
(7)
N −1
αy yneg,entry if y ≤ 0 & N > 1

αy y
if y ≥ 0 & N = 1
N
=
(8)
ypos
N −1
αy ypos,entry if y ≥ 0 & N > 1
for p increasing and decreasing respectively, where y is the minimum and y the maximum y value for that degree-of-freedom over the time history of loading so far. The N value
is the cycle number within the cyclic loading. After cycle 1, the y threshold values are derived
from the displacement upon entry of the gap in the previous cycle. This means that different
levels of cave-in can be modelled with the αy parameter, with a value of 1 meaning no cave-in
occurs, and a value of 0 implying a fully caved-in gap upon exit. The above parameters are
shown for reference over two example loading cycles in Figure 3.
3

RESULTS

The gapping model has been applied to four case study OWTs located in the UK and Netherlands. They have been selected for their availability of geometry and soil data. The data of these
OWTs is summarized in Table 1.
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N=1
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yN-1neg,entry

yNneg,entry

ppos

y
N
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yNpos

y
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yNpos,entry

yNneg

yN-1neg

yN-1pos,entry

yNpos,entry

Figure 3: A schematic of a p-y curve for a node experiencing gapping behaviour. This ﬁgure
demonstrates how the gapping parameters inﬂuence the p-y curve.
Parameters
Tower height
Substructure height
RNA mass
Pile length
Pile diameter
Pile wall thickness
Rotor diameter
Soil shear modulus Gs
Eigenfrequency f

Unit Irene Vorrink
[m]
45.8
[m]
5.2
[kg]
35,700
[m]
19
[m]
3.5
[mm]
28
[m]
43
[MPa]
55
[Hz]
0.563

Lely A2
37.9
12.1
32,000
13.5
3.2
35
40.77
53
0.634

North Hoyle
67
7
100,000
33
4
30-70
80
230
0.35

Walney 1
67.3
37.3
234,500
23.5
6
80
107
70
0.35

Table 1: Parameters deﬁning the OWT case studies. OWT geometry and soil data from [19, 20,
21].
For all case studies, the soil was modelled for simplicity as a linearly increasing stiffness
value such that the average over the pile length was equal to the given value in Table 1. Environmental loading is simulated with a sinusoidal load applied to the top node and lateral degree
of freedom, with an amplitude given by [19]:
Fext = 0.5ρa πRT2 Vw2 CT (λs )

(9)

where ρa is the density of air, taken to be 1.25 kg/m3 , RT is the radius of the turbine rotor
blades in m, Vw the wind speed at the hub, assumed to be 13.5 m/s, and CT is a dimensionless
RT
,
thrust coefﬁcient due to the fact that the blades are rotating, dependent on the factor λs = Vrot
Vw
where Vrot is the rotational speed (1P frequency) of the rotor in rad/s. The value of CT can then
be estimated from the function and graph given in [22].
The natural frequency is found by simulating a rotor-stop test, and then performing a fast
Fourier transform (FFT) on the resulting period of free vibration. A rotor-stop test involves
spontaneously feathering the OWT blades during operation, causing the turbine to stop spinning
and the structure to freely vibrate. In this model, the OWTs are loaded with the force value given
by Equation 9 sinusoidally, and then the load removed to simulate the feathering of the blades.
In this study, three rotor-stop tests are simulated; one without the gapping element, to validate

5010

Stephen A. Williams, Loizos Pelecanos and Antony P. Darby

the structure geometries and soil conditions with natural frequency prediction, then two with
the gapping enabled. The ﬁrst is with loading equal to the value predicted in Equation 9, and
a loading frequency equal to the 1P value of the OWT. The second normalises the force across
all case studies, and they are loaded with a 100 kN force at 0.1 Hz to see the effect of gapping
over different foundation geometries. For all tests the effect of gapping on the measured natural
frequency is quantiﬁed. All the following tests were performed with representative gapping
parameters of αy = 0.5, and αp = 0.15 at the sea bed, reducing linearly with depth with a
gradient of 0.05 m−1 .
3.1

Validation of the gapping model

In order to validate the use of the gapping model, the results of the natural frequency analysis
for an OWT in Kentish Flats are compared to the results found in the study at this wind park
by Damgaard et al. [11]. The OWT, with a total superstructure length of 105.56 m, and a 29.5
m monopile was modelled with an average soil shear modulus of 60 MPa. In the experimental
results used for comparison, the OWT was monitored over time with accelerometers and a
number of rotor-stop tests were performed, and its natural frequency was found to vary, likely
attributed to soil erosion in the upper layers of the foundation.
This OWT was modelled, and a rotor-stop test performed with gapping parameters of αy =
0.65, and αp = 0.25 to simulate the soil erosion. The magnitude of the force applied during the
sinusoidal loading phase was selected to ensure the acceleration experienced at the top node of
the OWT during free vibration aligned with the values measured during the experimental tests,
for comparability. As is displayed in Figure 4, the plotted frequency spectrum found from the
FFT of the free vibration, the natural frequency was predicted to vary from 0.338 Hz without
gapping, to 0.327 Hz with gapping. This agrees well with the recorded data from Damgaard et
al., who measured the value to vary between 0.340 Hz and approximately 0.327 Hz.
3.2

Calculated loads

Using the expression for expected external wind load in Equation 9, rotor stop tests were
performed on the OWT case studies and the effect of gapping on the measured natural frequency
tested. The OWTs were loaded for 20 cycles, in order to achieve steady state behaviour before
the rotor-stop. Results for these tests are summarised in Table 2.
Irene Vorrink
Measured f
0.563
Modelled f (no gapping)
0.588
Modelled f (gapping)
0.572
99.25
Fext [kN]
5.43
Slenderness ratio Lp /dp
Change with gapping
2.72%

Lely A2
0.634
0.647
0.596
103
4.22
8.31%

North Hoyle
0.35
0.349
0.329
343
8.25
5.71%

Walney 1
0.35
0.333
0.129
460
3.92
61.25%

Table 2: Eigenfrequency results for the modelled rotor-stop tests using external load calculated
from Equation 9.
The results in Table 2 show ﬁrst a satisfactory prediction of the measured OWT eigenfrequency assuming soil condition without gapping, using the listed OWT geometries and soil
parameters. Secondly, all four results show a decrease in predicted eigenfrequency value when
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Figure 4: Frequency spectra of the Kentish Flats OWT model during the free vibration after
a rotor stop test, with the gap algorithm enabled and disabled, as well as the reference 1P
frequency of the OWT. The spectra resonant peaks are located at 0.338 Hz and 0.327 Hz.
the gapping is enabled. This is to be expected, since gapping essentially softens the soil response due to the transition portion of motion while in the gap which is unrestricted from soil
reaction. The frequency reduction on the Walney 1 OWT is very large, due to the fact that the
applied load was likely an overestimation, causing an exaggerated response.
3.3

Equal loads

The same test was then performed with the same load across all case studies, with Fext = 100
kN at a loading frequency of 0.1 Hz. The resulting frequencies identiﬁed in the rotor-stop tests
are given in Table 3.
Measured f
Modelled f (no gapping)
Modelled f (gapping)
Slenderness ratio Lp /dp
Change with gapping

Irene Vorrink
0.563
0.588
0.575
5.43
2.41%

Lely A2
0.634
0.647
0.602
4.22
6.95%

North Hoyle
0.35
0.356
0.348
8.25
2.25%

Walney 1
0.35
0.338
0.302
3.92
10.65%

Table 3: Eigenfrequency results for the modelled rotor-stop tests using a 100 kN load for all
tests.
It is noted that the change in external load and loading frequency has had a small effect
on the predicted frequencies without gapping, highlighting the importance of considering a
variety of expected loads when predicting the natural frequency, since the value is variable over
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a small range once the structure is installed. Similarly to the previous results, the inclusion of
gapping has introduced a reduction in the predicted eigenfrequency, but of lower magnitude
than prior due to the reduced load magnitude and frequency. However, the results suggest that
the size of the reduction may be attributed to the slenderness ratio of the monopile, with the
smaller (and therefore more rigid) ratios experiencing a larger change in eigenfrequency. This
could be attributed to the more rigid monopiles mobilizing the soil reaction further down the
monopile’s length, and therefore causing a gap response over a longer pile length. The ﬂexible
monopiles can be expected to behave as ﬁxed below a certain critical depth, and therefore will
not experience any gapping below that level.
4

CONCLUSION

A simple gapping model was applied to a BNWF model of several offshore wind turbines,
and the resulting effect on the natural frequency quantiﬁed. The natural frequency was identiﬁed
with simulations of rotor-stop tests for OWTs of differing geometry and predicted external load.
It was found that in all cases the natural frequency was reduced when the gapping effect was
introduced, and that the effect appears more severe for the more rigid monopile foundations.
The natural frequency is also slightly variable over different magnitudes of loading due to the
nonlinear response of the soil, suggesting the importance of considering different weather and
loading conditions for foundation design. With OWTs being designed with a natural frequency
inside a narrow corridor of stability, it is important then to reliably predict by how much it is
likely to drift throughout the operational lifetime. Including soil erosion effects like gapping
may, then, assist in the design process and allow for reliable predictions. As well as application
to the regular two-way dynamic loading used in this study, the model can be further included for
use in stochastic loading simulations, such as more realistic wind and wave loads, and certainly
has potential application to the impact of seismic loading on monopile foundations.
5
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Abstract
Most seismic vulnerability analyses do not consider the Soil-Structure Interaction (SSI).
However, it has been proved that SSI does not equally affect all types of structures and all
types of soils. The analysis of the state of the art reveals that SSI especially affects the performance of mid/high-rise buildings under soft/inelastic soil conditions. This leads to overestimating the capacity of buildings and to obtaining unreliable results. This paper aims to
assess the soil influence in the seismic vulnerability analysis of a reinforced concrete (RC)
building. Three models of a real case study building have been determined (low-rise (real),
mid-rise and high-rise). A pre-code 1970s case study building, located in Huelva, has been
selected. This building shares typical constructive and structural characteristics with most RC
buildings constructed during that period. The 3D continuum model of the soil has been carried out to simulate its nonlinear behaviour. The most probable soil profile has been defined,
observing a clayey soil. Therefore, the analyses have been performed under undrained conditions. Nonlinear static analyses have been carried out to determine the seismic capacity of the
models through the finite element method (FEM). The damage has been assessed by means of
the local procedure, defined in the European seismic code, and the global fragility procedure.
The results have shown that the soil does not significantly influence the behaviour of low-rise
buildings. However, in the case of mid- and high-rise buildings, the maximum capacity can be
reduced by up to 10% and 30%, respectively.
Keywords: Soil Structure Interaction, Seismic analysis, Reinforced concrete, Buildings,
OpenSEEs.
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1

INTRODUCTION

Most seismic vulnerability analyses of buildings are carried out without considering the
soil-structure interaction effects (SSI). Despite these notable effects, their consideration in
seismic analysis remains unclear. In fact, SSI was assumed to be beneficial in past research
[1]. This benefit emerges from the reduction of the internal forces and the drifts due to the
soil’s increasing flexibility. Hence, the vast majority of seismic vulnerability analyses consider models with a fixed-based configuration to obtain more conservative results. However, recent studies on the influence of SSI in the capacity assessment of buildings has proved that it
does not positively affect all types of structures and all types of soils [2]. They have concluded that structures are expected to experience different levels of damage when the soil’s influence is taken into account [3]. In fact, the Eurocode-8 Part-1 (EC8-1) [4] establishes that the
SSI effects must be born in mind when structures: i) present significant second order (p-Δ)
effects; ii) are slender; or, iii) are medium/high-rise buildings. Moreover, it was proved that
SSI might affect aspects related to the seismic performance of buildings such as the ductility
and the strength [5] or the energy dissipation [6]. Studies have even shown that the SSI can
greatly worsen the performance of buildings due to asymmetrical designs [7]. This suggests
that further research is needed.
The SSI effects can be taken into account by simulating the flexibility of the soil. To do so,
several approaches have been proposed over time. Among others, the most common approaches used in the behaviour assessment of buildings are the Nonlinear Beam on Winkler
method (NBWM) and the continuum modelling of soil (in 3D). The first approach is mainly
based on simulating the nonlinear behaviour of the soil by adding inelastic springs [8]. These
springs present different characteristics which are applied in certain directions. The NBWM
can simulate the SSI effects very easily and simply. In this way analyses do not become very
tedious [9]. However, this approach presents certain drawbacks: it does not consider the complete behaviour of the soil, the frictional surface between the soil and the foundation and the
effects of deeper soil layers. Therefore, this method might not be applicable for all soil and
structural characteristics.
The continuum modelling of soils can exhaustively capture the soil constitutive behaviour,
obtaining more realistic results [2]. Moreover, this type of analyses has been gaining importance over the past decade due to the availability of new methods and the increase of computational capacity [10]. Some related studies showed that the foundation characteristics and
the soil modulus (shear and bulk) are the parameters that most affect the seismic response of
buildings [2]. Others proved that the SSI are significant when both the structure and the soil
are simulated as inelastic [6]. These parameters cannot be considered in SSI assessment via
the NBWM.
Owing to the lack of studies and guidance, this paper aims to analyse the soil’s influence in
the seismic vulnerability analysis of a reinforced concrete (RC) building. To do so, different
models of a real case study building have been simulated (low-rise (real), mid-rise and highrise). The EC8-1 statement and past research have been proved. The 3D continuum modelling
of the soil has been carried out to simulate its nonlinear behaviour. Furthermore, the characterisation of the most probable soil profile at the location has been done by considering different geotechnical studies. As a clayey soil has been observed, the analyses have been carried
out under undrained conditions. Nonlinear static analyses have been performed to determine
the seismic capacity of models by using the finite element method (FEM). The damage has
been assessed by means of the local procedure established in Eurocode-8 Part-3 (EC8-3) [11]
and the fragility procedure.
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The case study building is a 1970s primary school building located in Huelva (southwestern Spain), which is an earthquake-prone area. This building shares typical constructive and
structural characteristics with most RC buildings of the area. What is more, these buildings
were constructed prior to the applications of seismic codes.
The key contributions of this paper are: i) the analysis of the soil influence in the seismic
vulnerability analysis of RC buildings considering different geometrical characteristics; ii) the
characterisation for the 3D continuum modelling of the most probable soil profile in Huelva;
iii) 3D FEM models in OpenSees to realistically reproduce the entire system’s behaviour
(soil+foundation+structure); iv) the analysis of the seismic damage by means of both local
and global procedures.
2
2.1

CASE STUDY
Building configuration

The case study building selected is a primary school building located in Huelva. It has been
defined as an index-building of the typology of RC buildings [12]. This typology represents
27% (75 buildings) of the total (279) of the primary school buildings constructed in the province. As they were built during the 1970s, they share constructive and structural characteristics with a major part of the area’s RC buildings: insufficient longitudinal and transversal
rebar ratio, wide beams, short columns, very slender RC columns sections and low-quality
structural materials. Moreover, these buildings have not been designed according to seismic
criteria since they were constructed prior to restrictive seismic codes.
The case study building is a two-story RC frame building (Figure 1). Although it is regular
in height, it presents short columns on the ground floor. This is a typical constructive configuration that can be commonly found in most RC buildings of the 1970s. Short columns are
created due to the elevation of the ground floor from the soil surface to avoid humidity and
water problems. This ground-floor construction often leads to isolated footings (superficial or
deep). In this case, the building was constructed with isolated footings of a depth of 0.80 m.
The structural characteristics of the building are listed in Table 1.

Figure 1: Case study building’s configuration.

Characteristic
Dimensions (cm)
Cross-section (cm2)
Longitudinal rebar (cm2)
Transversal rebar (cm2)
Spacing of stirrups (cm)

Columns
30x40
1,200
1.572
0.196
15

Load beams
60x30
1,800
Top: 0.786
Bottom: 3.495
0.196
20

Tie beams
30x30
900
Top: 0.786
Bottom: 0.786
0.196
25

Table 1. Case-study’s structural elements geometrical characteristics.
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2.2

Soil characterisation

A characterisation of the soil under the building has been carried out to properly model its
constitutive behaviour. The information has been compiled from 8 nearby geotechnical studies. These studies include information related to laboratory tests done with samples as well as
in-situ geotechnical prospections. Based on the available information, an interpretation of the
soil layering at the site has been performed. In this study, the most probable soil profile has
been considered. To do so, the probability of each stratum according to its depth has been assessed. This determination has considered 17 boreholes. As shown in Figure 2a, four different
geotechnical strata have been identified: tilled, grey clay, brown silt and clay loam. The laboratory tests have revealed a predominance of clay. Therefore, only the parameters to perform
undrained analyses have been calculated.

(a)

(b)

(c)

Figure 2: Soil characterization. (a) Soil profile (b) Nspt and Vs (c) according to depth.

Among other in-situ tests, standard penetration tests (SPT) were executed to determine the
Nspt. In Figure 2b, the Nspt for each soil stratum has been plotted. According to [13], the shallow layers can be classified as low-dense soils (Nspt≈11-30) while the deepest layers are dense
(Nspt≈31-50) .
The shear wave velocity (Vs) and the Poisson ration (ν) are required to numerically model
the soil in 3D. In [14], several correlations were defined to obtain Vs. However, in this work,
only the Imai equation (Eq.(1)) has been used since it is widely accepted. In Figure 2c, the Vs
values for each soil layer have been defined according to Nspt and depth. Since there are several values of Vs for each depth, the most probable value has been used to determine the parameters presented below.
Vs=91Nspt0.317

(1)

The soil behaviour is defined according to three parameters: shear (G), elastic (E) and bulk
(B) modulus and the unit weight (γ). The moduli have been calculated according to certain
widely known geotechnical correlations (Eq.(2)(3)(4)). G, E and B have been plotted in Figure 3 for each soil stratum. The soil constitutive behaviour has been plotted considering the
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medium values of each modulus. As can be observed, the shallow layers are weaker than the
deepest ones, which relates to Nspt. The soil stiffness increases at around 5 m depth. The clay
loam’s modulus rises slightly with depth. In order to take the variability of the modulus into
account, four soil layers have been defined following the procedure established in Section 4.2.
G=γVs2

(2)

E=2G(1+ν)

(3)

B=E/3(1-2ν)

(4)

(a)

(b)

(c)

Figure 3: G (a), E (b) and B (c) values obtained from correlations according to geotechnical prospections.

3
3.1

NONLINEAR STATIC ANALYSES
Models defined

The state of the art has revealed that SSI must be considered in the seismic analyses of
mid- and high-rise buildings. Therefore, in order to better understand their influence, different
configurations of the case study building have been determined by varying its height. As
shown in Figure 4, three models have been defined: low-rise (real) (M1), mid-rise (M2) and
high-rise (M3). The total mass and height of each model have been listed in Table 2. Fixedbase and solid models have been identified with “F” and “S”, respectively. The nodes at the
base of the F-models have been fixed in the 6 degrees of freedom (DOF): X, Y, Z, Rx, Ry and
Rz. The modelling of the soil is presented in Section 4.2. It has also been checked that the
foundations’ dimensions are valid for the soil with each model’s configuration.
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Figure 4: Models’ configuration.

Model
M1
M2
M3

Nº of floors Total mass (ton) Total height (m)
2
1,058
7.30
4
1,952
13.90
6
2,846
20.50

Table 2. Number of floors, total mass and height of the models analysed.

3.2

Analysis procedure

Nonlinear static analyses have been carried out to determine the capacity of the models by
using the FEM OpenSees software [15]. Since the models are very large, the analyses have
been done using the parallel option available in OpenSees by defying partitions. The outputs
have been handled in PYTHON [16]. A load-control and displacement-control integrator have
been used to perform the gravity and the pushover analyses, respectively. Only the modal load
pattern results have been considered since this has been the most restrictive. Modal analyses
have been carried out to define the load pattern. The -genBandArpack solver has been used
due to the numerous constraints. As models have worked in Mode 1 and 2, torsional effects
can be neglected.
3.3

Damage determination

The N2-method has been used to determine the single-degree-of-freedom (SDOF) idealised bilinear curves and the target displacement. Its extended version has also been used,
which takes the infills’ effects into account. A 0.1g PGA for Huelva has been used according
to the Spanish updated seismic action values [17]. The response spectrum has been constructed using the EC8-1 procedure.
Two approaches have been considered to determine the damage: the local and the global.
The first one has borne in mind the demand/capacity ratio (DCR) established in EC8-3 and
the local damage of RC structural elements. Three damage states have been determined: damage limitation (DL), significant damage (SD) and near collapse (NC). The NC is calculated
considering the ultimate chord rotation (θum). The SD is determined as 3/4 of θum. The DL is
worked out by means of the yielding chord rotation (θy). The formulae of each parameter are
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established in the EC8-3. Each damage state has been calculated when the demand chord of
one column reaches the capacity values of θum, θum and θy.
The second approach is based on the fragility curves assessment. These curves provide the
probability of reaching or exceeding a certain damage state (ds), given a certain spectral displacement (Sd). They are determined by the well-known lognormal cumulative distribution
(Eq.(5)), where: βds is the dispersion at ds and Sd,ds is the median value of the spectral displacement at which a building reaches the ds threshold.
P[ds|Sd]=Φ[(1/βds)ln(Sd/S(d,ds))]

(5)

Both βds and Sd,ds are statistical parameters that take into account different uncertainties.
They should therefore be determined according to the models analysed. However, in this case
they have not been studied since further research should be carried out considering many
models and including the SSI effects. However, an exhaustive work carried out in [18] has
been used to define these parameters. The authors performed the fragility assessment of typical Spanish RC buildings and determined the fragility parameters for low-, mid- and high-rise
RC buildings. The values of βds for each building class are listed in Table 5. The values of
Sd,ds have been determined for each of the models analysed and following the provisions established in [18], listed in Table 4. This procedure considers the parameters that characterise
the idealised SDOF system curves: Dy and Du, yielding and ultimate displacement.
Damage state/Class
Low-rise
Mid-rise
High-rise

Slight (β1)
0.28
0.28
0.28

Moderate (β2) Severe (β3) Complete (β4)
0.37
0.82
0.83
0.36
0.50
0.61
0.29
0.34
0.45

Table 3. βds for each RC building class.

Slight (Sd1) Moderate (Sd2) Severe (Sd3)
Complete (Sd4)
0.7Dy
Dy
Dy+0.25(Du-Dy)
Du
Table 4. Sd,ds determination for each damage state threshold.

4

NUMERICAL MODELLING

The different models considered in this study have been modelled with the STKO software
[19], a Graphical User Interface (GUI) for OpenSees.
4.1

Superstructure

The nonlinear behaviour of the RC elements has been simulated though the distributed
plasticity approach. This can automatically compute deformations and curvatures, reducing
the modelling time. The RC beams and columns have been discretised into different fibres
with the fibre section aggregator. In order to take p-delta (p-Δ) effects into account, forcebeams elements have been applied to the RC frames. “Concrete01” has been considered to
simulate concrete. The concrete’s core has been defined by increasing its strength and strain
according to [20]. “Steel02” has been used to model steel. In this case, the smooth rebars have
been considered by decreasing the steel elastic modulus as in [21]. The effects of infills have
been taken into account by means of the two-diagonal truss approach defined in [22]. Due to
the rigidity of the concrete slabs, rigid diaphragm interactions have been applied to the nodes
of each floor. Masses have been applied to each structural member considering the gravitational loads and the self-weights. Gravitational loads have also been applied to each structural
element bearing in mind: dead (self- weight and the weight of constructive elements) and live
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loads. The characteristics of the structural materials considered in this study are listed in Table
5.
Concrete
ƒc (MPa)
ƒcu (MPa)
ɛc (%)
ɛcu (%)

Steel
Infills
28
ƒy (MPa) 370 Gw (GPa)
4
Es (GPa) 310 α
0.002
τcr (MPa)
0.04
Ew (GPa)

1240
0.05
280
4092

Table 5. Values of the structural materials’ parameters.
Where: concrete compressive (ƒc) and crushing strength (ƒcu); concrete strain at maximum (ɛc) and ultimate
strength (ɛcu); steel yielding strength (ƒy); steel modulus of elasticity (Es); infills shear modulus (Gw); postcapping degrading branch coefficient (α); shear cracking stress (τcr); masonry elasticity modulus (Ew).

4.2

Continuum modelling of the soil

The underlying soil of the building has been modelled with a mesh of 125x40x21 m (X, Y
and Z directions). The mesh has been defined according to the Vs and to the frequency (ω) of
the models. “SSPbrick” brick elements have been applied to the solid elements to capture the
soil small deformation (Figure 5). The mesh is characterised by 51,954 nodes and 120,040
brick elements. The lateral boundaries have been fixed in the corresponding direction and the
base in all directions.
According to the different test results (Section 2.2), the soil beneath the building is clayey.
Therefore, the analyses have been performed under undrained conditions since this is the most
restrictive. Hence, the soil constitutive behaviour has been simulated by means of the “PressureIndependMultiYield” (PIMY) material. This has been implemented in OpenSees to model
elasto-plastic undrained clay-type soils, which are independent from pressure. The soil’s failure criterion is based on Von Mises’ multi-surface plasticity theory (Figure 5) determined in
[23]. “EqDOF” has been applied to the interaction between the soil’s and the foundation’s
surfaces. Four soil layers have been defined according to the characterisation performed in
Section 2.2, which can be observed in Figure 4.

Figure 5: “PressureIndependMultiYield” soil material’s failure criterion.

5

RESULTS AND ANALYSIS

The results obtained from the analyses appear in this section. In Figure 6, the deformed
shape of each model after the application of the gravity loads is shown. As can be observed,
the settlement of the structure is higher when the height increases. The displacement in the Z
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direction of the control node (in the rooftop) increases 220% and 323% when adding 2 floors
(M2) and 4 floors (M3), respectively. Therefore, this increase is not linear.

Figure 6: Deformed shape of models analysed after the application of gravity loads.

In Figure 7, the SDOF capacity curves for each of the models have been plotted. Also, the
damage states (Section 3.3) and the target displacements (demand) have been determined. In
order to compare the results, the multi-degree-of-freedom (MDOF) curves have been normalised by dividing the base shear (Vb) by the weight (W) and the displacement (d) by the total
height (Ht).
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Figure 7: SDOF normalised capacity curves for each of the models assessed.

It can be observed that the higher the structures’ height, the higher the soil effects. In the
case of the low-rise model (M1), the SSI just decreases the initial stiffness of the systems. In
the X direction, the difference between the demand and the NC displacement is higher for the
S models. In the Y direction, for the F model, the demand is located between the LD and the
SD. However, when considering the SSI, the demand is after the SD; therefore, it will not
comply with the EC8 requirements like in the X direction. Mid-rise buildings are more affected by the SSI than low-rise buildings due to the considerable modification of the initial stiffness. The maximum capacity has been reduced by around 10%. In the Y direction, the
demand displacement is considerably higher for the S model. High-rise models are the most
affected by the SSI, the maximum capacity being reduced by up to 30%. In terms of damage,
the models behave worse due to the failure of columns located in the irregularity of the
ground floor.
In Figure 8, the fragility curves for each of the models analysed are plotted considering the
demand displacement. It can be noted that the fragility curves for the models with SSI are
worse than the F-model’s curves. Therefore, the probability of reaching higher damage increases in models that bear the soil influence in mind. This probability also increases with the
height. As can be seen, the S-model’s fragility curves are worse than the F-model’s curves
when the height increases. This results in the high-rise models being the most affected. Moreover, the fragility curves of high-rise buildings are worse than the rest due to the statistical
parameters’ values.
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Figure 8: fragility curves considering fixed-based and solid models and low-, mid- and high-rise models.

6

CONCLUSIONS

This paper aims to analyse the SSI in the seismic vulnerability analysis of RC buildings.
The state of the art has revealed that SSI must be considered in the seismic analyses of midand high-rise buildings. Therefore, different configurations of a case study RC building have
been defined by varying the height: low- (real), mid- and high-rise. The characterisation of the
location’s soil profile has been carried out. This characterisation has revealed that the soil is
clayey.
Nonlinear static analyses have been performed to assess the models’ capacity. The seismic
damage has been determined by means of the European seismic code (local damage of elements) and the fragility procedures (global damage). 3D nonlinear models considering the soil
as a continuum have been modelled using the FEM to simulate the soil nonlinear behaviour.
The results have shown that the soil does not significantly influence the behaviour of lowrise buildings. However, in the case of mid- and high-rise buildings, the maximum capacity
can be reduced by up to 10% and 30%, respectively. Moreover, according to the local damage
assessment, structural elements might collapse due to considering the soil, even for low-rise
buildings.
In the light of the fragility assessment results, it can be concluded that the probability of
reaching higher seismic damage increases when considering the SSI. Moreover, this probability increases with the height.
This work has considered the most probable soil profile that can be found in the area.
However, further research should be carried out in order to consider several soil profiles since
softer layers could worsen the building’s seismic capacity. This research has considered statis-
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tical parameters from other works in the fragility assessment. Yet, further research should be
assessed to properly determine these values according to the models’ characteristics and the
type of soil. This research has not considered the element contact between the soil and the
foundation’s surfaces, which can capture the soil behaviour better, leading to more accurate
results.
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Abstract. This paper investigates the effect of soil-structure interaction (SSI) on the free vibration response of long multi-span bridges. A numerical case study of a continuous concrete
box girder bridge is presented. For several bridge lengths, the inﬂuence of SSI on modal characteristics is studied. Furthermore, if the bridge is assumed to be inﬁnitely long, periodic
structure theory is used to compute the dispersion curves of the non-decaying waves that propagate through the bridge. The stop- and passbands are related to the natural frequencies of the
bridges with ﬁnite length.
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1

INTRODUCTION

Road and railway bridges are frequently constructed in regions with changing topography or
soft sub-soil conditions, and in dense urban areas due to space limitations. Often, these bridges
consist of identical spans repeated over a long distance resulting in a convenient and costeffective design. This paper investigates the effect of soil-structure interaction (SSI) on their free
vibration response, which is important as the structure’s modal characteristics (mode shapes,
natural frequencies, modal damping ratios) are commonly used in structural health monitoring.
The inﬂuence of SSI on the modal characteristics of long multi-span bridges is often neglected in ﬁnite element model updating procedures [1, 2], as this signiﬁcantly reduces the
model complexity and is typically a valid simpliﬁcation when the structure is founded on stiff
soil. However, for short (single-span) bridges, many studies have highlighted the importance of
SSI on modal characteristics. Romero et al. [3] studied the dynamic response of single-span,
simply supported railway bridges under moving loads. They conclude that the resonant train
speed is lower when dynamic SSI is accounted for, due to the lower natural frequency of the
bridge. Furthermore, they report a substantial increase of the modal damping ratio if the soil
stiffness is low, resulting in lower bridge deck acceleration at mid-span. Östlund et al. [4] investigate the effect of different foundation types and span lengths on the response and modal
characteristics of a single-span railway bridge. They show that the modal damping ratio increases for shorter span lengths and that the bridge deck acceleration is generally higher in the
case of ﬁxed supports.
In this paper, a case study of a continuous concrete box girder bridge is presented in order to
analyze the inﬂuence of SSI on the modal characteristics of long, repetitive bridges. Three cases
are considered for the soil stiffness: a soft, medium, and stiff soil. Furthermore, the analysis is
performed for a bridge with 5 spans, 15 spans, and an inﬁnitely long bridge.
The paper is organized as follows. Section 2 introduces the numerical case study. Section 3
focuses on the inﬂuence of SSI and bridge length on the free vibration response of the bridge;
the inﬂuence on modal characteristics is studied for the bridges with ﬁnite length, which are
subsequently linked to dispersion curves of free waves propagating through the inﬁnitely long
bridge. Section 4 concludes the paper.
2

NUMERICAL CASE STUDY

This section presents a numerical case study of a continuous concrete box girder bridge
founded on piled foundations. In the past decades, a large number of such bridges have been
built in many European countries [5]. The advantage over simply supported box girder bridges,
which remain the standard in China, is their greater slenderness (ranging between 12 and 14)
and generally lower dynamic response. The geometry and material properties are based on a
literature survey of existing box girder bridges presented by Kang et al. [5], Yan et al. [6], and
Cascales Fernández et al. [7].
2.1

Bridge geometry

Figure 1a shows a single span of the railway bridge. The span length L equals 24 m. The
bridge cross section is a concrete box girder with uniform height (Figure 1b). The bridge deck
is periodically supported by 6 m high piers with a rectangular cross section of 5.5 m by 1 m.
At each pier, the bridge deck rests on two bearings. The concrete has a Young’s modulus
E = 30 GPa, a Poisson’s ratio ν = 0.25, and a density ρ = 2500 kg/m3 . Rate-independent
hysteretic material damping in the frequency domain is modeled by introducing a complex

5029

Pieter Reumers, Geert Lombaert and Geert Degrande

12 m

z
x
0.4 m

z
y
x

0.5 m

3m

0.35 m

(a)

(b)

2.75 m

0.5 m

5.5 m

Figure 1: (a) Single bridge span and (b) cross section of the bridge deck. The red area indicates the area to which
the load is applied.

Young’s modulus E ∗ = E(1 + 2iβ), where a material damping ratio β of 0.02 is assumed.
The deck and piers are both modeled with 8-node quadratic shell elements based on ReissnerMindlin plate theory. Figure 2 shows the FE model of the pier and bridge deck. The maximum
element size equals 1 m for the deck and 0.5 m for the pier. Each bearing is represented by
constraint equations between two nodes on the deck and two corresponding nodes on the pier.
For the left bearing (in red), the vertical as well as the lateral displacement of the deck and pier
are coupled. For the right bearing (in blue), only the vertical displacement is coupled. In the
longitudinal direction, the displacement of the deck and pier is only coupled at one of the bridge
piers.

Figure 2: Finite element model of a pier and part of the bridge deck. At the nodes representing the left bearing (in
red), vertical and lateral displacements are coupled using constraint equations, while at the right bearing (in blue),
only vertical displacements are coupled.

2.2

Bridge length

Three bridges are considered in this paper: a bridge with 5 spans, a bridge with 15 spans,
and an inﬁnitely long bridge. For the ﬁrst two cases, the length of the end spans equals half the
regular span length. At both bridge ends, constraint equations (as explained in Subsection 2.1)
are used to account for the support conditions: the vertical displacements are prohibited by both
supports, while lateral displacements are prohibited by the left support.
2.3

Piled foundation

Each pier is supported by a piled foundation that consists of eight piles connected to a pile
cap with a thickness of 1 m. The pile cap is assumed to be rigid, as is the connection between
the pier and the pile cap, and the pile cap and the piles. Figure 3b shows the geometry of the
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piled foundation. The piles have a diameter of 0.4 m and a length of 10 m. The piles and pile
cap are made of concrete with Young’s modulus E = 35 GPa, Poisson’s ratio ν = 0.25, and
density ρ = 2500 kg/m3 . No material damping is considered for the piled foundation.
Each piled foundation is embedded in a horizontally layered soil (Figure 3a) consisting of a
9 m thick top layer on top of a halfspace. Three cases are considered for the top layer: a soft
soil, a medium soil, and a stiff soil. The underlying halfspace consists of stiff soil. Hence, the
stiff soil case corresponds to a homogeneous halfspace. The dynamic soil characteristics are
speciﬁed in Table 1. The piles reach 1 m into the stiff halfspace.
2m
9m

10 m

y
3m

x

1m

2m

5.5 m

(a)

(b)

7m

Figure 3: (a) Piled foundation embedded in a horizontally layered halfspace and (b) geometry of the piled foundation.

Soil type
Soft soil
Medium soil
Stiff soil

Cs
[m/s]

Cp
[m/s]

ρ
[kg/m3 ]

100
200
300

200
400
600

1800
1800
1800

βs
[-]

βp
[-]

0.02 0.02
0.02 0.02
0.02 0.02

Table 1: Dynamic soil characteristics: shear wave velocity Cs , dilatational wave velocity Cp , density ρ, and
material damping ratio’s βs and βp in shear and dilatational deformation.

The soil and the piles are both modeled with 10-node quadratic tetrahedral elements. A
perfectly matched layer (PML) is used to absorb waves at the edges of the FE model [8, 9]. The
element size le is chosen such that the distance between two nodes is always less than one-eight
of a shear wavelength for each frequency, both in the physical soil domain and the PML. The
width of the physical soil domain between the PML and the foundation is chosen as one half
shear wavelength at 50 Hz .
The FE-PML formulation used in this work is described in detail by Papadopoulos et al. [10],
and based on the work of Chew and Qiu [8] and Basu and Chopra [9]. As explained in [10], the
PML stretch functions consist of third-degree polynomial functions with α0 = πCs /(le ω) − 1
and α1 = 20Cs , controlling the attenuation of evanescent and propagating waves inside the
PML domain, respectively. The FE-PML model of the piled foundation is validated using a
ﬁnite element-boundary element model (FE-BE) model.
The dynamic stiffness of the piled foundation is deﬁned as the forces or moments required
to impose a unit displacement or rotation of the rigid pile cap. The real part determines the
stiffness, while the imaginary part depends on the material and radiation damping in the soil.
Figure 4 shows the stiffness and damping coefﬁcients of a single piled foundation modeled
with a 3D FE-PML model and a 3D FE-BE model. The pile cap is assumed to be rigid and
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massless. Figure 4a shows the vertical stiffness Re(kzz ) of the piled foundation embedded in
soft, medium, and stiff soil. The static stiffness increases with increasing soil stiffness. An
increase in stiffness is observed for the soft soil around 22 Hz due to interaction between the
individual piles. When the shear wavelength in the soil equals twice the pile spacing, the piles
vibrate in anti-phase motion leading to a stiffer behavior of the piled foundation [11]. The pilesoil-pile interaction effect is observed around 45 Hz for the medium soil. For the stiff soil, a
peak in the stiffness function is expected around 75 Hz. Figure 4b shows the vertical damping
Im(kzz ). In the low frequency range it is observed that, as the soil stiffness of the top layer
decreases, the damping decreases as well. This is explained by the fact that, for a soft layer on
a stiffer halfspace, wave propagation in the soft top layer only occurs at frequencies above the
cut-on frequency, activating radiation damping. This effect is more pronounced as the relative
difference in stiffness between the top layer and the halfspace increases. Furthermore, the peaks
due to pile-soil-pile interaction are also observed in the damping curves.
Figure 4c shows the rocking stiffness Re(kϕx ϕx ) around the x-axis, which is signiﬁcantly
lower than the rocking stiffness Re(kϕy ϕy ) around the y-axis shown in Figure 4e, due to the
smaller eccentricity of the piles with respect to the center. Again, the effect of pile-soil-pile
interaction is observed as peaks in the stiffness functions. Figures Figure 4d and Figure 4f show
the corresponding damping values Im(kϕx ϕx ) and Im(kϕy ϕy ) for the rocking motion of the piled
foundation around the x- and y-axis, respectively. Finally, the results obtained with the 3D FEPML and 3D FE-BE model are in very good agreement across the entire frequency range. The
slight discrepancy in the high frequency range is attributed to the FE discretization.
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Figure 4: Vertical (a) stiffness Re(kzz ) and (b) damping Im(kzz ), rocking (c) stiffness Re(kϕx ϕx ) and (d) damping
Im(kϕx ϕx ), and rocking (e) stiffness Re(kϕy ϕy ) and (f) damping Im(kϕy ϕy ) for the piled foundation embedded
in stiff (solid line), medium (dashed line), and soft soil (dotted line). The black and gray lines correspond to the
results obtained with the FE-BE and FE-PML model, respectively.
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3

FREE VIBRATION RESPONSE

The effect of SSI and bridge length (number of spans) on the natural frequencies and mode
shapes is investigated. Furthermore, the dispersion curves of the non-decaying waves propagating through an inﬁnitely long bridge are computed and related to the modal characteristics of
the bridges with ﬁnite length.
3.1

Modal characteristics

A 3D FE model of the bridge with 5 spans (Figure 5) is constructed in order to compute
its modal characteristics. First, SSI is neglected and the piers are assumed ﬁxed at the bottom.
Figure 6a shows the ﬁrst ﬁve mode shapes and corresponding natural frequencies of the bridge.

Figure 5: Bridge with 5 spans. The support where longitudinal displacement of the bridge deck and pier are
coupled is shown in red.

Mode 1: 1.48 Hz

Mode 1: 1.09 Hz

Mode 1: 0.96 Hz

Mode 1: 0.75 Hz

Mode 2: 5.58 Hz

Mode 2: 3.74 Hz

Mode 2: 3.29 Hz

Mode 2: 2.59 Hz

Mode 3: 7.33 Hz

Mode 3: 6.03 Hz

Mode 3: 5.78 Hz

Mode 3: 5.47 Hz

Mode 4: 9.62 Hz

Mode 5: 8.85 Hz

Mode 9: 8.58 Hz

Mode 10: 8.12 Hz

Mode 5: 10.39 Hz

Mode 7: 9.22 Hz

Mode 10: 8.73 Hz

Mode 12: 10.08 Hz

Figure 6: Mode shapes and natural frequencies of the bridge with 5 spans computed for (a) the case without SSI,
(b) the stiff soil, (c) the medium soil, and (d) the soft soil. The color scheme indicates the magnitude of the vertical
displacement while the undeformed structure is shown in light gray.
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The ﬁrst mode is a longitudinal translation mode of the bridge deck, which is not excited by
a vertical load acting on the bridge. The top of the second pier translates with the bridge deck
due to the ﬁxed coupling at this support. Modes 2, 3, and 5 are torsional modes for which the
dominant vertical displacement is situated in the ﬂanges of the box girder. Mode 4 is a vertical
bending modes of the bridge for which neighboring spans oscillate out-of-phase.
3.1.1

Inﬂuence of SSI

In order to assess the effect of SSI on the modal characteristics, the static foundation stiffness is added to each bridge pier (using springs) and the modal characteristics are recomputed.
Alternatively, the dynamic stiffness at a resonance frequency of the bridge without SSI could
be used [12]. Note that, in the present case, the dynamic stiffness does almost not depend on
the frequency between 0 and 15 Hz (Figure 4), where the ﬁrst bridge modes are situated, so that
the outcome would be very similar.
In order to properly match the mode shapes and corresponding natural frequencies of the
bridge with and without SSI, the Modal Assurance Criterion [13] is used. Whenever mode
numbers are mentioned in the following, we refer to the modes without SSI. Figure 7a shows
the MAC values computed for the ﬁrst 20 mode shapes without SSI and with the stiff soil.
The ﬁrst 13 modes can be matched reasonably well to the mode shapes of the bridge without
SSI. The order of the modes, however, changes when SSI is accounted for. In modes 8 to 10
(with SSI), the piers rotate around the x-axis and the bridge deck remains still as the piers can
rotate freely with respect to the bridge deck. Figure 7b shows the MAC values computed for
the medium soil. In this case, only the ﬁrst ﬁve mode shapes can be matched accurately to the
modes without SSI. For the soft soil case in Figure 7c, it is observed that only the ﬁrst three
modes are matched relatively well to the modes computed without SSI. Modes 4 to 6 (with SSI)
are local rotation modes of the piers, which correspond to lower natural frequencies compared
to the case with stiff soil. Mode 4, the ﬁrst vertical bending mode, now corresponds to mode 7
with SSI.

(a)

(b)

(c)

Figure 7: MAC values between the mode shapes computed without and with SSI for the case of (a) stiff soil, (b)
medium soil, and (c) soft soil.

Using the MAC values presented in Figure 7, the mode shapes of the bridge with and without
SSI are matched. The mode shapes computed with the stiff soil are shown in Figure 6b. Overall,
the mode shapes are very similar to those without SSI. For the torsional modes, rocking motion
of the piers around the y-axis is observed due to the ﬂexibility of the soil, resulting in signiﬁcantly lower natural frequencies. Figure 6c shows the mode shapes computed with the medium
soil. The natural frequencies are lower compared to those computed with the stiff soil, but the
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mode shapes are very similar. Figure 6d shows the mode shapes computed with the soft soil.
Compared to the case without SSI, a reduction of 53 % and 25.4 % on the natural frequency
of the ﬁrst and second torsional mode is predicted. The reduction of the natural frequency for
the ﬁrst vertical bending mode is 15.6 %. For mode 5, almost no decrease in natural frequency
is observed, but the MAC value shows a poor agreement with the corresponding mode shape
without SSI.
It can be concluded that, as the soil stiffness decreases, the effect of SSI on the modal characteristics of the bridge increases. Torsional modes in particular are signiﬁcantly affected by SSI.
Hence, when predicting the forced vibration response or performing structural health monitoring of multi-span bridges, it is important to account for SSI especially when soft soil conditions
prevail.
3.1.2

Inﬂuence of the bridge length

20

Number of spans [-]

Number of spans [-]

Next, the inﬂuence of the bridge length (number of spans) on the natural frequencies is
investigated. For periodic structures, natural frequencies tend to cluster in frequency bands
corresponding to the pass-bands of the structure where non-decaying waves propagate. These
frequency bands are characterized by a high modal density. This was already illustrated by
Zhang et al. [14] for a periodic frame structure, who used free wave propagation constants for
model updating purposes; however, the inﬂuence of SSI was not yet studied.
Figure 8 shows the natural frequencies of the bridge as a function of the number of spans.
The computations are performed for the case without SSI and for the stiff, medium, and soft
soil. Figure 8a presents the results for the case without SSI. As the number of spans increases,
the natural frequencies tend to a limit value resulting in frequency bands with different modal
density. Below 5 Hz, the longitudinal translation modes of the bridge deck are found. The natural frequencies between 5 Hz and 9 Hz correspond to torsional modes, while vertical bending
modes as well as torsional modes are found between 9 Hz and 12.5 Hz. Above 12.5 Hz, only
torsional modes are found. For the stiff soil, the natural frequencies are shown in Figure 8b.
The decrease of the natural frequencies due to the ﬂexibility of the soil is clearly observed. The
frequency band of the vertical bending modes is very narrow between 8.5 Hz and 9 Hz, approximately. Furthermore, a narrow band around 10 Hz is observed corresponding to the rotation
15
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Figure 8: Natural frequencies of the bridge as a function of the number of spans computed for (a) the case without
SSI, (b) the stiff soil, (c) the medium soil, and (d) the soft soil.
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modes of the piers. This frequency band is also visible for the medium soil in Figure 8c around
8 Hz, nearly coinciding with the band where the vertical bending modes are situated. For the
soft soil (Figure 8d), the narrow band around 5.7 Hz corresponds to the rotation modes of the
piers, while the vertical bending modes are situated between 7 Hz and 9 Hz, approximately.
3.2

Dispersion curves
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The dispersion curves of an inﬁnitely long bridge in the wavenumber-frequency domain are
presented in this subsection. As the bridge is periodic, the Floquet transform [15] is used to
predict the forced vibration response of an inﬁnitely long bridge due to a unit vertical eccentric
load at mid-span (Figure 1a).
Figure 9 presents the vertical bridge mobility at mid-span in the wavenumber-frequency
domain. Note that, in this model, the frequency dependent dynamic stiffness of the piled foundation is accounted for. The peaks observed in the forced vibration response correspond to the
dispersion curves of the free waves propagating through the superstructure. These dispersion
curves are obtained as the solution of an eigenvalue problem at each frequency; this originates
from the condensation of the interior degrees of freedom of a reference cell and the application
of Floquet theory [16, 17]. In order to reduce the computational effort, a methodology was proposed earlier [18] where advantage is taken from the fact that the bridge cross section does not
vary between two piers so that the span can be subdivided in a ﬁnite number of identical cells.
The dispersion curves that are superimposed on Figure 9 are: (1) the longitudinal translation
mode, (2) the torsional mode, and (3) the vertical bending mode.
Figure 9a shows the dispersion curves for the case without SSI. The dispersion curves coincide with the peaks in the wavenumber-frequency domain response. The cut-on and cut-off
frequencies of the dispersion curves correspond to the frequency bands observed in Figure 8a.
The dispersion curve of the longitudinal translation mode does not appear as a peak in the
wavenumber-frequency domain response because it is not excited by the applied load. Figure 9b
shows the dispersion curves for the stiff soil. The dispersion curve of the vertical bending mode
is nearly vertical, corresponding to the narrow frequency band in Figure 8b. For the medium
soil, Figure 9c shows that the group velocity ∂ω/∂κy changes sign for the vertical bending

10

15

20

Frequency [Hz]

Figure 9: Logarithm of the amplitude of the vertical mobility at mid-span in the wavenumber-frequency domain.
Superimposed are the dispersion curves of the non-decaying waves obtained with the WFEM: (1) the longitudinal
translation mode, (2) the torsional mode, and (3) the vertical bending mode.

5036

Pieter Reumers, Geert Lombaert and Geert Degrande

mode compared to the case without SSI. Figure 9d shows the dispersion curves for the soft soil.
The cut-on frequency of the torsional mode equals 2 Hz, which is signiﬁcantly lower than for
the case without SSI (around 5 Hz). For the vertical bending mode, the cut-on frequency of the
dispersion curve has decreased compared to the medium soil.
4

CONCLUSIONS

A numerical case study of a continuous concrete box girder bridge is presented in this paper.
It is shown that the natural frequencies of a bridge are signiﬁcantly affected by SSI when the
soil is soft, particularly for the torsional modes. The inﬂuence of SSI on the mode shapes is
relatively small for the lower modes, but is important for the higher modes, especially when the
soil is soft. Furthermore, it has been shown that as the number of bridge spans increases, the
natural frequencies converge to a limit value. These values mark the boundaries of the stop- and
passbands that were observed in the dispersion curves of an inﬁnitely long bridge. Inside the
passbands, high modal density is observed. As SSI results in shift of the natural frequencies, it
also affects the boundaries of the stop- and passbands of the bridge.
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Abstract. The dynamic subsoil coupling for a ﬁnite number of adjacent foundations has a signiﬁcant effect on the dynamic behaviour of the foundations involved and the structures based
on them. As the mutual inﬂuence of the foundations on each other is decisively inﬂuenced by
the properties and the composition of the subsoil, buried structures or inhomogeneities have to
be included, in order to model the real soil conditions as exact as possible and to enable an
accurate prediction of the interaction phenomena of adjacent foundations. In this contribution
an efﬁcient 2.5D coupled Integral Transform Method (ITM) – Finite Element Method (FEM)
approach is used in conjunction with a conventional 3D FEM to compute the dynamic stiffness of foundations resting on the surface of a halfspace including a longitudinally invariant
structure or inhomogeneity. Herein, the analytical ITM solutions of the dynamic wave equation
allow to account for the inﬁnite extension of the soil by satisfying the radiation condition. The
2.5D FEM formulation enables to model complex, spatially limited structures and a part of
the surrounding soil within a cylindrical outer boundary, on which both methods are coupled.
The ﬁnite foundations on the halfspace surface are modelled using 3D ﬁnite elements and are
coupled to the soil substructure enforcing the compatibility conditions (full coupling or relaxed
boundary conditions) at the common interface. The inﬂuence of the embedment depth, size and
stiffness of the inclusion on the dynamic response of the foundations, taking into account the
through soil coupling, is investigated for different conﬁgurations of the surface foundations (distance, width). Frequency dependent compliance functions at the soil-foundation interface are
calculated for the different parameter settings and compared with existing solutions to verify
the method as well as with the results for the homogeneous halfspace to illustrate the inﬂuence
of an inclusion. Furthermore the displacement distribution over the total surface of a halfspace
with a stiff inclusion due to a dynamic excitation of either one or both of the two considered
adjacent rigid surface foundations obtained by a post-processing procedure is presented.
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1

INTRODUCTION

The dynamic interaction of structures based on a single foundation with the supporting homogeneous or stratiﬁed soil has been studied extensively in the past applying a variety of different methods as presented e.g. in [1–8]. However, in the dense urban areas buildings are often not
well separated from each other and the dynamic foundation-soil-foundation interaction (FSFI)
between the closely spaced structures has a signiﬁcant effect on the dynamic behaviour of the
foundations involved and the structures based on them. This mutual inﬂuence is decisively
inﬂuenced by the properties and the composition of the subsoil.
In the literature, various approaches have been employed to investigate the interaction of
foundations located on or embedded in a homogeneous or layered halfspace. Warburton et al.
[9] were the ﬁrst to study the dynamic FSFI of two neighbouring massive foundations resting
on a homogeneous halfspace applying an approximate analytical method based on the Bycroft
model. The cross interaction of multi-foundation systems located on a viscoelastic stratum due
to different excitation types has been investigated by Kobori et al. [10]. Wong and Luco [11]
analysed the effect of a layered halfspace on the interaction of two rigid, square surface foundations subjected to external forces by the boundary integral equation technique. Kausel et al. [12]
and Lin et al. [13] used the Finite-Element-Method (FEM) together with consistent boundaries
to examine the FSFI of rigid foundations resting on or embedded in a stratum over bedrock
for harmonic force and moment excitation in all degrees of freedom. An analytical method addressing the dynamic subsoil coupling between a ﬁnite number of rigid, rectangular foundations
solving the mixed boundary value problem by the Bubnov-Galerkin method has been presented
by Triantafyllidis and Prange [14]. The Boundary Element Method (BEM) in the frequency
domain has been employed to investigate the 3D FSFI of two adjacent rigid, surface foundations resting on a soil layer over bedrock by Karabalis and Beskos [15] and on a homogeneous
halfspace due to seismic resp. harmonic excitation by Qian and Beskos [16] and Qian et al.
[17]. Wang et al. [18] also used the BEM to investigate the cross interaction of ﬂexible strip
foundations embedded in a homogeneous halfspace. A coupled FEM-BEM approch for the 3D
dynamic interaction of two surface foundations in the time domain was presented by Rizos and
Wang [19]. More recently Chen et al. [20] employed a time domain Scaled-Boundary-FiniteElement-Method (SBFEM) to investigate the response of two strip foundations embedded in a
layered soil. Sbartai [21] coupled the BEM to the Thin-Layer-Method (TLM) to account for
the interaction of two embedded, rigid 3D foundations within a layered soil over bedrock. A
precise integration method (PIM) is used by Han et al. [22] to analyse the FSFI of a group of
adjacent massless and massive 3D foundations on multilayered ground. Radisic [23] uses the
Integral-Transform-Method (ITM) together with a kinematic conditions for the deformation of
a rigid foundation to investigate the mutual inﬂuence of adjacent foundations.
In reality the ground often contains local inhomogeneities and structures, that have an effect
on the wave propagation within the soil. Diffraction and scattering lead to an ampliﬁcation of
the initial vibrations and thus signiﬁcantly inﬂuence both, the distribution and the amplitude
of the stresses and displacements near the surface and within the surface foundations. Therefore, in order to model the real soil conditions as exact as possible and to enable an accurate
prediction of the interaction phenomena of adjacent foundations, these buried structures or inhomogeneities have to be included in the model. The interaction of foundations on a soil including
a spatially limited structure has been investigated in literature mainly in the context of Wave Impeding Blocks (WIB). Chouw et al. [24] used the BEM to analyse the vibration transmission in
a soil layer over bedrock caused by a harmonic excitation of a rigid strip foundation and found,
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that no wave propagation occurs in the layer, if the excitation frequency is lower than the ﬁrst
eigenfrequency (”cutoff frequency”) of the stratum. This effect was used in Chouw and Schmid
[25], where a spatially limited WIB was implemented into the soil in order to mitigate the low
frequency vibration transmission, induced by the active of two foundations, and thus reduce the
dynamic response of the passive foundation. Takemiya and Fujiwara [26] applied a 2D time
domain BEM to examine the effect of a single or multiple WIBs located directly beneath or
sideways under a rigid strip foundation on a homogeneous halfspace or soil stratum on the response of the system due to an excitation with an impulse load. A 3D BEM frequency domain
approach was used by Antes and von Estorff [27] to study the inﬂuence of the stiffness of a
ﬁnite block shaped elastic inclusion within a homogenous halfspace on the dynamic response
of a elastic surface foundation. In Peplow and Finnveden [28] a 2D Spectral Finite Element
Method (SFEM) is presented analysing the attenuation of surface vibrations by placing a WIB
in the near ﬁeld of the harmonic load applied at the surface of a layered soil stratum. Gao et al.
[29] published a 3D BEM, based on Green’s functions deduced with the TLM, which allows
it to investigate the dynamic interaction of a surface foundation with a WIB located within a
saturated, layered ground as well as to predict the vibration screening effectiveness of the WIB
for different parameter settings.
In this study a coupled 2.5D ITM-FEM approach in conjunction with a conventional 3D
FEM is presented to examine the inﬂuence of a local length invariant structure or inhomogeneity buried in the soil on the dynamic response of three dimensional, ﬁnite surface foundations.
The 2.5D ITM-FEM approach is used to compute the dynamic stiffness at the discretization
points within the interaction areas of the foundations with the soil substructure by evaluating its
dynamic response due to concentrated harmonic loads. Therefore all interaction phenomena,
including the interaction of the induced waves with the buried structure or inhomogeneity, are
comprised. The analytical ITM solutions of the dynamic wave equation allow to account for the
inﬁnite extension of the soil by satisfying the radiation condition and thus avoid non-physical
reﬂections at artiﬁcial boundaries. A 2.5D FEM formulation enables to model complex, spatially limited structures and a part of the surrounding soil within a cylindrical outer boundary,
on which both methods are coupled. The foundations at the soil surface are modelled using
common 3D ﬁnite elements and are coupled to the soil substructure enforcing the compatibility
conditions at the common interface, whereby full coupling or relaxed boundary conditions can
be applied.
The outline of the paper is as follows. In subsection 2.1 ﬁrstly the fundamental ITM solutions
are introduced and superposed in order to obtain the stiffness matrix of a halfspace with cylindrical cavity. Subsequently in 2.2 the dynamic stiffness of the 2.5D FEM subsystem is used
to model the embedded inclusion is presented, followed by the coupling of the substructures
2.3. In subsection 3.1 the dynamic stiffness of the soil substructure at the contact areas with the
foundations is determined and coupled with the dynamic stiffness of the 3D FEM model of the
foundations. A post processing procedure which allows to evaluate the displacement ﬁeld over
the total surface of a soil with inclusion due to a harmonic loading of the foundations is presented in subsection 3.3. The accuracy of the proposed method is demonstrated in subsection
4.1 by comparison with literature results for two benchmark examples. In subsection 4.2 the inﬂuence of the embedment depth, size and stiffness of the inclusion on the dynamic response of
the foundations, also considering the through soil coupling, is investigated for different conﬁgurations of the surface foundations (distance, width). Frequency dependent compliance functions
at the soil-foundation interface of a soil with inhomogeneity are presented and compared with
the results for the homogeneous halfspace to illustrate the inﬂuence of the inclusion.
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2

ITM-FEM FORMULATION FOR ELASTODYNAMICS

2.1
2.1.1

ITM Substructure
Fundamental Solutions

The Lamé differential equation describes the dynamic behaviour of a linear elastic, homogeneous and isotropic continuum, which consists of three coupled partial differential equations
μui |jj + (λ + μ) uj |ij − ρüi = 0

(1)

with the displacement ﬁeld ui , the Lamé constants μ and λ and the density ρ. The differential
equations are decoupled using a Helmholtz decomposition ui = Φ|i + Ψl |k εikl and thereby
expressing the displacement ﬁeld by the sum of the gradient of a scalar ﬁeld Φ and the rotation
of a vector ﬁeld Ψ, resulting in an uncoupled system of three wave equations (setting Ψz = 0
cp. [30]) only depending on the compressional and the shear wave velocities cp and cs .
Φ|jj −

1
Φ̈ = 0
c2p

Ψi |jj −

1
Ψ̈ = 0
c2s

(2)

The system halfspace is solved in Cartesian coordinates (x, y, z) and is derived from Eq. (2)
applying a threefold Fourier transform into the wavenumber-frequency domain (kx , ky , z, ω).
Thus the coupled partial differential equations turn into three decoupled ordinary differential
equations that can be solved analytically with an exponential approach [31]:
Ψ̂α = Bα1 eλ2 z + Bα2 e−λ2 z
(3)
Φ̂ = A1 eλ1 z + A2 e−λ1 z


−2
−2
with α = x, y, λ1 = kx 2 + ky 2 − kp2 , λ2 = kx 2 + ky 2 − ks2
and kp = cωp , ks = cωs . The
wavenumbers are given as kx = oΔkx with o = −Nx /2, ..., (Nx /2−1) and ky = sΔky with s =
−Ny /2, ..., (Ny /2−1), where Nx , Ny is the number of Fourier series members or sample points
in the original domain respectively. Applying the local boundary conditions on the halfspace
surface Λ as well as the Sommerfeld radiation condition [32] the unknown coefﬁcients can
be determined and the stresses and displacements within the halfspace can be calculated by
σ̂hs = K̂hs Ĉhs and ûhs = Ĥhs Ĉhs using the matrices given in [33], where K̂hs and Ĥhs
include the fundamental solutions, kinematic and material relations linking the unknowns with
the stresses and the displacements. Quantities in the single, twofold resp. threefold Fourier
transformed domain are marked with ¯ , ˜ and ˆ.
The system fullspace with cylindrical cavity is solved in cylindrical coordinates (x, r, ϕ)
applying a Fourier transform with respect to x and t as well as performing a Fourier series
expansion along the cylinder circumference ϕ → n. Furthermore the vector ﬁeld Ψ = Ψ g1 +
χ|j εij1 gi is expressed by two independent scalar ﬁelds. The respective system of equations in
the (kx , r, n, ω) domain is solved with Hankel functions of ﬁrst and second kind [34]:
Φ̂ (kx , r, n, ω) = C1n Hn(1) (k1 r) + C4n Hn(2) (k1 r)

(4)

ψ̂ (kx , r, n, ω) = C2n Hn(1) (k2 r) + C5n Hn(2) (k2 r)

(5)

χ̂ (kx , r, n, ω) = C3n Hn(1) (k2 r) + C6n Hn(2) (k2 r)

(6)

with k1 2 = kp 2 − kx 2 respectively k2 2 = ks 2 − kx 2 . Applying the local boundary conditions at
the cylinder surface Γ as well as the radiation condition the stresses and displacements can be
determined as σ̂c = K̂c Cc and ûc = Ĥc Cc as given in [33].
For a more detailed derivation of the fundamental solutions the reader is referred to [33–36].
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2.1.2

Superposition of Fundamental Systems

In order to obtain a stiffness matrix for the system halfspace with cylindrical cavity the
fundamental solutions presented in 2.1.1 are now superposed in order to satisfy the boundary
conditions of the ﬁnal system on the surface of the halfspace Λ and the cylindrical cavity Γ. For
this reason ﬁctitious surfaces δΛ resp. δΓ are introduced into the fundamental systems allowing
a superposition at the common surfaces as depicted in Figure 1. Thus, unit stress states σ̂Λ are
(Γ)

σ̂Λ
Λ

δΛ

(Λ)

σ̂δΓ

p̂Λ

σ̂δΛ

Λ

σ̂Γ

p̂Γ

=

+

δΓ

Γ

Γ

Figure 1: Fictitious surfaces and stresses in the fundamental systems halfspace and fullspace with cylindrical
cavity for superposition to a halfspace with cylindrical cavity.
(Λ)

applied at Λ for each wavenumber combination (kx , ky ) and the stresses σ̂δΓ at the ﬁctitious
(Γ)
surface δΓ are determined. Reciprocally, the stresses σ̂δΛ at δΛ due to unit stress states σ̂Γ at
Γ for each series member n can be calculated. The sum of the stresses at Λ and Γ has then to
coincide with the external loads p̂Λ and p̂Γ acting on the total system.
(Γ)

CΛ σ̂Λ + CΓ σ̂δΛ = p̂Λ

(7)

(Λ)
CΛ σ̂δΓ

(8)

+ CΓ σ̂Γ = p̂Γ

Thereafter it is possible to determine the amplitudes CITM = (CΛ CΓ )T of the unit stresses and
the stresses at the ﬁctitious boundaries, gathered in ŜITM , in dependency of the total external
load P̂ITM = (p̂Λ p̂Γ )T on Λ and Γ as:
CITM = Ŝ−1
ITM P̂ITM

(9)

Hereinafter, the amplitudes CITM are used to scale the displacements due the unit stresses,
gathered in ÛITM , ﬁnally resulting in the displacements ûITM of the halfspace with cylindrical
cavity at Λ and Γ :
ûITM = ÛITM CITM

(10)

Combining equations (9) and (10) the stiffness matrix K̂ITM = ŜITM Û−1
ITM of the ITM subsystem for a halfspace with cylindrical cavity is obtained, giving a direct relation between the
displacements and the external loads:



ûΛITM
K̂ΛΛITM K̂ΛΓITM
P̂ΛITM
=
(11)
ûΓITM
K̂ΓΛITM K̂ΓΓITM
P̂ΓITM
+,
- *
*
+,
-*
+,
ûITM

K̂ITM
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2.2

2.5D FEM Substructure

In order to couple a ﬁnite element structure to the previously introduced ITM subsystem,
both substructures need a matching outer boundary. Therefore the dynamic stiffness matrix
of a ﬁnite element structure with equally distributed nodes on the cylindrical outer boundary,
matching with the discretization points of the ITM on Γ, needs to be computed. The dynamic
stiffness matrix of the halfspace with cylindrical cavity was computed in the transformed domain for each combination (kx , ω). The length invariance of the system allows to reduce the
originally 3D computations to a series of 2D calculations for each (kx , ω), where the information
of the third dimension is stored in kx . This 2.5D approach allows to represent the cylindrical
cavity in the original domain by a circular cavity in the transformed domain. Thus modiﬁed
2D quadrilateral ﬁnite elements with linear shape functions and an additional degree of freedom (DOF) in the length direction, adopted to the Fourier transformed domain (kx , y, z, ω) as
presented in [34], can be used to discretize the cross section. The dynamic stiffness of the 2.5D
FEM substructure (with the DOFs separated for the outer boundary Γ and the area inside Ω) can
ﬁnally be computed as:



ũΓFE
P̃ΓFE
K̃ΓΓFE K̃ΓΩFE
=
(12)
ũΩFE
K̃ΩΓFE K̃ΩΩFE
P̃ΩFE
2.3

Coupling of Substructures

The coupling of the ITM and the FEM substructure is carried out at the two dimensional
circular coupling surface Γ in the reference frame of the ITM. Therefore the dynamic stiffness
matrix of the FEM subsystem on Γ needs to be transformed into the (kx , r, n, ω) domain by
applying a transformation to a cylindrical reference frame as well as a Fourier series expansion
along the circumference. The FEM formulation inside the structure Ω is kept in the (kx , y, z, ω)
domain (Figure 2).
ûΛITM
P̂ΛITM
ûΓFE
Λ
Λ
ûΓITM
Γ
Γ

Ω

ũΩFE

(a)

(b)

(c)

Figure 2: (a) Displacements ûΛITM (kx , ky , z, ω) on Λ and ûΓITM (kx , r, n, ω) on Γ of the ITM substructure,
(b) ûΓFE (kx , r, n, ω) on Γ and ũΩFE (kx , y, z, ω) within Ω of the FEM substructure in the respective reference
systems for the coupling on the circular interaction surface Γ. (c) Halfspace with cylindrical inclusion modelled
by the coupled 2.5D ITM-FEM approach.

Thereafter, the continuity of displacements as well as the equilibrium of forces are applied at
the coupling surface, ﬁnally leading to the total dynamic stiffness matrix of the 2.5D ITM-FEM
system of a halfspace with cylindrical cavity ﬁlled with ﬁnite elements.
⎡
⎤⎛
⎞ ⎛
⎞
0
K̂ΛΛITM
K̂ΛΓITM
P̂ΛITM
ûΛITM
⎢
⎥⎜
⎟ ⎜
⎟
⎢ K̂ΓΛ
⎥
(13)
+
K̂
K̂
K̂
ΓΓ
ΓΓ
ΓΩ
ûΓ ⎠ = ⎝ P̂Γ ⎠
ITM
ITM
FE
FE ⎦ ⎝
⎣
P̃ΩFE
FE
0
K̂ΩΓFE
K̃ΩΩFE * ũΩ
+,
- *
+,
+,
*
hc
û

K̂hc
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3
3.1

SOIL-FOUNDATION SYSTEM
Dynamic Soil Flexibility and Stiffness

With the stiffness matrix K̂hc it is possible to compute the displacements ûΛITM on the
surface of a halfspace with length invariant FEM inclusion due to an external load P̂ΛITM on the
ij
with m, n = x, y, z of the complex, dynamic ﬂexibility
ground surface. As the members F̂mn
matrix at the ground surface correspond to the displacements ûim at a discretization point i on
Λ due to a concentrated unit load P̂nj in direction n acting at a discretization point j, Eq. (13)
can be used in the following to set up the ﬂexibility matrix F̂sij giving the force displacement
relationship between a pair of discretization points:
⎞⎛
⎞
⎛ i ⎞ ⎛ ij
F̂xx F̂xyij F̂xzij
P̂xj
ûx
⎟⎜
⎟
ij
⎝ ûyi ⎠ = ⎜
(14)
F̂yyij F̂yzij ⎠ ⎝ P̂yj ⎠
⎝ F̂yx
i
ij
ij
ij
j
û
F̂
F̂zy F̂zz
P̂
* +,z - * zx +,
- * +,z ûsi

F̂sij

P̂sj

To avoid a singularity under the location of application of the unit load and to keep the numerical errors associated with the discrete calculations small, instead of an unit point force a load
uniformly distributed over a small area with a unit resultant is used in the following and referred
to as concentrated load [23].
For the later coupling with the ﬁnite foundations, modelled by a 3D FEM, the force displacement relationship is needed at the interaction areas of the foundations with the ground surface, as the nodal contact forces and displacements of both substructures must coincide there.
Thus, it is necessary, that both substructures exhibit the same discretization at the interaction
areas, so that the element nodes of the foundations match with the discretization points of the
ITM-FEM soil substructure (Fig. 4), which was discretized on Λ with equidistant points in
the original domain (x, y, z, ω). The coordinates of these can be obtained as x = oΔx with
o = −Nx /2, ..., (Nx /2 − 1) and y = sΔy with s = −Ny /2, ..., (Ny /2 − 1), where Δx, Δy are
the incremental distances. Outside of the foundations a traction free surface is assumed.
In order to populate the overall ﬂexibility matrix F̄s , which fully represents the coupled 2.5D
ITM-FEM system and speciﬁes the force-displacement relationship
ūs (x, y, ω) = F̄s (x, y, ω) P̄s (x, y, ω)

(15)

at all nf,tot = Nf · nf discretization points within the soil-foundation coupling regions, the
soil response ūsi with i = 1...nf,tot in all directions at each of these points must be evaluated
as a result of a harmonic excitation with concentrated unit loads P̄sj with j = 1...nf,tot in each
spatial direction acting on each of these points in turn. Thereby Nf is the total number of
foundations and nf = nf x · nf y is the number of discretization points of one foundation at the
coupling surface with the soil and results from the product of the amount of discretization points
of the foundation in x, y-direction nf x , nf y . Since all foundations posses the same size also the
number of discretization points is equal. Thus the dimension of F̄s yields to [3nf,tot × 3nf,tot ].
The displacements and thus also the members of the ﬂexibility matrix, resulting from the
application of Eq. (13), are ﬁrstly obtained in the (kx , ky , z, ω) domain. To enable a direct
stiffness coupling by enforcing the compatibility conditions at the interaction areas of the soil
with the 3D FEM foundations, it is necessary to have the soil stiffness matrix K̄s = F̄−1
s
deﬁned w.r.t. a Cartesian reference frame in the frequency domain (x, y, z, ω) as it is the case
for the dynamic stiffness of the foundations. Hence, a twofold inverse Fourier transform (IFFT)
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is applied to ﬁnally attain the dynamic stiffness matrix K̄s (x, y, z, ω) of the 2.5D ITM-FEM
system.
The computational effort to determine the soil ﬂexibility resp. stiffness matrix can be reduced
signiﬁcantly by taking into account the symmetry conditions and in case of the halfspace with
inclusion also the length invariance of the system. Instead of placing the concentrated load at
each of the nf,tot discretization points at the contact areas and evaluating the system response
at all of them, the foundation areas can be shifted according to the discretization step size,
such that every interaction node is positioned once under the unit concentrated load. In case
of a homogeneous halfspace, due to the complete rotational symmetry, the position of the load
on Λ is irrelevant and the displacement ﬁeld only needs to be computed twice (once for the
load acting in vertical direction and once for one of the horizontal directions, as the other can
be determined via the symmetry conditions). In case of the halfspace with inclusion due to the
inhomogeneity in the soil, the position of the concentrated load on Λ is no more irrelevant for the
resulting displacement ﬁeld. However, as the system is length invariant only a different position
in y-direction causes a different system response. Consequently the concentrated load needs to
be placed once at each y−discretization point of the foundations. For two foundations located
symmetrically w.r.t. the x−axis, it is even sufﬁcient to only consider the y− discretization points
of one foundation for the load positions, as the results for the second foundation again can be
gained by symmetry considerations. Nevertheless, all load directions have to be considered.
P̄z
Λ

P̄z

x
y
z

F1

F2

Λ

x
y

z

F1

F2

hcyl
Γ

Γ
Ω

Ω
shift of load position for each
y−discretization point of F1
and cor. new displ. ﬁeld

11
Fzz

shifting procedure
in x−direction
using same displ.
ﬁeld

1n

n 1
Fzzf

2n 1
Fzz f

2n

n

Fzzfx

(a)

nf

x

Fzz f

nf

Fzz f
2nf ((nf −1)·nf +1)
y
x

Fzz

x
n nf

Fzzf

(b)

Figure 3: Shifting procedure and selection of displacements for (a) concentrated load at ﬁrst and (b) last load
position on discretization points of soil foundation interface in y−direction of foundation F1 .
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Figure 3 illustrates the shifting procedure for the latter case. The load is positioned one
after another on all y−discretization points of the ﬁrst foundation F1 and the response at all
interaction points of both foundations with the soil surface Λ is evaluated. A new displacement
ﬁeld is determined using Eq. (13) for each of this load positions. For the discretization points
of the foundation F1 in x−direction the same system response is used and only the evaluation
points are shifted under the point of load application. Thereby the displacements at all nodes of
the soil foundation contact area due to a single load position in one direction are sorted into the
respective column of F̄s (x, y, z, ω) after the IFFT. To avoid an ill conditioning of the ﬂexibility
matrix, which would result from a shift of the load position by only one discretization point in
combination with the distributed uniform load (as then the adjacent columns of F̄s contain very
similar values), a coarser mesh is introduced for the shifting procedure as proposed by [23].
The displacements w.r.t. the coarse mesh are computed as the mean value of the displacements
w.r.t. the ﬁne mesh within an area A = nΔ dx nΔ dy. Thereby dx, dy are the discretization step
sizes of the ﬁne mesh and nΔ is the factor relating the old step size with the new one.
3.2

Dynamic Stiffness of Soil-Foundation-System

The three dimensional, ﬁnite surface foundations, that shall be coupled to the 2.5D ITMFEM soil substructure, are modelled with conventional ﬁnite elements. Either 8-node solid
elements or shell elements can be used for this objective. As in this work only foundations
satisfying the thin plate assumptions are investigated, a shell element with six DOFs per node
presented by Rojas et al. [37] is used due to reasons of computational efﬁciency. Assembling
the element stiffnesses of all elements of one foundation n, the total dynamic stiffness matrix
results as
K̄fn (ω) = Kfn − ω 2 Mfn

(16)

with Kfn and Mfn being the stiffness and the mass matrix of the respective foundation n and ω
as the excitation frequency.
The material properties of the foundations are fully described by the linear elastic parameters, i.e. the Young’s Modulus Ef , the Poisson ratio νf and the density ρf . For the following
investigations only very stiff (subsequently termed as rigid), massless foundations are considered by assigning them a very high modulus of elasticity and close to zero density. However,
it is easily possible with the presented approach, to also include elastic, hysteretically damped
foundations with mass into the investigations.
For the coupling of the foundations and the soil substructure, the compatibility conditions
need to be satisﬁed at the interaction nodes on the soil surface z = 0 as illustrated in Fig. 4.
K̄f1 (ω)

K̄f2 (ω) = Kf2 − ω 2 Mf2
x
y
F1

z

F2

Λ

K̄s (ω) = F̄s (ω)−1

Γ
Ω

Figure 4: Coupling of FEM foundations F1 and F2 to the 2.5D ITM-FEM system of halfspace with stiff cylindrical
inclusion at the common interaction surfaces.
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Thereby the soil substructure is fully represented by K̄s (x, y, ω), which describes the cross
interaction between the foundations under consideration of the interaction via the soil including
the inhomogeneity. Since only translational DOFs exist at the discretization points of the soil
substructure, the rotational DOFs of the shell elements of the foundations need to be condensed
out, before assembling K̄s (ω) and K̄fn (ω) into the total dynamic stiffness matrix
K̄sys ūsys = P̄sys

(17)

where ūsys is the vector of nodal displacements comprising the DOFs of the foundation nodes
and the interface nodes with the soil and P̄sys is the respective system load vector. Either full
coupling of all DOFs or relaxed boundary conditions (frictionless contact) can be assumed at
the interaction surfaces.
3.3

Postprocessing

Firstly the total system of equations in Eq. (17) is solved for the nodal displacements at the
soil foundation interfaces ūc = ūsys (z = 0) due to a harmonic load on either one or both
foundations. These displacements are used in the following to compute the nodal contact forces
P̄c = K̄s ūc w.r.t. the (x, y, z, ω) domain. P̄c includes the components in all directions for the
full coupling, whereas for relaxed boundary conditions only contact forces in the z−direction
remain. Subsequently, these nodal contact forces are applied as external loads on the surface of
the halfspace with inclusion, as depicted in Fig. 5a, in order to determine the displacements on
the whole ground surface Λ by application of Eq. (13). Thereby the effects of the interaction
of the foundations with the soil substructure are completely included. However, the members
of the stiffness matrix K̂hc and the load vector P̂hc associated with Λ are given in the Fourier
transformed domain. Furthermore, as P̂ΛITM in Eq. (13) consists of the stresses on the halfspace
surface, the contact forces P̄c need to be divided by the corresponding load inﬂuence area
in a ﬁrst step and have to be transformed into the (kx , ky , z, ω) domain afterwards to obtain
the contact stresses σ̂c (kx , ky , z, ω), depicted in Fig. 5b, that can then be sorted into P̂ΛITM .
Therewith the displacements ûΛITM (kx , ky , z, ω) and ﬁnally after a twofold IFFT ūΛ (x, y, z, ω)
over the total soil surface Λ can be computed.

P̄sys
σ̂c2 (x,y,z,ω)
Λ

σ̂c1 (x,y,z,ω)

σ̂c (kx ,ky ,z,ω)
Λ

y
x z

y
x z

Γ

Γ

Ω

Ω

(a)

(b)

Figure 5: Postprocessing procedure: Application of the contact stresses at the soil foundation interfaces as external
load on the 2.5D ITM-FEM system halfspace with inclusion (a) in the original domain (x, y, z, ω) and (b) in the
transformed domain (kx , ky , zω) to determine the displacements ūΛ (x, y, z, ω) over the total ground surface.

5048

Julian Freisinger, Gerhard Müller

4

NUMERICAL RESULTS

In this section the above presented coupled ITM-FEM approach is applied to determine the
dynamic response of a single or a group of two adjacent 3D square foundations with a side
length Bf , a height hf and a midpoint distance of df1f2 resting on the surface of a halfspace with
a length invariant, cylindrical inclusion of radius R, embedment depth H and a soil covering
height hcyl , as depicted in Fig. 6. The material properties of the linear elastic foundations, the
soil and the inclusion are described by the Young’s modulus E, the Poisson ratio ν and the
density ρ. For the soil substructure, whose properties as well as the corresponding wave speeds
cp , cs and cr are listed in Tab. 1, additionally material damping was introduced by means of a
complex Young’s modulus Ê = E(1 + i sign(ω)ζ) with the hysteric damping ratio ζ.
Bf

Bf
df1f2

Ef ,νf ,ρf

hf
Λ

y

hcyl

x

z

H
Es ,νs ,ρs ,ζs

Γ

Ω

Ecyl ,νcyl ,ρcyl ,ζcyl

2R

Figure 6: Geometric parameters of the coupled 2.5D ITM-FEM system with two adjacent surface foundations.

For all subsequent calculations, full coupling of all DOFs between soil and foundations is assumed and only rigid, massless square foundations, modelled by choosing a large Young’s Modulus Ef , are considered for reason of comparability with other results from literature. However,
the limitation to this rather simple systems in this paper does not imply any conﬁnement on the
applicability of the proposed method for more complicated SSI and FSFI problems, including
ﬂexible and massive structures with rectangular contact area to the soil as well as more complex
inclusion geometries inside the 2.5D FEM substructure with cylindrical outer boundary.

Soil
Inﬁll A
Inﬁll B
Inﬁll C
Inﬁll D
Foundation

E (N m−2 )
26.00 · 106
96.00 · 106
38.40 · 107
15.40 · 108
34.00 · 109
34.00 · 1011

ν ()
0.30
0.20
0.20
0.20
0.20
0.20

ρ (kg m−3 )
2000
2000
2000
2000
2000
1

ζ (−)
0.05
0.04
0.04
0.04
0.04
0.00

cp (m s−1 )
132.5
231.0
461.9
925.2
4347.0
2.142 · 106

cs (m s−1 )
70.8
141.5
282.9
566.5
2661.9
1.145 · 106

cr (m s−1 )
65.7
128.9
257.9
516.5
2426.8
-

Table 1: Material parameters of soil, foundation and different inclusion inﬁll materials.

Since only comparably very stiff foundations are considered, all elements of a foundation
can be considered as constrained to move like a rigid body and the displacements of each
point can be expressed by the displacements and the rotations at the center of the resp. foundation ūic,r = (uix , uiy , uiz , ϕix , ϕiy , ϕiz )T at the soil foundation interface z = 0. In case of two
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adjacent foundations, the displacements ūic,r of foundation i due to an external load P̄jc,r =
(Pxj , Pyj , Pzj , Mxj , Myj , Mzj )T on foundation j with i, j = 1, 2 can be computed as
 1   11
 1 
ūc,r
F̄c,r F̄12
P̄c,r
c,r
=
(18)
2
21
22
ūc,r
F̄c,r F̄c,r
P̄2c,r
The main diagonal terms represent the compliance matrices of each rigid foundation itself in
case it is loaded with an external load, whereas the off diagonal terms represent the coupling
between the foundations. Thereby each member of the total ﬂexibility/compliance matrix of the
rigid foundations F̄ij
c,r consists of
⎞
⎛
ij
ij
F̄xx
0
0
0
F̄x,ϕ
0
y
⎜ 0
ij
ij
F̄yy
0 F̄y,ϕ
0
0 ⎟
⎟
⎜
x
⎟
⎜ 0
ij
0
F̄
0
0
0
⎟
⎜
zz
(19)
=
F̄ij
⎟
⎜
c,r
ij
ij
F̄ϕx ,y 0 F̄ϕx ϕx
0
0 ⎟
⎜ 0
⎟
⎜ ij
⎝ F̄ϕy ,x
0
0
0
F̄ϕijy ϕy
0 ⎠
0
0
0
0
0
F̄ϕijz ϕz
ij
In the entries F̄rs
the ﬁrst subscript r indicates the mode of vibration and the second subscript s
the direction of the force resp. moment.
For the subsequently presented dimensionless compliance functions, deﬁned as
ij
=
Crs

uir Gs Bf /2
Psj

(20)

the displacements uir due to unit force |Psj | = 1 with r, s = x, y, z, ϕx , ϕy , ϕz normalized with
the shear modulus of the soil Gs and the foundation width are evaluated over the dimensionless
frequency a0 = ωBf /cs , where cs is the shear wave velocity of the soil. It is possible to
determine the compliance functions for a load either on one or both foundations.
Concerning the dimensions and the discretization of the 2.5D ITM-FEM approach, used to
model the soil subsystem, same parameters were chosen for all following computations. A total domain size of Bx = By = 64 m with Nx = Ny = 29 discretization points resp. Fourier
members was chosen, resulting in a original step size of dx = dy = 0.125 m at the halfspace
surface. With a factor nΔ , relating the original and the coarse mesh, which is used for the determination of the ﬂexibility, the contact area of each foundation with the soil is meshed with
nelem = (Bf /(nΔ dx))2 quadratic shell elements. The cylindrical 2.5D FEM inclusion was discretized with Nϕ = 32 equidistant nodes resp. Fourier series members along the circumference,
leading to an element size between 0.25 and 0.375 m for the considered inclusion sizes R and
thus ca. four elements per shear wave length λs of the soil at the highest regarded frequency.
4.1

Validation

In literature numerous results applying a variety of different methods have been published,
dealing with the interaction of surface foundations and a homogeneous halfspace. Therefore,
the previously presented approach is used in the following to compute the ﬂexibility resp. compliance functions of a single or two adjacent surface foundations resting on a halfspace with
inclusion, whereby the material properties of the latter are chosen to be identical to those of the
surrounding soil in order to reproduce a homogeneous halfspace. The obtained results are then
compared to the literature results to validate the proposed method.
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11
Fig. 7 shows the real and imaginary part of the vertical compliance Czz
of a single rigid,
massless square foundation with Bf = 2 m on a halfspace with cylindrical inclusion (soil
material) with R = 3 m and embedment depth H = 4 m obtained with the presented 2.5D
ITM-FEM approach. A point load with unit amplitude was applied at the midpoint of the
foundation for excitation frequencies from 2 to 60 Hz.
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Figure 7: Comparison of real and imaginary part of the vertical compliance functions Czz
(a0 ) of a rigid, massless
square foundation with Bf = 2 m on a halfspace with cylindrical inclusion (Soil) with R = 3 m and embedment
depth H = 4 m obtained with presented ITM-FEM approach with Nx = Ny = 29 ( ) to the results of the
ITM-FEM approach on homogeneous halfspace with Nx = Ny = 211 ( ), Wong and Luco [1] ( ), Hirschauer
[38] ( ) and Shahi and Noorzad [39] ( ).

A good agreement of the results with those obtained by Wong and Luco [1], Hirschauer
[38] and Shahi and Noorzad [39] can be observed. However, the compliances attained with
the presented method show slightly lower values. One reason for that is the hysteretic material
damping (ζ = 0.05), whereas the literature results were determined for zero material damping.
In addition, the results for a rigid foundation, determined by enforcing the kinematics of a rigid
plate as a displacement boundary condition at the soil-foundation interface of a homogeneous
halfspace with lower material damping ζ = 0.02, larger domain size Bx = By = 128, and
larger sample number Nx = Ny = 211 (possible as there the computational effort is much
lower) are shown in Fig. 7, whose courses correspond even better with the literature solutions.
However, for the halfspace with inclusion due to the rapidly raising computational effort, as the
number of y−discretization points on the contact surface and thus the load positions, at which
a new displacement ﬁeld for the shifting procedure to populate the ﬂexibility matrix needs to be
computed, increases proportional to a decreasing incremental step width, this adaption of the
discretization is not reasonable and the agreement of the results gained with the used parameters
is considered as sufﬁcient.
11
In Fig. 8 the absolute value of the vertical compliance of the active (loaded) |Czz
| and the
21
passive (unloaded) |Czz | of two adjacent surface foundations with distance df1f2 = 4 m due to
a unit harmonic point load on foundation F1 are illustrated. The dimensions of the foundations
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Figure 8: Comparison of absolute vertical compliance functions |Czz
(a0 )| for (a) ﬁrst (loaded) and (b) second of
two adjacent rigid, massless square foundations with Bf = 2 m and distance df1f2 = 4 m on a halfspace with
cylindrical inclusion (Soil) with R = 3 m and embedment depth H = 4 m obtained with presented 2.5D ITMFEM approach ( ) to the results of the ITM approach on homogeneous halfspace, enforcing the kinematic of a
), Radisic [23] ( ) and Karabalis and Mohammadi [40] ( ).
rigid plate as displacement boundary condition (

as well as the parameters of the halfspace with inclusion are chosen as before. A perfect match
of the presented 2.5D ITM-FEM approach with the ITM approach with the kinematic condition
can be observed, if same discretization parameters are chosen. Furthermore, the results show
good agreement with those obtained by Radisic [23] and Karabalis and Mohammadi [40], who
again obtained slightly larger compliances due to zero material damping. At higher frequencies,
where mainly the geometrical damping dominates the system response, the deviations diminish.
Overall the comparison with literature results shows, that the proposed method delivers valid
results and can further be applied to determine compliance functions of foundations resting on
soils with embedded structures or inhomogeneities.
4.2

Parameter study

In this subsection the inﬂuence of the variation of the inclusion parameters such as embedment depth H, size R and stiffness Ecyl on the dynamic response of a single or two adjacent
rigid, massless, square surface foundations, including their cross interaction, is investigated
for different conﬁgurations of the surface foundations w.r.t. their midpoint distance df1f2 and
width Bf . The frequency dependent dimensionless compliance functions at the soil-foundation
interface are presented for the different system designs and compared with the results for equivalent foundations resting on a homogeneous halfspace to illustrate the inﬂuence of the inclusion
respectively the change in inﬂuence for varying conﬁgurations of inclusion and foundations.
Furthermore the impact of a stiff, length invariant cylindrical conﬁnement on the displacement
distribution over the entire ground surface as a result of a simultaneous harmonic excitation of
both foundations, determined by the post-processing method described above, is presented.
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Variation of embedment depth H - single foundation
Firstly the inﬂuence of a variation of the embedment depth H of a stiff cylindrical inclusion
(Inﬁll D in Tab. 1) directly located beneath a single foundation on the compliance functions is
investigated. All other parameters, such as the foundation width Bf = 2 m, the inclusion radius
R = 3 m, as well as the soil and inclusion material are kept constant.
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Figure 9: Absolute horizontal compliance functions |Cxx
(a0 )| of a rigid, massless square foundation with Bf =
2 m on a halfspace with cylindrical inclusion (Inﬁll D) with R = 3 m and varying embedment depth H = 4 m
( ), H = 6 m ( ), H = 8 m ( ), H = 12 m ( ) and on a homogeneous halfspace ( ).
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Figure 10: Absolute horizontal compliance functions |Cyy
(a0 )| of a rigid, massless square foundation with Bf =
2 m on a halfspace with cylindrical inclusion (Inﬁll D) with R = 3 m and varying embedment depth H = 4 m
( ), H = 6 m ( ), H = 8 m ( ), H = 12 m ( ) and on a homogeneous halfspace ( ).
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Figure 11: Absolute vertical compliance functions |Czz
(a0 )| of a rigid, massless square foundation with Bf =
2 m on a halfspace with cylindrical inclusion (Inﬁll D) with R = 3 m and varying embedment depth H = 4 m
( ), H = 6 m ( ), H = 8 m ( ), H = 12 m ( ) and on a homogeneous halfspace ( ).
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Figs. 9 and 10 show the horizontal compliance functions due to a harmonic excitation with
horizontal unit forces. In case of small embedment depths H, corresponding to a small thicknesses of the soil layer between the stiff inclusion and the bottom of the foundation hcyl , large
11
11
| and |Cyy
| can be observed. This large inﬂuence of the
ﬂuctuations of the ﬂexibilities |Cxx
buried structure on the foundation ﬂexibilities decreases with increasing H, for which the results converge to those obtained for a homogeneous halfspace. However, some waviness in the
ﬂexibilities is left, which can be attributed to waves reﬂected at the soil-inclusion interface and
their superposition with the primary waves. The two rather distinct peaks for H = 4 can be
linked to the ﬁrst and second horizontal eigenfrequencies of a soil layer over bedrock (deﬁned
equal to the natural frequencies of an equivalent one-dimensional rod featuring the same length
as the thickness of the layer like proposed in [24] and also depicted in Figs. 9 and 10)
fh,res =

(2n − 1)cs
4 Hlayer

with

n = 1, 2, ...

(21)

which here result with Hlayer = hcyl = 1 to fh,res = 17.7, 53.1 Hz resp. a0,h,res = 3.14, 9.42.
11
11
| and |Cyy
| can be explained by the
The generally quite resembling qualitative course of |Cxx
rather small foundation width Bf = 2 m compared to the diameter of the inclusion with 6 m,
which leads to a similar behaviour in the y− as in the x−direction of the fully length invari11
| are slightly more peaked, show little higher
ant inclusion. Nevertheless, the maxima of |Cxx
amplitudes and ﬁt better to the horizontal resonance frequencies of a soil layer in Eq. (21).
11
| in Fig. 11 the existence of vertical resonances of
Also in the vertical compliances |Czz
the soil layer over the inclusion is clearly visible. Depending on the embedment depth H,
distinct peaks occur in the vicinity of the vertical resonance frequencies of an elastic stratum
also depicted in Fig. 11 by the vertical lines
fv,res =

(2n − 1)cp
4 Hlayer

with n = 1, 2, ...

(22)

However, since the cylindrical inclusion is spatially limited in the y − z−plane, the behaviour
only approximates that of a soil layer over bedrock. This also holds for the corresponding resonance frequencies and explains the shift of the smoother peaks towards lower frequencies. It
was shown by Chouw et al. [24] and Kobori et al. [41], that in a perfectly elastic stratum with
zero material damping, energy attenuation is only possible by free waves, i.e. Rayleigh and
Love waves, travelling in radial direction away from the source and that for an excitation at the
surface of the layer with a frequency below the ﬁrst resonance frequency (”cutoff frequency”)
no such propagating waves can occur. The imaginary part of the ﬂexibility at the soil foundation interface, associated with the system damping, in this case directly shows the amount of
radiation damping due to propagating waves into the laterally inﬁnite medium and is zero below
the ﬁrst natural frequency. In contrast, in a viscoelastic stratum with non zero material damping
even in the low frequency range, below the ﬁrst natural frequency, innumerable modes of the
free propagating waves are possible. Consequently both attenuation mechanisms, material and
radiation damping, are present in the whole frequency range. However, in the low frequency
range each of these modes is highly damped, such that the dissipative attenuation predominates
the radiative one greatly and the energy attenuation due to wave radiation is extremely small
[41]. At resonance a signiﬁcant ampliﬁcation of the ﬂexibility amplitudes can be observed,
which decrease again and converge to the solution for the homogeneous halfspace with increasing frequency. This is because for larger layer thicknesses resp. higher excitation frequencies,
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implying a larger ratio of H/λp , the waves introduced at the source at the ground surface almost
attenuate before reaching the layer boundary resp. the stiff inclusion and only scarcely affect
the dynamic response of the system. In this case approximately the same amount of energy is
dissipated and dispersed as in case of the homogeneous halfspace. Also for the stiff cylindrical
11
in Fig. 12 close to zero
inclusion considered before, an imaginary part of the compliance Czz
can be observed for excitation frequencies below the ﬁrst vertical resonance frequency. This
small values of the imaginary part, which are linked to both, material and geometrical damping,
can, according to the above explanations, be associated with an only small dissipative energy
attenuation due to material damping in the low frequency range. At resonance, large values of
the imaginary part are observed connected to a large amount of dissipated energy, which then
is dominated by the energy dispersion of the freely propagating waves occurring from then on.
For excitation frequencies, which are large in comparison to the ﬁrst layer resonance, associated
with the respective soil layer thickness hcyl , the compliances converge to the halfspace solution.
0.15
0.1
0.05
0
-0.05

0

1

2

3

4

5

6

7

8

9

10

0

1

2

3

4

5

6

7

8

9

10

0.15

0.1

0.05

0

11
(a0 ) of a rigid, massless square foundaFigure 12: Real and imaginary part of vertical compliance functions Czz
tion with Bf = 2 m on a halfspace with cylindrical inclusion (Inﬁll D) with R = 3 m and varying embedment
depth H = 4 m ( ), H = 6 m ( ), H = 8 m ( ), H = 12 m ( ) and on a homogeneous halfspace ( ).

Variation of embedment depth H - two adjacent foundations
Now the compliance functions of two adjacent surface foundations with a width of Bf =
2 m and a midpoint distance df1f2 = 8 m, again resting on a halfspace with a stiff cylindrical
inclusion (Inﬁll D) of radius R = 3 m and varying embedment depth H are considered.
11
| of the loaded foundation in Fig. 13a, only relatively
For the horizontal compliance |Cxx
small deviations from those obtained for the homogeneous halfspace are visible in comparison
to the case of the single foundation. This is because here the loaded foundation is located
besides the stiff inclusion instead of directly over it. The largest deviations are observed for the
smallest embedment depths and in the low frequency range. The then occurring ampliﬁcation
can be traced back to the effect of waves reﬂected at the inclusion. With increasing H and
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(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent
Figure 13: Absolute vertical compliance functions |Cxx
rigid, massless square foundations with Bf = 2 m and distance df1f2 = 8 m on halfspace with cylindrical inclusion
(Inﬁll D) with R = 3 m for varying embedment depth H = 4 m ( ), H = 6 m ( ), H = 8 m ( ) and on a
homogeneous halfspace ( ).

11
increasing frequency |Cxx
| converges to that for the homogeneous halfspace. The compliance of
21
| is very small for small H, as the main excitation takes place in the
the passive foundation |Cxx
direction of the length invariant inclusion and a propagation of the elastic waves from the excited
foundation F1 to the unloaded foundation F2 is disturbed by the cylindrical inclusion in the
transmission path. Furthermore in the soil layer over the inclusion propagating waves can occur
only above the ﬁrst (here horizontal) layer resonance frequency, which can e.g. be observed by
21
| for H = 4 at excitation frequencies a0 > 3.14. With increasing H the
the increase of |Cxx
21
amplitude of |Cxx | in the low frequency range increases due to a smaller shielding effect of the
21
| shows to be larger than in case of a
cylindrical inclusion. For intermediate values of H, |Cxx
homogeneous halfspace, probably due to reﬂected waves at the top of the inclusion, amplifying
the response at F2 . In case of large H and with increasing frequencies, the compliance again
converges to that obtained for the homogeneous halfspace, as with increasing ratio of the soil
layer thickness to the elastic wave lengths the inﬂuence of the inclusion diminishes.
Comparing the results of for the compliances in x− and y−direction, it can be stated, that
11
11
| in Fig. 14 converges to the halfspace solution only at higher frequencies as |Cxx
| and the
|Cyy
deviations are larger, which is because the direction of excitation in this case directly points
towards the inclusion located in the transmission path and thus a bigger portion of elastic waves
is reﬂected as for the excitation in x−direction, especially as the foundation is located besides
the inclusion. For very low frequencies the inclusion size is small compared to the wavelength,
wherefore it has no big inﬂuence on the direct cross interaction of the adjacent foundations
21
|. Again a raise of amplitudes for a0 > 3.14 can be observed
resulting in higher values of |Cyy
21
for |Cyy |.
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Figure 14: Absolute vertical compliance functions |Cyy
(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent
rigid, massless square foundations with Bf = 2 m and distance df1f2 = 8 m on halfspace with cylindrical inclusion
(Inﬁll D) with R = 3 m for varying embedment depth H = 4 m ( ), H = 6 m ( ), H = 8 m ( ) and on a
homogeneous halfspace ( ).
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Figure 15: Absolute vertical compliance functions |Czz
(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent
rigid, massless square foundations with Bf = 2 m and distance df1f2 = 8 m on halfspace with cylindrical inclusion
(Inﬁll D) with R = 3 m for varying embedment depth H = 4 m ( ), H = 6 m ( ), H = 8 m ( ) and on a
homogeneous halfspace ( ).
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11
Concerning the vertical compliances |Czz
| of the active foundation in Fig. 15 only small
deviations occur as the foundation is located besides the inclusion and only a little part of the
21
| are observed over
induced elastic waves interacts with it. In general small compliances |Czz
the whole frequency range for small H. However, above the ﬁrst vertical resonance frequency
21
| can be
of the soil layer over the inclusion at a0 = 5.87 for H = 4 a slight increase of |Czz
observed. The overall trend of the compliances tending to those obtained for the homogeneous
halfspace for increasing H and a0 is also found here.
Due to space limitation for all following cases only the vertical compliances are shown.
However the computation of the compliances for any load direction and type is possible.

Variation of the inclusion radius R
Hereinafter, the embedment depth H = 4 m of the inclusion under two adjacent surface
foundations with Bf = 2 m and df1f2 = 8 m is ﬁxed as well as the material properties and only
11
| of the loaded foundation
its size R is varied. Fig. 16 shows, that the vertical compliances |Czz
on the soil with the inclusion are very close to those for the homogeneous halfspace for small
inclusion size R. Also for the largest considered radius R = 3 m, only small deviations occur,
as the foundation is located besides the inclusion and the share of waves travelling downwards
21
| of
or to the inclusion averted side (thus not affected by it) is quite large. The compliances |Czz
the passive foundation show low amplitudes for large R and converge, due to the effects already
pointed out earlier, to those for the homogeneous halfspace with decreasing inclusion size.
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Figure 16: Absolute vertical compliance functions |Czz
(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent
rigid, massless square foundations with Bf = 2 m and distance df1f2 = 8 m on halfspace with cylindrical inclusion
(Inﬁll D) with embedment depth H = 4 m for varying radius R = 1 m ( ), R = 2 m ( ), R = 3 m ( ) and on
a homogeneous halfspace ( ).
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For the system conﬁguration with the maximum inclusion size of R = 3, the displacements
on the whole ground surface have been determined with the post processing procedure outlined
in subsection 3.3 applying relaxed boundary conditions, i.e. frictionless contact at the soil foundation interfaces. The left column of Fig. 17 shows the results for the real part of the vertical
displacements, obtained for a harmonic excitation with f = 6 Hz of both resp. only one foundation, resting on a homogeneous halfspace. In Fig 17a, a wave propagation concentrated on the
direction of the foundation alignment and perpendicular to it can be observed, whereas Fig 17c
shows a nearly omnidirectional propagation of the surface waves. The second, unloaded foundation only hardly inﬂuences the displacement ﬁeld on the ground surface, except the area directly
under it, where a linear displacement course arises due to the rigidity of the foundation plate.
In case of a massive foundation the inertia effects would lead to a much higher inﬂuence of the
unloaded foundation on the system response. The right column of Fig. 17 shows the results for
same foundation and load conﬁguration, but on a halfspace with stiff inclusion. Fig. 17b shows
a signiﬁcant reduction of uz (x, y, z = 0, ω) in a limited area along the entire length of the stiff
inclusion compared to the case of the homogeneous halfspace, in turn leading to an increase
in amplitudes in the direction perpendicular to the inclusion on both sides. Furthermore, the
behaviour of the stiff inclusion as wave barrier can clearly be observed in Fig. 17d, where a
considerable reduction of uz (x, y, z = 0, ω) occurs on the load averted side of the inclusion.
These effects gets even more obvious, when the displacements along the y−direction for x = 0
are compared for both cases in Fig. 18.

(a)

(b)

(c)

(d)

Figure 17: Real part of vertical displacement uz (x, y, z = 0, ω) on whole ground surface due to harmonic loading
(f = 6 Hz) on (a),(b) both and (c),(d) only one of the adjacent rigid, massless foundations with Bf = 2 m and
df1f2 = 8 m resting on the surface of a (a),(c) homogeneous halfspace and (b),(d) halfspace with a stiff cylindrical
inclusion (Inﬁll D) with H = 4 m and R = 3 m, obtained with the post processing procedure.

Variation of foundation size Bf
Now the width of the foundations is varied, while keeping the midpoint distance df1f2 =
11
| from
8 m as well as all other parameters constant. Only relatively minor deviations of |Czz
the homogeneous halfspace response for Bf = 2 and 4 m are observed in Fig. 19. This is
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Figure 18: Real part of vertical displacement uz (x = 0, y, z = 0, ω) along y−direction for x = 0 due to harmonic
loading with f = 6 Hz on (a) only one and (b) both of the adjacent rigid, massless foundations with Bf = 2 m
and df1f2 = 8 m resting on the surface of a homogeneous halfspace ( ) and a halfspace with a stiff cylindrical
inclusion (Inﬁll D) ( ) with H = 4 m and R = 3 m, obtained with the post processing procedure.

presumably because the center of the foundation is located besides the stiff inclusion. Especially
in the high frequency range a comparably small inﬂuence of the inclusion turns out, whereas for
11
| due to interaction effects with the
low excitation frequencies some smaller oscillations of |Czz
21
| due to presence
inclusion are visible. Furthermore a considerably decreased compliance |Czz
21
of the stiff inclusion, acting as wave barrier, is observed. In general larger |Czz | occur in case of
Bf = 4, as then distance of foundation edges is smaller and the mutual interaction effects are
therefore stronger.
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Figure 19: Absolute vertical compliance functions |Czz
(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent
rigid, massless square foundations with Bf = 2 m ( ), Bf = 4 m ( ) and distance df1f2 = 8 m on halfspace
with cylindrical inclusion (Inﬁll D) with embedment depth H = 3 m and radius R = 2 m (solid lines) and on a
homogeneous halfspace (dashed lines).
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Variation of foundation distance df1f2
The variation of the midpoint distance df1f2 in Fig. 20 for a constant foundation width as well
as inclusion size, location and material shows, that the cross interaction between the foundations
decreases with increasing distance regardless the underlying soil. For a homogeneous halfspace,
11
|Czz
| of the loaded foundation is equal for all df1f2 , whereas the inﬂuence of the inclusion is
clearly visible for small distances of the foundations and decreases with increasing df1f2 , thereby
21
converging to the halfspace solution. In general larger |Czz
| are observed for the homogeneous
halfspace, which also decrease with increasing df1f2 and a0 . Due to the rather large inclusion
21
| show up for
located closely to the halfspace surface, only very low compliance values |Czz
larger foundations distances. For the likewise nearby foundations with df1f2 = 4 m, an increase
of the compliance amplitude above the ﬁrst horizontal resonance frequency of the soil layer at
a0 = 3.14 can be observed and attributed to the then possible propagation of surface waves,
passing through the soil over the inclusion and impinging at the second foundation.
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Figure 20: Absolute vertical compliance functions |Czz
(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent
rigid, massless square foundations with Bf = 2 m on halfspace with cylindrical inclusion (Inﬁll D) with embedment depth H = 3 m and radius R = 2 m (solid lines) and on a homogeneous halfspace (dashed lines) for varying
distance df1f2 = 4 m ( ), df1f2 = 6 m ( ) and df1f2 = 8 m ( ).

Variation of inclusion stiffness Ecyl
Finally, the effect of a varying stiffness of the inclusion is investigated. Therefore the Young’s
modulus Ecyl is adapted such that the ratio of the shear wave velocity of the inﬁll material and
the soil cs,cyl /cs takes values between 2 and 8, additionally to the very stiff inclusion with
cs,cyl /cs = 37.6 investigated in the previous cases.
11
| in Fig. 21a generally differs only
The vertical compliance of the active foundation |Czz
slightly from the results for the homogeneous halfspace. However, an increase of the smooth
peak in the low frequency range and an ascending waviness of the course of the compliance is
21
|
observed for raising stiffness of the inclusion. The compliance of the passive foundation |Czz
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21
in Fig. 21b drastically reduces with increasing stiffness Ecyl . The oscillations in |Czz
| imply,
that, in dependency of the frequency and with that the corresponding wavelengths, the elastic
waves interact differently with the inclusion and the wave ﬁeld resulting from the direct and
reﬂected waves at the inclusion shows ampliﬁcation and attenuation effects compared to the
21
| in case of the homogeneous halfspace.
nearly monolithically decaying of the compliance |Czz
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Figure 21: Absolute vertical compliance functions |Czz
(a0 )| for (a) ﬁrst (loaded) and (b) second of two adjacent rigid, massless square foundations with Bf = 2 m and distance df1f2 = 8 m on halfspace with cylindrical inclusion with embedment depth H = 3 m and radius R = 2 m for varying stiffness of inclusion: Inﬁll
A cs,cyl = 141.4 ms−1 ( ), Inﬁll B cs,cyl = 282.8 ms−1 ( ), Inﬁll C cs,cyl = 565.68 ms−1 ( ), Inﬁll D
cs,cyl = 2661.45 ms−1 ( ) and on a homogeneous halfspace ( ).

5

CONCLUSIONS

In this paper an efﬁcient approach for the investigation of the dynamic interaction of ﬁnite,
three dimensional foundations located on the surface of a soil with a buried local, length invariant structure or inhomogeneity is presented. A 2.5D ITM-FEM approach was used for the determination of the complex, dynamic stiffness matrix of the soil substructure, which is coupled to
the dynamic stiffness of the foundations (modelled with conventional 3D ﬁnite elements), at the
common interaction surfaces via the compatibility conditions. Frequency dependent, dimensionless compliance functions of rigid, massless surface foundations resting on a homogeneous
halfspace, modelled with the presented approach by choosing the same material properties for
the inclusion as for the surrounding soil, were computed and compared to literature results,
showing very good agreement and thereby validating the proposed methodology.
The approach was applied to compute the dynamic response of a single or two adjacent
surface foundations, taking into account the through soil coupling as well as the interaction
with the inclusion inside the soil, for different system conﬁgurations. The inﬂuence of both,
the embedment depth, size and stiffness of the inclusion and the width and distance of the
foundations on the compliance functions at the soil foundation interface was investigated.
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In general the impact of the inclusion on the response is larger, if it is located closely to
the foundations and features a rather large size in comparison to the elastic wavelengths at the
corresponding frequency. With increasing distance of the foundations, as well as for raising
embedment depths, decreasing inclusion sizes or a reduced stiffness the compliance functions
converge to the results for the case, where the foundations are resting on a homogeneous halfspace. For the response at the unloaded foundation the resonance frequency of the soil layer
over the inclusion showed to play a decisive role, as below this cut-off frequency a propagation
of free waves through this soil layer in the transmission path between the two foundations is not
possible. This effect, in combination with the behaviour of the inclusion as a wave barrier, leads
to a very small reception at the passive foundation, if the excitation frequency is below this ﬁrst
critical frequency.
Furthermore, the displacement ﬁeld resulting from the interaction of two adjacent surface
foundations with a soil including a stiff cylindrical conﬁnement, due to a dynamic excitation of
either one or both, was presented. Thereby a signiﬁcant reduction in displacement amplitudes at
the surface was observed in a limited area along the entire length of the stiff inclusion compared
to the case of a homogeneous soil, which in turn led to an increase in amplitudes in the direction
perpendicular to the inclusion on both sides, in case both foundations are loaded. For a load
only on one foundation, the stiff inclusion shows to act as a wave barrier, leading to signiﬁcantly
reduced displacement amplitudes on the opposite site of the conﬁnement.
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Abstract
The paper presents a numerical study aiming at establish the effects of removing the lateral
ground connection between embedded shallow foundations and surrounding soil on dynamic
soil-structure interaction. Series of two-dimensional finite element models were developed comparing the behaviour of two identical structures with just one difference: the embedment of
their own foundations. In order to find the parameters that most influenced the effect of the
lateral disconnection technique, the properties of the two structures (predominant period, aspect ratio, loading bearing, foundation embedment) as well as the ones of the soil were parametrically varied. From the results gathered in here, it was established the effectiveness of the
proposed system to reduce the inter-story drifts demand on the structures and increase their
predominant periods specially in case of high value of foundation embedment in a medium
dense soil.
Keywords: Soil-structure interaction, Seismic actions mitigation, Period Elongation, Geotechnical Seismic Isolation.
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1

INTRODUCTION

The geotechnical seismic isolation techniques transpose the effects of traditional isolation
techniques, such as rubber or sliding bearing isolator, into the ground[1]. Several geotechnical
seismic isolation strategies have been outlined over time. It has been shown experimentally and
numerically that the creation of a surface with a low friction angle, immediately below the
foundations, is able to dissipate the energy of earthquakes [2]. Similarly, the creation of an
isolated volume of soil, through the use of vertical and horizontal soft barriers, is able to significantly reduce the accelerations in the volume itself [3]. Furthermore, the effectiveness of sandrubber mixtures, in mitigating seismic accelerations, was demonstrated through numerical models and fields test [4]. All the procedures outlined have, as a common strategy, to increase the
natural period or damping of the soil-structure system. An inexpensive and intuitive way to
achieve this is to laterally disconnect the shallow foundations of a structure from the adjacent
lateral soil as both the rotational and translational stiffness of soil-structure foundation decrease
and, consequently, the equivalent natural period, computing the soil structure interaction, will
increase [5]. The elongation of the natural period has as a direct consequence a different demand
in terms of accelerations and displacement on the structure.
This article refers on a parametric analysis where the period elongation of the structure with the
lateral disconnection is compared with the same structure laying on fully embedded foundation
in the ground. Different parameters in the structure, such as the aspect ratio, the fixed base
period, the embedded of the foundation, have been changed as well as the stiffness properties
of the soil. Finally, a series of multiple real earthquakes have been applied to a single scenario
with a specific seismic hazard to numerically highlight the potentiality of such G.S.I technique.
2

NUMERICAL ANALYSIS

2.1 Numerical model
The numerical analysis were carried out by the use of the software Plaxis 2D. The finite
element model is presented in Figure 1.

Figure 1. Numerical model with the indication of width and depth of the soil domain and the mesh adopted.

The model has a width dimension of 60m and a total depth of 30meters. The width of the deformable soil is fixed at 20meters while 10 meters of bedrock are included in the model to
ensure no significative interference between the bottom base and the soil layer. The ground
water is absent. Standard boundary conditions were applied during the initial (static) stage, that
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is zero horizontal displacements along the lateral boundaries and fixed nodes at the base of the
grid. During the dynamic analysis, the seismic inputs were applied to the bottom nodes of the
mesh. In order to take into account the finite stiffness of the underlying bedrock, and to reproduce the upward propagation of shear waves within a semi-infinite domain, the outcrop input
accelerations were halved to compute the corresponding upward-propagating wave motion and
applied to the bottom nodes together with adsorbing viscous dashpots. Free-field boundary conditions were applied along the lateral sides of the mesh. The element size of the soil has been
taken always smaller than one-tenth of the wavelength associated with the highest frequency
component of the input wave containing appreciable energy [6]. For this reason, the discretization was carried out using 7872 tetrahedral elements with 15 nodes each. Both the structures,
with and without the lateral disconnection, have been studied in the same numerical model.
The relative distance between the two structures (13meter) and between the structures and lateral boundaries of the models (16meters) ensures no significant interaction [7].
2.2 Static Force and Input Motion Applied
In order to evaluate the elongation of the natural period generated by the lateral disconnection, the Fourier Trasform of crossbeam free oscillation displacement was calculated for both
structures. In particular an horizontal static force is applied on the structure crossbeam to impose an initial condition of motion and then the free oscillation was studied in a dynamic phase
deactivating the force itself. The procedure was repeated for all the studied scenario.
Consequently, in order to evaluate the effectiveness of the lateral disconnection in terms of
acceleration and Arias intensity reduction, a series of multiple earthquakes were selected and
applied at the bedrock. The accelerograms were chosen and scaled by using the software Rexel
[8] considering the Elastic Design Spectrum of L’Aquila centre (Italy) with a return period of
475 years, corresponding to the life safety limit states as defined by the Italian Code [9]. Since
the earthquakes were selected on soil class A (rock) no deconvolution of the earthquakes is
needed. Due to the fact that L’Aquila is one of the most affected Italian cities by the seismic
events, the frequency content and intensity of L’Aquila hazard was considered a good reference
to highlight the applicability of the proposed technique specially in a contest where the seismic
hazard is particularly high. All the informations about the selected earthquakes are reported in
Table 1 while Figure 1 shows the spectra compatibility of L’Aquila design spectrum with the
selected scaled earthquakes.
Record
(-)

Location
(-)

Year
(-)

M
(-)

1
2
3
4
5
6
7

Campano Lucano
Bingol
South Iceland
Mt. Vatnafjoll
Golbasi
Friuli
South Iceland (aftershock)

1980
2003
2000
1987
1986
1976
2000

6.9
6.3
6.5
6.0
6.0
6.5
6.4

NERHP
Site
(-)
A
A
A
A
A
A
A

5068

JB dist
(km)

PGA
(g)

Arias Intensity
(m/s)

25
14
13
24
29
23
15

0.06
0.51
0.13
0.03
0.03
0.35
0.12

0.06
1.99
0.16
0.006
0.01
0.79
0.21
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Table 1. Main characteristics of the selected accelerograms, before scaled at the Aquila’s PGA, for the earthquake analysis

Figure 2. Spectro compatibility of the selected earthquakes with elastic design spectrum of Aquila centre at life
safety limit state.

2.3 Structural models
The structural model is a linear elastic one bay one frame laying on shallow strip foundations. The foundations of the structures were modelled through the use of a non-porous linear
elastic element volume with reinforced concrete properties (E=30000Mpa, v=0.2, Ȗ=25kN/m3)
while beam structural element were used to model the columns and crossbeams. The crossbeam
length is equal to 5.00 meters while the distance between the strip shallow foundations (W) is
equal to 6.36 meters. The SDOF model would represent the main dynamic and static properties
of masonry structures. In particular, in order to study the effect of the lateral disconnection on
a structure with a different predominant period of vibration, the fixed base period of such structures was set at 0.3, 0.5, 0.8 and 1 sec, calibrating the stiffness of the columns beam and the
mass of the crossbeam. Taking advantage of the Eurocode 8[10] formulation:
ܶ୧୶ୣୢ̴ୠୟୱୣ ൌ  ܪ ୲ܥǤହ

(1)

where ̴ܶ is the fundamental period in seconds,  ܪis the height of the building and ୲ܥൌ
ͲǤͲͷ is a constant depending on the type of earthquake resistant structural system, it is possible
to estimate the total height of the prototype structure and, assuming an interfloors height equal
to 3meter, estimate the specific number of floors associated at the fixed base period. Considering an unit load of 10kPa per floor it is possible to calculate the total mass to assign at the
crossbeam and thus the stiffness of the column beam to ensure, respectively, the desired average
bearing pressure on the soil and fixed base period.
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In order to study the impact of the aspect ratio on the lateral disconnection technique, three
different heights of the structures (H), equal to 4.5, 5.8, 9.8 meters, has been considered. These
heights correspond to the structure aspect ratio equal to 0.8-1-1.5.
The width of the strip footing shallow foundation (B) was fixed at 1.4 meter while the embedment of the foundation (D) was varied from 1.4 to 3.5 meters (D/B=1-2.5).
In order to model correctly the contact between the foundation and the soil, interfaces along the
foundation has been used assuming a reduction coefficient of 0.7 for the stiffness and strength
properties at the interface. The stability of the small trenches, able to generate the lateral disconnection from the soil, is guaranteed by 4 cantilever walls. The viscous damping ratio of the
structure is equal to 5% and was assigned to the columns beam with the double frequency approach. Table 2 summarize all the structural variable parameters considered to carry out the
parametrical analysis and the fixed ones in the earthquake’s analysis.
.

Type of analysis

Parametrical
Analysis
Earthquakes
Analysis

Fixed Base period
ܶ୧୶ୣୢ̴ୠୟୱୣ
(s)

Aspect Ratio
H/W
(-)

Foundations Aspect Ratio
D/B
(-)

0.3-0.5-0.8-1

0.8-1-1.5

1-1.5-2-2.5

0.5

1.5

1.5

Table 2. Selected variable and fixed parameters for, respectively, the parametrical and earthquake analysis

2.4 Soil Material models
In order to evaluate the elongation of the natural period, the deformable soil was modelled
as a homogeneous linear visco-elastic layer with different stiffness and damping properties (Table 3). The different stiffnesses of the soil analysed would represent a large spectrum of possible
compliant base conditions for the structure. The bedrock has been modelled as visco-elastic
half space with a damping ratio of 0.5%.
Soil type considered
Soil 1
Soil 2
Soil 3
Soil 4

Shear modulus
ܩ
(MN/m2)
200
141
94
58

Shear waves velocity
Vs
(m/s)
350
300
250
200

Viscous Damping ratio
(%)
1.42
1.60
2.00
2.5

Table 3. Different properties of the soil considered to carry out the parametrical analysis.

In order to evaluate the effectiveness of the lateral disconnection in the real earthquake’s scenario, an equivalent visco-elastic model was used for the soil. In this case, the properties of
Hostun Sand [11], at a relative density of 60%, was used (Table 4).
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Maximum
void ratio
emax
(-)
1.01

Minimum void ratio
emax
(-)

Specific gravity
Gs
(-)

0.555

2.65

Relative Density
RD
(%)
60

Table 4. Properties of the Hostun Sand considered in the earthquake analysis.

To evaluate the increase of the shear modulus with depth the equation 1, by Hardin and Drenevich [12], was used with the specific parameter for Hostun Sand found by Hoque and Totquoka
[13], (Table 5).
ܩ ൌ  ܣή ݂ሺ݁ሻ ή ܱܴܥ ൬

Soil
(-)
Hostun
Sand

A
(-)
80

ᇲ
ೝ

൰



(2)

݂ሺ݁ሻ
(-)
ሺʹǤͳ െ ݁ሻଶ
ͳ݁

k
(-)

m
(-)

0

0.47

Table 5. Specific parameters of Hostun Sand find by Hoque and Totquoka.

The different shear stiffness of the soil was assigned in the model considering different horizontal layers. In particular, 8 layers of 1 meter have been used for the first 8 meters while 6
layers of 2 meters have been used for the remaining 12 meters (Figure 3a). The mean curves of
Seed and Idriss [14] has been selected to model the shear modulus reduction and the increase
of damping with the shear strain (Figure 3b).
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Figure 3. Properties of the sand used for earthquakes analysis: (a) Shear Modulus Profile with depth; (b) Shear
modulus reduction and damping increase with shear strain by Seed and Idriss mean curves.

3

RESULT AND DISCUSSION

3.1 Parametrical Analysis
Figure 4 summarize all the parametrical analysis carried out combining the different variable parameters.

TFixed Base (s)

0.3-0.5-0.8-1

Vs Soil (m/s)

200-250-300-350

D/B Footing (-)

1-1.5-2-2.5

H/W Structure (-)

0.7-1-1.5

Varied Parameters

192 Numerical
Analysis

Figure 4. Schematic representation of the parametrical analysis carried out.

From the 192 numerical analysis it was possible to understand the parameters that most influence the period elongation between the two structures. Figure 5 shows the period elongation
(ܶ ൌ ሺܶௗ௦ െ ܶ ሻȀܶ ) as function of the stiffness of the soil for different value of D/B
with the aspect ratio (H/W) equal to 0.7.
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Figure 5. Period variation between the structures with and without lateral disconnection as function of the shear
waves velocity and foundation aspect ratio.

It is clear that the period elongation is strictly depended on the value of the ratio D/B. In relative
terms, scaling from D/B=1 to D/B=2.5 the period variation increases to 170% on average all
scenarios. However, it is also possible to see, that the period elongation seems to increase as
the stiffness of the subsoil decreased. In particular scaling from Vs =350m/s to Vs=200m/s the
period elongation is increased by 160% on average. A possible explanation is that the high
stiffness of the soil beneath the foundation inhibits the rotations more than the lateral soil and
for this reason the two structures have almost the same natural period.
The results of the analysis also show that the period elongation seems to slightly reduce as the
fixed base period increases. For this reason, the lateral disconnection technique could give more
benefits, in terms of period elongation, especially for structures with low fixed base period.
All the results could be summarizing in Figure 7 where the relative soil-structure stiffness parameter, H/(Vs·TFixed Base), is plotted against the elongation of period for different D/B values.
Once again, as the stiffness of the structure increases related to the stiffness of the soil the
predominant period of the lateral disconnected structure will increase up to 45-50% related to
the no disconnected one.
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Figure 7. Period variation generated by the lateral disconnection as function of the soil-structure stiffness parameter.

3.2 Earthquakes analysis
Two identical structures were modelled with and without the lateral disconnection with the
properties reported in Table 2 and the soil properties of section 2.2. The numerical model was
then subject to the earthquakes described in Section 2.1. Figure 8 shows the roof total acceleration for Campano Lucano and Friuli earthquakes.

Figure 8 Total crossbeam acceleration on the two-structure considered with and without lateral disconnection:
(a) Campano Lucano Earthquake; (b) Friuli Earthquake
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Due to the elongation of the predominant period generated by the lateral disconnection, the total
roof accelerations are significantly different. Figure 9a shows the acceleration spectrum at the
base of the structures with the indication of the elongated predominant periods.

Figure 9. Response spectrum acceleration with the indication of predominant period of the structures computing
the S.S.I interaction.

The Arias Intensity variation (I.A.Var=1-I.A.,LD/I.A.,no LD) and maximum total acceleration variation (amax Var = 1-amax,LD/amax,no LD) provided by the lateral disconnection technique is shown in
Table 6 for all earthquakes.

Record
(-)
Campano Lucano
Bingol
South Iceland
Mt. Vatnafjoll
Golbasi
Friuli
South Iceland(aftershock)

I.A.Var
(%)
80
50
27
64
11
69
2

amax Var
(%)
62
78
27
29
0.3
60
5

Table 6. Mitigation of the Arias Intensity and maximum total acceleration provided by the lateral disconnection.
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Moreover, the beneficial effects of the lateral disconnection technique could be seen by comparing the structural drift (Figure 10). In fact, subtracting from the total horizontal displacement
of the crossbeam the horizontal displacement of the foundations and the horizontal displacement generated by the rocking rigid movement of the structure, it is possible to calculate the
structural drift.

Figure 10. Drift displacement with and without the lateral disconnection: (a) Campano Lucano earthquake; (b)
Friuli earthquake.

4

CONCLUSION

This paper has shown the potentiality of a new geo-technical seismic isolation technique
called “Lateral Disconnection”. The reduction of the rotational and translational foundationsoil stiffness produced by the lateral disconnection leads to a period increase related to the
classical embedment condition. This period lengthening was quantified through parametric
analyses where the fixed-base period, the aspect ratio of the structure and foundations and the
stiffness of the ground were varied. It was found that the aspect ratio of the foundations, as well
as the stiffness of the ground, plays a key role on period lengthening. The more deformable the
ground is and the more founded the foundation are, the greater will the period elongation produced by the lateral disconnection be. Under certain conditions the Lateral Disconnection technique can lead to an increase up to 45-50% of the predominant period of vibration related to the
classical embedment foundations.
Following the parametric analyses, a series of compatible spectral earthquakes were used to
show the effectiveness of such technique in terms of seismic actions (acceleration and drift)
reduction. The maximum total acceleration reduction as well as the Arias Intensity reduction
could be very high, up to 60%. Similar action reductions can be found if the maximum structural
drift expected on the two structures is compared.
It is important to highlight that the lateral disconnection technique is not able to provide a total
seismic isolation like rubber or sliding isolators but it can represent a valid seismic improvement strategy especially for its low cost and its low impact on the building. Like any antiseismic strategy, its effectiveness must be studied in detail, on the basis of the local seismic
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hazard and characteristics of the foundation, to predict, with a sufficient margin of reliability,
the actions that will affect the modified structure.

REFERENCES
[1] H.H. Tsang, Geotechnical seismic isolation. Earthquake engineering: new research.
Nova Science Publishers. 55–87, 2009.
[2] M.K. Yegian, M. Catan, Soil isolation for seismic protection using a smooth synthetic
liner. J Geotech Geoenviron Eng. 130:1131–1139, 2004.
[3] A. Flora, D. Lombardi, V. Nappa, E. Bilotta, E., Numerical analyses of the effectiveness
of soft barriers into the soil for the mitigation of seismic risk. J. Earthq. Eng. 22(1):63–
93, 2018.
[4] K. Pitilakis, S. Karapetrou, K. Tsagdi, Numerical investigation of the seismic response of
RC buildings on soil replaced with rubber–sand mixtures. Soil Dynam Earthq Eng.
79:237–52, 2015.
[5] R. L. Kuhlemeyer, J. Lysmer, Finite Element Method Accuracy for Wave Propagation
Problems. Journal of Soil Mechanics & Foundations, Div. ASCE 99(SM5), 421–427,
1973.
[6] F.Somma, E.Bilotta, A.Flora, G.M. Viggiani. Centrifuge modelling of shallow foundations lateral disconnection to reduce seismic vulnerability. Manuscript submitted for publication, 2021.
[7] X. Jiang, Z. Yan, Earthquake response analysis of building-foundation-building interaction system. Journal of vibration engineering. 11(1), 1998.
[8] I. Iervolino, C. Galasso, E. Cosenza, REXEL: computer aided record selection for codebased seismic structural analysis. Bulletin of Earthquake Engineering, 8:339-362, 2009.
DOI 10.1007/s10518-009-9146-1
[9] D.M. 17.01.2018. Nuove Norme Tecniche per le Costruzioni.
[10] BS EN 1998-1, Design of Structures for Earthquake Resistance. Eurocode 8. 3:57, 2004.
[11] E. Flavigny, J. Desrues, B. Palayer, Le sable d’Hostun. Revue Française de Géotechnique.
53:67–70, 1990.
[12] B. Hardin, V. Drnevich, Shear modulus and damping in soils: measurement and parameter effects. J. Soil Mech. Found. Div. ASCE. 98(6):603–624, 1972.
[13] E. Hoque, F. Tatsuoka, Kinematic elasticity of granular material”. ISRM International
Symposium, Melbourne, Australia, 2000.
[14] H.B. Seed, I. M. Idriss, Soil moduli and damping factors for dynamic response analysis.
Report No EERC 70-10, University of California, Berkeley, California, USA, 1970.

5077

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

INFLUENCE OF THE DYNAMIC SOIL-STRUCTURE INTERACTION
IN CONCRETE FRAMES WITH INCORPORATED VISCOUS
DAMPERS
Andrés M. Cortés1, Francisco J. Peña2, Orlando Cundumí1
1

Pontificia Universidad Javeriana, Cali, Colombia
Calle18#118-250 Avenida Cañasgordas, Cali-Colombia
e-mail: {andrescortes97, orlando.cundumi}@javerianacali.edu.co
2

Wiss, Janney, Elstner Associates, Inc. Indianapolis, USA
8606 Allisonville Road Suite 205 Indianapolis
email: fpena@wje.com

Abstract
Essential facilities, such as hospitals, communication systems, highways, bridges, among others, play a significant role in a community. These facilities are vital, especially after being hit
by a natural hazard. They must remain functional after a significant event to provide essential
services to the community. The implementation of control systems during the structural design
and rehabilitation stages enables an attractive manner for this type of structure to dissipate the
dynamic response under major disturbance events. Typically, the design stage of structural
control systems focuses its attention on the asset's structural configuration. Under seismic
events, the structure's response can be altered by the interaction between the structure and the
soil underneath. In this paper, the dynamic response's influence is evaluated through numerical
simulation by including the effects of soil-structure interaction in a concrete moment resistant
frame with viscous fluid-type energy dissipation systems. For this analysis, seven ground motion records were selected for the analysis, considering their frequency and source of content.
These records are matched to the corresponding building code design response spectrum for
areas prone to high seismicity. Similarly, the soil profiles used for the analysis correlates with
the same seismic hazard zone. The analyzed structure corresponds to an essential facility of
high importance modeled as a two-dimensional concrete moment resistant frame. The analysis
is performed on a seven-story building implementing viscous dampers. Two cases are studied:
implementing and neglecting the effects of the soil-structure interaction. The results for the
case-study show a significant increase in the dynamic response in terms of displacement, interstory drift, and base shear when considering soil-structure interaction.
Keywords: Energy Dissipation System, Nonlinear Analysis, Soil-Structure Interaction.
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1

INTRODUCTION

For assets for the built environment, structural damage may occur due to medium to highintensity seismic events. These effects can damage structural and non-structural elements, and
on some unfortunate occasions, they have resulted in casualties. During the last decades, multiple researchers have focused their attention on alternatives for controlling the structure's response due to seismic loads in order to guarantee people' safety and to minimize the amount
of inflicted damage into the buildings [1]. The seismic design aims to develop structural configurations to resist earthquake loads, providing reliability, durability, and, most importantly,
minimizing casualties. Traditionally, the dissipation of energy has been considered by the deformation and damage of the building components. In the last decades, different methodologies have been developed for the design of structures (e.g., buildings, bridges, dams) with the
objective of dissipating the energy while preserving the investment. For instance, displacement-based design and accounting for enough ductility into the structure are used alternatives
for energy dissipation. The latter represents the basis of the current building design codes. Alternatively, there are other methods, such as the incorporation of energy dissipation systems,
including base isolation, known as control systems. These systems are typically implemented
on essential facilities to control the seismic response and remain functional during and after
an earthquake [2-7]. Recently, it became evident that the traditional design of structures does
not represent a sufficient solution to prevent the collapse of certain structures [8]. Rather, it is
necessary to implement solutions that enable immediate occupancy while minimizing required repairs and functionality interruptions after medium to high-intensity earthquakes [8].
This can be achieved by incorporating control systems to reduce structure forces and displacements among seismic events. Incorporating control systems as an alternative for the design of
new structures and the rehabilitation of existing structures is becoming more popular among
building codes. Some examples of this implementation include the Colombian current code
NSR-10 and the new one that is being developed AIS 700 (Asociación Colombiana de Ingeniería Sísmica), ASCE 7-16 (American Society of Civil Engineers), the Eurocode, and the
Chilean Standard NCh. Additionally, previous studies have shown that the implementation of
control systems may enable a life-time reduction of the structure’s cost, in comparison with
the cost associated with structures designed in a traditional manner, due to the capability to
reach inelastic deformations during earthquakes, suffering minimal damage, providing postearthquake operability, and reducing the need for repair [8]. Control systems have been implemented in multiple buildings around the world to reduce the dynamic behavior of the structure, for example: St. Francis Towers (Mandaluyong, Philippines), Churchill Hotel (San
Diego, California, USA), King County Courthouse (Seattle, Washington, USA), Opera House
(San Francisco, California, USA) and 3 Com (Foster City, California, USA) [9, 10].
However, these structures are typically designed neglecting any soil-structure interaction
[11]. In structural dynamics, a structure's behavior is analyzed considering a set of discrete elements, modeled following a set of equations of motion to estimate displacements and
stresses. For the case of soil dynamic analysis, the study is performed similarly while taking
into account the effect of the soil, and therefore the resulting structure's displacements and
stresses differ [12]. This effect is known as "Dynamic Soil-Structure Interaction" (DSSI). According to Kausel [13], the DSSI concept is hard to define completely. Still, in general terms,
it refers to static and dynamic phenomena that occur between the ground and a much more
rigid structure. For example, the seismic wave amplification in the ground and the dynamic
interactions between different soil layers are factors to consider during a DSSI analysis. Other
studies showed that DSSI consideration could significantly influence the dynamic response of
structures [12-18]. This influence is mainly seen in three aspects: i) the change in the dynamic
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characteristics of the soil-structure system such as frequencies and modes of vibration; ii) the
increasing in damping within the system due to the transference of the structure's energy into
the ground; and iii) the soil moving properties influence the analysis [11]. Recent studies have
shown that the effects of the DSSI have a greater influence on the structural response in terms
of base shear, performance level, and inter-story drifts when is supported on soft soils [17].
To evaluate the influence that the DSSI has on the response of concrete frames with viscous damper devices, we analyzed a seven-story concrete frame with and without implemented control systems. First, seven representative seismic records were selected, considering
representative characteristics such as their frequency content. These records were matched to
the corresponding response spectrum of a high seismic hazard zone, defined by the design
codes. Subsequently, the matched records were filtered through a soil profile to obtain surface
records. With the same profile data, the foundation stiffness was calculated at the surface
level to perform a more accurate analysis of the structure and the soil at the transition zone between both systems. The soil stiffness and the earthquakes acting at the surface were considered during the analysis. For the seismic response analysis, the analytical model of the
structure was done in the finite element software ETABS [21]. The analysis was performed
for four cases: fixed and flexible base with and without viscous dampers. The results are presented in terms of the maximum inter-story drift, the base shear, and hysteretic curves for the
viscous dampers. Although the complete analysis includes more models of structures with different characteristics (e.g., different number of bays, stories, dimensions) [22], only one structural model with seven stories and five bays are presented within this paper.
2

GROUND MOTIONS

2.1 Ground motion selection
For the dynamic analysis in the time domain, ground motion records must meet certain criteria [21, 22]: must be a minimum of three different acceleration records or the average value
of seven acceleration records, all of them different and representative of the expected ground
motions at that zone; they must be events with magnitude, distance to the seismic source and
rupture mechanisms similar to the ones for the location of the case-study; and covering the
broadest possible range of frequencies.
Following the guidelines outlined above, the seismic acceleration records were selected from
the Pacific Earthquake Research Center (PEER), for the NGA-West2 database [25]. Ranges of
magnitude and distance to the seismic source were established, according to the analysis of the
disaggregation of the seismic threat of the seismic micro zoning project for the city of Cali,
Colombia [26]. Two different searches were performed for the analysis: i) magnitude between
5.5 and 6.7 and a distance between 0 and 40 kilometers; ii) magnitude between 7.0 and 8.5 y
distance between 110 and 180 kilometers. Also, an average shear wave velocity range of at least
500 m/s was required [27].
Table 1 shows the seven selected ground motion records and a summary of some of their
most representative characteristics.
Distance to
rupture surface (km)

Event

Station

Magnitude
Year
Mw

ChiChi, Taiwan

TAP046

1999

7.62

118.34

Kocaeli, Turkey

Eregli

1999

7.51

142.29
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Mechanism
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Strike Slip

Vs30
(m/s)
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585.09
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Niigata
Northridge-01
Northridge-01
Northridge-01
San Fernando

NIG023
LA-Chalon Rd
LA Dam
Santa Susana
Ground
Lake Hughes
#12

2004
1994
1994

6.63
6.69
6.69

25.82
20.45
5.92

Reverse
Reverse
Reverse

654.76
740.05
628.99

1994

6.69

16.74

Reverse

715.12

1971

6.61

19.3

Reverse

602.1

Table 1: Selected ground motions.

2.2 Target response spectrum
The design elastic response spectrum was defined according to the Colombian NSR-10,
whose parameters are shown in Table 2, taking into account an importance coefficient (I) of
1.25. From this spectrum, the structure is designed without viscous dampers. For the structure
with incorporated viscous dampers, a response spectrum of the maximum considered earthquake must be used. According to ASCE 7-16 [24], the response spectrum for the controlled
structure must be determined using the code target spectrum amplified by 1.5. Figure 1 shows
the two target spectrums.
Ground seismicity Soil Type Importance Factor Aa Av Fa Fv
High
D
III
0.25 0.25 1.30 1.90
Table 2: Parameters for the construction of the design spectrum according to Colombian design code NSR-10
[23].

Figure 1: Target response spectrums.

2.3 Spectral matching
Considering that the acceleration records were selected from a location different than the
one from the case-study, it is necessary to match these records according with the target spectrum. This matching process guarantees compatibility in terms of the frequency content and
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tectonic regimebetween the acceleration records and the case-study location. Using the time
domain matching methodology described in [28, 29], it is possible to modify the existing acceleration records while preserving the non-stationary character of the reference ground motion records. The methodology implements a tapered cosine wavelet for adjusting the
acceleration records, resulting in records without drift in the corresponding displacements and
velocities. This adjustment procedure ensures stability, efficiency, and speed in obtaining the
numerical solution of the spectral match [29].
The acceleration records are matched to the target response spectrum employing the wavelet algorithm from SeismoMatch, a software by SeismoSoft [30]. Figure 2 shows the comparison between the originalacceleration record for the 1971 San Fernando earthquake (recorded
at the rock level), and the matched records with respect to the NSR-10 response spectrum and
the maximum considered earthquake spectral response (MCER).
1
0.8
0.6

PGA (%g)

0.4
0.2
0
-0.2
-0.4

Original Record

-0.6

Matched Record (NSR-10)

-0.8

Matched Record (MCER)

-1
0

1

2

3

4

5

Time (s)

6

7

8

9

Figure 2: Comparison of original and matched accelerogram records to the Colombian code NSR-10 and MCER
target spectrum for 1971 San Fernando Earthquake.

Figure 3 shows the comparison of the mean matched spectrums to its respective target
spectrum of the Colombian code NSR-10 (For the model without viscous dampers) and the
MCER (For the model with viscous dampers).

Figure 3: Comparison of the Colombian NSR-10 and MCER target spectrum and their respective mean response
spectrum for the original seismic records.
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2.4 Non-linear properties of the soil
Generally, for stiff structural systems, foundation deformations can represent a significant
component of system flexibility and ignoring it can result in bad characterization of properties
as fundamental mode frequency and damping ratio [31]. Foundation damping results from the
relative movements of the foundation and the supporting soil and these cause displacement
and rotations of the structure relative to the free field. The difference between the foundation
input motion and free-field motion gives rise to energy dissipation by radiation damping and
hysteretic soil damping, and this affects the overall system damping [32].
Site effects are caused by the amplification of the seismic waves as they travel from the
rock to the surface. This amplification is the result of the seismic wave traveling through the
different layers from the soil profile. The most common physical properties used to characterize these soil layers include their thickness (H), the shear wave velocity (Vs), the specific
weight (γ), the friction angle of the material (Φ), the modulus of elasticity (E), and the shear
modulus (G) of the soil. Table 3 shows a summary of the soil layers implemented within this
study and their representative characteristics.
Soil Layer

H [m]

Vs [m/s]

Surface Clay
Clay with lens
Hard Clay
Peat Clay

4
11
7
8

157
244
570
736

γ
[kN/m3]
18.5
18.5
20.0
21.8

Φ
[°]
25
32
33
42

E
G
[MPa]
[MPa]
123.11
46.28
297.35 111.79
1754.27 659.50
3188.07 1198.52

Table 3: Soil profile data.

PGA (%g)

The implementation of the soil layers effects can be carried out using ProShake 2.0 [33], a
software that finds the solution of ground response problem in the frequency domain, whose
input acceleration records are represented as a sum of series of sine waves of different amplitudes, frequencies, and phase angles. Filtering the acceleration records using the transfer functions from the different soil layers, the response of the soil profile for each of the waves is
obtained. Figure 4 and Figure 5 shows the rock records for the San Fernando earthquake and
their comparison with the same record filtered through the soil profile.
0.8
0.6
0.4
0.2
0
-0.2
-0.4
-0.6

Record at rock level (NSR-10)
Record filtered by the soil

0

1

2

3

4

5

6

7

8

9

10

Time (s)
Figure 4: Comparison of matched records to Colombian NSR-10 and the same records filtered through the soil
profile for 1971 San Fernando earthquake.
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1.2
1
0.8
0.6
0.4
0.2
0
-0.2
-0.4
-0.6
-0.8

Record at rock level (MCER)
Record filtered by the soil

0

1

2

3

4

5

6

7

8

9

10

Time (s)
Figure 5: Comparison of matched records to MCER spectrum and the same records filtered through the soil profile for 1971 San Fernando earthquake.

2.5 Soil structure interaction
Using the soil profile data shown in Table 3, the stiffnesses of the foundation are calculated
at the surface level to posteriorly included in the flexible base model. This calculation is carried out using the following equations from [34]:
 Ǥହ

ீ

ܭ௫ǡ௦௨ ൌ ଶିఔ ͵ǤͶ ቀቁ
ܭ௭ǡ௦௨ ൌ

ீ
ଵିఔ

 ͳǤʹ൨

 Ǥହ

ͳǤͷͷ ቀ ቁ


 ଶǤସ

ீయ

ܭ௬௬ǡ௦௨ ൌ ଶିఔ ͲǤͶ ቀ ቁ


(1)

 ͲǤͺ൨

(2)

 ͲǤͲ͵Ͷ൨

(3)

where, Kx,sur, Kz,sur, and Kyy,sur are the stiffnesses for the translation along the X-axis, Zaxis, and the rocking effect about the Y-axis, respectively, G is the shear modulus, ν is the
Poisson ratio, B is the rectangular foundation width, and L is the rectangular foundation
length.
For the flexible base model a foundation beam 0.60 meters wide and discretized in segments of 1.0 meters long, is implemented. Using equations 1 through 3, the following stiffness values are obtained: Kx,sur = 98752.0 kN/m, Kz,sur = 127388.3 kN/m, and Kyy,sur =
24402.8 kN-m.
3

NUMERICAL MODEL

The seven-story frame is modeled in ETABS considering the geometry presented in Figure
6 for both cases with and without incorporating viscous dampers.
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Figure 6: 7-story frame geometry for the case (a) without viscous dampers and (b) with viscous dampers. Dimensions in meters.

Structural elements are modeled using a value of concrete compressive strength of 28 MPa
and reinforcing steel with yield strength of 420 MPa. The structural design of the case-study
building is performed in accordance with the NSR-10 and performing a dynamic modal spectral analysis to determine that the maximum inter-story drift is less than established limit of
one percent. Additionally, an adequate capacity of structural elements needs to be guaranteed
with respect to the expected load demands that the structure is expected to withhold.
According to ASCE 7-16, the base shear used for the design of the main system for the
structure with viscous dampes must not be less than 75 percent of the originally determined
base shear. Consequently, the reduction in the lateral forces for the system results in a reduction on the transversal section of the structural elements from the main system.
Viscous dampers were incorporated into the model using link elements with a non-linear
exponential damper. The non-linear properties were introduced considering a moderate damage level in a moderate-height building [35] and following the methodology presented in [36]:
Firstly, the response reduction factor B was calculated using the following equation:
ܤൌ

ೌೣ

(4)

್ೕ

where Dmax is the maximum drift obtained in the structural analysis and Dobj is the target
drift, which in this case is 0.0051 for a moderate damage level according to [35]. A structure’s
effective damping of 35 percent is set as the target, meaning that viscous dampers must contribute to 30% of total structural damping. Then, the damping coefficient C was calculated for
each floor using the equation below:


்

ଵ

(5)

 ܥൌ ߞ ఎ  כగ  כ௦ మ


ഇೕ

where ߞ is the damping ratio, ݇ is the stiffness for the i-th story, ߟ is the number of viscous dampers per story, T is the fundamental period of the structure, and ߠ is the inclination
angle for the viscous dampers.
The following non-linear properties for the viscous dampers were determined: damping coefficient C =2553.59 kN-seg/m, velocity exponent α = 0.5, brace stiffness K = 202630.16
kN/m, obtained by axial stiffness equation of a brace element using physical properties of a
steel section HEB200. The maximum damper force can be obtained by using the equations
shown on [36]:
 ܨൌ ܥሺܸሻఈ
ܸൌ

ଶగ
்

(6)
(7)

ͲǤͲʹܪݔ௦௧௬ ݏܥݔሺߠሻ

where F is the damping force, V is the velocity, T is the fundamental period, ܪ௦௧௬ is the
height of the analyzed story, and ߠ is the damper inclination angle.
3.1 Load considerations
A load assessment was carried out and summarized in Table 4Table 5.
Dead Loads
Joist slab
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Floor finishes
Facade and partition walls
Mechanical, electrical and plumbing systems (MEP)
Ceiling finishes
SUM OF DEAD LOADS

1.50 kN/m2
3.00 kN/m2
0.55 kN/m2
0.25 kN/m2
8.30 kN/m2

Table 4: Dead loads included in the analysis of the seven-story frame building.

Live Loads
4.00 kN/m2
4.00 kN/m2

Operating room
SUM OF LIVE LOADS

Table 5: Live loads included in the analysis of the seven-story frame building.

4

RESULTS

Table 6 shows the Peak Ground Acceleration (PGA) values of the original, matched and
filtered acceleration records and it shows that PGA for the matched records to MCER have an
increase of approximately 50% comparing them to the matched records to the NSR-10.
Similarly, Table 7 shows the maximum Fourier amplitude for an analysis in the frequency
domain. A graphic example of frequency content is shown for the San Fernando Earthquake on
Figure 7. It is important to notice that the maximum Fourier amplitude has an average increase
of 80% when the soil effects are considered.
Earthquake
ChiChi
Kocaeli
Niigata
Northridge CHL
Northridge LDM
Northridge SSU
San Fernando

Original Record
0.083
0.087
0.405
0.183
0.324
0.231
0.282

PGA
Matched NSR-10
Rock
Surface
0.622
0.671
0.404
0.623
0.734
0.774
0.562
0.678
0.569
0.897
0.533
0.717
0.527
0.764

Matched MCER
Rock
Surface
0.953
0.912
0.596
0.998
1.093
1.019
0.806
0.926
0.864
1.181
0.755
0.860
0.887
1.063

Table 6: PGA comparison between the different evaluated cases.

(a)

(b)

Figure 7: Frequencial content for matched record to the (a) Colombian Code NSR-and the same record filtered
through the soil profile for San Fernando earthquake; (b) ASCE 7-16 Spectrum and the same record filtered
through the soil profile for San Fernando earthquake.

5086

Andrés M. Cortés, Francisco J. Peña and Orlando Cundumí

Event
ChiChi
Kocaeli
Niigata
Northridge CHL
Northridge LDM
Northridge SSU
San Fernando

Original
Record
0.063
0.102
0.140
0.202

Maximum Fourier Amplitude
Matched NSR-10
Matched MCER
Rock
Surface
Rock
Surface
0.445
1.081
0.738
1.508
0.613
1.192
0.873
1.390
0.364
0.689
0.518
1.048
0.396
0.785
0.692
1.194

0.243
0.142

0.379
0.419

0.716
1.080

0.527
0.537

0.875
1.067

0.144

0.338

0.786

0.705

1.148

Table 7: Maximum Fourier amplitude comparison between the different evaluated cases.

For the structural model, the fundamental period for each case is shown in Table 8. The
increment in the fundamental period for the structures with the viscous dampers results from
the reduced section in structural elements (i.e., reduced stiffness).
Case
Fixed base without viscous dampers
Flexible base without viscous dampers
Fixed base with viscous dampers
Flexible base with viscous dampers

Fundamental period (s)
0.354
0.382
0.450
0.484

Table 8: Fundamental periods for studied cases.

Table 9 show the maximum displacement and acceleration values for response of the structure’s top floor, showing valuos for all seven earthquake records for the 7-story frame building
with viscous damper incorporation for the fixed base case and flexible base case, respectively.
Event
ChiChi
Kocaeli
Niigata
Northridge CHL
Northridge LDM
Northridge SSU
San Fernando

Maximum Displacement (mm) Maximum Acceleration (m/s²)
Flexible
Fixed Base
Fixed Base
Flexible Base
Base
23.7
50.4
10.3
7.7
26.1
52.9
12.0
13.2
38.1
62.2
14.3
11.9
23.3
52.7
10.4
8.3
24.0
66.1
12.4
13.3
24.7
51.6
13.0
10.9
25.0
64.2
11.9
10.8

Table 9: Maximum displacement and acceleration values for the seven records.

The inter-story drift response is also shown in Figure 8 for the fixed base model and the
flexible base model incorporating viscous dampers.
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(b)

(a)

Figure 8: Maximum drift ratio for (a) fixed base model incorporating viscous dampers and (b) flexible base
model incorporating viscous dampers.

The inter-story drift has an average increment of 117% for the flexible base than the fixed
base case. But for both cases with viscous dampers, the maximum drift is below the limit for a
moderate damage level (0.5 percent), according to Hazus [35].
The distribution of the story shear forces for both cases with viscous dampers are shown in
Figure 9.

(a)

(b)

Figure 9: Shear distribution for (a) fixed base model incorporating viscous dampers and (b) flexible base model
incorporating viscous dampers.

The maximum shear force increases on average 61% for the flexible base case with
respect to the fixed base case.
The obtained results for the viscous dampers show stable hysteretic cycles. For space
reasons, two hysteretic curves of the second-story viscous damper were presented for the
Kocaeli earthquake for fixed-base and the flexible base cases (Figure 10).
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(b)

(a)

Figure 10: Hysteretic curve for K13 for Kocaeli earthquake of (a) fixed base model and (b) flexible base case.

The figures show that the dampers were successfully dissipating energy and reducing
displacements of the structure. The maximum forces and deformations increased for the
flexible base model, meaning that the viscous dampers have a wider working range when
the soil effects are considered.
5

CONCLUSIONS
The SSI effects for concrete frame structures implementing viscous dampers have been
investigated. The following conclusions were determined for the 7-story frame building
used as case-study:
x

In a comparison between the models with fixed and flexible base,the average inter-story
drift increased by approximately 115 percent when the SSI is considered. Similarly, the
maximum story shear force increased on average by approximately 60 percent for the
model with flexible base.

x

The results of the study show that the cceleration and displacement responses have
inversely proportional effects when SSI is considered. Although the maximum displacement increased on average by approximately 120 percent, the acceleration response
shows a slight noticeable reduction of less than 20 percent.

x

For both cases implementing viscous dampers, the devices had a stable behavior and a
good performance dissipating the energy. The use of viscous dampers enables the dynamic control during a seismic event, which may result in a reduction in the amount and
the level of damage that both structural and non-structural elements can sustain. This is
the result of the additional capacity to dissipate the energy provided by the control systems.

x

There is a noticeable difference of the results when the SSI effects are considered in the
analysis. For the case-study, the displacement and distribution of shear forces increases
for the selected characteristics of the soil supporting the structure. Therefore, it is of
high importance to consider the SSI effects when performing any type of global analysis
of structures, and even more significant when the structure is categorized of high importance for a community.
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Abstract
Geotechnics and the study of the behavior of soil with the construction inserted in it is of
extrema importance. This study aims at the computational analysis of a group of three reinforced concrete piles with axial and horizontal loads. The piles were inserted in non-cohesive
soil (medium and dense sand). The geometric parameters of the piles (diameter, distance between them, and length) and physical parameters of the soil (stratification and angle of friction between them) were varied. The GEO5 "Pile Group" program, the NAVFAC DM 7.2
method was used to determine the bearing capacity. The Poulos & Davis (1980) and FEM
methods for settlement, and the p-y method (FEM) to determine the internal forces distribution. The efficiency of the piles is more sensitive the more the distance between them varies.
For settlement, Poulos & Davis values are sensitive to distance and diameter, and in FEM
they are more sensitive to diameter and length variation.
Keywords: Pile group. Computational analysis. Axial load capacity. Horizontal load capacity. Settlement. Group efficiency. Horizontal displacements. Seismic activity.
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1

INTRODUCTION

Knowing the soil and its movements is essential for structural design. Predicting soil behavior is a difficult task due to the heterogeneity of the rock or earth mass, which prevents
precise and consistent characteristics. However, it must be ensured that there are no construction failures without over-design.
This study uses deep foundations, which dissipate the loads of the construction into deep
soil beds. The objective is to determine the sensitivity of the bearing capacity (with the
NAVFAC DM 7.2 method), settlement (Poulos & Davis (1980) and FEM methods), and
group efficiency to variations in the piles and soil using the geotechnical analysis software
GEO5 version 2020.
Soil has always occupied an important position in human evolution and engineering. The
study of soil and its movement is known as geotechnics and dynamics. This knowledge helps
to determine the physical and mechanical characteristics of soil, and thus to design its behavior under loads.
Usually, soil studies using empirical methods are found in the academy, which project local results for total volume. Even though they are close to the real ones, the results do not accurately describe soil behavior, which allows design errors. In deep foundations, the error can
be even greater because they are inserted in numerous soil layers with different properties.
Thus, the construction may encounter unexpected conditions and cause problems in the dispersion of loads.
Finally, studies such as this computer simulation are very important, enabling a range of
information from different methods, soils, foundation solutions, and soil stratifications.
2

BIBLIOGRAPHIC REVIEW

Deep foundations are necessary when the uppermost soil layers are not strong enough for
the building. Therefore, the foundation must reach deep into the soil. The pile group consists
of elongated cylindrical or prismatic pieces, which can be precast or cast in the field, joined
by a pile cap.
2.1

Load capacity

The distribution of structure loads through the piles is carried out in two components. The
lateral frictional mobilization along the vertical axis, also called shear, is the Rsk component.
The tip or base resistance is the Rbk component. All foundations use both components to
transfer their loads. If more than 80% occurs through lateral resistance, the pile is called a
floating pile. If 80% of the total occurs through tip resistance, the pile is called a tip pile. The
sum of the two components results in the total load capacity of the pile (Rk).
For non-cohesive soils, the method of foundation execution must be considered. This is
done using the coefficient Nq, which depends on the angle of internal friction of the soil. For
stratified soil, the value corresponding to the greatest angle of friction should be used. The
equations determine how the forces are calculated, and the tables show the fixed values.
=

(1)
(2)
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Effective vertical stress at the base of the pile [kN/m2]

Where:

Effective vertical stress in the pile vertical axis [kN/m2]
: Lateral thrust coefficient
: angle of friction between soil and pile (¾ of angle of internal friction)
For the bearing capacity it should also be said that the greater the depth in the soil, the
greater the limit capacity of the pile. The critical depth is the quota that determines constant
capacity values and is determined by the figure below [5].

Figure 1: Abacus used for the calculation of the critical depth. [5]

2.2

Group load capacity

For a group of piles, Prakash & Sharma (1989) determine that the minimum value of distance between elements should be three times the value of the diameter. If this heat is not
placed, the group may behave as a single block.
When piles are placed in a group, there is an influence on the distribution of stresses and
soil movement between them, called the group effect. This effect causes the piles not to perform at 100% of their capacity.
The expression that calculates the actual load capacity value is shown below.
(3)
Where:

: Pile group load capacity [kN]
: Group Efficiency Factor [-]
: Number of piles in the group
: Pile load capacity [kN]

To calculate the efficiency factor, there are numerous methods. But none of them is completely reliable, the most widely used being that of Converse-LaBarré (1941), whose equation
is shown below.
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(4)
Where:

: Efficiency of the pile group
: Angle with tangent expressed in degrees

, where s is the axial

spacing between piles and d is the diameter of the piles.
: Number of piles in the x direction.
: Number of piles in the y direction.
2.3

Horizontal load capacity and displacements

Besides axial loads, structures can suffer horizontal loads, generating displacements, rotations, and bending moments. These loads can occur due to structural requests or, mainly, due
to internal soil actions (seismic activities).
For the construction to be safe regarding these loads, it must present materials and strength
that avoid rupture and control deformations along the pile [1].
There are many possible methods for structural behavior analysis, but the one that stands
out as to its simplicity and coherence with reality is the p-y method, based on the finite element method and Winkler's model (spring method) [2].
2.3.1. Winkler Model (Spring Method)
This method was proposed in 1867, it considers the soil as a set of independent springs of
elastic and linear behavior. The stiffness of these springs is numerically equal to the unit reaction coefficient of the soil (kh). These values vary with the soil composition and vary according to the following table [2].
Soil
Dense sand
Medium Sand

k [MN/m3]
155 – 300
110 – 280

Table 1: Unit reaction coefficient of soils according to Bowles [2] (adapted).

The final equation of the model follows Hooke's Law, and relates the modulus of elasticity
of the pile and the moment of inertia with the soil and its respective displacement.
To determine the resulting values, the pile is considered as floating, in addition to considering the soil characteristics and the type of connection that the pile makes with the heading
massif (fixed or with joints).
The GEO5 software determines that you should reduce the stiffness of a unit pile according
to the position it is in the group. For horizontal stiffness, the value is reduced by 50% for external positions and 25% for internal ones. As for vertical springs, the reduction is 50% and
10% for exterior and interior positions.
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2.3.1. P-y method
The p-y curve is a solution of the equation from the previous method. The vertical axis represents the applied load P and the horizontal axis represents the displacement y of the structure. This curve is a non-linear relationship, but it is common to consider it as linear for
simplification of the calculations. [2]
The main advantage of this method is that it does not depend on the geometry nor the stiffness of the piles, and it can be used for numerous practical cases [11].
As a disadvantage, Budhu (2013) points out that the method does not consider the soil continuity effect and does not consider the shear strength of the soil, which can generate differences between the calculations and what happens. [10]
2.4

Settlement

The settlement of a structure is the displacement of the soil around it, causing vertical displacement. The values can vary for each element of the structure, with the total value being
the sum of each. The total value for a group of piles is many times greater than that of an isolated pile, since one element generates the influence over the other as already explained in the
group effect. [10]
There are many possible methods to use to estimate settlement, and it is necessary to analyze which one best suit the needs of the project in question. These values are difficult to estimate, they depend directly on the history of stresses over the years in the soil, the way the
loads dissipate, the construction method used, among many other factors. [11]
The two types of methods used in this study are that of Poulos & Davis 1980 (theoretical
analytical) and that in the finite element method (empirical).
2.4.1. Finite element method (FEM)
The finite element method subdivides the pile into small segments, thus determining the
displacement for each of them. The total settlement value is the sum of these results. The
method also takes into consideration analysis points at the interface between the pile and the
soil, promoting values more consistent with reality.
This method also uses the endometric modulus, which determines the compression that occurs in the soil when the foundation is inserted. The equation that determines the settlement of
each layer is presented below.
(5)

Where:

Layer thickness i.
Vertical component of the stress increase at the center of layer i.
: Soil deformation modulus.
: Ground scattering angle.
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2.4.2. Poulos & Davis (1980)
This method is based on the theory of elasticity and considers the soil to have constant and
unchanging characteristics, so the soil is homogeneous, isotropic, and elastic. In addition, the
authors consider the distribution of stresses along the shaft to also be uniform, and that the
resulting settlement values are proportionally linear to the requesting loads.
To determine the maximum settlement of a unit pile, the method uses the equation below.
(6)

Where:

Maximum Pile Settlement.
: Peak load capacity.
Lateral load capacity.
Average soil modulus of elasticity.
Pile diameter.
Proportion of applied load transferred by the base.
Cross sectional area.
 Ǥ

For group of piles, the study is an extension of the application for a single pile, with the total value multiplied by the group settlement factor. This factor depends on the distance between the elements of the group. The greater the distance, the lower the reduction factor, the
inverse occurs for very close piles. The factor ranges from 1 (isolated piles) to values higher
than 10 (piles working as a single block). Its use is presented by the equation below.
(7)
Where:

Total settlement of the pile group.
: Pile Group Settlement Factor.
Laying of an isolated pile.
: Ground scattering angle.

3

WORK PROGRAM

This paper analyzes a group of three axially and horizontally loaded piles using the geotechnical analysis software GEO5 version 2020. The foundation is inserted in a non-cohesive
soil (medium and dense sand). It was verified the behavior of bearing capacity, settlement,
and efficiency of the pile group with the variation of geometric parameters of the piles and
soil parameters. The diameter, length and distance of the piles, and the internal friction angle
of the medium sand were varied. The Spring (Winkler) method was used for determining the
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displacements. For the load capacity study, the NAVFAC DM 7.2 method was used. Finally,
for the settlement analysis was used the FEM and the method of Poulos & Davis (1980).
The following image represents the three-dimensional model, the stratification and the axes
considered in the simulations.

Figure 2: Representation of soil stratification [First author].

Figure 3: Top view of the pile group and representation of the axes used [first author].

The following tables show the variables and properties of the pile materials and the two
soil types.
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Piles
Number of piles
Length (L)
Diameter (D)
Ratio s/d (ratio between the distance and the diameter)
Group efficiency ηg (LáBarré)
Axial loads
Horizontal loads
Deformability modulus of concrete
Poisson coefficient of concrete
Characteristic Strengths of concrete
Concrete elasticity modulus
Tensile strength of steel
Modulus of elasticity of steel

3
10, 15 e 20 m
0.4, 0.6 e 0.8 m
2, 3 e 4
0.66, 0.76 e 0.82
1980, 2280 e 2460 kN
396, 456 e 492 kN
Edef = 29 GPa
ϴ = 0.2
fck = 20 MPa (compression)
fct = 2.2 MPa (traction)
Ecm = 29 GPa
fyk = 500 GPa
E = 200 GPa

Table 2: Variables and properties of the pile materials [first author].

Soil
Characteristic
Medium Sand
Dense sand
Soil Stratification (m)
L-L3
L3=3xD
Poisson coefficient
ϴ = 0.35
Dry specific weight (kN/m3)
19
21
Saturated specific weight (kN/m3)
21
23
Soil modulus of deformability (MPa)
50
150
Unit reaction coefficient k (MN/m3)
113, 128 e 143
240
Internal friction angle Φ (º)
26, 28 e 30
40
Soil Cohesion (kPa)
0
Critical depth
kdc = 12.5
Table 3: Variables and properties of the soils [first author].

4

RESULTS AND DISCUSSIONS

To generate the results, the load capacity coefficient Nq was considered equal to 72, because it corresponds to the value for the 40º internal friction angle of dense sand.
In total 81 simulations were carried out, and problems were observed in some of them. The
models with pile lengths of 15 and 20 meters, diameter of 0.4 meters and s/d ratio of 2 and 3,
presented excess reinforcement (ratio) with the necessary sizing. However, they will be considered to recognize the sensitivity of the factors.
4.1

Load capacity

The analysis is separated in three parameters: the normal end strength (qb), the shear
strength (qs) and the pile efficiency η. In the examples of each parameter the intermediate case
was sought, which represents the simulations in its great majority.
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4.1.1. Normal tip resistance (qb)
The tip strength indicates the stress that is transferred to the soil through the cross-sectional
area of the pile. It was observed that by increasing the length of the piles, there was an increase in resistance. As for example in the 0.6 meters diameter model with the values are
5,974.43 kPa, 8,710.44 kPa (+45.8%) and 11,446.42 kPa (+91.6%) respectively at 10, 15 and
20 m.
With increasing diameter, the resistance hardly changes. As for example in the model with
length 15 m, ratio s/d=3 and friction angle equal to 28º with strength of 8,650.72 kPa,
8,710.44 kPa (+0.7%) and 8,770.12 kPa (+1.4%) respectively at diameters of 0.4, 0.6 and 0.8
m.
As the distance between the piles increases, there is a considerable increase in resistance.
This is what is seen in the example of length 15 m, diameter 0.6 m and internal friction angle
28º, with strength of 7,564.33 kPa, 8,710.44 kPa (+15.2%) and 9,398.10 kPa (+24.2%) respectively at s/d values of 2, 3 and 4.
With increasing the internal friction angle of the medium sand, no change in resistance occurs. As an example, the simulation of 15 m length, 0.6 m diameter and s/d=3 ratio, the resistance value of 8,710.44 kPa is the same for the 26°, 28° and 30° angles.
It was observed that what generates change in the ultimate strength is the variation in pile
properties. The change in the soil friction angle does not affect the results.
4.1.2. Shear or lateral resistance (qs)
The lateral resistance indicates the dissipation of loads into the soil through the lateral area
along the pile shaft. For the increase of the length of the pile, the lateral resistance hardly
changes. As for example in the 0.6 meters diameter pile, s/d=3 ratio and 28º internal friction
angle, with values of 22.69 kPa, 22.35 kPa (-1.5%) and 22.18 kPa (-2.3%) respectively for
lengths of 10, 15 and 20 m.
For the increase in diameter, there is also an increase in resistance values. This is visible
with the model with a length of 15 m, ratio s/d=3 and Φ =28º, and the values 15.17 kPa, 22.35
kPa (+47.3%) and 29.27 kPa (+92.9%) respectively for diameters of 0.4, 0.6 and 0.8 m.
When increasing the distance between the piles, an increase in resistance occurs. For example, the simulation of L=15 m, 0.6 m diameter and 28º friction angle, with lateral strength
of 19.41 kPa, 22.35 kPa (+15.2%) and 24.12 kPa (+24.2%) corresponding to s/d ratios of 2, 3
and 4 in order.
Finally, for the increase of the internal friction angle of the medium sand, the resistance also increases a little. This can be verified in the example of length 15 m, diameter 0.6 m and
ratio s/d=3, being the strength 21.80 kPa, 22.35 kPa (+2.5%) and 22.99 kPa (+5.5%) respective to angles 26º, 28º and 30º.
The following table summarizes the variations generally observed in the analyses and the
sensitivity for each parameterization.
Parameter
increase of L
increase of D
increase of s/d
Increase of Φ

Qb
increases
increases
increases
equal

% medium
Qs
% medium
50%
decreases and increases
2%
2%
increases
50%
15%
increases
15%
increases
2,5%

Table 4: Abstract of sensitivity of the strengths to the increase in the variables studied [first author].
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4.1.3. Pile efficiency (ɳ)
The pile efficiency is given by the ratio between the total capacity and the theoretical excavated volume (Rc/V). As for increasing the length, diameter, and internal friction angle of
the medium sand, one can notice derisory changes in efficiency (very low percentages).
The only parameter that generated significant changes in the load transmission efficiency
was the increase in the distance between the piles. To exemplify, the simulation with 0.6 m
diameter, 10 m length and internal friction angle of 28º, with efficiency of 650.23 kPa, 748.74
kPa (+15.2%) and 807.86 kPa (+24.2%) for s/d ratio of 2, 3 and 4 in order.
The most important thing to analyze in this topic are the values of the most and least efficient piles, which are represented by A and B in the following table.
Φ meL D s/d dium
Rs
Qs
Rb
Qb
Rc
Rc/V
sand
(m) (m) (º)
(kN) (kN/m2) (kN) (kN/m2) (kN)
kPa
10 0.6 4
30
470.77 24.98 1822.59 6446.09 2293.36 811.11
20 0.4 2
26
316.73 12.60 1242.62 9888.47 1559.36 620.45

Rs/Rc Rb/Rc
(%)
20.5
20.3

(%)
79.5
79.7

Table 5: Abstract of sensitivity of the strengths to the increase in the variables studied [first author].

With the previous table it is observed that the least efficient pile was characterized with the
largest length, the smallest diameter, the smallest s/d ratio, and the smallest angle of internal
friction of the medium sand. The best performing pile, on the other hand, was characterized
by the shortest length, largest diameter, largest s/d ratio and largest angle of internal friction.
In addition, it is observed that the percentage of load mobilization by lateral friction and by tip
resistance in both cases are practically equal.
Finally, one should always remember that each project requires a thorough study of its
needs, considering all available resources, material and financial.
4.2

Settlement

In this topic some simulations will be discarded. In the models with excess steel, the settlement by the Poulos & Davis method is not generated by the software. These are the simulations characterized by L=15 m, d=0.4 m and s/d=3 and 4, and L=20 m, d=0.4 m and s/d=3 and
4. Another group of simulations will not be used since, for no apparent reason, GEO5 also did
not generate results, these are those for L=10 m, d=0.4 m and s/d=3 and 4.
4.2.1. FEM
In this method all piles were considered as floating, with the value of the tip resistance
equal to zero and the loads distributed only along the shaft.
For the increase in length, a decrease in settlement was observed. As for example the model with 0.6 m diameter, internal friction angle 28º and s/d ratio equal to 3, and maximum settlement values of 7.50 mm, 6.50 mm (-13.3%) and 6.00 mm (-20%) for the lengths 10, 15 and
20 m.
With the increase of the diameter, there was a reduction of the maximum settlement. This
is exemplified by the model with length equal to 15 m, angle Φ=28º and distance ratio between piles equal to 3, with values of 11.00 mm, 6.50 mm (-40.9%) and 4.60 mm (-58.2%) of
settlement, respective to diameters of 0.40 m, 0.60 m and 0.80 m.

5102

Mariana Lazarini, Miguel Paula and Manuel Braz-César

The increase of the distance between the piles generated an increase in the final maximum
settlement. As for example the model L=10 m, diameter of 0.60 m and Φ=28º with values of
7.10 mm, 7.50 mm (+5.6%) and 8.10 mm (+14.1%) of maximum settlement for s/d ratios of 2,
3 and 4.
Finally, for the increase of the angle of internal friction, a decrease in the maximum settlement value is observed. Which can be verified with the example of L=15 m, s/d= 3 and diameter d=0.6 m, with values of 6.60 mm, 6.50 mm (-1.5%) and 6.40 mm (-3%), for Φ of 26º,
28º and 30º in order.
The above data is shown in the graphs below.

(a)

(c)

d=0,6 m; s/d=3; Φ =28º

(b)

L=10 m; d=0,6 m; Φ =28º

(d)

L=15 m; s/d=3; Φ =28º

L=15 m; d=0,6 m; s/d=3

Figure 4: Finite element method settlement plotted A through D [first author].

4.2.2. Poulos & Davis (1980)
In this method a limit settlement of 25 mm was pre-established if the value did not reach
the critical settlement of the structure (foundation rupture).
As the length of the piles increased, a reduction in settlement was observed. As for example in the model with diameter 0.6 m, internal friction angle equal to 28º and s/d ratio equal to
3, the verified values are 8.50 mm, 4.10 mm (-51.8%) and 3.9 mm (-54.1%) for the lengths 10,
15 and 20 m.
For the increase in diameter, the settlement showed a reduction. This is observed with the
example L= 15 m, angle Φ=28º and ratio s/d= 3, the settlements are 22.70 mm, 3.10 mm (86.3%) and 2.60 mm (-88.5%), respective to diameters of 0.40 m, 0.60 m and 0.80 m.
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With the increase of the distance between the piles, the settlement values increased by approximately 35% in most cases. However, the most unfavorable case will be used as an example. In the model with d=0.60 m, Φ=28º and L=10 m, the values are 3.80 mm, 8.50 mm
(+123.7%) and 13.00 mm (+242.1%) for s/d equal to 2, 3 and 4, in order.
Finally, for increasing the internal friction angle of the soil, no change was observed in the
settlement values.
The above data is shown in the graphs below.

(a)

d=0,6 m; s/d=3; Φ =28º

(b)

(c)

L=10 m; d=0,6 m; Φ =28º

(d)

L=15 m; s/d=3; Φ =28º

L=15 m; d=0,6 m; s/d=3

Figure 5: Poulos & Davis (1980) method settlement plotted A through D [first author].

4.3

Maximum rotation and displacement of the piles

In this topic it was observed that both increasing the geometric parameters (length, diameter, and distance between the piles) and increasing the angle of internal friction causes the rotation to decrease.
The following graphs show the variation of rotation at the pile head in degrees (y-axis) as a
function of the change of parameters cited (x-axis).
The parameter that caused less change in the rotation of the piles was the increase of the
internal friction angle of the medium sand, as shown in the images below.
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(a)

(c)

d=0,8 m; s/d=3; Φ =28º

(b)

d=0,8 m; s/d=3; Φ =28º

(d)

L=15 m; s/d=3; Φ =28º

L=15 m; s/d=3; Φ =28º

Figure 6: Maximum rotation at the pile head plotted A through D [first author].

For the maximum displacement, an increase only occurs when the length of the pile is
changed. For the other parameters there is a decrease in the final values. The following graphs
illustrate the percentage of variation of the displacements.
It can be observed that the change that generated the greatest reduction in displacement
was the increase in pile diameter.
Finally, it is important to say that all the values presented are negative due to the direction
of the axis where the horizontal loads were applied. To facilitate the visualization of the variations, the values are presented as positive, being the y axis the displacement in millimeters
and the x axis the variation of the parameters.
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(a)

(c)

d=0,6 m; s/d=3; Φ =28º

(b)

L=15 m; s/d=3; Φ =28º

L=10 m; d=0,6 m; Φ =28º

(d)

L=15 m; d=0,6 m; Φ =28º

Figure 7: Maximum displacement at the pile head plotted A through D [first author].

5

CONCLUSIONS

From the 81 analytical models studied, it can be concluded that the ultimate strength of the
piles increases according to the increase of the length and the distance between the group elements. As for increasing the diameter and the angle of internal friction of the medium sand,
the change is insignificant. The shear strength shows increase when the values of distance between piles and diameter are increased. With the increase of pile length and angle of internal
friction, the change is insignificant.
One of the most important parameters of this study is the efficiency of the cuttings. For this
topic, it was observed that the only change that causes efficiency reduction is the increase in
length. For alterations in the other parameters there is always an increase, with the distance
between the piles being the variable that generates the highest percentage of increase. Furthermore, it can be observed that the most efficient pile has 31% higher results than the least
efficient, shown in the item 4.1.3.
In the settlement through the method of Poulos & Davis (1980), the values increased only
with the increase of the distance between piles. For the other variables, a decrease in the total
values was observed. On the other hand, in the FEM analysis, the increase of all variables
studied caused the decrease of the maximum settlement value.
The comparison of the settlement methods allows us to conclude that, in approximately
81% of the cases, the settlement results presented by FEM are higher than those presented by
Poulos & Davis (1980) methods. This result was already expected, since the FEM considers
analysis points at the soil-pile interfaces and express more faithfully the actual changes that
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occurred. Moreover, the values obtained by the Poulos & Davis method presented a high percentage of variation between them, making it difficult to recognize a pattern of variation.
In the strain analysis, both the maximum rotation and the maximum displacement were
identified in the pile head. In the rotation, there is a decrease in the results with the increase of
all changed parameters. The increase in diameter was the one that generated the highest average percentage influence.
For the Yx displacement, the only factor that increased the results was the increase of the
length of the piles. Increasing the other variables generated decreases in considerably high
percentages.
Finally, if the objective of the structural project is the reduction of the maximum rotation in
case of higher horizontal loads, the increase of the pile’s diameter would be the main factor
for this correction. It is important to remember that any project alteration can imply in problems in the execution of the foundation or in the economics of the enterprise. It is indispensable that a thorough study be carried out, since it may require a larger excavation area or major
changes in the reinforcement sizing. Besides, when resuming the previous conclusions, the
increase of the pile diameter has almost no influence in the improvement of the pile efficiency.
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Abstract
Column Base Connections (CBCs) are one of the most important components of Steel Moment
Frames (SMFs) since these connections transfer the loads (e.g., gravity, wind, or earthquake
loads) from the superstructure to the foundation. Because of it, CBCs have been extensively
studied over the last decade through large-scale experimental programs and computational
models that have led to the development of well-developed design guides such as the Design
Guide 1 (DG1). Early analytical models were developed to predict the strength of CBCs, while
subsequent studies estimated their rotational Stiffness, as well as deformation capacity. Modern
studies on the topic have been developed to explore their behavior further with sophisticated
finite element simulations. Moreover, their high deformation capacity with desirable hysteretic
properties has called the researcher's attention to incorporate CBCs as part of the energy dissipation system.
The broad research conducted on this area points to the importance of CBCs. Motivated by this
issue, this paper summarizes the (state of the art) analytical and numerical models that characterize the behavior of CBCs. First, the different types of CBCs used in the industry are described.
Next, the analytical models to predict their strength, rotational Stiffness, and hysteretic properties are summarized. Strategies for the development of finite element models, as well as results
from simulations, are detailed. The influence of column base behavior on the global performance of SMFs (varying in height) is described. Finally, the author's essential results from
ongoing research on ductile base plates are discussed, and lines for future investigations are
recommended.

Keywords: Base Plates, Analytical Models, Numerical Models, Steel Moment Frames
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1

INTRODUCTION

Column Base Connections (CBCs) are, perhaps, the most important component of Steel Moment Frames (SMFs). These connections are designed to transfer the loads from the superstructure (Dead, Live, Wind, Earthquake) into the foundation, being an interface between them (i.e.,
superstructure and foundation). Depending on the loads that are going to be transferred and the
type of building (low rise – high rise), CBCs might be classified into two categories: Exposed
Base Plates (EBPs) and Embedded Base Connections (EmBCs). The former consists of a base
plate welded to a steel column and anchored to the foundation through steel bolts (a grout pad
typically levels the foundation), while the latter detail consists of a steel column with a base
plate embedded into a concrete foundation. Typically EBPs are used for low to mid-rise buildings, while EmBCs are the norm for taller buildings. Figure 1 shows a schematic representation
of both details.

Figure 1: a) EBP detail and the internal force distribution, b) EmBC configuration and the internal force distribution (from Torres-Rodas et al., 2018[12])

The EBPs resist the applied loads by a combination of the bearing stresses developed between
the concrete foundation and the base plate and by the tensile forces in the anchor rods. Thus,
the axially compressive force is resisted by the bearing stresses in the base plate's compression
side, while the Moment is resisted by the couple formed by the resultant compressive force and
the tensile force from the bolts (Figure 1a). The shear forces are carried by either friction forces
developed between the base plate and the grout/foundation or with a shear key. These connections strongly rely on the level of axial Load applied, and consequently, the relation Moment/Axial Load significantly affects the connection response. Thus, the response of the
connection (i.e., Strength, Rotational Stiffness, and Hysteretic characteristics) is defined by
complex interactions between its components. Specifically, these interactions refer to the contact and gapping between the base plate and the foundation (or grout pad), and the contact
between the top side of the base plate (tension side) and the bottom side of the nut-washers
arrangement.
On the other hand, EmBCs resist the applied forces by the horizontal stresses developed between the column flange and the foundation and the vertical stresses in the interface between
the embedded base plate and the concrete foundation (Figure 1b). Joint shear forces accompany
the horizontal stresses. In contrast with EBPs, EmBCs are no dependent on the ratio of Moment/Axial Load applied. Instead, the experimental evidence [1] indicates that these
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connections depend on the Moment/Shear Load's ratio. Thus, the response of EmBCs is dictated
by the embedded depth as well as the cross-section of the steel column.
During the last years, CBCs have been extensively studied due to their importance. Early studies on EBPs focus on the development of strength methods based on the modes of failure [2-4].
These models have been validated in experimental programs [2] and further improved [5]. Subsequent studies focused on estimations of their rotational Stiffness [6] and investigation of their
hysteretic characteristics [7]. Sophisticated Finite Element Models have been developed to explore the internal stress distribution further [8]. These studies ended up in notably guides for
the design of EBPs, such as Design Guide 1 (DG1) [9]. Similarly, large-scale experimental tests
have been conducted on EmBCs. These experimental programs lead to the development of
methods to compute the strength [1], rotational Stiffness [10] and describe with computational
models the hysteretic behavior of EmBCs [11]. Moreover, Torres-Rodas et al., 2018 [12] focus
the attention on the seismic demands on these connections with recommendations for their design.
Recent studies on SMFs [13-18] have explored the consequences of weakening the strength of
CBCs with the intention to leverage their high deformation capacities and desirable hysteretic
properties. These studies show that similar performance (assessed in terms of collapse probability at MCE level) can be achieved in the SMF's behavior if CBCs are sized based on the
overstrength seismic load combination rather than with the capacity design criteria. Thus, the
idea of protecting the connection with the use of the capacity design criteria may be unnecessary.
Consequently, CBCs play an essential role in the behavior of SMFs. Motivated by this issue,
this paper summarizes the main studies (in the author's judgment) about the behavior of both
EBPs and EmBCs, describing the state of the art on CBC modeling, and presenting recommendations for new lines of research on the topic. The paper is divided into five sections, beginning
with this introductory section, while section two presents models to characterize the Strength,
Rotational Stiffness, and Hysteretic behavior of EBPs. Section three details the corresponding
models for EmBPs, while section four discusses the findings of the effect of CBC's behavior on
the performance of SMFs, finalizing the paper with the Conclusion section.
2

MODELS FOR EXPOSED BASE PLATES

2.1 Strength Method
The analytical methods that quantify the strength of EBPs may be classified into three categories: 1) models that assume a predefined stress distribution on the compression side of the base
plate; 2) models that suppose that base plates are rigid and enforce the compatibility of deformation between the components; and 3) sophisticated models that consider the interaction between the modes of deformation of the components. In the context of U.S. construction practice
(and in most of the European countries), the first approach is typically adopted for the design
of EBPs. The main reason is due to its simplicity in contrast with the other methods. Elkyn and
Drake [19] proposed a method that falls in this first category. This method assumes a predefined
(either rectangular or triangular) bearing stress form in the connection's compression side. Thus,
the Moment is carried by the force-couple developed by the tensile axial forces in the anchor
rods and the resultant compressive force from the bearing stresses. The shear forces are taken
by either the friction forces in the interface between the base plate and the grout pad/foundation
or by a shear key (Figure 1a). On the other hand, the second approach assumes a rigid base plate
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neglecting the base flexibility. The model proposed by Wald et al., [20] is an example of this
category. However, studies such as Gomez et al., [5] and Kanvinde et al., [21] have indicated
that this approach leads to inaccurate results (against test data) on the nonconservative side.
Finally, the third method applies the principles of mechanics to propose a procedure to construct
Moment – Curvature diagrams [22, 23] given the size of the base plate, anchor rods, their material properties, and the level of Axial Load. Although the results are accurate and based on
fundamental principles, the procedure is relatively complex to be implemented in a design office.
In the context of US construction, the design of EBPs is carried out based on the recommendations of DG1 [9]. DG1 assumes a rectangular stress block on the compression side of the base
connection. Depending on the level of Axial Compressive Force, the applied Moment is resisted
by: 1) bearing stresses in the compressive side of the base plate (low-eccentricity condition), or
2) the force-couple developed between the tensile forces in the anchor bolts and the resultant
compressive forces from the bearing stresses (high eccentricity condition). The critical eccentricity, which separates both conditions, may be calculated as:
݁௧ =

ே
ଶ



െ ଶ

ೌೣ

(1)

In equation 1, ܰ, and  ܤare the length and width of the base plate, respectively. ܲ is the Axial
Load applied, while ݂௫ is the maximum value assumed for the stress block. In the low-eccentricity condition (i.e., ݁  ݁௧ ), the only limit state possible is base plate bending in the compressive side, while for the high eccentricity condition (i.e., ݁  ݁௧ ), three limit states can
occur: 1) fracture of the anchor bolts, 2) bending of the base plate in the tension side, 3) bending
of the base plate in the compressive side. The equilibrium equations (σ ܨ௬ = 0, σ ܯ௭ = 0) are
solved to determine the internal forces. For the low-eccentricity case, the unknowns are the
magnitude of the bearing stresses (݂ < ݂௫ ) and the length ( )ݕof the rectangular stress block.
On the other hand, for the high eccentricity condition, the unknowns are the tensile forces in
the anchor rods (ܶ) and the length ( )ݕof the rectangular stress block. The shear forces in these
connections are taken by the friction forces in the interface base plate-grout pad or by a shear
key designed for this purpose.
As per DG1, the attainment of one of the before-mentioned limit states represents the capacity
of the connection. However, subsequent studies such as Gomez et al., 2010 [5] show that EBPs
pose a higher strength capacity. In fact, the maximum capacity is reached once a second component of the connection yields. Thus, the first yield of a component is associated with the
called Moment at First Yield of the connection, while the Peak Moment is associated with the
formation of a mechanism.
DG1 only deals with the uniaxial bending problem. Hassan et al., 2021 [24] extended the concepts of DG1 to EBPs subjected to biaxial bending with Axial Loads to estimate the internal
forces. This procedure implies solving the indeterminacies that take place due to the tensile
forces in the anchor rods. The authors suggested a predetermined pattern of the anchor rods'
forces based on an assumed Instantaneous Axis of Rotation in conjunction with the rectangular
stress block assumption from DG1. An iterative process is required to define the position (inclined) of the Neutral Axis once the equilibrium equations are satisfied. The method was validated against a large set of FE simulations for different base plate configurations.
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2.2 Rotational Stiffness
Several researchers have studied the flexibility of EBPs (e.g., [22]). Kanvinde et al. 2012 [25]
provide a practical method to estimate these connections' rotational Stiffness by aggregating
the deformations within its components. The details of this method (which has been validated
by [26] are explained next.
The method leverages the assumptions made by DG1to characterize the internal force distribution (i.e., a rectangular bearing stress block). The next step is to estimate the Moment at the first
yield of the connection, which is defined as the Moment corresponding to the first yield of one
of the connection components, i.e., the anchor bolts, base plate at the tension side, or base plate
at the compression side. Once this quantity is computed, it is compared with the critical Moment
(related to ecrt) to define if the connection is under high or low eccentricity. For the first case
(i.e., high eccentricity), the internal forces are used to compute the deformations of the three
sources of base flexibility: anchor rods elongation, base plate bending (in the tension and compression side), and the concrete foundation. For the low eccentricity case, the method considers
the concrete foundation as the only source of flexibility since the base plate is not expected to
uplift (and consequently, the anchor rods will not elongate). In this manner, the deformations
of the components have been estimated. Thus, the rotation of the connection can be computed
by dividing the total deformation of the components by the base plate length. Finally, the Rotational Stiffness is defined as the ratio between the Moment at the first yield and the base
rotation. Figure 2 illustrates this definition.

Figure 2: Definition of Rotational Stiffness of EBPs (from [6])

2.3 Hysteretic Behavior
The hysteretic characteristics of EBPs have been studied by Torres-Rodas et al., 2016 [7]. These
authors proposed a rotational hinge (EBC model) that captures the essential features of the hysteretic behavior of EBPs observed in experimental programs (e.g., [2], [3], [4], [5]). Specifically,
this mathematical model consists of a tri-linear backbone curve, a set of hysteretic rules aimed
to capture the characteristic shape of the M-Rot curves of EBPs, and rules to capture the modes
of deterioration for these connections. Figure 3 illustrates the backbone curve of the model. As
per this figure, the backbone curve captures the three initial stages of the connection response.
The first stage refers to the linear elastic response. In this phase, the loads are taken by the
combination of bearing stresses and tensile forces in the anchor bolts. This phase ends when
one of the connection components yields (i.e., base plate or anchor bolts). The element that
yielded continues to increase its deformations in the second stage of the response (i.e., strain
hardening phase) with an increase in the connection strength. This strength reaches a peak
(giving rise to the third phase) when a second component of the connection yields. In this
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manner, a yield plateau is formed in the connection response. Thus, the backbone curve is defined by four parameters: 1) the Moment at First Yield (ܯ௬ ), 2) the Peak Moment (ܯ ), 3)
the initial Rotational Stiffness (ܭ௧ ), and 4) the Rotation associate with the Peak Moment
(ߠ ). Among these four parameters, the first three of them (i.e., ܯ௬ , ܯ , ܭ௧ ) can be
estimated by the analytical models described in the sub-sections 2.1 and 2.2, while the latter
parameter (ߠ ) must be obtained experimentally.
In contrast with the monotonic response, the hysteretic rules from the EBC model capture the
characteristic flag shape hysteresis and the related re-centering effect. Figure 3b shows the details of these hysteretic rules defined by four parameters. These parameters are the Initial Moment at the intermediate plateau, the end position of this intermediate plateau, and two
parameters that define the pinching behavior. Only the Initial Moment at the intermediate plateau can be estimated from an analytical model, while the rest of the parameters are obtained by
empirical calibrations. The Initial Moment at the intermediate plateau corresponds to the connection moment associate with the instant the anchor bolts start to carry axial forces. Finally,
the EBC model captures four modes of cyclic deterioration observed in EBPs. These modes
reflect the cycle to cycle decrease in 1) the unloading Stiffness, 2) Peak Strength, 3) Intermediate Plateau, and 4) deformation associated with the intermediate plateau. Four empirically calibrated parameters (two for each mode) are necessary to capture these modes of deterioration.
EBC model uses the rule proposed by Rahnama and Krawinkler (1993) [27] to simulate the
cyclic deterioration. The assumption of this rule is that deterioration depends on the energy
dissipated.

Figure 3: a) Backbone curve of ECB model, b) Hysteretic Rules, c) Calibration Test1, d) Calibration of test 2
(from [7])
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Figure 3c,d shows the validation of the EBC model against the experimental test conducted by
[5]. A visual inspection of Figure 3c indicates that the EBC captures the hysteretic response's
essential features (i.e., the re-centering effect, the hysteretic shape, and the modes of deterioration). Thus, the EBC model is appropriate to capture the overall connection behavior in Nonlinear Time History (NTH) frame simulations. However, it is important to detail its limitations.
First, the EBC model (as all uniaxial plasticity models) cannot capture the Moment-Axial Load
interaction. This problem may be treated in an approximate manner, assuming expected values
of Axial Load. Second, the model has been validated against a limited number of tests (5 in
total). Thus, it is difficult to generalize the EBC model's functionality for connections with
significantly different configurations. Finally, the EBC model has not been validated against
connections under tensile Axial Load or Biaxial Bending.
2.4 Finite Element Models
Several researchers have developed strategies to conduct Finite Element (FE) simulations on
EBPs. Krishnamurty and Thambiratnam (1989) [28] presented one of the earliest FE studies
conducted on EBPs to validate design methodologies based on the rigid base plate assumption.
Stamapolous and Ermopoulos (2011) [29] conducted an experimental and analytical investigation on EBPs developing of 8 tests. These authors constructed 3D FE models to validate the
mathematical formulation suggested in [22], and the results indicate a good agreement between
the simulations, the experimental results, and the mathematical model suggested. As mentioned
before in the paper, one of the drawbacks of this approach is that it is excessively complicated
to be implemented in a design office.
Kanvinde et al., 2013 [8] examined the response of EBPs with sophisticated 3D FE simulations.
This paper presents critics to the current assumptions regarding the internal stress distributions
and suggests. The FE models include essential features of the connection behavior such as contact and gapping between the components (i.e., base plate and foundation/grout pad, nut-washer
arrangement, and base plate) and the nonlinear multiaxial constitutive response of the materials.
The models were validated against six large-scale tests conducted by Gomez et al., 2010 [5].
Results of this study indicate that the stress distribution in most of the cases is quite different
from the assumed rectangular stress block at DG1. Thicker base plates tend to concentrate the
stresses in the base plate's toe, while in thinner base plates, the stresses are concentrated under
the compression flange of the column. In contrast to the drawbacks found in the internal stress
assumption, the simulations indicate that the anchor bolt forces are well estimated by the equations given at DG1.
More recently, Trautner and Hutchinson 2018 [30] presented a procedure for parametric FE
simulations of EBPs (with different details) subjected to combined Axial and Moment loads,
validating the models against numerous experimental tests. Hassan et al., 2021 [24] studied
with FE simulations the behavior (i.e., internal force distribution) of EBPs under combined
Axial Compressive Force and Biaxial Bending. These simulations were validated against experimental test data and constituted the basis of the analytical method detailed in sub-section
2.1 for predicting internal forces in EBPs under Biaxial Bending in the presence of Axial Force.
Torres-Rodas et al., 2020 [31] developed FE models to study the behavior of EBPs with extended anchor bolts. This configuration detail intends to concentrate all the inelastic action in
the extended region of the anchor bolts, protecting the rest of the connection components.
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2.5 Reliability Analysis of EBPs
Aviram et al. 2010 [32] carried out a system reliability analysis of the EBPs of a low-rise building located at Berkeley with the intention to evaluate the safety with respect to the different
modes of failure reported in the literature. Results of this study indicate that the reliability index
for these connections was below the value expected for connections [33]. Torres-Rodas et al.,
2020 [34] studied this topic further. These authors evaluated the reliability of EBPs in SMFs
designed based on DG1. A statistical approach was suggested to compute strength resistance
factors for the modes of failure observed in connections (i.e., concrete bearing, base plate yielding, and anchor bolts failure) [5] to achieve a target reliability index of 4.5. Two buildings were
analyzed (2-story and 4-story) using a suite of 120 ground motions from strike-slip and reverse
faults. This paper presented a capacity limit state formulation for EBPs considering the M-P
interaction, and the focus is on the seismic demands, which are explicitly treated as random
variables. Results confirm the reliability index is below the target value. The reliability analysis
of EBPs was also studied by Song et al., 2020 [35]. The analysis was conducted using Monte
Carlo sampling for the uncertainties from the demands and capacity in this investigation. A
total of 59 design scenarios was evaluated. Results confirm the findings from Aviram et al.,
2010 and Torres-Rodas et al., 2010 with respect to the reliability index. This study's design
recommendation is to eliminate the bearing resistance factor when the flexural demands on the
base plate are calculated. Similar to Torres-Rodas et al., 2020, new load resistance factors (with
values inferior to the suggested by DG1) are proposed.
3

MODELS FOR EMBEDDED BASE CONNECTIONS

3.1 Strength Method
Grilli and Kanvinde [1] conducted the first large-scale experimental program on EmBCs for
seismic design purposes. The parameters investigated were the embedded length, the column
size, and the level of Axial Load. From this experimental program, the modes of failure were
identified, and the internal force distribution was postulated. Thus, it is assumed that the Axial
Compressive force is resisted by the top stiffener plate as well as the bottom base plate. The
applied Moment is resisted through the column flanges at the top of the connection. A fraction
of this Moment is resisted by the horizontal stresses against the panel zone, whereas the reminder portion of the Moment is resisted by the vertical bearing stresses at the bottom base
plate. The shear forces are resisted by a compression strut formed in the panel zone (Figure 1b).
Once the internal force mechanism is established, the capacities corresponding to each mode of
failure can be characterized. Thus, for the horizontal bearing stresses developed in the interface
between the column flanges and the concrete foundation, two modes of failure are identified 1)
concrete bearing failure and 2) shear failure of the joint panel. On the other hand, the vertical
bearing stresses in the bottom base plate entail four modes of failure 1) bearing failure of the
concrete surrounding the base plate, 2) concrete breakout under the compression toe of the base
plate, 3) concrete breakout above the base plate, and 4) base plate yielding. With these limit
௧௬
) and
states, the Moment capacity associated with the horizontal bearing stresses (i.e., ܯு
௧௬
the Moment capacity associated with the vertical stresses (i.e., ܯ
) might be calculated.
௧௬

௧௬

and ܯ
. These
The capacity of the connection is determined by combining ܯு
mechanisms are constrained by deformation compatibility, implying that their moment
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contributions are additive (i.e., system in parallel). The fraction of the total Moment to each
mechanism is solved by the introduction of an empirical equation that relates the embedded
length and the relative Stiffness of the column and the surrounding media. Thus, two scenarios
can occur 1) failure due to vertical stresses takes place before failure due to horizontal stresses,
2) failure due to horizontal stresses occurs before failure due to vertical stresses. In the first
scenario, the capacity of the connection is dictated by the precise mode of failure within the
vertical bearing mechanism. In contrast, if the second scenario occurs, the capacity of the connection depends on which of the two modes of failure controls. If the concrete bearing failure
௧௬

= ܯு
and the Moment carried by the horizontal stresses graducontrols, then ܯு
ally decrease due to an increase in the deformations, and consequently, the vertical stresses will
take a larger fraction of the total Moment. If shear failure controls, then no additional moment
might be sustained.
3.2 Rotational Stiffness
The flexibility of EmBCs has been studied by Tryon 2016 [36] and Torres-Rodas et al., 2017
[10]. Tryon 2016 [36] studied the flexibility of base connections with an overtopping slab,
which may be classified as shallowly embedded connections. In this detail, the Moment is carried primarily by the resistance to the uplift of the base plates due to the anchor bolts and by the
overlying slab. Usually, the embedded length of these connections is less than 300mm. In contrast, in deeply embedded base connections, the loads are taken by (as described in the previous
subsection) the bearing stresses in the column flanges (i.e., horizontal stresses) and the vertical
stresses in the bottom base plate.
Torres-Rodas et al., 2017 [10] presented a method to characterize the rotational Stiffness of
EmBcs. This method was developed based on the insights gained from the experimental program conducted by Grilli et al., 2018 [1], and consisted of calculating the components' deformations within the connection (i.e., embedded column and concrete foundation). The method
was validated against a total of 9 large-scale tests from the programs conducted by [1] and [36].
The details of the method are explained next.
The method assumes from the experimental tests that the Moment at First Yield occurs at 0.7
of the Peak Moment. The latter parameter is obtained from the strength method earlier described.
Thus, the connection stiffness is estimated as the ratio between the Moment at First Yield and
the base rotation. Based on the internal force distribution postulated by Grilli and Kanvinde [1],
the deformations of the embedded steel column and the surrounding foundation are calculated.
Figure 4a illustrates the patterns of deformations assumed. Finally, the deformations are aggregated to determine the base flexibility (Figure 4b).
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Figure 4: a) Patterns of deformation, b) Definition of Rotational Stifness (from [10])

3.3 Hysteretic Behavior
The experimental studies conducted on EmBCs (e.g., [1],[36]) indicate that these connections
are ductile with good hysteretic properties. This issue motivated the study by Torres-Rodas et
al., 2018 [11] to formulate a mathematical model (EmBC model) to predict the essential characteristics of the behavior of EmBCs for Nonlinear Time History Simulations. The EmBC
model is physically based and validated against Grilli and Kanvinde [1]. The details of this
model are briefly explained next.
The EmBC model consists of two rotational springs arranged in parallel, where each spring is
associated with the force transfer mechanism, i.e., horizontal bearing stress or vertical bearing
stress. In this manner, the degradation of the capacity due to horizontal bearing stresses and the
corresponding Moment transfer to the vertical bearing stresses is effectively simulated. Thus,
the horizontal bearing mechanism is represented by a trilinear backbone curve defined by the
well-known Ibarra-Medina-Krawiknler Pinching Model, while the elastic-perfectly plastic
model simulates the vertical mechanism. Four parameters (i.e., Initial Elastic Stiffness, Moment
at First Yield, Peak Strength, and Rotation Associate with Peak Strength) are necessary to define the spring that represents the horizontal stresses, while two parameters (i.e., Initial Elastic
Stiffness, and Moment at First Yield) are required for the vertical bearing spring.
The cyclic response of these connections is described by the IMK Pinching Model's hysteretic
rules detailed in Ibarra et al., 2006 [37]. These hysteretic rules capture two important aspects of
the cyclic response: 1) pinching behavior, attributed to the closure of cracks or gaps between
the column flange and the concrete foundation, 2) cyclic deterioration of two quantities, i.e.,
the strength plateau and unloading stiffness. The rules proposed by Rahnama and Krawinkler
[27] were used to simulate cyclic deterioration and apply only to the horizontal spring since the
experimental tests do not provide evidence of deterioration for the vertical spring. Besides, the
vertical mechanism gains strength as the horizontal spring deteriorates.
Figure 5, illustrates the results of the validation of the EmBC model against two tests. Clearly,
the essential aspects of the connection response are captured by the model formulation and can
be easily implemented in NTH simulations. Although the results are promising, the EmBC
model has several limitations that must be considered. The model is validated against a limit
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(only five) number of tests. It implies that its results can not be extrapolated to connections with
significantly different details. Moreover, it inherits the limitations of a uniaxial plasticity model,
i.e., it can not capture the Moment-Axial Load interaction.

Figure 5: EmBC model validation (from [11])

3.4 Finite Element Models
Information about strategies to develop FE models for EmBCs is sparse. Jones 2016 [38] developed 3D FE models for the characterization of the Rotational Stiffness of shallowly embedded base connections. Inamasu et al. [39] studied the seismic design of EmBCs by FE
simulations. In this study, the steel column was modeled with shell elements, and the base connection behavior was represented by a rotational spring at the bottom of the column. These
models were validated against available tests (e.g., Grilli and Kanvinde [1]). The Finite element
models feature the Voce-Chaboche multiaxial plasticity law. The constant parameters were obtained through an optimization process. Local buckling is triggered by considering local imperfections within a certain magnitude. The FE models simulate the response of a design example
documented at the AISC Seismic Design Manual. Thus, the connection's response was studied
parametrically, being the web local slenderness and the level of Axial Load the parameters
investigated. Results indicate that the seismic demands on EmBCs are strongly influenced by
the column position (i.e., interior or exterior) and by the cross-section geometry (i.e., local slenderness). Equations empirically calibrated are suggested to promote yielding in the column region above the concrete foundation. More recently, Mora-Bowen and Torres-Rodas [40] further
explore the internal force distribution within the components and the patterns of deformation to
provide improvements in the design of these connections. This topic is part of the ongoing
research projects of the author.
4

EFFECT OF CBC'S BEHAVIOR ON THE PERFORMANCE OF SMFS

The effect of CBCs' behavior (i.e., ductility and flexibility) on the seismic response of SMFs
has called the attention of researchers during the last years. The main reason is that experimental
programs have shown that these connections pose excellent dissipative characteristics with high
deformation capacities. Moreover, investigations such as Lignos and Krawinkler 2007 [41] indicate that the ductility of columns in the presence of Axial Compressive Forces might be compromised due to local buckling. Thus, the traditional concept of protecting the connection
(remaining elastic) may be unnecessary. This idea may be attributed to the lack of analytical

5118

Pablo Torres-Rodas

models capable of predicting base connections' behavior. However, mathematical formulations
such as [7, 11, and 16] have permitted to capture the overall connection response and incorporate it in NTH frame simulations.
Falborski et al., 2020 [14] studied the effect of Base Connection Strength, Rotational Stiffness,
and Deformation Capacity on the Collapse Probability of four archetype frames parametrically.
The authors considered four levels of base strength (and the associate Stiffness) and a range of
deformation capacities (from 1% to 5%) to conduct the collapse assessment. Results indicate
that if CBCs are detailed to hold rotations of 0.05rad, the seismic demands in the design can be
UHGXFHGIURPWKH&DSDFLW\'HVLJQ&ULWHULD 5\0S WRWKH2YHUVWUHQJWK6HLVPLF/RDG   
This is supported by the similar performances (in terms of probability of collapse) achieved by
the SMFs analyzed. The implication is that the strength of the connection is decreased by approximately 40%.
Base connections designed to promote anchor bolt yielding have been investigated by Trautner
et al., 2016 [26] and Inamasu et al., 2020 [16]. Trautner et al., [26] conducted a series of largescale tests to assess the effect of anchor bolt material type, anchor stretch length, column setting
method, and base plate hole size on the behavior of the connection. Among these parameters,
the setting method and the stretch length appear to be the most influential in the Moment-Rotation response. Moreover, Inamasu et al., 2020 [16] studied the influence of anchor-yield EBPs
in the residual deformations of low-rise SMFs. Results from this study indicate that low-rise
buildings with anchor-yield EBPs are less likely to experience residual drifts than buildings
with EBPs designed based on the strong connection-weak column criteria. Besides, low-rise
buildings with ductile EBPs, do not suffer an axial shortening which may significantly complicate the retrofit work.
More recently, Torres-Rodas et al., 2021 [18] studied the interactive effect of column base hysteretic behavior, continuity of gravity columns, and beam-column gravity connections strength
on the seismic performance of SMFs. For each archetype frame, different levels of base connection strength, gravity columns rigidity, and beam-column gravity connections were assigned
to assess their impact on the Collapse Probability at MCE level of 5 SMFs varying in height. A
total of 80 mathematical models were developed, and NTH simulations were conducted as per
FEMAp695 methodology. Results indicate that the presence of continuous gravity columns
profoundly affects the archetype frames' behavior investigated by reducing their probability of
collapse. In this manner, the desirable hysteretic characteristics of ductile CBCs can be incorporated safely as part of the energy dissipative mechanisms. The design implication is that seismic demands can be reduced (similar conclusion as Falborski et al., 2020) safely to the
overstrength seismic loads if base connections can rotate up to 0.05rad.
5

CONCLUSIONS AND RECOMMENDATIONS FOR FUTURE WORK

This paper presents a summary (based on the author's judgment) of the numerical and analytical
models to characterize the column base connection behavior. Moreover, new findings on the
influence of base connection behavior on the seismic performance of SMFs are detailed. The
main intention is to synthesize current findings on the topic to highlight the importance of these
connections in the overall frame behavior. Thus, the paper is divided into four sections. The
first one introduces the topic, while the next two sections describe the main models to simulate
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EBPs and EmBCs. A subsequent section is dedicated to examining the influence of the CBCs
on building performance metrics (e.g., collapse probability at MCE level).
Traditionally, CBCs have been sized in order to promote plastic strains in the lower region of
the column rather than in the connection itself. This approach may be attributed to 1) the intuitive idea that connections are less ductile than members and 2) the lack of available models to
predict the behavior of base connections. However, in the last years, several studies have shown
that perhaps this criterion is not appropriate for two main reasons 1) ductility in column members in the presence of Axial Load might be compromised due to local buckling, 2) column
base connections pose high deformation capacities with desirable hysteretic properties.
Consequently, several researchers have explored the idea of moving from capacity design criteria to a weak base strong column concept. Results from studies such as [15-18] indicate that
reducing the seismic design demands in ductile base connections would lead to similar performance to frames designed with stronger base plates. Moreover, column problems such as axial
shortening may be eliminated if plastic strains are concentrated in ductile anchor bolts. This
topic has called the attention of researchers and deserves further scrutiny. It is recommended to
focus on experimental studies on ductile anchor bolt connections, especially with the intention
to facilitate the retrofit work after an earthquake event.
6

REFERENCES
[1] Grilli, D.A. and Kanvinde, A.M. (2015). “Embedded Column Based Connections subjected to Flexure and Axial loads,” Report 3-11 submitted to the Charles Pankow Foundation.
[2] DeWolf J.T., and Sarisley, E.F. (1980), “Column Base Plates with Axial Loads and
Moments,” Journal of the Structural Division, ASCE, Vol. 106, No. 11, November 1980,
pp. 2167-2184
[3] Astaneh, A., Bergsma, G., and Shen J.H. (1992). “Behavior and Design of Base Plates
for Gravity, Wind and Seismic Loads,” Proceedings of the National Steel Construction
Conference, Las Vegas, Nevada, AISC, Chicago, Illinois.
[4] Burda, J.J., and Itani, A.M. (1999). “Studies of Seismic Behavior of Steel Base Plates,”
Report No. CCEER 99-7, Reno (NV): Center of Civil Engineers Earthquake Research,
Department of Civil and Environmental Engineering, University of Nevada, NV.
[5] Gomez I.R., Kanvinde A.M. and Deierlein G.G. (2010). “Exposed Column Base Connections Subjected to Axial Compression and Flexure,” Report Submitted to the American Institute of Steel Construction (AISC), Chicago, IL.
[6] Kanvinde, A.M., Grilli, D.A., and Zareian, F. (2012). “Rotational Stiffness of Exposed
Column Base Connections – Experiments and Analytical Models,” Journal of Structural
Engineering, ASCE, 138(5), 549-560.
[7] Rodas, P. T., Zareian, F., & Kanvinde, A. (2016). Hysteretic model for exposed column–base connections. Journal of Structural Engineering, 142(12), 04016137.
[8] Kanvinde, A. M., Jordan, S. J., & Cooke, R. J. (2013). Exposed column base plate connections in moment frames—Simulations and behavioral insights. Journal of Constructional Steel Research, 84, 82-93.

5120

Pablo Torres-Rodas

[9] Fisher, J.M. and Kloiber, L.A. (2006), “Base Plate and Anchor Rod Design,” 2nd Ed.,
Steel Design Guide Series No. 1, American Institute of Steel Construction, Inc., Chicago,
IL.
[10] Rodas, P. T., Zareian, F., & Kanvinde, A. (2017). Rotational stiffness of deeply embedded column–base connections. Journal of structural engineering, 143(8), 04017064.
[11] Torres-Rodas, P., Zareian, F., & Kanvinde, A. (2018). A hysteretic model for the rotational response of embedded column base connections. Soil Dynamics and Earthquake
Engineering, 115, 55-65.
[12] Torres-Rodas, P., Zareian, F., & Kanvinde, A. (2018). Seismic demands in column
base connections of steel moment frames. Earthquake Spectra, 34(3), 1383-1403.
[13] Torres-Rodas, P., Flores, F., & Zareian, F. (2018). Seismic response of steel moment
frame considering gravity system and column base flexibility. In Proc. 11th US Natl.
Conf. Earthq. Eng., June 25–29, Los Angeles, USA.
[14] Falborski, T., Torres-Rodas, P., Zareian, F., & Kanvinde, A. (2020). Effect of baseconnection strength and ductility on the seismic performance of steel moment-resisting
frames. Journal of Structural Engineering, 146(5), 04020054.
[15] Torres-Rodas, P., Flores, F., Astudillo, B.X., Pozo, S. (2020). Sensitivity of special
steel moment frames to the influence of column-base hysteretic behavior including gravity framing system. Proceedings of the International Conference on Structural Dynamic ,
EURODYN, 2020, 2, pp. 3629–3642
[16] Inamasu, H., de Castro e Sousa, A., Güell, G., & Lignos, D. G. (2020). $QFKRUဨ\LHOG
H[SRVHG FROXPQ EDVHV IRU PLQLPL]LQJ UHVLGXDO GHIRUPDWLRQV LQ VHLVPLFဨUHVLVWDQW VWHHO
moment frames. Earthquake Engineering & Structural Dynamics.
[17] Y. Cui, F. Wang, S. Yamada, Effect of Column Base Behavior on Seismic Performance of Multi-Story Steel Moment Resisting Frames, International Journal of Structural
Stability
and
Dynamics.
19
(2019)
1940007.
https://doi.org/10.1142/S0219455419400078.
[18] Torres-Rodas, P., Flores, F., Pozo, S., & Astudillo, B. X. (2021). Seismic performance
of steel moment frames considering the effects of column-base hysteretic behavior and
gravity framing system. Soil Dynamics and Earthquake Engineering, 144, 106654.
[19] Drake, R. and Elkin, S. (1999). “Beam-Column Base Plate Design LRFD Method”.
Engineering Journal.
[20] Wald, F. Column Base Modelling. In Semi-Rigid Joints in Structural Steelwork. Vienna:Springer; 2000, p. 227-288.
[21] Kanvinde A.M., Higgins P., Cooke R.J., Perez J., Higgins J. Column Base Connections
for Hollow Steel Sections: Seismic Performance and Strength Models. Journal of Structural Engineering, ASCE 2015; 141(7): 04014171.
[22] Ermopoulos, J. C., & Stamatopoulos, G. N. (1996). Analytical modelling of columnbase plates under cyclic loading. Journal of constructional steel research, 40(3), 225-238.
[23] Ermopoulos, J. C., & Stamatopoulos, G. N. (1996). Mathematical modelling of column
base plate connections. Journal of constructional steel research, 36(2), 79-100.

5121

Pablo Torres-Rodas

[24] Hassan, A; Torres-Rodas, P; Giulietti, L; Kanvinde, A (2021, in press). Strength characterization of exposed column base plates subjected to axial force and biaxial bending.
Engineering Structures.
[25] Kanvinde, A. M., Grilli, D. A., & Zareian, F. (2012). Rotational stiffness of exposed
column base connections: Experiments and analytical models. Journal of structural engineering, 138(5), 549-560.
[26] Trautner, C. A., Hutchinson, T., Grosser, P. R., & Silva, J. F. (2016). Effects of detailing on the cyclic behavior of steel baseplate connections designed to promote anchor
yielding. Journal of Structural Engineering, 142(2), 04015117.
[27] Rahnama, M., and Krawinkler, H. (1993). “Effects of soft soil and hysteresis model
on seismic demands” Report No. 108. The John A. Blume Earthquake Engineering Center.
[28] Thambiratnam, D. P., & Krishnamurthy, N. (1989). Computer analysis of column base
plates. Computers & structures, 33(3), 839-850.
[29] Stamatopoulos, G. N., & Ermopoulos, J. C. (2011). Experimental and analytical investigation of steel column bases. Journal of constructional steel research, 67(9), 13411357.
[30] Trautner, C. A., & Hutchinson, T. C. (2018). Parametric finite-element modeling for
exposed steel moment frame column baseplate connections subjected to lateral
loads. Journal of Structural Engineering, 144(6), 04018049.
[31] Torres, P., Medalla, M., Lopez-Garcia, D., Campos, L., & Zareian, F. (2021). Strength
method for exposed base plates with extended anchor bolts.
[32] Aviram, A., Stojadinovic, B., Der Kiureghian, A. (2010). “Performance and Reliability of Exposed Column Base Plate Connections for Steel Moment-Resisting Frames,”
PEER Report 2010/107, Pacific Earthquake Engineering Research Center, Berkeley, CA.
[33] Ellingwood, B; Galambos, T; MacGregor, J; Cornell, A. (1980). “Development of a
Probabilistic Based Load Criterion for American National Standard A58”. National Bureau of Standards.
[34] Torres-Rodas, P., Fayaz, J., Zareian, F. (2020). Strength resistance factors for seismic
design of exposed based plate connections in special steel moment resisting
frames. Earthquake Spectra, 36(2), 537-553.
[35] Song, B., Galasso, C., & Kanvinde, A. (2021). Reliability Analysis and Design Considerations for Exposed Column Base Plate Connections Subjected to Flexure and Axial
Compression. Journal of Structural Engineering, 147(2), 04020328.
[36] Tryon, J.E., (2016). “Simple models for estimating the rotational stiffness of steel column to footing connections,” Masters Thesis, Brigham Young University.
[37] Ibarra, L. F., Medina, R. A., & Krawinkler, H. (2005). Hysteretic models that incorporate strength and stiffness deterioration. Earthquake engineering & structural dynamics, 34(12), 1489-1511.
[38] Jones, T. A. (2016). Finite Element Modeling of Shallowly Embedded Connections to
Characterize Rotational Stiffness.

5122

Pablo Torres-Rodas

[39] Inamasu, H., Kanvinde, A. M., & Lignos, D. G. (2021). Seismic design of non-dissipative embedded column base connections. Journal of Constructional Steel Research, 177, 106417.
[40] Mora-Bowen, N., Torres-Rodas, 9. (2021 in press). Nonlinear Finite Element Models
for Embedded Base Connections. COMPDYN 2021
[41] Lignos, D. and Krawinkler, H. (2007). “A Database in Support of Modeling of Component Deterioration for Collapse Prediction of Steel Frame Structures”. Structural Engineering Frontiers.
ACKNOWLEDGMENTS
The author expresses in this paper his profound thanks to his mentors Prof. Farzin Zareian (UC
Irvine) and Prof. Amit Kanvinde (UC Davis), for all the lessons learned during and after the
doctorate program. The author thanks Universidad San Francisco de Quito for the support given
to this publication.

5123

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

INFLUENCE OF EARTHQUAKE MECHANISMS TO THE SEISMIC
RESPONSE OF STEEL MOMENT FRAMES
Liseth Campos1, Pablo Torres-Rodas2, Pablo Quinde2, and Fabricio Yepez2
1

Universidad San Francisco de Quito
Diego de Robles
lcampos@estud.usfq.edu.ec

2

Universidad San Francisco de Quito
Diego de Robles
{patorresr,fyepez}@ usfq.edu.ec; pquindem@aisg.com.ec

Abstract
Recent studies conducted on Steel Moment Frames (SMFs) highlight the importance of considering the effect of certain characteristics of earthquake ground motions (GMs) such as duration
and spectral shape in their seismic response. Although their acceleration response spectra have
mainly characterized ground motions in seismic standards, these studies indicate that the probability of collapse is sensitive to the GMs' duration. This represents a concern in areas with a
different tectonic mechanism, such as South-America, and Pacific Northwest U.S., where subduction processes mainly generate GMs. It is well-known that the duration and spectral shape
of subductions earthquakes are quite different from crustal earthquakes. Motivated by these
issues, this research presents a parametric study to assess building height sensitivity to metrics
such as inter-story drift ratios and floor accelerations, considering GMs records from subduction and crustal earthquakes carefully selected and scaled.
The scientific basis of this research is a series of nonlinear dynamic analyses conducted on
SMFs (varying in height) at different seismic hazard levels. Two hazard levels are considered
in this study: a) Life safety and b) Collapse prevention. The paper intends to understand the
sensitivity of engineering demand parameters (i.e., drifts and floor accelerations) of SMFs to
different earthquake mechanisms (i.e., crustal earthquakes vs. subduction earthquakes). The
GMs records of subduction earthquakes consist of a set of GMs representative of South America and Japan's seismicity. The GMs records set of crustal earthquakes collects large magnitude-long distance events representative of Southern California.
Keywords: Steel Moment Frames, EDPs, Floor Accelerations, Megathrust Earthquakes.
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1

INTRODUCTION

Steel Moment Frames (SMFs) are among the most popular systems to resist lateral forces,
chiefly due to their architectural versatility. When appropriately designed and detailed, SMFs
are among the most ductile available systems for seismic regions [1]. Because of these reasons,
these systems have been extensively studied in the past. Early studies on the topic concentrated
their attention on the response modes, ending up in the design philosophies [2]. After the 1994
Northridge and 1995 Kobe earthquakes, the focus was on the study of beam-column connections [3]. More recently, with the advances in computational capabilities, SMFs have been studied under the framework of Performance-Based Earthquake Engineering (PBEE). In this
manner, extreme limit states such as the collapse probability have been introduced as performance metrics (e.g., [4,5]).
The PBEE approach has enabled researchers to explore profoundly different aspects of SMF
response. For instance, the effect of column base behavior on the seismic performance of SMFs
has been addressed by several studies (e.g., [6-9]). The influence of the gravity framing system
on their collapse probability has been investigated by [10,11]. The soil-structure interaction
effects on the response of buildings subjected to earthquakes were assessed by [12,13]. More
recently, several researchers have focused on loss estimation after earthquake events [14,15].
Besides, different models have been proposed to predict the behavior of nonstructural elements
[16-18]. The technological advances have permitted monitoring buildings entailing the development of new fields such as structural health monitoring [19,20].
The preceding discussion highlights the importance that SMFs have received during the last
decades. Besides, it is worldwide accepted that ground motion (GM) parameters such as amplitude, duration, and frequent content, are the most influential on buildings' response. However,
practitioner engineers typically carry out their structural designs based on the building codes
(e.g., ASCE 7-16), which characterize GMs with the design spectrum. As per this concept, the
design spectrum quantifies GMs' amplitude and frequency content, neglecting the influence of
duration. Recent studies such as [21-24] have investigated the influence of duration on the collapse probability of buildings by subjecting archetype frames to short and long duration GMs.
Results of these studies indicate that duration and spectral shape play a significant influence on
the collapse probability of buildings.
Medalla et al. 2020 [25] studied the response of SMFs (i.e., 40 in total) subjected to megathrust earthquakes by performing a hazard-consist analysis and a comparative collapse evaluation. The authors showed that the collapse probability of SMFs is higher when these systems
are subjected to megathrust earthquakes rather than crustal earthquakes. Thus, the seismic demands for the design of buildings located in countries with high seismic activity (e.g., Ecuador)
where the GMs are mainly caused by megathrust earthquakes and adopt the US steel design
standards may be underestimated, resulting in potentially nonconservative designs.
Motivated by the preceding discussion, this paper presents an evaluation of the earthquake
mechanisms' influence, i.e., crustal earthquakes vs. subduction earthquakes on Engineering Demand Parameters (EDPs) such as inter-story drift ratios (IDR) and floor accelerations (FA). For
this purpose, a total of 5 archetype frames (varying in height) were subjected to two sets of
GMs. The first set represents GMs associated with subductive mechanisms, while the second
set contains GMs from crustal earthquakes. Those GMs were carefully selected and scaled to
represent two hazard levels a) Life safety and b) Collapse prevention. Thus, the sensitivity of
the SMFs to EDPs is assessed through this investigation. In this manner, new insights about
SMFs behavior are given. The paper starts by describing the problem in this introductory section. Next, the details of the nonlinear models are described. Then, in a subsequent section of
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the paper, the results are presented and discussed, and finally, conclusions, limitations of the
current work, and lines for future work are provided.
2

METHODOLOGY OF THE PAPER

For the purposes of this paper, i.e., to assess the sensitivity of EDPs to earthquake mechanisms, a total of five archetype frames are developed. The difference among these frames lies
in their height (varying from 8.50m to 79.85m). Thus, this investigation's scientific basis consists of a series of Nonlinear Time History (NTH) simulations conducted on the mathematical
models developed herein. These archetype frames are part of the study by NIST [26], have been
adopted in several studies about SMFs' behavior (e.g., [27-29]), and their salient features are
described next.
2.1 Mathematical Models
Figure 1a illustrates the typical plan view of all buildings. The SMFs are located at the perimeter of the building, while the rest of the components are part of the gravity framing system.
All SMFs are three-bay frames, with a width of 6.10m. The first story's height is 4.50m, while
the rest of the stories are 3.90m. The buildings were designed as per ASCE 7-05. On all the
floors it was applied a dead load of 4.78 kN/m2, and an unreduced live load of 2.38 kN/m2, with
the exception of the roof, where a live load of 0.95 kN/m2 was applied. The weight of the cladding was considered with a perimeter load of 1.20 kN/m2. For the seismic design of the SMFs
it was assumed a Response Coefficient Factor R=Cd=8, and site class "D" conditions under the
seismic design category Dmax, which is consistent with the far-field conditions of Los Angeles.
The beam-column connections are detailed as RBS connections based con ASIC 341 [30] and
AISC 358 [x]. For more details about these SMFs, refer to [31].
Concentrated plasticity models have been adopted for this investigation since this approach
has been broadly used for studies on SMFs (e.g., [27, 28, 29, 32, 33]). Thus, beams and columns
are idealized as linear-elastic elements with rotational springs (hinges) at their ends. Beam
members consist of three linear elastic elements with two hinges located each at the RBS, while
column members consist of one linear elastic element with two rotational springs at the ends.
These rotational springs are simulated with the well-known Ibarra-Medina-Krawinkler (IMK)
bilinear model [34]. This model consists of a trilinear backbone curve with rules that capture
cyclic strength and stiffness deterioration. These rules were initially proposed by Ibarra et al.
[34] and then modified by Lignos and Krawinkler [35]. The spring properties were calculated
by the methodology detailed at NIST [36].
The IMK bilinear models, as all uni-axial plasticity models, are not able to capture the Moment-Axial Load (M&P) interaction. For the springs located at the columns, this phenomenon
is capture in an approximate manner. Thus, a reduced bending strength is calculated with the
interactive equations from AISC [37] under the presence of an average gravity load (i.e., 1.05
PD+0.5PL). This approach has been adopted in other studies related to the assessment of SMFs
behavior (e.g., [27, 28, 29, 32, 33]) mainly because SMFs are drift-controlled rather than forcecontrolled, and consequently, the columns are lightly loaded. Moreover, studies such as [38]
show good agreement between experimental results and this approach. Panel zones are modeled
as a parallelogram assembly with rigid elements and with a nonlinear spring placed at one corner to simulate shear distortions in the parallelogram. Column bases were modeled with the
rotational springs suggested by Torres-Rodas et al., 2016 [39] for the low-rise buildings (i.e.,
2-, 4- story) and with the models by Torres-Rodas et al., 2018 [40] in the case of taller buildings
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(i.e., 8-, 12-,20- story). P-Delta effects were captured using a leaning column connected to the
SMFs through rigid elements and loaded with the gravity load equivalent to half of the building
at each floor plant.

a)

b)

Figure 1: a) Typical plan view of all frames (from [9]), b) Mathematical models of the SMFs (from [32])

2.2 Ground Motions Selected
The seismic demands were analyzed using two criteria. On the one hand, several intense
ground motions recorded worldwide were analyzed, including both subduction and crustal
earthquakes. The earthquakes are shown in Table 1. These earthquakes were scaled linearly so
that their intensities cover the accelerations reported in the MCE and DE spectrum of ASCE716 [41].
ID
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15

Earthquake
Valparaiso
Chi-Chi
Sur Peru
Tokachi-Oki
Tocopilla
Maule
Tohoku
Iquique
Manabi
Loma Prieta
Landers
Northridge
Kobe
Duzce
Hector

Country
Chile
Taiwan
Chile
Japan
Chile
Chile
Japan
Chile
Ecuador
USA
USA
USA
Japan
Turkey
USA

Year
1985
1999
2001
2003
2007
2010
2011
2014
2016
1989
1992
1994
1995
1999
1999

Mw
7.9
7.6
8.4
8
7.7
8.8
9
8.1
7.8
6.9
7.3
6.7
6.9
7.1
8.1

Table 1: Megathrust earthquakes used for seismic simulation
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On the other hand, as mentioned within this research's objectives, the aim is to analyze records of subduction and crustal ground motions representing the tectonic behavior of South
America. For this, subduction earthquakes in Chile and Ecuador and crustal earthquakes recorded in Colombia's central region were analyzed. In the seismic accelerometric network of the
mentioned countries, there are few records generated during high-intensity ground motions associated with return periods of more than 250 years. Due to this lack of information, seismic
simulation was used for analyzes carried out in this study.
The seismic simulations were carried out in two phases. On the one hand, seismological
simulation techniques using Green's functions were applied. When it was not possible to reach
the design intensities, linear scaling was used to reach the objective thresholds. Linear scaling
factors were always lower than 1.8. The simulation technique used is proposed by KohrsSansorny et al. [2005][42]. This methodology uses a two-stages stochastic summation of lowintensity motions (seed motions) that work as empirical Green's functions. Likewise, the simulation employed considers a seismic source point and requires the characterization of two parameters: a) the seismic moment (ܯ ) and b) the stress drop (߂ఙ ). This methodology considers
the variation of frequency and energy contents. This technique incorporates wave propagation
and site effects in such a way as to eliminate geological uncertainties from the problem when
using the same site where the record was obtained [43]. The seed motions for crustal earthquakes used in this paper were recorded during the events under consideration in Table 2 for
the Colombian network.
Date

Mw

M0 (dyne-cm)

ǻı

25/01/1999

6.3

2.54E+25

40

08/03/2005

5.2

7.94E+23

50

06/02/2017

5.4

1.58E+24

50

Table 2: Seismic parameters for the seeds used in seismic simulations for crustal earthquakes

2.3 Nonlinear Time History Simulations
All the mathematical models developed herein were subjected to the two sets (i.e., crustal
and megathrust) of GMs detailed in this paper's previous subsection. The software OpenSees is
used for all the simulations since it has been extensively verified for NTH analysis [44], and all
the modeling features earlier described can be applied. Moreover, several researchers have used
this platform to study the behavior of SMFs with the use of NTH analysis [25-29]. Thus, the
effect of the earthquake mechanisms (i.e., crustal vs. subductive) in the buildings' seismic performance (i.e., EDPs) is assessed. A total of five mathematical models representing the archetype frames (2-, 4-, 8-, 12- and 20- story) illustrated in Figure 1b have been developed for this
investigation. Table 3 summarizes the fundamental periods of each frame. Two seismic hazard
levels are considered in this study a) Life safety and b) Collapse prevention. For each simulation,
two response metrics are recorded a) Maximum Floor Accelerations (FA) and b) Peak Interstory
Drift Ratios (IDR). In this manner, the median values of the EDPs from each set (i.e., crustal
vs. subduction) are compared.
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Story
Frame
2481220-

First Period
(s)
0.69
1.86
2.42
318
4.44

Table 3: First Period of the frames

3

DISCUSSION OF RESULTS

The results from the NTH simulations of all the mathematical models are discussed in this
section of the paper. Table 4 summarizes the results from the median IDR of all the SMFs at
the two seismic hazard levels (i.e., DE and MCE level of shaking) analyzed herein, while Table
5 summarizes the results from the peak floor accelerations. As per Table 4, results from the
simulations indicate that the IDRs of the low and mid-rise buildings (i.e., 2-, 4-, 8- and 12stories) are relatively insensitive to the earthquake mechanism (i.e., crustal vs. subduction). The
median values of the maximum IDRs associated with each earthquake mechanism are relatively
similar, with the only exception in the tall building, i.e., the 20-story building. For this frame,
the IDRs tend to be increased by 25% for the subductive earthquakes compared with the GMs'
crustal set. This observation might indicate that the earthquake mechanism's influence is associated with the building height (and consequently the first vibration mode).
In contrast to IDRs, Table 5 indicates that the peak floor accelerations (FA) of all the frames
are sensitive to the earthquake mechanism. As per Table 5, the subductive GMs entail higher
FA than crustal earthquakes. At the Design seismic hazard level, the FA are amplified on average by 35% in the subductive earthquakes, while at MCE level of shaking, the FA are amplified
(on average) by 50%. Results from the simulations indicate that the building height does not
play an important role in the sensitivity of earthquake mechanisms to FA as apparently it does
in IDRs.
Floor accelerations play an essential role in the behavior of nonstructural components. It is
worldwide accepted that these components may be divided into two broad groups: the first one,
sensitive to IDRs, while the second one, sensitive to floor accelerations [45,46]. Components
such as masonry and partition walls fall in the first category, while ducts, parapets, or tanks are
examples of the second group [46]. The components from this latter category must carry the
forces coming from the building motion. Typically, the acceleration demands acting on these
elements are evaluated from the floor response spectrum criteria, where the spectrum is calculated based on the floor accelerations at the desired level. Results from this investigation indicate that the earthquake mechanism (crustal vs. megathrust) profoundly influences the building
response in terms of peak floor accelerations, which might affect the anchorage detailing of
nonstructural components sensitive to this EDP.
Summary of Results median (I.D.R.) (%)
# Stories
Hazard Level
2
4
8
12
20
M.C.E. with Crustal
3.00 3.12 3.44 3.37 3.46
M.C.E. with Megatrust 3.07 3.82 3.37 3.92 4.79
D.E. with Crustal

2.31 2.44 2.39 2.25 2.79

5129

L.Campos, P. Torres-Rodas, P. Quinde and F. Yepez

D.E. with Megatrust

1.97 2.80 2.48 2.48 3.75

Table 4: Summary of Results median (I.D.R.) (%) including collapses.

Summary of Results median Floor Accelerations
# Stories
Hazard Level
2
4
8
12
M.C.E. with Crustal
458.68 509.30 572.36 760.84
M.C.E. with Megatrust
580.19 763.09 1112.76 1203.07

20
1018.11
1746.92

D.E. with Crustal
D.E. with Megatrust

640.69
1211.87

325.75 379.15
440.50 614.40

515.21
880.75

568.22
880.76

Table 5: Summary of Results median floor Accelerations including collapses.

4

SUMMARY, CONCLUSIONS, AND LIMITATIONS

This paper presents the results from NTH simulations conducted on five archetype frames
varying in height (i.e., 2-, 4-. 8-, 12- and 20-story) with the intention to evaluate the influence
of the earthquake mechanisms (i.e., crustal vs. subduction) on building's metrics such as maximum IDRs and peak floor accelerations. For this purpose, ground motions from both mechanisms were carefully selected and scaled. Two criteria were used for the selecting and scaling
process. The first one consists of a linear scaling to the GMs selected with the DE and MCE
spectrums from ASCE 7-16 [41], while the second approach uses seismological techniques to
simulate GMs.
The results from the NTH simulations conducted in this paper indicate that GMs (scaled at
a defined intensity) from megathrust earthquakes cause higher peak floor accelerations than
GMs (scaled at the same intensity as the megathrust ones) from crustal earthquakes. On average,
the amplification is around 50% when the GMs are scaled to the MCE level of shaking, while
it is close to 35% at DE level. This finding might be important in the context of detailing the
anchorage of nonstructural components sensitive to accelerations. On the other hand, the IDRs
seem to be less sensitive to the earthquake mechanism. Only the 20-story SMF shows an amplification due to the subductive process, which might indicate a potential influence of the
building height.
The results of this paper are subjected to limitations that must be addressed appropriately to
generalized the findings. First, a limited number of frames is considered (five in total); second,
the bias due to ground motion effects, including the GMs' vertical component; third, the modeling assumptions might affect the results (e.g., concentrated plasticity models vs. distributed
plasticity models). Finally, this research does not address the soil-structure interaction effects.
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Abstract
The validity of the typical 100/30 combination rule for horizontal seismic action effects is investigated for the design of structures that are axially symmetric along the vertical direction.
The 100/30 rule stipulates that one should combine 100% of the seismic action in one principal direction (as estimated by the design spectrum) with 30% of the action in the other principal direction, and vice-versa. Having been derived for azimuth-dependent structures,
having e.g., a rectangular plan, it takes advantage of the fact that the two horizontal components of ground motion are only partially correlated, with peaks that in general do not happen simultaneously, to reduce the overall design loads. On the contrary, vertical liquidstorage tanks, silos and chimneys are examples of azimuth-independent structures, which by
virtue of their symmetry will always experience the worst-possible incidence angle of a
ground motion. To quantify the effect of axisymmetry we employed a database of 150 records
with three components of ground motion. The results show that an 106/106 combination rule,
or more accurately a 1.12 amplification factor on the design spectrum in a single direction,
rather than the 1.04 implied by the 100/30, is adequate to account for the effects of axisymmetry. Still, this value depends on the definition of the underlying design spectrum, and whether,
e.g., the maximum, arbitrary or geometric mean component is employed, which should be accounted for in all calculations.
Keywords: Azimuth Independant Structures, Combination Rules, Horizontal Seismic Components, Structural Dynamics, Earthquake Engineering.
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1

INTRODUCTION

In seismic design, engineers address the structure's seismic capacity by applying an acceleration, and therefore a seismic action to the structure, which corresponds to the site where the
structure is going to be located. Those values are provided from hazard maps and are specified in the design code [1-3]. In typical structures, it is also the case that two orthogonal horizontal axes are defined, corresponding to the principal directions of the structure, along which
the ground motion and therefore the acceleration is applied. As is often the case in modal response spectra analysis (MRSA) or equivalent lateral force (ELF), the response of the structure is calculated separately by applying the design spectra per each of the principal axes.
After the response of the structure has been successfully calculated in each, specific combination rules are applied to combine the results of both directions in a singular peak response for
designing the structure [4]. Many combination rules and methods have been described in the
literature [5] and have been adopted by different design codes, for example the combination
rules described in Eurocode 8 [1], for seismic design, proposes the 100+30% rule [6] that
suggests that for a specific response we consider the following cases:
EEdx "+" 0,30EEdy
0,30EEdx "+" EEdy

(1)

where the "+" symbol typically signifies a square-root-sum-of-square (SRSS) combination of
the effects of the two horizontal components, rather than an actual addition.
This whole process has been chosen after investigations suggesting that with the assumptions above we can safely combine the responses of a building in its principal axes X and Y,
without being overly conservative. It would not be realistic to consider that in each direction
the worst case values of acceleration would occur simultaneously [7]. This is of course an effective approach for the usual case of azimuth-dependent structures, but there is an obvious
difference in case of structures that are fully symmetric with respect to a vertical axis and
therefore have azimuth-independent properties, like cylindrical silos, spherical or vertical cylindrical liquid-storage tanks, circular pillars etc. In those structures the worst case scenario,
considering the incidence angle of the ground motion, will always be in effect, as the structure
has the same response and is equally vulnerable regardless of the axes defined.
In the following, a symmetrical three-dimensional elastic oscillator will be employed to
examine its response after performing dynamic analysis using 150 pairs of strong ground motion records. The goal is to highlight the differences of such vertical axisymmetric structures
when it comes to their response, ultimately calculating various amplification factors that allow
combining the two horizontal components of motion when performing MRSA or ELF analysis for design purposes.
2

GROUND MOTION ACCELERATION DEFINITIONS

To properly clarify the process presented in the following paragraphs, in this segment some
definitions [8] of how the ground motion acceleration parameters are usually defined in hazard maps provided by most design codes, are necessary. The following parameters represent
the acceleration values calculated for a pair of records of the horizontal components derived
for a specific earthquake:
x SaRotD100: The maximum acceleration value from all possible orientations of the records
for a specific response period T.
x SaRotD50: The median value from all possible orientations for a specific period T.
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x SaGMRotD100: The maximum value of the geometric mean of the horizontal components
from all possible orientations of the paired records for period T.
x SaGMRotD50: The median value of the geometric mean of the horizontal components from
all possible orientations for period T.
x Saarb: An "arbitrary" horizontal component of the ground motion for a specific period T,
as estimated by rotating the as-recorded components of the ground motion so that one
coincides with a given axis
x SaGM: Geometric Mean of as-recorded horizonal components for period T:
SaGM (T) = √ [Sax(T)×Say(T)]

(2)

The above acceleration definitions are generally referring to acceleration values that are
taking into account the incidence angle of the ground motion, meaning that for example for a
value of SaGMRotDXX the response of the structure is calculated by rotating the ground motion
records in all angles (for example with a suitable step of 2°), and calculating the geometric
mean value of the horizontal components, with the D50 or D100 value being chosen accordingly, in other words the median or maximum value could be adopted. In most codes the
median values are adopted (SaRotD50, SaGMRotD50) taking into account that the principal axes
of most structures, would not align to what the critical incidence angle of the ground motion
would be, something though that as mentioned, is not true for azimuth independent structures.
At this point it should be also clarified that in many cases in design codes the SaRotI50 (periodindependent-rotation-angle measure) is adopted, but according to available literature [9, 10],
the differences are insignificant between the RotDXX or RotIXX definitions.

Figure 1: A perspective image of the 3 dimensional elastic and symmetrical oscillator's model, showing the
common mass, stiffness and period in both horizontal axes.
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Figure 2: Incident angle rotation of horizontal ground motion components.

3

OSCILLATOR MODEL AND DYNAMIC ANALYSIS PARAMETERS

To calculate the acceleration values mentioned above, a three-dimensional elastic and
symmetrical oscillator will be used, having the same dynamic parameters in both its major
directions X and Y. Using all the aforementioned 150 pairs of ground motion records, from
earthquakes of various characteristics, dynamic analysis is performed in each case of record
pairs, rotating the ground motion accelerations with an angle step of 2° through a complete
circle, essentially altering in each case the incidence angle of the ground motion accelerations.
Through this process and by performing those calculations for all possible incidence angles
starting from 0° to 180° (with the previously mentioned 2° step), the accelerations mentioned
in the previous paragraph are easily defined, providing a range of responses that can be used
to convert the GMRotD50 and RotD50 values in the more suitable D100 cases, that as mentioned before are more reasonable for axisymmetric structures. In Figures 3-4 the results for a
specific case of an oscillator with an eigenperiod of T=1.0 sec are presented to put into perspective the process in a more practical way.

Figure 3 : Results for each record pair, with diagrams for Saarb (θ)/SaRotD50 and the mean value for each rotation
angle (arbitrary case).
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Figure 4 : Results for each record pair, with diagrams for SaGM (θ)/SaGMRotD50 and the mean value for each rotation angle (geomean case).

It is very important to mention that to better identify the output of the results, each diagram
for each record was plotted starting from the incidence angle where the maximum acceleration was found. Of course the results were also divided with the equivalent SaRotD50 and SaGMRotD50 values accordingly, for the results, concerning each pair of records, to be comparable
to each other (in the second case where the geometric mean values are examined, after the 90°
angle the diagrams repeat themselves).
4

RESULTS

Using the process mentioned above for a wide spectrum of eigenperiods T(sec) for the oscillator described, and by identifying the mean value for each of the factors, appearing in Figure 5, for every T, taking into account all 150 records, the more condensed diagrams were
created. They of course provide a wider perspective of how the different definitions of ground
motion acceleration relate to one another, examining not only the obvious cases of SaSaRotD100/ SaGMRotD50 and SaRotD100/SaRotD50 and SaGMRotD100/SaGMRotD50, but also cases like
RotD50/SaGMRotD50, in case a conversion of that kind could be useful.
According to the results of this investigation, it is obvious that if the peak horizontal acceleration value of a common structure according to the 100+30% rule, and combining the two
horizontal components with the SRSS rule would be 1.044∙ag. In a case where the hazard
maps proposed are set up using the SaGMRotD50 definition, which is expected to be the case of
Eurocode, an amplification factor of 1.117∙ag should be employed. A value between 1.20–
1.25∙a,g is proper in case of a design spectrum definition based on SaRotD50. Those are significant differences that certainly should not be disregarded when axisymetric structures are examined, as this could lead to non conservative results. At this point a reference of similar
works can verify some of the results above especially in cases of the SaRotD100/SaRotD50 diagrams for example, as similar results have appeared in the literature [9, 11].
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Figure 5 : Aggregated results for various amplification factors for various eigenperiods T.

Figure 6 : Aggregated results for the SaGMRotD100/ SaGMRotD50 conversion factor for various eigenperiods T.
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5

CONCLUSIONS

To conclude, the perspective of this article is to propose specific amplification factors in
cases of azimuth-independent structures. Their symmetry suggests that the seismic accelerations that would affect them would act upon them in maximum effect, as the incidence angle
of the ground motion will affect the structure regardless of the axis X and Y arbitrarily defined in the design process, always subjecting the structure in the peak acceleration produced
by the earthquake. That is why we propose amplification factors for the horizontal acceleration component used in design, of 1.12 in a case of an acceleration definition of SaGMRotD50 in
the hazard maps and an amplification factor of 1.25 for the SaRotD50 case accordingly. Specifically for Eurocode 8 the authors propose the 1.12 case, as an amplification factor for the design spectrum accelerations applied in a single direction to simultaneously account for the
combined effect of both horizontal components in axisymetric structures.
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Abstract
Unanchored containers, e.g. for toxic waste, are required to be checked against overturning
under seismic actions. Usually this is done by calculating static equilibrium, therewith ensuring
stiction and avoiding overturning. When concepting seismic actions as displacement-controlled base excitation with reversals, it becomes obvious that neither the beginning of an overturning motion nor the loss of stiction necessarily causes the structure to fall over. Based on a
simplified rigid body assumption for the unanchored container, analytical methods were used
to describe the states of no-motion, sliding, overturning and restoring of the overturning motion
by reversion of the base displacement in previous work presented by the authors of the current
study. Depending on the aspect ratio and a variation of friction coefficients parameter, confidence boundaries were identified, within which the structure is safe against overturning. In the
present study this analysis is extended by means of numerical simulation. Dynamic finite element analyses are carried out in order to validate and extend the analytical methods of the
previous paper. Successful application of finite element models allows to drop of the rigid body
assumption. Thus, deformations of the container, e.g. shell modes, can be considered in a next
step. This can lead to more precise and less conservative results, as with the analytical methods
dissipation of energy through transformation into deformation energy or damping is neglected.
Keywords: Overturning, Rocking behavior, Toxic waste containers, Slipping, Sticking, Finite
Element Method.
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1

NOMENCALTURE

Symbol
t
ܨி௦ ሺݐሻ, ܨிௗ ሺݐሻ
ߤ௦ , ߤௗ
ܩ
 ்ܯሺݐሻ
݉
ܽሺݐሻ
ܽǡ ܾǡ ܿ
ܯோ 



k
p
C
vsliding
ΔΑ
2

Unit
s
N
N
N⸱m
kg
m/s²
m
N⸱m
m
N⸱s/m
N/m
N
m/s
m

Meaning
time
static and dynamic (Coulomb) friction force
static and dynamic Coulomb friction coefficient
self-weight
tilting moment
mass
acceleration
dimensions of the body
restoring moment
amplitude of the ground motion
damping matrix
stiffness matrix
external load
decay constant with no physical meaning, set equal to 0
relative sliding velocity between the surfaces in contact
relative sliding between ground and base of the prism

INTRODUCTION

In the present study, the overturning stability of unanchored containers is investigated. A
series of numerical investigations is presented, in order to validate and extend an analytical
model previously proposed by the authors [1]. Although the nonlinear dynamics of rocking
(tilting) and sliding oscillators have been described in the past, see [2], [3], [4] and [2], [5], [6],
[7], [8] respectively, to the authors’ knowledge no engineering approach existed for describing
the behavior of rocking and sliding oscillators, till the recent introduction of the above-mentioned analytical model [1]. Therefore, the Lateral Force Method (LFM) suggested by Eurocode
[9] (see also [10]) which leads to overconservative results for this case, had to be applied in
practice until now.
Triggering point for the quasi-static analyses of [1] and the present investigations has been
an industrial consulting project carried out by the second author regarding the tilting stability
of unanchored steel boxes (Figure 1). These boxes are used for fire-proof storage of mercury
and they are single-placed on the ground (e.g. on concrete surface) or stacked upon each other,
up to three. Proof of the stacks’ bearing capacity against earthquake and wind loads is required
for receiving a General Type Approval by the German authorities [11]. Since the beginning of
this consulting project, the over-conservatism of the LFM for the current case became apparent;
loss of stiction or tilting had to be considered as loss of bearing capacity, while in reality these
events can respectively lead to sliding, some bumping or even both. Therefore, the authors
proposed an enhanced quasi-static solution in [1], based on the mechanical model of Figure 2,
which still does not fully describe the physical reality i.e. the full dynamic response of the system, but nevertheless enabled a less conservative investigation of the problem. This was
achieved by introducing four different modes for the oscillating system ground – stacked boxes,
which are considered to behave as a rigid bodyi:
x The quasi-static or sticking mode with the limit conditions that the base shear does not
exceed static friction (Eq. 1) and the tilting moment does not exceed the restoring moment
from self-weight (Eq. 2). In this mode the stacked boxes stick to the ground and follow its
displacement without any uplift or relative displacement between their base and the ground.
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௦
ܨி௦ ሺݐሻ ൌ ݉ ή ܽሺݐሻ   ܨிǡ
ൌ  ܩή ߤ௦ ,
 ்ܯሺݐሻ ൌ ݉ ή ܽሺݐሻ ή ܿൗʹ    ܯோ ൌ െ ܩή ܽൗʹ.

x

(1)
(2)

The slipping mode, during which the stacked boxes slip on the oscillating ground surface
due to loss of stiction. Therefore, there is relative displacement between the stack and the
ground. For triggering this mode the base shear must exceed dynamic friction (Eq. 3),
ௗ
ǡ
ܨிௗ ሺݐሻ ൌ ݉ ή ܽሺݐሻ    ܩή ߤௗ  ൌ  ܨிǡ

(3)

while the tilting moment should not exceed the restoring moment from self-weight so that
no uplift takes place (Eq. 2 still stands).When the system is in this mode, the accelerating
base shear force is reduced during slipping compared to the stiction mode. Thus, the body
is less accelerated, leading to a smaller rotation φ if it simultaneously tilts. Therefore, for
same given displacement amplitude A, the motion of the body becomes less critical.
x

The rocking mode, during which uplift of a stack’s bottom corner occurs. The limit condition of the base shear not exceeding friction remains unchanged (equation 1 stands) but the
tilting moment should exceed the restoring moment from self-weight. As in this mode φ ≠
0, the two moments are estimated as follows,




 ்ܯሺݐሻ ൌ ݉ ή ܽሺݐሻ ή ଶήୱ୧୬ ఈ ሺ߮  ߙሻ  ܯோ ൌ െ ܩή ଶήୡ୭ୱ ఈ ሺ߮  ߙሻ.

(4)

It is worth mentioning at this point that slipping, taking place simultaneous to rocking, during this mode cannot be excluded. Due to the uplift, slipping does not any longer refer to
two surfaces sliding relative to each other. The Coulomb model theoretically would still
stand, as it refers to acting forces and it can therefore, describe both the surface-on-surface
and the edge-on-surface friction. Questions arise though, regarding its universal application
due to its phenomenological nature. More complex analytical description of the limit conditions for the simultaneous initiation of slipping exceed the scope of the present study.
Nonetheless, it is becoming evident from the above-presented argumentation regarding the
reduced accelerating base shear during sliding, that neglecting of simultaneous sliding during rocking yields safe results.

Figure 1: Outer steel box of a double wall mercury container [11]
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x

Finally, overturning of the system takes place if rocking mode is initiated and the amplitude
of the ground motion exceeds the half-length of the stack (we define as length the dimension
of the specimen parallel to the ground motion) A > a/2. In a different case (A < a/2), the
overturning mode is not initiated and the previous rocking mode continues. In reality, this
would lead to bumping due to consecutive ground motion reversals and loss of bearing
capacity would be avoided.
It is becoming apparent from the above that the quasi-static model presented by the authors
in [1] indeed describes more precisely the physical reality than the LFM, as loss of stiction
leading to slipping or rocking without overturning is introduced and is not considered necessarily as loss of bearing capacity. Nonetheless, as the limit conditions of each mode are different
from the rest due to changing conditions of friction and moment, the boundaries between the
modes are not that discrete. Moreover, it is becoming evident that in reality two of the abovementioned modes could as well coexist and the dynamic nature of the ground motion could
further improve or deteriorate the rocking behavior, an effect that cannot be described by the
quasi-static model considering a base shear. In order to enable a better understanding of the
involved phenomena, introduce a first step for a future parametric analysis of the problem and
extend the currently proposed model a series of full dynamic numerical analyses using the FEM
is carried out in the present study.

Figure 2: Mechanical model (front view); tilting/sliding body on a rigid surface [1]

3

NUMERICAL INVESTIGATIONS

3.1 The finite element model
For the present analyses, a straightforward finite element model was developed with the
ground being modelled as a „belt” of solid elements with thickness of 0.01 m and rigid material
behavior. When a stack of more than one boxes was modelled, they were considered rigidly
connected to each other as in [1] and they were therefore modelled as a single prismatic solid.
A virtual density of 2.066 kg/m3 was assumed for the boxes considering the steel box structure
and the stored material as a homogenous mass based on the suggestion of [1]. Assumption of a
rigid body for the prism simulating the single box or the stack of boxes, hereinafter called
simply prism, would still stand as for the analytical model. Nonetheless, due to numerical restrictions it was modelled as an elastic body with the mechanical properties of structural steel,
which anyway stands closer to physical reality.
The FE Software ANSYS [12] was applied for creating the finite element model, while the
explicit dynamic solver LS-Dyna [13] was used for its solution. Based on a convergence study,
solid “brick” elements with uniform dimension of 0.05 m were applied (0.01 m in the height
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direction for the elements modelling the ground). Linear dynamic analyses were carried out (Eq.
5),
࢛ሷ   ࢉ࢛ሶ  ࢛ ൌ ሺ࢚ሻǡ

(5)

while the Coulomb friction model (Eq. 6) was applied for simulating the contact between the
bottom surface of the prism and the upper surface of the ground,
ܨி  ൌ ߤ ή ܩǤ

(6)

LS-Dyna estimates the friction coefficient μ by interpolating between the values of the static
and dynamic friction coefficient based on the following equation (Eq. 7),
ߤ ൌ  ߤௗ    ሺߤ௦  െ  ߤௗ ሻ ή  ݁ ିห௩ೞ ห Ǥ

(7)

As for the present study C was set equal to zero, ߤ ൌ  ߤ௦ .

Figure 3: The FE model

3.2 Investigated cases
Using the above described FE model, a series of numerical analyses was investigated in
order to examine the influence of different input parameters to the rocking behavior of the prism.
An overview of the investigated datasets is presented in Table 1, along with the resulting rocking behavior of the prism in each invested case. The geometry of the prism is differentiated,
with the height gradually increasing from 1 m to 2 and 3 times respectively the length dimension
of a single storage box (1.1 m x 1.1 m x 1 m), for which a fundamental period of 1.98 s is
analytically calculated in [1]. For validating this result, prior to the rest of the numerical investigations a simulation was carried out, where the prism was uplifted from the ground around its
corner and was left to bounce back to the ground with only gravitational forces acting on it. In
all cases, the initial horizontal position of the prism’s mass center coincided with the center of
the modelled ground “belt” and the gravitational force was pointing the negative direction of
the z axis (Figure 3). Degrees of freedom outside the XZ plane were restrained, as in different
case irregular bumping and unexpected displacement out of this plane occurred. This was
against initial expectations, as all applied loads were on the XZ plane and although the result is
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closer to physical reality (for instance irregularities of real structures and ground can cause out
of plane drift) in this case it was attributed to numerical effects and therefore, the additional
restraints were imposed.
The seismic action was modelled in all cases as an ideal sinusoidal excitation of 5 periods in
the length direction (x direction in Figure 3, the vertical component is neglected). Different
values for seismic excitation were tested, with a peak ground acceleration of 1.6 m/s2 applied
for all analyses, but with various values for the seismic period/frequency: initially, seismic period equal to the fundamental rocking period of the prism was considered and then it was respectively increased and decreased by 10 %. Moreover, as one of the limit conditions, which
describe the physical reality, is the relationship between friction and base shear choosing a realistic value for the friction coefficient is crucial for the current problem. Nonetheless, previous
experience shows that selection of appropriate values is challenging [14]. Selection of the appropriate friction coefficient μ depends on the materials in contact, their roughness, their condition (dry or wet) etc. As a universal value cannot be proposed, two different values for the
static friction coefficient 0.4 and 0.57 were tested in the current study, with the former one
having been applied in [1] and the second one proposed in [15], for steel surfaces sliding on
concrete. The dynamic coefficient in both cases was considered to be 50 % of the static one
(see relevant discussion in [1]).

A1
A2
A3
A4

1.1/1.1/1
1.1/1.1/1
1.1/1.1/1
1.1/1.1/1

Seismic
period
[s]
1.98
2.18
1.78
1.98

A5

1.1/1.1/1

2.18

0.57/0.29

A6

1.1/1.1/1

1.78

0.57/0.29

B1
C1
C2

1.1/1.1/2.2
1.1/1.1/3.3
1.1/1.1/3.3

2.50
3.10
1.55

0.57/0.29
0.57/0.29
0.57/0.29

Geometry
Case
a/b/c [m]

Friction
coefficients
[-]
0.40/0.20
0.40/0.20
0.40/0.20
0.57/0.29

Activated mode of
rocking behavior

maxA
[mm]

maxΔΑ
[mm]

sliding - sticking
sliding - sticking
sliding - sticking
sliding - sticking
tilting & bumping sticking
tilting & bumping sticking
tilting - sticking
tilting - sticking
tilting - overturning

± 158
± 193
± 128
± 159
± 192

31
37
25
14
20

± 128

13

± 257
± 386
± 399

24
22
71*

Table 1: Investigated datasets
*at initiation of overturning

4

RESULTS AND DISCUSSION

4.1 Presented results
For the shake of clarity, only selected results of the above-presented investigations are presented, as some models produced similar results with each other. At first the results of the fundamental period test and the models A2 and A5 regarding the case of a single box are presented.
In the former case, the vertical displacement of the prism’s upper left corner over time (Figure
5) along with contours of vertical displacement are presented. Tappauf and Taras [16], [17]
found quite similar results when they investigated the partial uplift of big tanks. In that case
though, a time offset between the bumps was documented due to the sloshing wave along the
tanks diameter. For the models A2 and A5, both diagrams of horizontal displacement of the
ground and the prism’s bottom and top (right corner node for both, Figure 6, 7) and contours of
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horizontal displacements at arbitrary but representative times of the simulation (Figure 8, 9) are
presented. Later on, C1 and C2 referring to the case, where the height of the prism is three times
its length and exhibiting respectively the modes of tilting and overturning are discussed. The
results are presented in an analogous way as of those for the models A2 and A5, see Figure 10
– 13.
4.2 Validation of analytically calculated fundamental period
The contours of vertical displacement at three different moments of the simulation, at time
0 s, 0.192 s and 0.360 s, are given in Figure 4. The results of the vertical displacement of the
upper left corner over time are provided in Figure 5. During the simulation and after the first
contact of the bottom left corner with the ground, the prism entered an irregular bumping sequence, which becomes obvious from the great number of hills and valleys in the diagram of
Figure 5, including horizontal displacements as well (x axis). As a result, for the estimation of
the fundamental rocking history, only the results up to this moment of first contact are considered. The time, until the initiation of this contact i.e. at 0.384 s constitutes a quarter-period,
therefore a fundamental period of 1.536 s is estimated. A significant deviation of 20% with the
analytically estimated fundamental period (Tanalytical = 1.98 s is given in [1], Eq. 19, Tnum / Tanalytical = 80%) is met.
4.3 Models A1 – A6
For all the investigations with the prism geometry corresponding to the case of a single box,
and despite any change in seismic action no overturning was documented. When the lower
values of friction were considered (0.4-0.2 for models A1-A3) slight sliding during initiation
of the seismic excitation was observed and the prism stuck to the ground for the rest of the
reversals. It has to be highlighted, that after the end of the seismic action the prism slided back
to its initial position. The diagram of the horizontal displacements over time presented in Figure
6 and the horizontal displacement contours from the first period of the seismic excitation presented in Figure 8 from the model A2, for which the most severe sliding of approximately 36
mm was observed, validate the above observations.
Nonetheless, when the friction coefficients were increased and for the models A5 and A6
with the lowest and highest seismic periods (A4 exhibited similar behavior with the previous),
the prism during the initiation of the seismic action instead of sliding tilted with a slight uplift
of the bottom corner on the side of displacement’s direction being documented. At the same
time the stiction between the left bottom corner and the ground led to a hopping of the prism
towards the ground displacement direction, which introduced relative displacement between
the ground and the prism. This could be mistakenly attributed to some sort of simultaneous
sliding. Observing the diagram of horizontal displacements for the model A5 though, presented
in Figure 7, it can be seen that in contrast to the case of A2 the prism exhibits higher horizontal
displacement than the ground already from the first quarter of the first loading period. This is
physically impossible to be caused by sliding. After the first hopping another uplift of lower
magnitude is initiated, after the end of which the prism sticks to the ground for the rest of the
excitation. The contours of Figure 9 offer a clearer overview of the above-described phenomenon. Once again after the end of the excitation, reversed uplift and hopping restores the prism
to its original position.
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Figure 4: Checking the rocking fundamental period of the prism with dimensions 1.1 m x 1.1 m x 1 m –
Contours of vertical displacement, given at mm, at time 0 s, 0.192 s and 0.360 s
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Figure 5: Vertical displacement of the upper left corner over time
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Figure 6: Horizontal displacement of the ground and the top and bottom surfaces of the prism for model A2
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Figure 7: Horizontal displacement of the ground and the top and bottom surfaces of the prism for model A5

5150

Stefanos Gkatzogiannis, Peter Knoedel and Thomas Ummenhofer

This effect of sliding back and forth at the beginning and at the end of the seismic motion is
attributed to the simplified modelling of the ground motion. At the beginning and at the end of
the loading, sinusoidal displacement is respectively abruptly initiated and changed back to nomotion. With a steady state harmonic oscillation, maximum speed is given at zero-crossing.
Thus, in the present way of modelling the displacement, a very high acceleration is imposed
onto the prism at these singular points. This in turn activates a very high impulse of inertia
forces, which cause a short phase of sliding. This effect is a shortcoming when driving the
model by displacements instead of prescribed accelerations. However, in previous work of the
authors (e.g. [18], [19]) it was shown, that displacement drives make nonlinear systems with
plasticity easier to handle. Note, that the simulations given in [14] are different: there, the displacements of the hammering pin are a priory unknown, and cannot be used to drive the system
(see discussion in [14] chap. 5.1). In future simulations, a ramp-up as smooth transition between
the states of motion and no-motion could be introduced.
4.4 Models B2, C1, C2
The increase of height in the model B2 being twice the length and width of the specimen led
to qualitatively similar results to the models A5 and A6 with more severe tilting at the initiation
of the excitation though, followed once again by a continuous stiction mode till the end of the
excitation. Nonetheless, further increase of height in the model C1 led to significant tilting,
taking place for more than the first 3 periods of seismic excitation as it is becoming obvious
this time by both the horizontal displacement diagrams of Figure 9 and the horizontal displacement contours of Figure 12, but still without leading to overturning. As it can be seen in Figure
11 and Figure 13 though, this was the case for the analysis of model C2, for which the seismic
frequency was doubled. Tilting initiated at the beginning of the seismic excitation caused uplift
at first to the right side of the prism (direction of the seismic excitation at first quarter of the
period), which was reversed after the reversal of the seismic displacement during the second
quarter of the seismic period, which initiated at 0.389 s. This almost caused the overturning of
the prism, which was nevertheless stalled due to the second reversal of the ground displacement.
The prism remained at its uplifted position for the third quarter of the seismic period (0.778 s –
1.167 s) and finally after the third reversal and initiation of the fourth quarter of the 1st seismic
period overturning was completed leading to loss of the bearing capacity. Once again, the prism
carried out several consecutive hops, when in rocking position, during the second and third
quarters.

5151

Stefanos Gkatzogiannis, Peter Knoedel and Thomas Ummenhofer

Figure 8: Horizontal displacement contours at arbitrary moments of the 1 st period of the seismic loading for the
model A2 – the broken and the dashed broken line show respectively the initial horizontal position of the ground
belt’s left edge and the prism’s mass center
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Figure 9: Horizontal displacement contours taken at arbitrary moments of the 1 st period of the seismic loading
for the model A5 - the broken and the dashed broken line show respectively the initial horizontal position of the
ground belt’s left edge and the prism’s mass center

5

SUMMARY AND CONCLUSIONS

A series of numerical analyses was carried out in order to investigate the rocking behavior of a
single or several steel boxes stacked upon each other, used for safe deposition of chemicals.
Goal of the investigations was to test assumptions stated during the introduction of an analytical
model in a previous study [1], prove the conservatism of this analytical model and act as a firststep towards the development of a numerical model, which will enable a parametric analysis of
the investigated problem. The following conclusions were drawn:
x The numerically estimated rocking fundamental period of the investigated prism deviates
significantly from the analytically calculated (~ 20 %). Further investigations are recommended in order to clarify the reasons for this discrepancy.
x The over-conservatism of the approach of the LFM is proven: It is shown that in many cases
the loss of stiction does not lead to loss of bearing capacity.
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Figure 10: Horizontal displacement of the ground and the top and bottom surfaces of the prism for model C1
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Figure 11: Horizontal displacement of the ground and the top and bottom surfaces of the prism for model C2
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It is shown that the analytical model proposed by the authors is as well conservative, although less than the LMF method. For instance overturning of a structure, although initiated
can be stalled due to the ground motion, an effect which cannot be described by the quasistatic model.
The assumption stated above that different modes (sliding and sticking) can both be met
during a seismic excitation is proven. This as well cannot be described by the quasi-static
analytical model.
The above-stated assumption that appropriate selection of friction coefficients is crucial is
validated: for identical conditions increase of the static and dynamic friction coefficient
from 0.4 to 0.57 and from 0.2 to 0.29 led to change of the rocking behaviour.
Hopping due to bumping of the prism due to initial tilting of its front corner and action of
horizontal stiction forces on its back corner, produces relative displacement between the
prism and the ground. This as well cannot be described the quasi-static analytical model
introduced by the authors.
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Figure 12: Horizontal displacement contours taken at arbitrary moments of the 1st period of the seismic loading
for the model C1 – the broken and the dashed broken line show respectively the initial horizontal position of the
ground belt’s left edge and the prism’s mass center
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Figure 13: Horizontal displacement contours from the model C2 taken at arbitrary moments –
the broken and the dashed broken line show respectively the initial horizontal position of the ground belt’s left
edge and the prism’s mass center
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In general, numerical investigations of the current problem show great potential for better
understanding of the investigated systems behavior and for achieving less conservative results.
A parametrization of the present model in future work in combination with variated and even
real seismic excitation, could enable the estimation of the precise limits of transition from one
mode of rocking behavior to another. It could be as well interesting to introduce a vertical seismic component, which assumingly could lead more easily to loss of stiction. Finally more detailed modelling of the structures geometry and physical properties could contribute to more
accurate solutions.
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for stacked boxes this implies, that either gapping between the boxes is counterbalanced by the selfweight or the boxes are bolted; the stack remains rigid, “whipping” is excluded.

5158

COMPDYN 2021
8th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Streamed from Athens, Greece, 230 June 2021

GREEN BANK RADIO TELESCOPE: WIND INDUCED EFFECTS ON
FEED-ARM
Gian Felice Giaccu 1, Luca Gallisai 2, Steven White 3, Richard Prestage 4,
Luca Caracoglia 5
1

Department of Architecture, Design and Urban Planning, University of Sassari,
Alghero, Italy
e-mail: gf.giaccu@uniss.it
2
Department of Architecture, Design and Urban Planning, University of Cagliari,
Cagliari, Italy
3
Green Bank Observatory, National Radio Astronomy Observatory,
Green Bank, WV, USA
4
 ǡǡ
ǡǡ
5
Department of Civil and Environmental Engineering, Northeastern Univ.,
Boston, MA, USA

Abstract
Radio Telescopes have been widely used in deep-space exploration and satellite communications. High pointing accuracy is required to be high in these applications, since the beams involved in these measurements are narrow. However, pointing precision can be influenced by
wind load effects, which represent a disturbance source for the support structures of the telescope, especially in the high-frequency range. This paper analyzes the wind load effects on
the feed arm of the Green Bank Radio Telescope (GBO) for two different wind directions as a
function of the wind speed. A Finite Element (FE) Model of the GBO has been assembled to
evaluate the dynamic response of the structure against turbulent wind disturbances. The FE
model has been updated according to results derived from previously developed models. The
paper focuses the attention on the wind induced displacements of the feed arm, which is, for
the examined structure, the main source of wind disturbances. The study shows that wind disturbances can deeply affect the pointing accuracy of GBO even at low wind speeds. Namely,
for reference mean wind speed of 4 m/s the total along-wind lateral displacements of the feed
arm can reach the maximum threshold associated with an acceptable Pointing Error (PE).
Furthermore, dis-placements are larger for winds acting in the cross-elevation direction and
can deeply affect pointing accuracy of the antenna measurements.
Keywords: Radio Telescopes, Large reflector antennas, Wind Turbulence, Wind induced
Disturbances.
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1

INTRODUCTION

The Green Bank Radio Telescope is a large reflector antenna located in West Virginia,
United States; it is a fully steerable, 100m diameter paraboloidal radio telescope capable of
operating with high efficiency in a wide frequency range: from 0.1 to 116 GHz (wavelengths 3.0m – 2.6mm). The telescope is located near the heart of the United States National Radio Quiet Zone, a unique area in North America, close to the city of Green Bank, West
Virginia, where authorities restrict all radio broadcasts to avoid emissions interfering with the
GBT itself. The position of the telescope inside the zone of radio silence allows the detection
of radio frequency signals, avoiding the interference of other weak signals emitted by other
sources or human activities. The observatory is bordered by the National Forest and the Allegheny mountains, which shield it from further radio interference. As for the large antennas,
which usually operate in open space without any protection from atmospheric loads, variable
wind load effects can influence the accuracy of the pointing; in fact, the wind interference becomes one of the causes of PE that can induce structural resonance at low natural frequencies
(close to 1Hz).

Figure 1. Picture of Green Bank Radio Telescope (reproduced from www.skyandtelescope.com)

Pointing accuracy of large reflector antennas is influenced by few factors: deformation of
the main reflector, lateral movement of the Feed-Arm, lateral displacement of the subreflector, rotation of the sub-reflector around the point of focus. Several types of orientation
errors may be observed in large telescopes, requiring complex adjustment mechanisms to
minimize the undesirable effects. These conditions can be, either integrally or in part, a consequence of the wind loads.
Pointing errors due to wind excitation have been often observed but rarely examined in the
literature since the problem is particular to each structure (and telescope). For example, the
first documented case of significant wind load effects on PE was documented by Ulich [1].
The current state-of-the-practice and analysis approach considers the combination of wind
tunnel tests and computational fluid dynamics to simulate the wind loads [2-4]. Since each

5160

Gian Felice Giaccu, Luca Gallisai, Steven White, Richard Prestage and Luca Caracoglia

structure is unique and effects are on occasion not fully predicted by simulations (i.e. during
design), measurements of the flow field and wind loads around full-scale telescopes have also
been considered [5]. In the case of flexible telescopes the issue of large deformation in the
antenna may also affect the structural response [6]. Despite all these efforts, several problems
are still unresolved and require careful consideration.
In this work the focus has been given to the lateral displacement of the sub-reflector, located at the top of the feed-arm, since it can be considered the largest source of wind induced PE
in GBO. This work is part of ongoing research activity, which analyzes the wind-induced PE
on large radio telescopes.
2
2.1

DESCRIPTION OF FINITE ELEMENT MODEL AND WIND LOAD SIMULATION
Finite Element (FE) model of GBO

For the purpose of studying wind effects on GBO, an FE model has been built, using in
Strand7 software package. The model consists of a total of 5702 nodes, 6133 beam elements,
2477 plate elements, 968 brick elements (Figure 2). Despite the geometric complexity of the
model, the computational aspects do not require special efforts. Various models aimed to
evaluate several load conditions, such as temperature gradient or gravitational effects, were
previously built for similar structures [7].
The proposed analysis methodology is based on the application of wind loads on the structure through the FE model, after suitable discretization of the feed-arm in different sectors,
each having different pressure distributions [8]. The discretization is schematically illustrated
in Figures 2b, 2c. This approach aims to assess the wind load effects on the structure in terms
of local displacements of the sub reflector, located at the top of the feed arm and the pointing
error (PE), which represents the angle of rotation of the antenna compared to the nondeformed configuration [9-11].

(a)

(b)

(c)

Figure 2. (a) Finite element model of the Green Bank Radio Telescope, Schematic representation of the grid utilized for simulating wind forces on feed-arm, (b) elevation direction, (c) cross-elevation direction.

2.2

Application of the wind forces on the model of GBO

Wind load simulation has been studied on the GBO through spatial discretization of the
wind field using a 15×15 (6m×5m) idealized grid in front of the telescope. At each node of
the grid partially-correlated wind turbulence time histories of the along-wind field (primary)
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load component are synthetically generated by standard wave superposition method [12]. The
turbulent wind load, generated by assuming validity of the quasi-steady aerodynamic theory,
which can be used to study a variety of structures (e.g. [13, 14]), has been imposed to simulate
pressures and equivalent forces (based on tributary areas). The pressure coefficients of the
telescope surface have been extracted and adapted from the results by Liu Yan [8]. The synthetically generated time histories of the loads have a duration equal to 60s, with a time step
Δt = 0.01s. The loads have been evaluated for both “elevation” and “cross-elevation” mean
wind directions, as shown in Figure 3.

Figure 3. Schematic representation of main, incident wind directions.

2.3

Linear dynamic integration approach

A linear, (step-by-step) dynamic integration approach has been applied for examining the
wind load effects, described in the previous sections and acting on the feed arm, for the two
examined mean wind directions (Figure 3). The Results of the dynamic integration approach
of wind load simulation are illustrated in Figure 4 for a reference mean wind speed of 4 m/s at
a reference elevation from ground zref=10 m.
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Figure 4. Time history of turbulent along-wind dynamic displacements of the top node of feed-arm, for wind
acting in (a) elevation direction and (b) cross- elevation direction, at a reference ground speed of 4m/s.

Figure 4a presents typical along-wind displacements of the feed-arm top node for mean
wind acting in the elevation direction; Figure 4b shows an example of along-wind displacements for mean wind acting in the cross-elevation direction.
3

CONCLUSIONS

This study discusses the turbulent wind effects on the GBO for two different wind directions: elevation and cross-elevation direction. Along-wind induced displacements of the feedarm were examined for different ground wind speeds. Results shows that, even for low
ground wind speed such as 4m/s, displacements of the-feed arm can approach the maximum
threshold for pointing PE. In particular, displacements are greater for the wind acting in crosselevation direction. Future studies will examine the validity of the quasi-steady aerodynamic
theory for the estimation of wind loads, the relevance of transverse loads due to wake excitation along with potential flow-structure interaction.
4
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Abstract
Column base plate connection is one of the most critical structural components of steel momentresisting frames which acts as a transfer medium to transmit the reaction forces, shear and
moments from the entire building into the foundation. Failure of these base plate connections
is critical since it can result in the collapse of the entire structure. Very often these base plates
experience bidirectional lateral loadings from natural events such as wind and earthquake.
Previous studies considered uniaxial lateral loading combined with axial load but do not
provide any guidelines for exposed column base plate connections under axial load and biaxial
lateral loading. This study aims to develop an accurate nonlinear finite element (FE) model of
exposed column-base connections under combined axial load and bi-axial lateral loading using
general purpose finite element software ABAQUS. The developed model is validated against
experimental results under monotonic and cyclic loading considering both geometric and
material nonlinearities to check the accuracy of the model. After validation, a bidirectional
symmetric lateral loading combined with constant axial compressive load is applied in the
developed model to analyze the response of the column-base plate connections. Further, the
effects of three different parameters of column base plate connection such as base plate
thickness, base plate yield strength, and anchor rod diameter are investigated through
parametric study. Results show that higher value of base plate thickness and anchor rod
diameter significantly affect both the stiffness and strength of column base connections. It also
demonstrates that base plate yield strength has no significant influence on column base
connections.
Keywords: Column Base Plate Connection, Bidirectional Lateral Loading, Finite Element
Modeling, Parametric Study.
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1

INTRODUCTION

In steel moment-resisting frames, column base plate (CBP) connection is one of the most
critical structural components that transfer the forces and moments from the superstructure to
the substructure. Under dynamic loadings, such as earthquake and wind, the dynamic effects
are transferred to the structure through the base plate of this connection. Failure of the CBP
connection can result in the collapse of the entire frame as the ductility demand and force
distribution in the structure is directly affected [1]. Tremblay et al. [2] and Midorikawa et al.
[3] outlined several issues with the exposed type CBP connections experienced during the past
major seismic events (e.g. 2011 Tohuku, 1995 Kobe, 1994 Northridge). Exposed column base
connections are mostly found in low-rise steel structures around the world. Over the past forty
years, researchers have extensively investigated various parameters, both experimentally and
numerically, affecting the design, behavior, and strength of CBP connections [4-7]. These
research outcomes led to the publication of the AISC Design Guide 1 [8] for column base plate
design, which is still widely used in the industry. Fahmy et al. [9] examined the base connection
failure mechanisms and categorized them into three main groups as "weak column-strong
connection", "balanced mechanism", and "strong column-weak connection". All of these
previous studies and design guidelines focused on the base plate design under axial load and
uniaxial bending moment although the base plates very often can experience bidirectional
bending moment from lateral loads. Though the columns are designed and checked considering
axial load and biaxial bending, when it comes to the base plate connection, only the axial load
combined with major axis bending is considered.
Lee et al. [10, 11] experimentally and numerically investigated the response of CBP
connections under weak axis moments. They concluded that the widely used Drake and Elkin’s
design method is inadequate for designing CBP connections under minor axis bending. Gomez
et al. [12] formulated a new technique for characterizing the strength of the CBP connections
by introducing a plastic mechanism through extensive experimental study. This study was
further expanded by Kanvinde et al. [13] through finite element (FE) analysis to investigate the
stress distribution in different components of CBP connections. Although very effective, both
of them concluded that the recommended method is not applicable for designing CBP
connections under biaxial bending. Fasaee et al. [14] conducted a numerical investigation to
evaluate the capacity of flexible CBP connections under axial load and biaxial bending. They
proposed an analytical model to determine the moment capacity along the major and minor axis
considering the variation of applied axial load only. Recently, Song et al. [15] performed a
reliability analysis of CBP connections under combined axial compression and flexure. They
identified AISC Design Guide 1 [8] approach to be inconsistent which underestimated the
flexural demand in the base plate and inapplicable for CBP connections under biaxial bending.
Although they proposed two alternative design approaches for overcoming these limitations
and improving the reliability, however, those are only applicable under uniaxial bending.
Currently, there exists a gap in the literature that comprehensively investigates the behavior
of exposed CBP connections subjected to combined axial load and biaxial bending. Hence, this
study aims to investigate the behavior of the W-shaped steel CBP connection under combined
axial load and biaxial bending through parametric numerical analysis. This is achieved through
the pursuit of considering different values for three parameters of CBP connections such as base
plate thickness, base plate yield strength, and anchor rod diameter.
2

FINITE ELEMENT MODELING – METHODOLOGY AND VALIDATION

A detailed 3D nonlinear finite element (FE) model is developed using ABAQUS [16]
simulation platform. FE model constructed for validation in this study considered the geometric
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and material properties of CBP connections experimented by Gomez et al. [12]. The FE model
is developed and validated in two phases where the model is constructed as a half model first
due to the symmetric nature of the specimen under monotonic loading to reduce the simulation
time for interpreting a suitable modeling strategy. Later, a full FE model is developed instead
of the half-model to simulate the accurate behavior under combined axial load and lateral cyclic
loading. A description of the overall methodology to develop the FE model followed by the
validation of the developed models is presented in the subsequent sections.
2.1 Methodology
All the elements are modelled as 3D deformable solid elements except the column in the full
model which is defined as shell elements for validating the complex cyclic simulation with the
consideration of global and local buckling behavior [17]. The column is considered as a
W200x71 section which reflects the typical members that are used as the first-story interior
columns of steel moment resisting frames (SMRF). The length of the column is considered as
2350 mm from the top of the base plate. The cross-sectional dimension of the grout is
considered the same as the base plate dimension (356mm x 356mm). A 1220x1220x610 mm
concrete footing is considered for the foundation of the CBP connection. Figure 1 shows details
of the geometry and dimensions of the specimens used to validate the FE model.

Figure 1: (a) Geometric details (b) Developed FE model

All the 3D solid elements of the developed model are meshed with hexahedral (C3D8R)
element whereas the shell element of the column is meshed with quadratic 4-node doubly
curved (S4R) shell elements accumulating a total number of 82000 elements. Geometric
nonlinearity (NLGEOM) is considered due to the nonlinear effects of large displacement.
Column is meshed by dividing its length into three equal parts for computational efficiency.
The bottom part is meshed using the same element size as the base plate to neglect the
convergence issue while the other parts are meshed using a coarser mesh size. Grout is also
meshed by a size similar to the column bottom part and base plate. Anchor rods, nuts and washer
are meshed using finer element size to accurately capture the stress behavior of these elements.
Since the behavior of footing is not considered in this study, larger mesh size is considered for
the footing. A mesh sensitivity study is conducted to accurately predict the results as well as to
ensure the computational time efficiency of the developed FE models. For brevity, the details
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of the mesh sensitivity study are omitted from this paper. It is very usual for steel structural
elements to contain geometric imperfections as well as residual stresses due to the
manufacturing and handling process. Geometric imperfection is introduced to capture the
global out-of-straightness imperfections of the column. Separate linear perturbation buckling
analysis is performed to obtain different buckling modes of the respective column. A global
out-of-straightness limit equal to L/1500 [17] is applied with the first buckling mode of the
column during the construction of the full model under cyclic loading.
Explicit modeling of component interaction is critical as the contact and gapping of CBP
connection components control the overall connection response [13]. Tie constraints are
provided between the column and base plate, anchor rods, nuts, and washers, and between the
grout and concrete because of their monolithic properties. Surface to surface contact
interactions are defined between the interfaces of the base plate and grout, base plate and both
the top and bottom washer, and anchor rod-base plate with the finite sliding formulation. Two
different interaction properties are defined for these surface to surface interactions. A
coefficient of friction of 0.45 is used for the base plate and grout whereas 0.80 is used for the
other two interactions [18]. The pressure overclosure for normal behavior is considered as hard
contact and separation after contact is allowed whereas the constraint enforcement method is
set as default for both the interaction properties. No constraints or interactions are defined
between the concrete footing and the anchor rods assuming their interfaces to be free as
prescribed by Gomez et al. [12]. Figure 2 illustrates a schematic description of contact and
interactions between different components of CBP connection.

Figure 2: Contact and interactions of different components of CBP connection

The bottom of the concrete footing is restrained in all six degrees of freedom to simulate a
fixed-base condition. When the FE model is constructed as a half model under monotonic
loading, a symmetric boundary condition is provided parallel to the center plane of the column
web to simulate its full-scale behavior. On the other hand, to accurately capture the flexural
yielding and geometric instabilities under cyclic loading with full model, a flexible boundary
condition is considered at a reference point defined at the cross-section center of the top of the
column.
2.2 Material modeling
Steel Elements: Von-Mises type of material with a nonlinear isotropic/kinematic hardening
material model is used to define the column and base plate. In addition to the modulus of
elasticity and yield stress, the nonlinear kinematic and isotropic hardening components (C, ¤,
QĞ, b) are considered for cyclic loading which are derived from the Chaboche [19] model. A
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nonlinear monotonic isotropic hardening is modeled for anchor rod whereas nut and washer are
modeled as elastic-perfectly plastic material. The hardening parameters used for these parts are
from the results of the ancillary experiments conducted by Gomez et al. [12]. Table 1 and 2
provides the values used to define different steel materials for validation of developed FE model
for monotonic and cyclic loadings, respectively.
Yield Stress
(MPa)
Column
Base Plate
Anchor Rod
Nut & Washer

345
280
786
345

Modulus of
Elasticity
(GPa)
200
200
200
200

Poisson’s
ratio

Material type

0.3
0.3
0.3
0.3

nonlinear isotropic hardening
nonlinear isotropic hardening
nonlinear isotropic hardening
elastic perfectly plastic

Table 1: Steel material for monotonic loading

Column
Base Plate
Anchor Rod
Nut & Washer

Yield
Stress
(MPa)
380
255
790
345

Modulus of
Elasticity (GPa)
200
216
200
200

Poisson’
s
ratio
0.3
0.3
0.3
0.3

C
(MPa)

γ

Q∞
(MPa)

b

3378
20
90
12
6895
25
172
2
nonlinear isotropic hardening
elastic perfectly plastic

Table 2: Steel material for cyclic loading

Concrete Elements: Concrete damage plasticity model is developed based on compressive
strength for both grout and concrete pedestal. The compressive strengths used for developing
concrete damage plasticity model are adopted from the ancillary test results by Gomez et al.
[12] for both footing & grout. For monotonic loading phase, the compressive strength of grout
and footing is considered as 51 and 27 MPa, respectively. Similarly, the compressive strength
of grout and footing is considered as 64 and 30 MPa, respectively for the cyclic loading case.
Default values were used for the other parameters to define the concrete damage plasticity
model as provided in Table 3.
Parameters
Dilation angle (ψ)
Eccentricity (e)
fbo/fco
ܭ
Viscosity parameter

Value
0

36
0.1
1.16
0.6667
0.001

Table 3: Concrete damage plasticity parameters

2.3 Loading protocol
At first, monotonic loading in the form of lateral displacement (10.58% column drift) is
applied along the major axis direction with no axial load. After validating under monotonic
load, SAC cyclic loading protocol with a maximum drift of 10.6% is applied in the column
major axis direction with a constant 410 KN axial compression at the top of the column to
validate the model accuracy under combined axial load and uniaxial cyclic loading.
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2.4 Validation of developed FE model
The developed FE model is validated against experimental results from Gomez et al. [12]
under monotonic and cyclic loading for Test no. 1 and Test no. 5, respectively to check the
accuracy of the adopted modeling approach. For monotonic loading, the developed half FE
model is validated in terms of anchor rod force and base plate deformation profile as shown in
Figure 3 and 4, respectively. From both the Figures, it can be seen that the developed FE model
can very well predict the experimental results with reasonable accuracy signifying the
suitability of the adopted modeling techniques and material models.

Figure 3: Comparison of experimental (Gomez et al. [12] Test no. 1) and numerical (FE) results

Figure 4: Base plate deformation behavior (a) Gomez et al. [12] Test no.1 (b) developed FE model

Further, the full FE model is validated under cyclic loading protocol in terms of the lateral loaddisplacement profile as shown in Figure 5. It is found that the variation of maximum lateral
load is only 3% between the experimental (Test No. 5 of Gomez et al. [12]) and numerical
results. Also, it is evident from Figure 5 that the hysteresis loop for the developed FE model
and experimental results are quite similar except for the slipping behavior which is due to the
complexity of the interactions among the various CBP connection elements. All these validation
results suggest that the adopted modeling techniques can be applied with a high degree of
confidence for further investigation.
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Figure 5: Validation of FE model using cyclic loading

3

PARAMETRIC STUDY

Once validated, a total of 12 FE models are developed for the parametric study to understand
the behavioral insights of the CBP connections under combined axial load and biaxial bending.
These models consider different practical values for three critical column base connection
parameters such as base plate thickness, base plate yield strength and anchor rod diameter. Since
no symmetric plane is available when the specimen is subjected to biaxial bending, a full model
is considered to simulate the behavior of the CBP connection. Details of the test matrix and
development of the bidirectional loading protocol are described in the subsequent sections.
3.1 Parametric analysis cases
The three critical parameters of the analytical investigation are selected from the literature
review conducted by Grauvilardell et al. [1] as well as the previous parametric study done by
Trautner and Hutchinson [20] where they categorized different parameters of CBP connection
into low, medium, and high category. Based on these studies, three critical parameters with
variable ranges are considered in this study. Table 4 provides the details of the simulation matrix
considered in this parametric study where the bold numbers indicate the variable values of
different parameters. Each of the cases considered only one variable to understand its effect on
the base plate connection considering PR-01 as the base model.

Parameter

Speci
men
ID

Base Model

PR-01
PR-02

16

350

20

4

PR-03

20

350

20

PR-04

30

350

PR-05

38

350

Base Plate
Thickness

Base
Plate
Yield
Strength
(Mpa)
350

Parameter Values
Embe
Anchor
No. of dment
Rod
Anchor Lengt
Dia
Rod
h
(mm)
(mm)
20
4
500

Base
Plate
Thick
ness
(mm)
25
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Grout
Thick
ness
(mm)

Axial
Load
Ratio

25

0.2

500

25

0.2

4

500

25

0.2

20

4

500

25

0.2

20

4

500

25

0.2
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Base Plate
Yield Strength
Anchor Rod
Dia

PR-06

50

350

20

4

500

25

0.2

PR-07

25

300

20

4

500

25

0.2

PR-08

25

400

20

4

500

25

0.2

PR-09

25

350

16

4

500

25

0.2

PR-10

25

350

25

4

500

25

0.2

PR-11

25

350

30

4

500

25

0.2

PR-12

25

350

38

4

500

25

0.2

Table 4: Simulation matrix of the parametric study

3.2 General features of the FE models
All the developed FE models of the parametric analysis cases have similar geometric and
material properties. ASTM A992 Grade 50 W250x73 column section (typical interior first story
column) having 2000 mm length (2/3rd of typical first story height of SMRFs) is designed
according to the requirements of CSA S16-19 [21]. The column is designed considering yield
strength (Fy) of 345 MPa and modulus of elasticity (E) of 200 GPa and the cross-section is
selected to prevent local buckling criteria as well as its capacity to ensure its effectiveness
before the failure of the base plate connection. A rectangular base plate of 407 mm x 407 mm,
welded together with the column, having different thicknesses and yield strength is selected for
the study. Anchor rods of different sizes are designed using yield strength and modulus of
elasticity of 790 MPa and 200 GPa, respectively following the requirements of CSA S16-19
[21] and CSA A23.3-19 [22] to prevent any type of failure in the concrete by pullout or breakout
strength. The nut and washers are selected according to standard geometry for the specific
anchor rod. A concrete foundation of 1220 mm x1220 mm is designed to support all types of
loading. Non-shrink grout having 64 MPa compressive strength of various thickness is also
considered between the pedestal and the base plate. All the FE models developed for the
parametric analysis study have the same configuration of mesh size, geometric imperfection,
tie contact, and interaction properties as the validated full FE model. Anchor rods, nuts and
washers and concrete material properties of the developed FE models are also the same as the
validated model.
3.3 Bidirectional lateral loading protocol
A bidirectional symmetric lateral loading protocol is developed for the numerical
investigation in pursuance of evaluating the effect of biaxial bending on the exposed CBP
connection. This cyclic loading protocol is developed for a four-story steel frame building
following the concepts discussed in Krawinkler [23] and Elkady [17]. The loading protocol
covers a wide range of story drift ratios starting from 0.375% amplitude up to amplitude of 4%
radians in the column’s strong axis direction as shown in Figure 6(a). It also covers story drift
ratio ranging from 0.25% to 2% amplitude in the column’s weak axis direction as shown in
Figure 6(b). When combined, it is found that the developed bidirectional loading protocol
achieves a maximum drift ratio of 3% in the column’s strong axis direction when 2% drift
amplitude is reached in the column’s weak axis direction as depicted in Figure 6(c). Detail
procedure of the developed bidirectional loading protocol is described in Elkady [17].
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Figure 6: Developed bidirectional symmetric lateral loading protocol: (a) history of strong axis drift ratio; (b)
history of weak axis drift ratio; (c) history of strong axis vs weak axis drift ratio

4

RESULTS AND DISCUSSION

The analytical results obtained from the parametric study have been used to further
understand the behavior of exposed CBP connections subjected to combined axial load and
biaxial bending. Results are scrutinized in terms of moment-rotation curve which is a key output
to better understand the connection behavior by defining the rigidity, resistance, and rotational
capacity of any connection. Table 5 provides the summary of the results extracted from the FE
models.
FE
Model Axis
ID
X
PR-01
Y
X
PR-02
Y
X
PR-03
Y
X
PR-04
Y
X
PR-05
Y

M (KNm)
120.26
43.28
49.58
24.14
93.22
40.5
150.44
48.68
155.60
51.44

Yield
θ x 10-3
(rad)
13.89
6.45
6.68
3.64
10.68
6.57
12.69
6.31
12.65
6.34

Kθ x 103
8.66
6.71
7.42
6.63
8.72
6.17
11.85
7.71
12.30
8.11
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M (KNm)
184.75
72.20
78.10
40.67
163.81
63.54
220.00
79.43
244.29
85.65

Ultimate
Kθ(Yield) /
θ x 10-3
3
Kθ x 10 Kθ(Ultimate)
(rad)
33.87
5.45
1.59
15.52
4.65
1.44
37.38
2.09
3.55
16.89
2.41
2.75
34.49
4.75
1.84
16.07
3.95
1.56
32.43
6.78
1.75
15.56
5.10
1.51
31.40
7.78
1.58
15.42
5.55
1.46
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PR-06
PR-07
PR-08
PR-09
PR-10
PR-11
PR-12

X
Y
X
Y
X
Y
X
Y
X
Y
X
Y
X
Y

181.52
53.36
149.38
44.52
154.74
46.64
117.20
37.96
133.56
44.98
132.88
47.24
139.34
46.98

11.73
6.27
21.59
6.46
21.67
6.72
13.96
5.19
13.53
6.23
13.48
6.38
13.19
6.42

15.47
8.51
6.92
6.89
7.14
6.94
8.39
7.32
9.87
7.22
9.86
7.41
10.57
7.32

241.43
89.00
182.86
71.91
195.71
74.50
175.71
71.77
197.14
74.64
205.71
75.60
220.00
76.56

31.62
15.25
33.63
15.92
33.09
15.72
33.74
15.81
33.17
15.65
32.89
15.68
32.31
15.59

7.64
5.84
5.44
4.52
5.91
4.74
5.21
4.54
5.94
4.77
6.25
4.82
6.81
4.91

2.03
1.46
1.27
1.52
1.21
1.46
1.61
1.61
1.66
1.51
1.58
1.54
1.55
1.49

Table 5: Summary of FE model results

4.1 Moment-rotation behavior
For each FE simulation, the hysteretic response in terms of base moment-rotation is plotted
as shown in Figure 7 and compared within the various values of the specific parameter
considered in the analytical study. Further bilinear moment-rotation curve, considering yield
point and ultimate point, is developed for both the strong (x-axis) and weak axis (y-axis) and
analyzed separately for convenient visualization. Column plastic moment capacity (Mp) is also
shown in the same plot (horizontal line) for both strong and weak axis direction. The column
base moment (M) and base rotation (θ) are computed from the column lateral force and lateral
displacement according to Eq. (1) and Eq. (2), respectively.
(1)

M = F x Hcol
θ = (Δtop –

F

xH3col

3 xEcol xIcol

)x

1
Hcol

(2)

Where, F is the lateral force at the column top, Hcol is the column height from the base plate,
∆top is the displacement at the top of the column, Ecol is the modulus of elasticity of the column,
Icol is the column’s second moment of inertia in the direction of loading.

Figure 7: Moment-rotation hysteresis curve for PR-01 model (a) Strong axis (b) Weak axis
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4.2 Effect of base plate thickness
Six different base plate thicknesses (PR-01 to PR-06) are considered with values ranging
from 16 mm to 50 mm. For the base model (PR-01), the base plate thickness of 25 mm is
considered for the study which is widely used in the construction industry. Figure 8 illustrates
the comparison of bilinear moment-rotation curves for various base plate thicknesses. It is
observed from Figure 8 that a higher value of base plate thickness increases both the stiffness
and the strength of the connection for both strong and weak axis direction. This is plausible
since an increase in base plate thickness increases the flexural rigidity as well as bending
resistance of the plate. However, it should be noted that the effect of base plate thickness is
more pronounced in the strong axis direction compared to the weak axis. A significant increase
in the strength of the connection is observed after yielding for each of the simulation cases
except for the PR-02 where the base plate thickness is considered as 16 mm. Early yielding of
the base plate of lower thickness significantly hinders the strength gain of the CBP connection.
As reported in Table 5, the average ratio of yield to ultimate rotational stiffness for various base
plate thicknesses is 2.06 and 1.7 in the strong and weak axis direction, respectively. It is also
found that the strength of all the base connections with different base plate thicknesses is
significantly below the column plastic moment capacity in both the strong and weak axis
directions. In brief, as the base plate thickness increases, the strength of the base connection is
augmented with the reduction in ductility.

Figure 8: Effect of base plate thickness (a) Strong axis (b) Weak axis

4.3 Effect of base plate yield strength
Different base plate yield strengths of 300, 350 and 400 MPa (PR-01, PR-07 and PR-08) are
considered to understand the effect of base plate yield strength on base plate connection
behavior. Although base plate yield strength is not considered in the previous experimental
study on CBP connections, it is considered in this study due to its contribution on the design of
base plate thickness according to AISC Design Guide 1 [8]. The variations in the base plate
strengths are considered based on the most commonly used steel grades in industry. It can be
seen from Figure 9 and Table 5 that base plate yield strength does not influence the momentrotation response in the weak axis direction. However, initial stiffness is found to be lower when
the base plate yield strength is changed from the base model of 350 MPa in the strong axis
direction.

5175

Md. Asif B. Kabir and AHM M. Billah

Figure 9: Effect of base plate yield strength (a) Strong axis (b) Weak axis

4.4 Effect of anchor rod diameter
Different anchor bolt diameters ranging from 16 mm to 38 mm (PR-01, PR-09 to PR-12) are
selected to scrutinize the moment-rotation behavior of CBP connections. Figure 10 represents
the effect of anchor bolt diameter in terms of moment-rotation curves of the base plate
connection. It is evident that an increase in anchor bolt diameter increases the initial stiffness
as well as the strength in both axes directions. A larger bolt diameter affects the flexibility of
the base plate cantilever length by contributing in the base rotation. An increase of 20% is
observed for maximum strength in the strong axis direction when the diameter is increased from
20 mm to 38 mm. Conversely, a 6% increment is observed in the weak axis direction for the
same configuration. Changes in the initial stiffness are found to be more obvious in the strong
axis than the weak axis of the base plate connection. As reported in Table 5, the average ratio
of yield to ultimate rotational stiffness is 1.60 and 1.52 in the strong and weak axis direction,
respectively.

Figure 10: Effect of anchor rod diameter (a) Strong axis (b) Weak axis

5

CONCLUSIONS
x Higher value of base plate thickness increases both the stiffness and the strength of the
connection for both strong and weak axis directions.
x The effect of base plate thickness is more pronounced in the strong axis direction compared
to the weak axis direction.
x Early yielding of the base plate is observed for the thinner (16 mm) base plate of the CBP
connection.
x Base plate yield strength has no significant influence on CBP connection within the
considered ranges.
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x An increase in anchor bolt diameter increases both the initial stiffness and strength in
strong and weak axis directions.
x For different anchor rod diameters, changes in the initial stiffness are found to be more
obvious in the strong axis than the weak axis of the base plate connection.
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Abstract
In this present work the geometrical non-linearity in free in-plane vibration of inextensible
functionally graded circular arch with uniform cross-section and pinned-pinned at both ends
has been studied. For simplification, the complicating effects such as rotary inertia and shear
deformation will be ignored. The sixth order differential partial equation of motion has been
obtained after the inextensibility assumption. This study is based on Euler Bernoulli theory and
Von Karman's assumptions. The kinetic and total strain energies due to the axial strain and
bending have been discretized into a series of a finite spatial functions and derived by applying
the Hamilton’s principle energy. The non-linear algebraic equations were obtained and solved
numerically using an approximate explicit method developed previously the so-called second
formulation. A numerical results have been obtained to examine the effects of the volume
fraction index on non-linear behavior of the arch. Comparison is made with the available
results for the case of isotropic homogeneous circular arches: good agreement is obtained.
Keywords:JHRPHWULFDOQRQOLQHDULW\IUHHLQSODQHYLEUDWLRQIXQFWLRQDOO\JUDGHGFLUFXODU
DUFKXQLIRUPFURVVVHFWLRQVHFRQGIRUPXODWLRQ
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1

INTRODUCTION

$UFKHVKDYHEHFRPHRQHRIWKHYHU\LPSRUWDQWVWUXFWXUHVHOHPHQWVWKDWDUHXVHGLQPDQ\
DUHDVVXFKDV DHURQDXWLFVFLYLO HQJLQHHULQJDQG PHFKDQLFDO HQJLQHHULQJ GXHWR LWV DELOLW\WR
WUDQVIHUORDGVWKURXJKWKHFRPELQHGDFWLRQRIEHQGLQJDQGVWUHWFKLQJIRULQSODQHGHIRUPDWLRQV
7KHHTXDWLRQVRIIUHHLQSODQHYLEUDWLRQRIDQDUFKDUHYHU\FRPSOH[HZKHQWKHFRPSOLFDWLQJ
HIIHFWVVXFKDVD[LDOH[WHQVLRQVKHDUGHIRUPDWLRQDQGURWDWRU\LQHUWLDDUHWDNHQLQWRDFFRXQW,I
WKHVH HIIHFWV DUH QHJOHFWHG WKHQ WKH HTXDWLRQV EHFRPH PXFK VLPSOHU EXW WKH PDLQ
VLPSOLILFDWLRQDULVHVLIWKHDUFKD[LVLVDVVXPHGWREHDOVRLQH[WHQVLEOH
+6DIIDULHWDO>@XVHGDILQLWHHOHPHQWWHFKQLTXHWRREWDLQWKHQDWXUDOIUHTXHQFLHVDQGPRGH
VKDSHVRIFLUFXODUDUFKLQIUHHYLEUDWLRQDQDO\]LV7KH5D\OHLJK5LW]PHWKRGZDVHPSOR\HGE\
ODXUD HW DO WR ILQG WKH IXQGDPHQWDO IUHTXHQF\ RI ZLWK YDULRXV W\SHV RI FURVVVHFWLRQ XVLQJ
SRO\QRPLDOIXQFWLRQVDVDWULDOIXQFWLRQRIGLVSODFHPHQW>@*5/LX7<:XZHUHDSSOLHG
\ WKH JHQHUDOL]HG GLIIHUHQWLDO TXDGUDWXUH UXOH WR LQYHVWLJDWH WKH IUHH LQSODQH YLEUDWLRQ RI
LQH[WHQVLEOH (XOHU%HUQRXOOL DUFKHV ZLWK XQLIRUP FRQWLQXRXVO\ YDU\LQJ DQG VWHSSHG FURVV
VHFWLRQV $ VHPL DQDO\WLFDO VROXWLRQ IRU LQSODQH YLEUDWLRQ RI FLUFXODU DUFK ZDV XVHG E\  $
%DEDKDPPRXDQG5%HQDPDU>@>@WRILQGWKHOLQHDUIUHTXHQFLHVDQGPRGHVKDSHRIDUFKHV
ZLWK YDULRXV ERXQGDU\ FRQGLWLRQV 7KH UHVXOWV VKRZQ D YHU\ JRRG DJUHHPHQW ZLWK WKRVH
DYDLODEOHLQWKHOLWHUDWXUH5HFHQWO\WKHJHRPHWULFDOO\QRQOLQHDULQIUHH,QSODQHYLEUDWLRQRI
FLUFXODUDUFKHVHODVWLFDOO\UHVWUDLQHGDJDLQVWURWDWLRQDWWKHWZRHQGZDVLQYHVWLJDWHGRI22PDU
HWDO>@
)XQFWLRQDOO\JUDGHGPDWHULDOFDQEHGHILQHGDVDQHZFODVVRIQRQKRPRJHQHRXVFRPSRVLWH
PDWHULDOVPDGHIURPFRPELQDWLRQRIWZRGLIIHUHQWPDWHULDOV,QUHFHQW\HDUVDORWRIUHVHDUFK
KDVEHHQGRQHWRVWXG\WKHJHRPHWULFDOQRQOLQHDULW\RIWKH)*0DQGFRPSRVLWHVWUXFWXUHEDVHG
RQ%HQDPDU¶VPHWKRGVXFKDV>@±>@
7KHIUHHLQSODQHYLEUDWLRQRIDUFKHVPDGHRIKRPRJHQHRXVFRPSRVLWHDQG)*PDWHULDOV
ZDVWKHLQWHUHVWRIQXPHURXVUHVHDUFKHUVVXFKDV+DGL%DEDHLHWDO>@KDYHLQYHVWLJDWHGWKH
ODUJHDPSOLWXGHIUHHYLEUDWLRQRIFXUYHGEHDP VKDOORZDUFK UHVWLQJRQHODVWLFIRXQGDWLRQ7KH
QDWXUDOIUHTXHQFLHVRIDGHHSFLUFXODUDUFKPDGHRI)*PDWHULDOVZLWKDUELWUDU\WKLFNQHVVDQG
ERXQGDU\FRQGLWLRQVKDYHEHHQREWDLQHGLQ>@7KHLQIOXHQFHRIWKHWHPSHUDWXUHERXQGDU\
FRQGLWLRQVDQGWKHPDWHULDOJUDGHGLQGH[DVZHOODVWKHGLIIHUHQWJHRPHWULFDOSDUDPHWHUVVXFK
DVWKHWKLFNQHVVWRPHDQUDGLXVUDWLRDQGWKHRSHQLQJDQJOHRQWKHIUHTXHQF\SDUDPHWHUVRIWKH
)*DUFKHVKDYHEHHQLQYHVWLJDWHGE\>@0-DYDQHWDO>@KDYHVWXGLHGDODUJHDPSOLWXGH
WKHUPDOO\LQGXFHGYLEUDWLRQDQDO\VLVLVLQYHVWLJDWHGIRUVKDOORZ)*0DUFKHVXQGHUGLIIHUHQW
FDVHVRIUDSLGKHDWLQJRQWKHWRSDQGERWWRPVXUIDFHV,Q>@DQDQDO\WLFDOVROXWLRQWRVWXG\WKH
QRQOLQHDUWKHUPDOEHQGLQJDQGEXFNOLQJRIWKHWKURXJKWKHWKLFNQHVV)*0VKDOORZDUFKHVLV
SUHVHQWHGWDNLQJLQWRDFFRXQWWKHYDULDWLRQRIFULWLFDOEXFNOLQJWHPSHUDWXUHLQWHUPVRISRZHU
ODZLQGH[JHRPHWULFSDUDPHWHUDQGRSHQLQJDQJOH
7KLV FXUUHQW ZRUN GHDOV ZLWK WKH VWXG\ RI WKH JHRPHWULFDO QRQOLQHDULW\ LQ IUHH LQSODQH
YLEUDWLRQRID)*0FLUFXODUDUFKZLWKXQLIRUPFURVVVHFWLRQDQGSLQQHGSLQQHGDWERWKHQGV
7KLVWKHRUHWLFDOPRGHOLVEDVHGRQWKH(XOHU%HUQRXOOLWKHRU\DQGWKH9RQ.DUPDQDVVXPSWLRQV
7KH FRPSOLFDWLQJ HIIHFWV VXFK DV URWDU\ LQHUWLD DQG VKHDU GHIRUPDWLRQ ZLOO EH LJQRUHG 7KH
NLQHWLFDQGWRWDOVWUDLQHQHUJLHVGXHWRWKHD[LDOVWUDLQDQGEHQGLQJZHUHGLVFUHWL]HGLQWRDVHULHV
RIDILQLWHVSDWLDOIXQFWLRQVDQGGHULYHGXVLQJ+DPLOWRQ¶VSULQFLSOHHQHUJ\7KHQWKHQRQOLQHDU
DOJHEDUDLFHTXDWLRQVDUHREWDLQHGDQGVROYHGQXPHULFDOO\XVLQJDQH[SOLFLWPHWKRGGHYHORSHG
SUHYLRXVO\ WKH VRFDOOHG VHFRQG IRUPXODWLRQ $ QXPHULFDO UHVXOWV KDYH EHHQ REWDLQHG WR
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H[DPLQHWKHHIIHFWVRIWKHYROXPHIUDFWLRQLQGH[RQWKHQRQOLQHDUEHKDYLRURIWKH)*0FLUFXODU
DUFK
2

GENERAL FORMULATION
2.1. Non-linear vibration

$ IXQFWLRQDOO\ JUDGHG FLUFXODU DUFK PDGH IURP D PL[WXUH RI FHUDPLFPHWDO PDWHULDO
ZLWKDFRQVWDQWWKLFNQHVVHVLVFRQVLGHUHGLQWKLV VWXG\7KHHIIHFWLYHPDWHULDOSURSHUWLHV
RI WKH )*0 FLUFXODU DUFK VXFK DV <RXQJ¶V PRGXOXV E z  DQG PDVV GHQVLW\ U z  ZLWK
YROXPH IUDFWLRQ LQGH[ p DUH DVVXPHG WR YDU\ FRQWLQXRXVO\ WKURXJK WKH WKLFNQHVV RI WKH
EHDPDFFRUGLQJWRSRZHUODZIRUPDUHVKRZQLQ)LJ
7KHHIIHFWLYHRIPDWHULDOSURSHUWLHV3FDQEHH[SUHVVHGDV
PmVm  PV
c c 

P



:KHUH Pm  Vm Pc DQG Vc DUHWKHPDWHULDOSURSHUWLHVDQGWKHYROXPHIUDFWLRQRIWKHPHWDO
DQGFHUDPLFUHVSHFWLYHO\
,QZKLFK Vm DQG Vc DUHWKHPHWDODQGFHUDPLFYROXPHIUDFWLRQVUHVSHFWLYHO\UHODWHGE\


Vm  Vc  

$VVXPLQJWKHSRZHUODZGLVWULEXWLRQWKHYROXPHIUDFWLRQFDQEHZULWWHQZLWKWKHUHODWLRQ
p

Vf z

§ z ·
¨  ¸ 
©h ¹



:KHUH p LVWKHYROXPHIUDFWLRQLQGH[  d p d f :KHQSLVVHWWR]HURWKH)*DUFK
EHFRPHVIXOO\FHUDPLFZKHQSLVVHWWRLQILQLWHWKH)*DUFKEHFRPHVIXOO\PHWDO

)LJ6FKHPDWLFRID)*0FLUFXODUDUFK

$FFRUGLQJWRWKHSRZHUODZWKH\RXQJ¶VPRGXOXV E z DQGPDVVGHQVLW\DUH U z H[SUHVVHG
DV
E z

Em  Ec  Em V f z 



U z

U m  Uc  U m V f z
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:KHUH Em  Um DUHWKHPDWHULDOSURSHUWLHVIRUPHWDODQG Ec  U c DUHWKHPDWHULDOSURSHUWLHV
IRUFHUDPLFUHVSHFWLYHO\7KHSK\VLFDOSDUDPHWHUVRIFHUDPLFDQGPHWDODUHSUHVHQWHGLQ7DEOH
7DEOH7KHSK\VLFDOSDUDPHWHUVRIFHUDPLFDQGPHWDO

Materials

Young’s modulus
E  Gpa

Ceramic
Metal




Density

U  kgm



7KHYDULDWLRQWKHGHQVLW\DQG<RXQJ¶VPRGXOXVDORQJWKHKHLJKWRIWKHFURVVVHFWLRQLVVKRZQ
LQ)LJE\WDNLQJLQWRDFFRXQWVHYHUDOYDOXHVRIWKHWKHYROXPHIUDFWLRQLQGH[

)LJ9DULDWLRQRIWKHGHQVLW\DQG<RXQJ¶VPRGXOXVWKURXJKWKHDUFKWKLFNQHVVIRUGLIIHUHQWYDOXHVRIJUDGLHQWLQGH[S

,QWKLVSUHVHQWVWXG\WKHFRPSOLFDWHGHIIHFWVVXFKDVVKHDUGHIRUPDWLRQDQGURWDU\LQHUWLDDUH
QHJOHFWHGEHFDXVHWKHDUFKLVVXSSRVHGWREHWKLQ7KHDUFKD[LVLVVXSSRVHGWRLQH[WHQVLEOH
WKHUDGLDOGLVSODFHPHQWuDQGWDQJHQWLDOGLVSODFHPHQWwDUHUHODWHGE\>@
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u
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 z GHQRWHG WKH KHLJKW RI WKH PHWDO PDWHULDO z GHQRWHG WKH QHXWUDO D[LV RI LVRWURSLF
KRPRJHQRXVFLUFXODUDUFK z GHQRWHGWKHQHXWUDOD[LVRIWKH)*0FLUFXODUDUFKRIWKH:KHUH
5GHQRWHGWKHUDGLXVRIFXUYDWXUHRIWKHJHRPHWULFPHGLDQRIWKHDUFKDQG5 GHQRWHGWKH
UDGLXVRIFXUYDWXUHRIWKHQHXWUDOOD\HU

&RQVLGHULQJWKHDUFKLQDKDUPRQLFPRWLRQZHSXW
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7KHGHWHUPLQDQWRIWKHODWHVWPXVWEHVHWHTXDOWR]HURWRREWDLQWKHQDWXUDOIUHTXHQFLHV
GHWHUPLQHGLWHUDWLYHO\E\WKH1HZWRQ±5DSKVRQDOJRULWKP
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2.2. Non-linear vibration
7KHNLQHWLFHQHUJ\7DQGWRWDOVWUDLQHQHUJ\ V RIWKHV\VWHPSUHVHQWHGLQ)LJPD\EHZULWWHQ
DVDVXPRIWKHD[LDOHQHUJ\ Va DQGWKHVWUDLQHQHUJ\GXHWRWKHEHQGLQJ Vb 7KHH[SUHVVLRQRI
T  Va DQG Vb DUHH[SUHVVHGDV
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7KHFRHIILFLHQWV ai DUHXQNQRZQVDVZHOODVWKHIUHTXHQF\ Z i 7KHG\QDPLFEHKDYLRXURI
WKHFRQVHUYDWLYHV\VWHPPD\EHREWDLQHGE\DSSO\LQJ+DPLOWRQ¶VSULQFLSOHDVGHILQHGLQ
HTXDWLRQ  
S

G

Z

³

 

V  T dt



2QHFDQREWDLQWKHIROORZLQJQRQOLQHDUDOJHEUDLFHTXDWLRQV



> K @  Z  > M @ ^ A`  > B

A

 

@^ A` ^`

7RREWDLQQRQGLPHQVLRQDOSDUDPHWHUVRQHVSXW
m
§M ·
hWi ¨ ¸ hWi M  ij
mij
© M ¹

Wi M

bR h  

kij

bijkl

kij

bijkl

 

bh 
R

:KHUH mij  kij DQG bijkl DUHWKHQRQGLPHQVLRQDOJHQHUDOL]HGSDUDPHWHUVJLYHQE\
§  wWi wW j
 Wi W j

wT
 ©  wT



mij

kij

bijkl

³ ¨¨ T


 w Wi
° §  wWi
 
®³ ¨
T wT 
¯°  © T wT

 
w Wl
° h §
® ³ ¨ Wi   
T wT
°¯   ©

w W j
·§
¸ ¨¨ W j   
T wT
¹©

· h 
¸¸T ³ U dydT 
¹ h 


· §  wW j
 w Wj
 
¸ ¨¨
T wT 
¹ © T wT

 



· h 
°½

¸¸T ³ Ey dydT ¾ 
°¿
¹  h 


·
§
w W ·§
w W · h 
¸¸T dT ³ ¨ Wk   k  ¸¨ Wl   l  ¸T ³ EdydT
T wT ¹©
T  wT ¹  h 
©
¹

 
°½
¾
°¿


 

%\VXEVWLWXWLQJWKHQRQGLPHQVLRQDOSDUDPHWHULQWRHTXDWLRQ  RQHREWDLQWKHGLPHQVLRQOHVV
QRQOLQHDUDOJHEUDLFHTXDWLRQV
ª¬ K º¼  Z  ª¬ M º¼

^ A` 


ª B A º¼ ^ A`
¬

^`

 

Bijkl SUHVHQWV  WKH GLPHQVLRQOHVV QRQOLQHDULW\ WHQVRU Kij LV WKH GLPHQVLRQOHVV ULJLGLW\

PDWUL[  M ij GHQRWHV WKH GLPHQVLRQOHVV PDVV PDWUL[ DQG Z LV WKH GLPHQVLRQOHVV QRQOLQHDU
IUHTXHQF\8VLQJWKHWRQVRULDOQRWDWLRQRQHSXW

ai kir  ai a j ak bijkr  aiZ  mir




ZLWK
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7KHFDOOHGWKHVHFRQGIRUPXODWLRQ>@LWLVDQDSSUR[LPDWLRQZKLFKFRQVLVWVWRVHSDUDWHWKH
QRQOLQHDUWHUPRIHTXDWLRQ  LQWRDWHUPVSURSRUWLRQDOWR a DQGWHUPVSURSRUWLRQDOWR aH i
DQGQHJOHFWLQJWHUPVSURSRUWLRQDOWR aH iH j DQGWHUPVSURSRUWLRQDOWR H i H j H k RQHFDQZULWH

ai a j ak bijkr

abr  aH i bir
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 n 

 

$IWHUVXEVWLWXWLQJDQGUHDUUDQJLQJHTXDWLRQ  PD\EHZULWWHQLQPDWUL[IRUPDV
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3 RESULATS AND DISCUSSION
,QWKLVSUHVHQWZRUNWKHIUHHLQSODQHYLEUDWLRQRID)*0FLUFXODUDUFKPDGHZLWKPL[WXUH
RIFHUDPLFPHWDOPDWHULDO ZLWKXQLIRUPVHFWLRQ DQG SLQQHGDWWKHERWKHQGVLVVWXGLHGEDVHG
RQPXOWLPRGHDSSURDFK
%\DVVXPLQJWKHPDWHULDOSURSHUWLHVLQWDEOHWKHPDWHULDOYROXPHIUDFWLRQSGHSHQGHQFH
WR WKH YDULDWLRQ RI WKH ILUVW IRXU LQSODQH IUHH YLEUDWLRQ IUHTXHQFLHV RI )*0 SLQQHGSLQQHG
FLUFXODUDUFKDUHVKRZQLQ)LJIRUUDGLXV5 PWKLFNQHVVHVK PDQGDQRSHQLQJDQJOH
M  

)LJ7KHPDWHULDOYROXPHIUDFWLRQSGHSHQGHQFHWRWKHYDULDWLRQRIWKHILUVWIRXULQSODQHIUHHYLEUDWLRQ
IUHTXHQFLHVRI)*0FLUFXODUDUFK>@

7KHLQIOXHQFHRIWKHYROXPHIUDFWLRQLQGH[SRQWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQF\UDWLR
RISLQQHGSLQHQHG)*0FLUFXODUDUFKDUHSUHVHQWHGLQ)LJ
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7KH)LJVKRZVDFRPSDUDLVRQRIWKHILUVWIRXUOLQHDUIUHTXHQFLHVRIWKH)*0SLQQHGSLQQHG
FLUFXODUDUFKREWDLQHGLQWKLVSUHVHQWZRUNZLWKWKHUHVXOWVREWDLQHGLQ>@DVWKHFXUYDWXUHLV
FRQVWDQW:KHUHJRRGDJUHHPHQWLVREWDLQHG
7KHHIIHFWVRIWKHRSHQLQJDQJOHRIWKH)*0FLUFXODUDUFKZLWKDYROXPHIUDFWLRQLQGH[S 
DQGSLQQHGSLQQHGHQGVRQWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQF\UDWLRVDUHVKRZQLQ)LJ

)LJ,QIOXHQFHRIWKHRSHQLQJDQJOHRQWKHUDWLRRIWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQF\UDWLRVWRWKHOLQHDU
IUHTXHQF\RI)*0FLUFXODUDUFKEHDPVZLWKYROXPHIUDFWLRQS 

)LJ(IIHFWRI7KHPDWHULDOYROXPHIUDFWLRQSRQWKHIUHTXHQF\UDWLR

7KHUHVXOWVLQ)LJVKRZWKDWWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQF\UDWLRVRIDUFKWHQG
LQFUHDVHZLWKLQFUHDVLQJWKHRSHQLQJDQJOHLQFUHDVHVGXHWRWKHLQFUHDVHGULJLGLW\

5187

7KHLQIOXHQFHRIWKHYROXPHIUDFWLRQLQGH[SRQWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQF\UDWLRV
RIWKH)*0DUFKE\FRQVLGHULQJWKHSLQQHGSLQQHGERXQGDU\FRQGLWLRQVFDQEHFOHDUO\VKRZQ
LQ)LJ
$TXDQWLWDWLYHYDOXHVRIWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQF\UDWLRVRIWKH)*0FLUFXODU
DUFKIRUYDULRXVYDOXHVRIRIWKHYROXPHIUDFWLRQLQGH[SDQGWKHQRQGLPHQVLRQDODPSOLWXGH
RIYLEUDWLRQDUHSUHVHQWHGLQ7DEOH7KHUHVXOWVDUHFRPSDUHGZLWKWKRVHREWDLQHGLQ>@
7DEOHFRPSDULVRQRIWKHGLPHQVLRQOHVVQRQOLQHDUIUHTXHQFLHVUDWLRVIRUHDFKYDOXHRIWKHYROXPHIUDFWLRQ
LQGH[SZLWKLVRWURSLFKRPRJHQRXVSLQQHGSLQQHGFLUFXODUDUFK>@
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7DEOHVKRZVWKHGHSHQGHQFHRIWKHIUHTXHQF\UDWLRRIWKHSLQQHG )* FLUFXODU DUFK RQWKH
DPSOLWXGHRIYLEUDWLRQIRUYDULRXVYDOXHVRIWKH SRZHUODZLQGH[S$V PD\EHVHHQLQ WKLV
ILJXUH E\ LQFUHDVLQJ WKH YDOXHV RI WKH SRZHU ODZ LQGH[ LQ WKH UDQJH > @ WKH IUHTXHQF\
LQFUHDVHV)RUYDOXHVKLJKHUWKDQS WKHIUHTXHQF\GHFUHDVHVZKHQSLQFUHDVHV7KLVPD\
EHH[SHFWHGVLQFHZKHQWKHSRZHULQGH[S RUS f WKHPDWHULDOEHFRPHVSXUHPHWDOOLF
RUSXUHFHUDPLFUHVSHFWLYHO\DQGWKHQRQGLPHQVLRQDOIUHTXHQF\FRUUHVSRQGVWRWKHLVRWURSLF
KRPRJHQRXVPDWHULDOFDVH

4 CONCLUSIONS
7KHJHRPHWULFDOQRQOLQHDULW\LQIUHHLQSODQHYLEUDWLRQRILQH[WHQVLEOH)*0FLUFXODUDUFKHV
ZHUH DQDO\]HG EDVHG RQ WKH (XOHU %HUQRXOOL WKHRU\ DQG WKH 9RQ .DUPDQ JHRPHWULFDO QRQ
OLQHDULW\ DVVXPSWLRQV )RU VLPSOLILFDWLRQ WKH FRPSOLFDWLQJ HIIHFWV VXFK DV URWDU\ LQHUWLD DQG
VKHDUGHIRUPDWLRQZLOOEHLJQRUHG7KHQDWXUDOVIUHTXHQFLHVRIDUFKZHUHREWDLQHGLWHUDWLYHO\
XVLQJ1HZWRQ5DSKVRQDOJRULWKP7KHNLQHWLFDQGWRWDOVWUDLQHQHUJ\RIWKHDUFKZHUHUHGXFHG
GLVFUHWL]HG WKHQ WKH SUREOHP ZDV UHGXFHG LQWR D VHW QRQOLQHDU DOJHEUDLF HTXDWLRQV XVLQJ
+DPLOWRQ¶VSULQFLSOHHQHUJ\DQGVSHFWUDODQDO\VLVDQGVROYHGQXPHULFDOO\E\DQDSSUR[LPDWH
H[SOLFLWPHWKRGWKHVRFDOOHGVHFRQGIRUPXODWLRQ$QXPHULFDOUHVXOWVZHUHREWDLQHGWRH[DPLQH
WKHHIIHFWVRIWKHYROXPHIUDFWLRQLQGH[RQQRQOLQHDUEHKDYLRURIWKH)*0FLUFXODUDUFK
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Abstract
The thermal non-linear vibrational behavior of functional graded beams is analyzed using
Euler-Bernoulli beam theory and Hamilton's theorem, combined with spectral analysis. A set
of non-linear equations is derived based on the von Kármán deformation-displacement relationship and the properties of the functional graded material are assumed to be temperature
dependent and to follow a simple power distribution in the thickness direction. Numerical solutions of the non-linear dynamic equations of functional graded beams are obtained by an
approximate method called the second formulation. In addition, numerical examples were
performed to highlight the accuracy of the method used in this study, and the results are very
consistent with those found in the literature. In the numerical examples, the influences played
by thermal environmental conditions and volume fraction index are discussed in detail.
Keywords: Functionally graded beams, Non-linear free vibration, Thermal environment,
Second formulation.
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1

INTRODUCTION

Functionally graded materials (FGM) are composed of a mixture of ceramic and metal or a
combination of different materials. The FGM ceramic provides a barrier against thermal effects and protects the metal from corrosion and oxidation, and the FGM is hardened and
strengthened by the metal component. Currently, FGM has been developed as a general structural element in extremely high temperature environments and has been widely used in electronics, chemistry, optics, biology, medical engineering and many other fields.
Due to the above-mentioned advantageous characteristics, many studies have been conducted on the following topics, which are the static and dynamic behavior of the FGM structure. Xiang and Shi [1] proposed an analytical solution to analyze the thermo-elasticity of
FGM beams embedded in piezoelectric layers. Assuming a cantilevered beam, he used the
Airy stress function method to obtain an accurate solution. Ebrahimi et al. [2] reported an analytical method to control the vibration of an FGM beam containing two piezoelectric layers.
A theoretical model is based on the Kirchhoff's-Love hypothesis, which has a non-linear geometric von-Karman-type deformation. Fu and colleagues [3] studied the non-linear analysis
of buckling, free vibration, active control and dynamic stability of functionally graded piezoelectric beams in a thermal environment. Based on Hamilton's principle, a non-linear guidance
equation is established. Falsone and La Valle [4] solved the differential equations governing
the axial equilibrium and bending in the Euler-Bernoulli and Timoshenko theory of an FGM
beam. This analysis is obtained in both cases of material variation in the transverse and axial
directions. Kiani et al. [5] studied the thermal buckling of piezoelectric FGM beams, in which
the piezoelectric layer is bonded to the surface and subjected to a constant thermal load and
tension. Bodaghi and Shakeri [6] analytically studied the free vibration and dynamic response
of a cylindrical piezoelectric FGM panel, which is simply supported and subjected to timedependent explosive pulses. In recent years, a lot of research has been done on free and forced
non-linear vibrations. Based on the Euler-Bernoulli beam theory and von Kármán's non-linear
kinematics, and using Hamilton's principle, Benamar et al. [7] developed a theory and a
method to analyze the vibrational response of isotropic beams. El khouddar et al [8] studied
the free and forced non-linear vibrations of laminated composite beams under different
boundary conditions, using the Euler-Bernoulli beam theory and the Green-Lagrang nonlinearity. From the Euler-Bernoulli beam theory, Chajdi et al [9] examined the forced nonlinear vibrations of an FGM beam with multiple cracks. Based on the Euler-Bernoulli beam theory, Outassafte et al [10], [11] contributed to the geometrically non-linear free vibration of a
fixed-ended arch. Currently, many results have been obtained when studying the dynamic mechannel properties of FGM beams, but most of them are based on linear theory. Due to the
large displacement of the structure in engineering practice, the geometric non-linearity must
be taken into account, otherwise it will lead to serious errors. At the same time, the analysis
under thermal loading will affect the non-linear vibration of the FGM structure. Therefore, it
is necessary to study the non-linear vibration of the FGM beam under thermal loading in more
detail.
In the present work, the problem of geometrically non-linear free vibrations of FGM beams
in a thermal environment with fixed ends is studied. In this analysis, the material properties
change continuously through the thickness of the beam according to the power law, and
change with temperature changes. The Hamiltonian principle is used to establish the governing equation of the beam under thermal load, and the second formula is used to obtain the
analytical solution of the non-linear free vibration problem. Important conclusions have been
drawn.
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BASIC EQUATIONS

Consider an FGM beam of rectangular cross-section with a length of L and a thickness of h.
This beam is made of a mixture of ceramics and metals. The coordinate system is shown in
Figure 1. The material properties, namely Young's modulus E, Poisson's ratio ν, thermal conductivity κ, and coefficient of thermal expansion α, depend on temperature and vary with
thickness.

Figure 1: Coordinates and geometry of the FGM beam.

The effective material properties P of the FGM layer, namely the Young's modulus E,
Poisson's ratio ν, thermal conductivity κ and coefficient of thermal expansion α, can be expressed as follows:
P( z , T )

§1 z·
Pm  ( Pc  Pm ) ¨  ¸
©2 h¹

k

(1)

The characteristic P of the constituent material depends on the temperature and can be
written:
P

2
3
P0 ( P1T 1  1  PT
)
1  P2T  PT
3

(2)

The temperature distribution on the beam is considered as uniform and can reach
T  T0 to deform the beam. Where T0 is the reference temperature of the beam in the unstressed state.
'T

2.1

linear vibration analysis

Considering the mid-plane stretch and ignoring the axial inertia, the equations of motion to
control the axial and lateral vibration of FGM beams are often considered in the literature and
have been adopted in reference [12]:
wN x
wx

0

(3)

w 2 M x w § ww ·
w2w
N

,
¨ x
¸ 0 2
wx 2
wx ©
wx ¹
wt

(4)

Nx and Mx are respectively the axial internal force and the bending moment acting at the
mid-plane of the beam are defined as follows:

Nx

A11

wu
w2w
 B11 2  N xT
wx
wx
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Mx

B11

wu
w2w
 D11 2  M xT
wx
wx

(6)

Where , 0 is the inertia of the beam:
,0

³

h /2

 h /2

U f dz

(7)

Where NTx and MTx are the resultant and the moment of the thermal force, which are calculated using the following relations:
N xT

³

h /2

 h /2

ED'Tdz , M xT

³

h /2

 h /2

z  z0 ED'Tdz

(8)

In equations (5) and (6), A11 , B11 and D11 are extension-extension, bending-extension and
bending-bending coupling coefficients, respectively, which can be evaluated using the wellknown classical theory of FGM beams [13]. Their expressions are defined as follows:
h
2
h

2

³

A11

Edz, B11

h
2
h

2

³

E ( z  z0 ) dz, D11

h
2
h

2

³

E ( z  z0 ) 2 dz

(9)

The axial equation (1) of equilibrium is then given by :

Nx

A11

wu
w2w
 B11 2  N xT
wx
wx

N x0

(10)

Considering the fixed ends (i.e. u = 0, at x = 0 and L), the integration of Eq (10) along the
x-axis leads to:

0

³

L

0

wu
dx u L  u 0
wx

1 L ª§
w 2 w ·º
T
N
N
B


«¨ x 0
¸ »dx
11
x
A11 ³0 ¬©
wx 2 ¹ ¼

(11)

Also:

N x0

A11 L ª B11 w 2 w º
dx  N xT
«
2 »
³
0
L
¬ A11 wx ¼

(12)

By introducing equation (12) into equation (6), the bending moment can be rewritten as
follows:

Mx

ª N x 0  N xT B11 w 2 w º
w2w

 D11 2  M xT
B11 «
2 »
wx
A11 wx ¼
¬ A11

(13)

Taking NTx and MTx as constants along the x-axis, we can obtain the following linear steering
equation for the FGM beam by inserting equations (12) and (13) into equation (4).
2
w4w
w2w
T w w
 ,0 2 0
D11 4  N
wx
wx 2
wt

(14)

Equation (14) can be written in a slightly less complicated way, the result is:
wcccc  O wcc  E 4 w 0

In formula (15), the new symbol indicates the following functional relationship:
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Z

NT
, E2
D11

O

c

D11
,0

, c2

(16)

Where x * is a dimensionless coordinate, which can be written: x *

x
. Equation (15) is an
L

ordinary differential equation of order 4 with constant coefficients whose general solution is
given by:
wi ( x* )

§ 1
·
§ 1
·
1
1
A sin ¨¨
O
O 2  4 Ei4 x* L ¸¸  B cos ¨¨
O
O 2  4 Ei4 x* L ¸¸ 
2
2
© 2
¹
© 2
¹

§
·
§
·
1
1
1
1
C sinh ¨¨  O 
O 2  4 Ei4 x* L ¸¸  D cosh ¨¨  O 
O 2  4 Ei4 x* L ¸¸
2
2
2
2
©
¹
©
¹

(17)

i changes from 1 to n, where n is the number of functions.
2.2

Non-linear vibration analysis

Using the displacement fields from the Euler-Bernoulli theory and assuming that the FGM
beam has large vibration amplitudes, the Von-Karman relation can be written as follows:

H xx

wu
w 2 w 1 § ww ·
 ( z  z0 ) 2  ¨
¸
wx
wx
2 © wx ¹

2

(18)

The kinetic energy Te of an FGM beam in vibration is equal to:
2

L

Te

, 0 § ww ·
¨
¸ dx
2 ³0 © wt ¹

(19)

The potential energy V can be written in terms of transverse displacement w and longitudinal displacement for our beam as:

1 L § wu 1 § ww ·
Nx ¨  ¨
¸
¨
2 ³0
© wx 2 © wx ¹

V

2

·
§ w2w ·
¸¸  M x ¨  2 ¸ dx
© wx ¹
¹

(20)

Using the generalized parameterization that corresponds to the transverse displacement of
the beam we have [14], [15]:
w ai wi x sin Zt

(21)

According to Hamilton's principle, the non-linear algebraic equations of the dynamic behavior of the structure are calculated using the tensor notation:
3
ai kiq  ai a j ak bijkq  Z 2 ai miq
2

0, i 1,..., n

(22)

To perform a general parametric study, the following dimensionless formulation is used:
x

*

x
, wi x
L

*
i

*

rw x , r

2

³

h /2

z 2 dz

 h /2
h /2

³

 h /2
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r is the radius of gyration of the piezoelectric FGM beam. The numerical solution of equation (22) can be obtained by using the second formula described in [16]. This approximation
consists of ignoring the second-order terms provided by the relevant mode. As mentioned in
the reference, in the non-linear expression       of equation (22), the second order term of
H

3

will be ignored.
NUMERICAL RESULTS AND DISCUSSIONS

In this section, the FGM beam is chosen for the material Si3N4 / SUS304, this beam has a
length of L = 200 mm and a thickness of h = 10 mm. Table 1 shows the characteristics of
Young's modulus E (in Pa), thermal expansion coefficient α (in K) and thermal conductivity κ
(in W/mK). For the Poisson's ratio ν of the FGM layer is assumed to be constant equal to 0.28.
It should also be noted that the upper surface of the substrate (z = h / 2) is ceramic rich and
the lower surface (z = -h / 2) is metal rich. In addition, the temperature Tm of the lower surface of the FGM beam is assumed to be 300K, and the temperature Tc of the upper surface is
variable.
Table 1. Coefficients material properties as a function of temperature for Si3N4 and SUS304.
Materials
Si3N4

SUS304

Properties

Ͳ

ͳ

ͳ

ʹ

͵

 ሺሻ

348.43e+9

0

-3.07e-4

2.160e-7

-8.964e-11

D ሺͳ Ȁ ሻ

5.8723e-6

0

9.095e-4

0

0

N ሺ Ȁ ሻ

13.723

0

-1.032e-3

5.466e-7

-7.876e-11

 ሺሻ

201.04e+9

0

3.079e-4

-6.534e-7

0

D  ሺͳ Ȁ ሻ

12.33e-6

0

8.086e-4

0

0

N ሺ Ȁ ሻ

15.379

0

-1.264e-3

2.092e-6

-7.223e-10

Before further investigation of the non-linear behaviors of the FGM beam, the results between the present method and previous work [17] are compared to prove the accuracy of the
proposed method. Table 2 lists the dimensionless linear eigenfrequencies ( Z Ǥʹ Ȁ Ǥ U Ȁ  ) of
the FGM beam considering the clamped-clamped boundary condition when the length-toheight ratio is L/ h= 100. The results of these comparisons, considering the material properties
for the upper (   and U  : ceramic) and lower (  and U  : aluminium) surfaces are as follows
[17]: Et

380 Gpa, Ut

3960 Kg / m3 , Eb

70Gpa, Ub

2702 Kg / m3

Figure 2: Comparisons of the first five non-dimensional eigenfrequencies of the FGM beam with clamping
boundary conditions and for different values of the power index.
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It can be seen from Table 2 that the results obtained in this study are in perfect agreement
with the results given in the literature, which verifies the effectiveness of the shape function
used in this work.
Table 2. Dimensionless linear nature frequency of FGM beam for different volume fraction exponent k.
k
Present
[17]
Present
[17]
Present
[17]
Present
[17]
Present
[17]
Present
[17]
Present
[17]
Present
[17]

0
0.1
0.2
0.5
1
2
5
10

1
12.430
12.430
11.974
11.974
11.565
11.565
10.584
10.583
9.5685
9.5680
8.7316
8.7311
8.3137
8.3132
8.0676
8.0672

2
34.264
34.258
33.009
33.003
31.880
31.875
29.175
29.170
26.375
26.371
24.069
24.064
22.917
22.912
22.238
22.234

Modes
3
67.171
67.144
64.711
64.685
62.498
62.473
57.195
57.171
51.707
51.685
47.185
47.162
44.926
44.904
43.597
43.576

4
111.038
110.96
106.971
106.90
103.313
103.24
94.546
94.478
85.474
85.410
77.999
77.934
74.266
74.201
72.068
72.008

5
165.871
165.69
159.796
159.62
154.332
154.16
141.236
141.08
127.684
127.53
116.517
116.37
110.941
110.79
107.657
107.52

Taking into account the material characteristics (see Table 1 [18]), the influence of the
thermal load and the volume fraction index on the first three modes of the linear dimensionless eigenfrequency of the FGM beam is studied by considering the boundary condition
clamped-clamped. It can be seen from Table 3 that when the temperature of the upper surface
of the beam Tc increases, and when the temperature of the lower surface Tm remains constant
(Tm = 300K), the dimensionless eigenfrequency of the beam is stripped, which indicates the
temperature-independent material properties have overestimated the stiffness of the structure.
As shown in Table 3, in a high-temperature environment, the material properties related to the
beam temperature must be considered. In addition, it should be noted that as the volume fraction index k increases, the frequency decreases due to the fact that the Young's modulus of
SUS304 is lower than that of Si3N4.
Table 3. Dimensionless fundamental frequency of the FGM beam under thermal loading with temperature dependent material properties.
Modes
1
2
3

Tc(K)
300
400
500
300
400
500
300
400
500

0
14.930
14.162
13.353
41.156
40.064
39.117
80.682
79.384
78.535

0.2
12.103
11.374
10.565
33.363
32.346
31.380
65.405
64.224
63.306

Volume fraction exponent k
0.5
2
10.279
8.094
9.576
7.433
8.765
6.632
28.335
22.311
27.369
21.420
26.388
20.445
55.548
43.740
54.447
42.748
53.481
41.754

5
7.361
6.717
5.923
20.293
19.430
18.464
39.783
38.829
37.836

10
7.012
6.369
5.566
19.331
18.473
17.497
37.896
36.954
35.945

Figure 3 shows the influence of the volume fraction k of the Si3N4 / SUS304 FGM beam on
the ratio of non-linear to linear frequency (ωNL / ωL), which is a function of the dimensionless
vibration amplitude Wmax/r. The volume fraction significantly affects the Backbone curve.
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On the other hand, when the exponential of the volume fraction diminishes, the frequency ratio increases. All these FGM beams with different volume fractions show typical hardening
behavior, i.e., the non-linear frequency increases with increasing vibration amplitude. The effects of uniformly increasing the temperature of the FGM beam with a volume fraction index
k = 1 and clamped ends on the relationship between the non-linear to linear frequency are
shown in Figure 4. In this example, the temperature of the bottom surface Tm remains constant ( Tm=300 K), while the temperature of the top surface Tc varies (Tc= 300, 400 and 500
K). The results in Figure 4 show that the curves of the non-linear to linear frequency ratios
tend to increase as Tc increases, and the non-linear effect tends to be higher as Tc increases.
Figure 5 illustrates the effect of simultaneous change in temperature and volume fraction on
the non-linear vibration behavior of FGM Si3N4/SUS304 beams. In Figure 5, it is found that
increasing the volume fraction (k=0, 1 and 5) and increasing the temperature of the top surface (Tc=300 and 500 K) result in an increase in the ratio of non-linear to linear frequency. It
is also interesting to note that as the temperature increases, the effect of the volume fraction
exponent k on the frequency ratio decreases.

Figure 3: Influence of volume fraction k on the ratio of non-linear to linear frequency of FGM beams with thermal load Tc=300K.

Figure 4: Influence of the thermal load Tc on the ratio of the non-linear frequency to the linear frequency of
FGM beams with volume fraction k =1.
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Figure 5: Influence of thermal loading on the ratio of non-linear to linear frequency of FGM beams with different volume fraction indices.

4

CONCLUSIONS

The behavior of clamped FGM beams under free vibration in a thermodynamic environment is studied. The geometrically non-linear vibrational equations are determined in this
analysis using an analytical approach based on the Euler-Bernoulli beam model and Hamilton's principle. The effective material properties of FGMs are assumed to be temperature dependent and to follow a simple power distribution in the thickness direction. The effects of
volume fraction exposure, thermal loading, and thermal properties of constituent materials on
non-linear vibration studies of FGM beams were examined in a parametric study. Numerical
results indicate that the volume fraction affects the natural and non-linear frequencies in the
ambient temperature fields. The volume fraction has an effect on the non-linear free vibration
behavior of an FGM beam, and this effect weakens with increasing temperature. Furthermore,
as the temperature increases, the non-linear effect increases, and the relationship between
non-linear frequency and non-linear frequency as a function of nondimensional vibration amplitudes increases accordingly.
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Abstract. The critical ﬂutter speed of a bridge deck is the result of an eigen value analysis.
However, the progressive growth of the response for sub-critical wind velocities, resulting from
the buffeting action of the turbulent wind, is also of major concern to the designers.The complete
ﬂutter analysis of a bridge structure therefore requires the repeated analysis of the aeroelastic
response for various wind velocities, starting from zero (wind off) to the critical ﬂutter speed.
In a spectral approach, each of these analyses is typically based on the heavy integration of the
power spectral density of the aeroelastic response. It has been recently found that this integration can be facilitated by a background/resonant decomposition as is commonly implemented
in a buffeting-only setting. The paper describes a preliminary work showing that this decomposition can be extended to the ﬂutter-and-buffeting conﬁguration. The work is only preliminary
since it deals with a single oscillator. However, it shows a massive CPU saving of one to two
orders of magnitude, while limiting the error to one percent. This kind of saving is particularly
expected to make affordable the analysis of large multi degree-of-freedom structures.
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1

INTRODUCTION

The critical ﬂutter speed of a bridge deck corresponds to an aeroelastic instability of the
coupled system composed of the bridge and the surrounding air ﬂow [1, 2, 3]. This instability is
recognized as potentially very harmful since the famous collapse of the Tacoma-Narrows bridge
[4]. Codes and standards [5] take a signiﬁcant safety margin with respect to this critical wind
speed and typically do not allow to overcome 80% of this critical velocity.
Besides, the progressive growth of the response for sub-critical wind velocities, resulting
from the buffeting action of the turbulent wind, is also of major concern to the designers [6,
7].The complete ﬂutter analysis of a bridge structure therefore requires the repeated analysis of
the aeroelastic response for various wind velocities, starting from zero (wind off) to the critical
ﬂutter speed, or at least to the design wind speed [8]. In a spectral approach, each of these
analyses is typically based on the time-consuming integration of the power spectral density
(PSD) of the aeroelastic response.
Traditional integration methods struggle to efﬁciently estimate these integrals because of
the signiﬁcant peakedness of the function in the neighborhood of the natural frequencies. In
this paper, we present an extension of the Background/Resonant decomposition (which is commonly applied under the quasi-steady assumption), to aeroelastic analysis, where the stiffness
and damping of the coupled system changes with frequency. The study is limited to single
degree-of-freedom systems at this stage but constitutes the cornerstone of an extension to multi
degree-of-freedom systems, where such an approximation becomes very interesting in terms of
computational efﬁciency.
In the following sections, the mathematical background is presented, then the algorithmic
implementation is brieﬂy discussed and the method is illustrated with a few examples. Finally,
the perspectives of application to multi degree-of-freedom (MDOF) structures are discussed.
2

EXTENSION OF THE BACKGROUND/RESONANT DECOMPOSITION TO THE
AEROELASTIC OSCILLATOR

The dynamics of a single degree-of-freedom (SDOF) system subjected to buffeting and aerodynamic loads is governed by
ms q̈ (t) + cs q̇(t) + ks q(t) = fbu (t) + fae (t) ,

(1)

where ms , cs and ks are the mass, viscosity and stiffness of the structural system, and where
t is the time. The loading consists of a buffeting loading fbu (t) which is here assumed to be
characterized as a Gaussian stochastic process and a so-called unsteady aerodynamic loading
fae (t), which is usually expressed as a convolution of the structural response (q(t), q̇(t)) with
aeroelastic indicial functions. In the frequency domain, Fae (ω) = [iω cae (ω) + kae (ω)] Q (ω)
and the governing equation becomes
5
4
(2)
−ms ω 2 + iω c (ω) + k (ω) Q (ω) = Fbu (ω) ,
where c (ω) = cs − cae (ω) and k (ω) = ks − kae (ω) gather both the structural and aerodynamic
viscosity and stiffness. The later ones can be expressed as a function of Theodorsen’s function
(ﬂat plate, [9]) or, more generally, as Scanlan’s derivatives (e.g. bridge deck [1]).
The power spectral density of the structural response q(t) is thus obtained by
64
5−1 662
6
2
(3)
Sq (ω; U ) = 6 −ms ω + iω c (ω) + k (ω) 6 Sf,bu (ω) ,
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and the variance of the response is ultimately obtained by integration of (3),
+∞
σq2 (U ) =
Sq (ω; U ) dω.

(4)

−∞

In a structural design process, this integral has to be computed for several values of the wind
velocity U , which enters in the modeling through cae (ω) and kae (ω) which are expressed as a
function of the reduced frequency K = ωB/U where B is a characteristic size of the structural
element (deck width). Standard integration schemes based on the trapezoidal rule or GaussLobatto integration schemes [10] do provide an accurate result, they might seem too slow for
application in large scale problems or when the bridge stability has to be assessed in a probabilistic manner, which requires many repetitions of the deterministic problem, see Section 5
In the wind engineering community, this type of integral is also encountered in the buffetingonly analysis of structures, i.e. without unsteady forces. The method, implemented in the
community by Davenport [11, 12], based on the existing approaches in aeronautics [13], has
resulted in the well known Background/Resonant (B/R) decomposition. The use of multiple
timescales in the computation of the wind induced response of structures in not new. It has
already been used to determine the statistics of non Gaussian responses [14] or of nonlinear
aerodynamic loading terms [15]. The general method, based on stretches and rescaling of the
frequency bands contributing to the integral has been generalized under the terminology Multiple Timescales Spectral Analysis (MTSA) [16].
In the present conﬁguration, under the following assumptions:
• the timescales of the loading and of the system are signiﬁcantly different. In other words,
a distinction is made between the slow dynamics represented by the buffeting loading,
and fast dynamics represented by the natural vibrations of the aeroelastic system. The
centroid of the power spectral density of the buffeting load shall be substantially lower (5
to 10 times lower) than the natural frequency of the aeroelastic system;
• the structural damping ratio is small, smaller than or of the same order of magnitude as
5%-10%; the quality of the approximation worsens as the damping ratio grows beyond
these values;
• the frequency dependent stiffness and damping k (ω) and c (ω) vary smoothly and moderately in the neighborhood of the resonance peak of the aeroelastic system,
it is actually possible to demonstrate [17], by application of the general concepts of the Multiple
Timescale Spectral Analysis [16], that the variance is expressed as a sum of the background and
the resonant contributions
2
2
+ σq,R
,
(5)
σq2 = σq,B
where
2
σq,B
=

+∞
−∞

Sf,bu (ω)
dω
(ks − kae (ω))2

;

2
σq,R
=

Sf,bu (ω̄) π ω̄
(ks − kae (ω̄))2 2ξ¯ 1 +

1
1 ω∂ω kae (ω̄)
2 ks −kae (ω̄)

.

(6)

They are readily interpreted as the aeroelastic extensions of the well known decomposition
introduced by Davenport. In this expression ω̄ represents the resonance frequency of the aeroelastic system; it is deﬁned by
ks − kae (ω̄)
ω̄ 2
=
.
(7)
2
ωs
ks
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In wind-off conditions, kae (ω̄; U = 0) = 0 and ω̄ = ωs is therefore equal to the natural structural
frequency. As the wind velocity increases, the natural frequency of the aeroelastic system ω̄
might drift more or less signiﬁcantly from ωs depending on the speciﬁcities of the aerodynamic
stiffness kae (ω).
3

ALGORITHMIC IMPLEMENTATION

This section describes a practical implementation of the algorithm. At this stage, the implemented model is suitable for SDOF models only but its extension to MDOF models is also
discussed.
3.1

Algorithm for SDOF structures

The ﬂow-chart of the solution strategy is shown in Figure 1. For a given average wind
velocity, the solving process consists of 3 main tasks: the evaluation of the aeroelastic eigen
frequency, and that of the background and resonant components. The determination of the eigen
frequency of the aerodynamic system relies on an iterative scheme, initiated with the wind-off
conditions. Relaxation can be used to improve the convergence of the process. As the wind-off
conditions give already an excellent guess of the natural frequency of the aeroelastic system,
the convergence is quite straightforward. The resonant component is then evaluated using (6),
and Scanlan’s formulation for kae (ω), cae (ω) and ∂ω kae (ω). The last step is the determination of
the background component. Depending on the speciﬁcities of kae (ω) and the targeted accuracy,
the integration of the buffeting forces according to (6) can be simpliﬁed. Indeed, in cases where
the background component plays a secondary role, σq,B  σq,R , its accurate determination is no
longer a necessity and the denominator in the expression for σq,B in (6) can be simply replaced
by ks2 . This leads to a drastic simpliﬁcation of the computation of the integral since σq,B then
boils down to the usual quasi-static formulation of Davenport. When this assumption can be
made —and this is what is done in the rest of this paper—, the background component does
not require any integration point, the resonant component just requires one integration point
(located at the natural frequency) and the proposed formulation, referred to as MTSA in the
sequel, is just based on a single integration point.
All this solving process is embedded in a loop over a range of U , from wind-off to critical
conditions.
3.2

Extension to MDOF structures

Up to now, the use of the background/resonant decomposition for aeroelastic systems was
only discussed on SDOF models. For such simple models, the computational load is proportional to the number of wind velocities considered in the analysis. Since the analysis for each
wind velocity is rapid, there is no big issue and the process can be repeated for a comfortable
number of wind velocities, which allows an accurate evaluation of the transition towards instability on approaching the critical wind velocity. In the case of MDOF models, every single run
for a given velocity might turn to be much more expensive. Indeed, if the number of degrees
of freedom is large, a very time-consuming operation appears in the algorithm: the projection
of the buffeting forces in the modal basis. This is explained by considering that, in a standard
linearized model of the buffeting forces, the wind force at each degree-of-freedom is expressed
as a linear transformation of the local wind velocity, i.e.
Fbu (t) = Au(t) + b
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Figure 1: Organigram of the aeroelastic analysis performed with the background/resonant decomposition for evaluating the integral of the response spectra. The solving process is embedded in a loop over the average wind
speeds.

where u(t) is a column vector containing the ﬂuctuating component of the wind velocities at
the nodes of the ﬁnite element model, the power spectral density of the buffeting load projected
in mode i reads
(9)
SFi bu∗ (ω) = φTi ASu AT φi .
The evaluation of the PSD of the modal forces, including their cross-PSD, is particularly time
consuming since it involves the left- and right-multiplication by large matrices.
In short, the computational time for the modal analysis of a large MDOF structure is mostly
conditioned by the number of frequencies where the PSD must be sampled, i.e. the number of
projections such as (9). As a result, the determination of the variance as the quadrature of the
PSD of the structural response (in each mode) is the operation that requires being optimally implemented. Three solutions are studied in the rest of this paper to determine these integrals with
various levels of smartness : (i) ﬁrst, a classical trapezoidal method is implemented; it requires
typically a large number of uniformly distributed points to accurately capture the sharp peaks
of the spectra, (ii) an adaptative integration scheme is also considered, which is an interesting
solution to lighten the computational burden by optimizing the integration mesh, distributing a
(smaller) number of points at well chosen locations, (iii) third, a method of integration based on
the proposed background/resonant decomposition.
The development of the background/resonant decomposition for spectral aerodynamic analysis is quite straightforward, at least if the modal response is uncoupled. In the latter case, the
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analysis is performed mode by mode, and the SDOF model is still applicable provided that the
mass, damping and stiffness are replaced by their modal homologue. Cases of structures experiencing modal coupling require however slightly more advanced models [23], but remains in
the scope of the approximation that will constitutes the core of the future investigations.
In the next section, these integration methods with uniform and non uniform meshes will be
compared with the background/resonant decomposition. A special attention will be paid to the
trade-off between number of integration points and accuracy of the results.
4

ILLUSTRATIONS AND EVALUATION OF CPU LOAD SAVING

In this section, the efﬁciency of the background/resonant decomposition is illustrated on
two realistic case studies, namely the Golden Gate bridge and Tacoma Narrows bridge. The
aeroelastic behavior of these two structures is characterized by torsional ﬂutter as governing
failure mode. The structure behavior is idealized by a SDOF model governed by
(−ω 2 Is + iω(c − cae (ω)) + k − kae (ω)) Θ(ω) = Mb (ω)

(10)

where Is is the mass moment of inertia per unit length and such that the aeroelastic damping,
stiffness, and the buffeting pitching moment are reduced to

qB  π
BA(ω) W (ω)
U 2

2
ωB
2
A∗3 (ω)
kae (ω) = qB
U


ωB
2B
cae (ω) = qB
A∗2 (ω).
U
U
Mbu (ω) =

(11)

The A∗2 (ω) and A∗3 (ω) coefﬁcients refer to the Scanlan’s —or ﬂutter— torsional derivatives
(see Figure 2), the admittence A(ω) is supposed to be constant and equal to 1 in the following
illustrations and W (ω) is the spectral representation of the vertical ﬂuctuating component of
the wind turbulence. The structural parameters are summarized in Figure 1. For the two test
cases, the accuracy and the efﬁciency of the proposed background/resonant decomposition will
be compared to classical integration methods. The trapezoidal scheme is standard, while the
adaptative integration scheme is brieﬂy detailed in the Appendix. In each case, the integral in
(4) is computed where Sq (ω; U ) corresponds to Sθ (ω; U ), for these case of torsional ﬂutter. It
is also deﬁned by (3) where the aeroelastic stiffness and viscosity are given by (11).
As previously discussed, the number of integration points has a direct impact on the calculation load, and consequently on the computation time: the smaller the number of integration
points, the faster the wind ﬂutter analysis. The CPU times are not reported for this simple
SDOF structure; they are replaced by the number of integration points which is assumed to give
an correct picture of the computational burden for larger problems.
4.1

Golden Gate bridge

Figure 3-a shows the PSD of the torsional degree-of-freedom for a selection of wind velocities. As the wind velocity increases, the resonance peak is shifted to the left and becomes
sharper. This is a sign of torsional ﬂutter, i.e. aero-elastic instability by lack of damping. The
integral of the PSDs obtained for various wind velocities, i.e. the variance, is used to determine the scaled standard deviation of the angular displacement θ shown in Figure 3-b. Each
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Golden Gate

Tacoma

Moment of Inertia Is [kg.m2 /m]

4.4 · 106

177.73 · 103

Natural frequency fs [Hz]

0.1916

0.20

Damping Ratio ξs [%]

0.5

0.5

Deck width B [m]

27.43

12.0

Table 1: Structural properties of the structures considered in Illustrations 1 and 2.
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Figure 2: Flutter derivatives A∗2 (ω) and A∗3 (ω) of the considered structures .

point of the reference curve was obtained with the trapezoidal integration scheme with a large
number (50, 000) of integration points. Red dots represents the results obtained with the B/R
decomposition while the individual components B and R are also represented to indicate that
the instability occurs for this type of cross-section by means of the resonant component. The
reference solution and the proposed approximation are in excellent agreement, promising a very
low relative error. As shown in Figure 3-c, the damping ratio remains constantly lower than 1%
for all wind velocities, indicating that the hypothesis formulated above related to small damping
is respected.
In Figure 3-d, the number of integration points required to satisfy a given relative precision is represented for the two usual numerical methods (trapezoidal scheme and adaptative
integration) as well as the proposed Multiple Timescale Spectral Analysis approach (background/resonant decomposition). The relative error is calculated with respect to a reference
solution obtained from a classical trapezoidal integration method with a mesh of 50,000 points
uniformly spaced between 0 and 10 Hz (i.e. 62.8 rad/s). This mesh was kept constant for all
considered wind speeds.
The square symbols, associated with the trapezoidal scheme, indicate that this classical integration method requires a minimum of 10,000 integration points to get a relative error of the
order of the percent pour all wind speeds. For 1,000 points and below, the error is already way
too large and the function is not accurately represented. However, with 1,000 points smartly
distributed using an adaptive integration method, the standard deviation is accurately calculated
with an error lower than 0.01%. A good compromise can be found around 100 points, where the
error is of the order of the percent again. This method reduces the number of integration points
required by a factor 100, approximatively. The performance of this adaptive integration method
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Number of integration points

Trapezoidal
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(d)

Adaptive
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Relative Error [-]

Figure 3: Aerodynamics response under buffeting loads (Golden Gate bridge). (a) PSD and their B and R approximations for different wind velocities. (b) Scaled standard deviations obtained with accurate numerical integration
(Reference), background component (B), resonant component (R), and the sum of them (B)+(R). (c) Damping ratio
and natural frequency at resonance with respect to avg. wind velocity. (e) Number of integration points required
to satisfy a given relative error on σθ for 3 avg. wind velocities and for the three methods discussed (trapezoidal
scheme with uniform sampling, adaptive quadrature and the MTSA based B/R decomposition .)

is of course conditioned by the efﬁciency of the reﬁnement algorithm and also by the parameters passed by the user —for instance the initial mesh. Usage of other adaptive integration
scheme than the algorithm presented in the appendix might therefore lead to similar trends but
slightly different numbers. The last cluster of points represented in Figure 3-d refers to the B/R
decomposition and suggests an error below 1% while being limited a single sampling point, at
resonance. This arises from the white noise approximation made in (6). This method appears
now to be therefore the best compromise number of points/accuracy.
4.2

Tacoma Narrows bridge

The second case study is the Tacoma Narrows bridge. Besides its dangerously low critical
velocity of 11 m/s, it behaves very similarly to the Golden Gate bridge such that most of results
are globally the same. The output resulting from the aeroelastic analysis are shown in Figure 4.
For this second application the damping related ﬂutter derivative A∗2 (ω) is such that the
damping ratio at resonance ω diminishes as U increases, except at very low wind speeds. The
damping ratio remains again below 1% which explains why the quality of the approximation
does not drop as the wind velocity increases. The trapezoidal integration scheme, in contrast,
fails to capture the sharp resonance peak on approaching the critical ﬂutter speed. More than
that, the proposed background/resonant decomposition is even more precise that the damping
ratio is small. Because the damping drops as the considered wind velocity approaches the crit-
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100

0.3

U=11 m/s
U=8.37 m/s
U=5.36 m/s

10-4

[m]

10-2

Reference
B
R
B+R

Ref.
B+R
B
R
Cr. Velocity

0.25
0.2
0.15

10-6

0.1

10-8
0.05

10-10

U=2.73 m/s
0

0

0.5

1

1.5

2

2.5

(a)

6

8

0.4
0.3
0.2

Damping
Frequency
Cr. Velocity

0.1

0

2

4

0.4

6

Wind Velocity

8

10

0
-0.4

12

10

12

[m/s]

Trapezoidal
Number of integration points

[Hz]

0.8

Eigen Frequency

Damping ratio  [%]

4

Wind Velocity

1.2

0.5

0

2

(b)

0.6

(c)

0

Circular Frequency [rad/s]

Adaptive

MTSA

-0.8

[m/s]

(d)

Relative Error [-]

Figure 4: Aerodynamics response under buffeting loads (Tacoma Narrows bridge). (a) PSD and their B and R
approximations for different wind velocities. (b) Scaled standard deviations obtained with accurate numerical
integration (Reference), background component (B), resonant component (R), and the sum of them (B)+(R). (c)
Damping ratio and natural frequency at resonance with respect to avg. wind velocity. (e) Number of integration
points required to satisfy a given relative error on σθ for 3 avg. wind velocities and for the three methods discussed
(trapezoidal scheme with uniform sampling, adaptive quadrature and the MTSA based B/R decomposition .)

ical velocity, the approximation is even more accurate and appealing as ﬂutter conditions are
close. This is unfortunately not applicable to divergence instabilities, where the loss of stiffness
is typically accompanied by an increase in damping, see e.g. XXX (bench polimi). Therefore,
the approximation should not be recommended for divergence instabilities, particularly close to
the ﬂutter conditions.
Regarding the relative error and the integration points, the same 3 tendencies as in the previous applications are observed. A number of 100 integration points are required to accurately
integrate the PSD using an adaptive method, and 10.000 points at least should be used if a uniform mesh is used. The MTSA approach provides truly accurate standard deviation with an
error lower than 0.5%, slightly lower than in the Golden Gate bridge illustration.
5

PERSPECTIVES

The acceleration of the computation of the aeroelastic response of a single degree-of-freedom
system could seem ridiculous at the time where the computational power is continuously growing and especially when the multiple mode analysis of large structures has been being available
for more than 20 years [18, 19, 20]. We see however two main promising perspectives for this
preliminary work.
The ﬁrst one is immediate and concerns the stochastic stability of the single degree-offreedom system. Indeed in a probabilistic approach, should it be by means of Monte Carlo
simulations [21] or alternatives such as the collocation method or Galerkin approache [22], it is
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essential to repeat the solution of the deterministic problem a large amount of times. Any CPU
saving is therefore welcome to determine more accurate statistics of the response.
A second perspective of application of the proposed formulation concerns the extension to
multi degree-of-freedom systems. They are governed by an equation similar to (l), which reads,
in the frequency domain,
5
4
(12)
−Ms ω 2 + iω C (ω) + K (ω) Q (ω) = Fbu (ω) .
The aeroelastic matrices Ms , C and K combining the structural matrices and aerodynamic unsteady loads might be very large. An analysis in the modal basis is able to drastically decrease
the size of the system. The variance of the modal responses in each mode can then be determined with the method proposed in this paper. The main difference with a classical integration
of the power spectral densities is that the projection of the buffeting forces in the modal basis
is performed for natural frequencies only —or for a very restricted number of points in the
most unfavorable case of a large aeroelastic stiffness—, and not for the whole set of natural frequencies that a Gauss-Lobatto or trapezoidal integration scheme would require. So the proposed
method can be used with very little adaptations as long as modal responses are concerned. Then,
the combination of modal responses is necessary to determine structural responses (displacements and internal forces) or, alternatively, equivalent static loads. This requires the estimation
of modal correlation coefﬁcients but again, the Multiple Timescale Spectral Analysis has already been used to solve this problem in the buffeting-only case [23] and it is believed that the
same extension is possible. Depending on how the eigenmodes of the aeroelastic system are determined, a proper recourse to the smallness of off-diagonal terms might be invoked, similarly
to some of the previous results of the authors [24]. All in all, the determination of the response
of a single oscillator appears as a major building block for the derivation of a very fast algorithm
for the analysis of the aeroelastic response of large bridges. The outlook for future is to make
possible the probabilistic analysis of large-scale structures or the rapid parametric analysis of
large scale structures (varying the wind incidence, optimization of the aerodynamic deck, etc.).
6

CONCLUSIONS

The analysis of an aeroelastic oscillator subjected to low frequency turbulence can be studied
by means of background and resonant components, which take a more general form than in the
well known case presented by Davenport. They remain simple, however, and offer therefore a
straightforward understanding of the response. Beyond this gain in physical insight, the derivation of the two components in an appropriate algorithmic implementation allows to speed up
the determination of the stochastic response.
Examples have shown that the number of sampling points is reduced by a factor 10.000 (!)
with respect to classical integration method, and by a factor 100 with respect to a smarter adaptive integration technique. This promises massive computational time saving, especially since
the projection of the nodal aerodynamic loads vector in modal basis is by far the exhausting
operation of the algorithm.
The delicacy of the proposed approximation resides also in the quality of its predictions: in
the studied examples, the error committed on the standard deviation is lower than 1% which
remains quite accurate when put in perspective to the safety envelope usually taken in civil
engineering applications. The approximation method assumes that the damping ratio is small,
and this hypothesis is even more respected that the system is close to ﬂutter (except (static)
divergence). Therefore the prediction is even more accurate that the resonant peaks are sharp,
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as opposed to the trapezoidal integration method with a uniform mesh which struggles to capture
accurately the sharpness of the peaks with a reasonable number of points.
These performance are promising for future extensions to probabilistic contexts, or large
multiple mode structures, that rely both entirely on the efﬁciency of the algorithm to be envisaged.
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APPENDIX: THE ADAPTATIVE INTEGRATION SCHEME

The results obtained and presented in this paper are partly obtained with a simple in-house
adaptative integration scheme. The algorithm works as follows. First, the domain of integration
is divided into segments separated by the integration points. On each segment, the contribution
to the integral is computed by means of the trapezoidal rule. These segments are then iteratively
reﬁned, if required, until a desired accuracy is reached.
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The reﬁnement procedure consists in adding an integration point in the middle of the interval,
creating therefore two sub-segments instead of the initial one. The sum of the contribution on
the two sub-segments is compared to the contribution along the domain before subdivision. If
the relative difference between both is lower than a user-deﬁned threshold, then this domain in
not subdivided anymore. This process is continued until no segments requires being divided
anymore.
This algorithm performs better when the original distribution of points includes the inﬂexion points in the function to integrate. This is due to the fact that the break-down condition
originates from a concept built on a curvature with a constant sign along the domain. The termination criteria can indeed be too conﬁdent in case of a domain with an inﬂexion point in the
middle.
doloop = 1;iter=1;
while doloop
ir = find(r==1);
nz = length(ir);
jr=1;
while jr<=nz
iz = ir(jr);
xn = (x(iz)+x(iz+1))/2;
fn = fct(xn);
I1 = trapz( [x(iz) x(iz+1)], [f(iz) f(iz+1)] );
I2 = trapz( [x(iz) xn], [f(iz) fn] ) + trapz( [xn x(iz+1)], [fn f(iz+1)] );
err = abs(I2-I1) / (Itot / (x(end)-x(1)) * (x(iz+1)-x(iz)) );
x = [x(1:iz) xn x(iz+1:end)];
f = [f(1:iz) fn f(iz+1:end)];
if err < tol
r = [r(1:iz-1) 0 0 r(iz+1:end)];
else
r = [r(1:iz-1) 1 1 r(iz+1:end)];
end ir = ir+1; jr = jr+1;
Itot = trapz( x,f );
end
if sum(r) == 0; doloop=0; end
iter=iter+1;
end
Itot = trapz( x,f );
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Abstract. Lightweight panels are very common in the building, aerospace and automotive
industry, and their acoustic insulation properties are well studied; nevertheless, low frequency
noise is inherently difﬁcult to deal with, mainly due to its high penetration. To encounter this
issue, several treatments have been proposed in the form of perforated plates, meta-surfaces
and acoustic/elastic meta-materials among others. Despite, the continuous attempts, none of
the available solutions has indicated an outstanding performance in the low frequency range.
On the other hand, boundary conditions of a vibrating panel are known to have an inﬂuence
on the sound transmission loss (STL). Driven by the recently extended standards to include
frequencies as low as 50 Hz, and the academic community debate about the reliability of lowfrequency measurements in reverberant chambers, STL improvement in the region of the ﬁrst
panel resonance is investigated in this paper, considering a panel supported on elastic mounts.
Following a general vibration isolation approach, the fundamental eigenfrequency of the panelmount system is reduced and is explicitly selected below the threshold of human hearing. STL
predictions are accomplished utilizing a Finite Element (FE) vibroacoustic model that simulates
real test room conditions. Compared to the commonly used models of a bafﬂed plate radiating
to inﬁnity, this detailed approach allows not only a more accurate calculation of STL but also
reveals the potential issues emerging during laboratory measurements.
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1 INTRODUCTION
When considering room-to-room noise transmission inside buildings, sources such as electrical appliances, music and movies in neighboring apartments etc., have notable low frequency
content. Another signiﬁcant component of low frequency noise in residential areas is road
noise emitted by vehicles, since their engines operate typically at speeds up to 6000 RPM (100
Hz). Therefore, there is an ever increasing demand for noise mitigation solutions in this range,
providing an improvement on the residents quality of life but also for compliance with legal
requirements [1].
However, the low frequency range approximately below 200 Hz, has been overwhelmingly
overlooked in the past when considering applications and we presently lack understanding to
properly model the processes governing the sound transfer in this frequency range. Almost
exclusively, the focus is on the region of the coincidence frequency of ﬁnite partitions. The lack
of complete industrial standardization and guidances for such cases, especially below 100 Hz is
also a factor. Yet, a large research program on low frequency sound transmission into buildings
was conducted by NGI (the Norwegian Geotechnical Institute) between 2010-2016, comprising
of laboratory, full scale and numerical testing [2]. The disseminating research ﬁndings of the
program have been proven very useful, but there are still uncharted areas in this ﬁeld.
When it comes to acoustic treatment in rooms there are also a lot of misconceptions among
the general public. Full scale tests reveal that when noise transmission occurs inside a building,
the peaks of the low frequency sound spectrum are of the same order as the fundamental acoustic
room-modes [3], leading to a collection of resonances, which compromise the measurements.
International standards describe procedures to extend the measurement range down to the 50
Hz one-third octave band [4, 5, 6]. Prescriptions include use of speciﬁc source and receiver positions, however the procedure is complex, with the worst case scenario to propose the use of a
sufﬁciently large number of source-receiver combinations as a means to smooth the large spatial
variations in measured levels. Moreover, regarding the laboratory geometry, large rooms with
volumes V > 200m3 and speciﬁc room size ratios are suggested when low frequency measurements are conducted. Recently, Ayr et al. [7] presented a detailed low frequency qualiﬁcation
procedure for a typical reverberant test room in order to perform sound power measurements,
by taking advantage of a room ﬁnite element model. Similarly, Løvholt et al. [8] developed
a ﬁnite element methodology that incorporates a two-way coupled ﬂuid-structure interaction
and they compared their numerical results with experimental measurements including low frequency sound transmission of plain walls, and walls with windows. Vorländer and Aretz also
worked on room to room acoustic simulations, focusing on the room boundary conditions [9]
and the uncertainties of the computational models [10].
As far as the analytic methods are concerned, the acoustic radiation from plates has long
been an important subject in structural dynamics and acoustics, thus numerous mathematical
models describing the structural response to noise, acoustic fatigue and sound transmission of
partitions have been developed. Beranek and Ver, Cremer et al., Ordubadi and Lyon and London
[11, 12, 13, 14] derived equations for the unbounded/inﬁnite partitions (”inﬁnite-panel theory”)
simplifying the problem and later ad hoc corrections were added to enhance the accuracy of the
Sound Transmission Loss (STL) formulas. Although, the inﬁnite panel theory can approximate
pretty accurately the panel response when high frequency noise mitigation is concerned, it is
known that bounded plates vibrating at frequencies below the critical frequency are very much
inﬂuenced by the presence of their boundaries [15, 16]. Similarly, Kim [17] approached sound
transmission through partitions from the standpoint of impedance mismatch. Despite, the merits
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of the aforementioned approaches, in low frequency the modal response of the structure affects
the transmission properties.
The aim of this contribution is to investigate the effects of elastic mounting in the STL
performance, considering a much relevant speciﬁc case of single-leaf plasterboard partitions
and show how the uncertainties due to practical factors can be diminished with this approach.
Namely, the ways that elastic mounting may be incorporated in already existing panels and set
circumstances regarding their spatial conﬁguration, as well as, the effectiveness of the damping
of the mounts in the mitigation of the ﬁrst panel resonance. The analysis is conducted via both
simple mathematical models and a coupled ﬁnite element vibroacoustic model where the room
to room sound transmission is described based on the laboratory set-up in SINTEF Building
laboratory in Oslo, Norway [8].
The idea of utilizing ”soft mounts” to reduce the fundamental frequency of the system delves
into the investigation of what constitutes soft mounting. Therefore, a modeling procedure based
on certain approximations [18] is formulated in order to provide a projection of the expected
level of stiffness that satisﬁes this terminology and serves the intended purpose. Intuitively,
following the general concepts of vibration isolation for the reduction of the eigenfrequency
through the reduction of stiffness, supporting an existing panel on elastic mounts, the ’mass
law’ behavior may be dragged into lower frequencies and the resonant region of the new system
panel-mount will be moved below a critical frequency, for example at 20 Hz considering the
threshold of human hearing.
To sum up, in Section 2 the theoretical formulation of the three applied methods, are provided
together with the FE model describing the room to room transmission. In Section 3 a parametric
investigation is presented to reveal the parameters that affect STL of a rectangular panel and
ﬁnally in Section 4 the conclusions of this work are brieﬂy discussed.
2 MATERIALS & METHODS
By deﬁning the transmission coefﬁcient as
τ=

Πt
Πi

(1)

where Πi is the incident and Πt the transmitted (radiated) sound power, the STL is expressed as
ST L = 10 log10

1
τ

(2)

A typical form of the STL curve for sound propagation through a thin panel is decribed in
[19]. In the ’mass law’ region, the STL is controlled by the mass per unit area of the panel.
Speciﬁcally, for a thin panel, neglecting stiffness and damping (limp wall):

ST L = 10 log10


Ω2 m̄2
4(ρ0 c0 )2 / cos2 θi

(3)

where Ω is the cyclical frequency of the propagated incident sound waves, θi is the angle of
incidence, c0 is the speed of sound in air, ρ0 is the air density and m̄ [kg/m2 ] is the mass per
unit area of the panel. Although the mass law is very simple and compact, it is only valid for
large simple plates because it is derived from the inﬁnite and rigid plate assumption. Therefore,
attention should be given when utilized for STL predictions of general ﬁnite panels.
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Figure 1: (α) Coordinate systems and transmission geometry of a rectangular plate in a rigid bafﬂe. (b) Transmission geometry of the free ﬁnite rigid panel.

2.1 Sound radiation from a rectangular panel in an inﬁnite rigid bafﬂe
The ﬂuid domain is assumed homogeneous and compressible. The mass density of air and
sound speed are noted as ρ0 and c0 , respectively. The inﬁnitely large acoustic rigid bafﬂe divides
the space into two domains i.e. the excitation domain V − and the receiver domain V + . The
panel is subjected to the incident pressure pi , with incidence angle θi and azimuth angle φi .
Therefore, the excitation domain consists in the incident pressure pi , the reﬂected pressure pr ,
and the re-radiated pressure p−
rad due to the motion of the ﬁnite panel. The receiver domain
consists only in the transmitted pressure pt , namely the radiated pressure due to the motion of
the panel p+rad . Assuming that the incident sound pressure pi is a harmonic function, we can
express it as
pi (x, y, z, t) = Pi e−j(κx x+κy y+κz z) ejΩt = p̃i (x, y, z) ejΩt
(4)
where p̃i (x, y, z) the time invariable complex amplitude and κ = Ω/c0 is the wavenumber with
κx = κ sin θ cos φ , κy = κ sin θ sin φ , κz = κ cos θ

(5)

The reﬂected pressure by the surface of the panel is then expressed as
pr (x, y, z, t) = Pr e−j(κx x+κy y−κz z) ejΩt = p̃r (x, y, z) ejΩt

(6)

denoting the opposite direction from the incident wave. Lord Rayleigh [20] determined a
relationship expressing the radiated (transmitted) pressure in terms of the structural velocity
based on Green’s function,


jΩρ0 jΩt lx /2 ly /2 e−jκR ∂w(ξ , η  )  
+
(7)
prad (r, t) = pt (r, t) =
e
dη dξ
2π
R
∂t
−lx /2 −ly /2
where R referring to Fig.1, is deﬁned as
R = |r − rP | =

%

(x − ξ )2 + (y − η  )2 + z 2

(8)

and r = (x, y, z) is the position vector of a point in the receiver domain while rP = (ξ , η  , 0) is
the position vector of the center of an elemental radiator with surface δS on the panel, having a
normal velocity amplitude ẇ(ξ  , η  ). For the local coordinates holds that ξ  = ξ − l2x , η  = η − l2y .
Following the calculation of the expression for the transmitted pressure, there are two different ways used to determine the radiated (transmitted) power. The ﬁrst is to integrate the
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intensity on a hemisphere in the far-ﬁeld enclosing the plate which is followed in this paper,
and the latter is to integrate the acoustic intensity over the surface of the vibrating plate. Both
approaches require the knowledge of the distribution of the velocity over the plate and they
assume a weak coupling between the vibrating structure and the radiated sound ﬁeld.
Applying the far-ﬁeld approximation as described in Section A.1, the transmitted intensity
It is calculated as
|pt (r, θ, φ)|2
It (r, θ, φ) =
(9)
2ρ0 c0
Then, the transmitted power Πt comes by integrating the transmitted intensity on a hemisphere in the far ﬁeld enclosing the plate as

Πt =

2π

0


0

π/2

It r 2 sin θdθdφ

(10)

while the incident power on the panel is deﬁned as
Πi =

|pi |2 lx ly cos θ
2ρ0 c0

(11)

2.2 Vibration of a panel subject to external pressure
With reference to Fig.1α, the ﬁnite-sized ﬂat panel partition is assumed to be rectangular
and bafﬂed, with lengths lx and ly along the x and y axes respectively. The panel of thickness
h, is considered homogeneous and isotropic and is modeled as a classical thin plate, implying
that the effects of both the rotary inertia and the transverse shear deformation can be neglected.
Hereinafter, the equation of motion governing the bending vibration of the plate is given by
D

 ∂ 4 w(ξ, η, t)
∂ξ 4

∂ 4 w(ξ, η, t) ∂ 4 w(ξ, η, t) 
∂ 2 w(ξ, η, t)
+
=
+
ρh
∂ξ 2 ∂η 2
∂η 4
∂t2
= pi (ξ, η, t) + pr (ξ, η, t) + p-rad − p+rad

+2

(12)

where D = Ẽh3 /12(1 − ν 2 ) is the bending stiffness of the plate, E, h, ρ and ν are the Young’s
modulus, thickness, mass density and Poisson’s ratio of the plate, respectively. w(ξ, η, t) is
the instantaneous transverse displacement. In order to account for energy dissipation due to
structural damping, a complex modulus of elasticity is introduced Ẽ = E(1 + jn), where n is
the loss factor.
The right hand side must satisfy the velocity continuity at the surface of the panel (z = 0).
In that case, it holds that pr = pi and also since pt = p+rad = −p-rad the right hand side becomes
pi (ξ, η, t) + pr (ξ, η, t) + p-rad − p+rad = 2pi (ξ, η, t) − 2pt (ξ, η, t)

(13)

The so-called ”blocked pressure” [17] pb = 2 pi , is the pressure when the incident wave
meets a rigid wall.
2.3 Free Finite Rigid (FFR) Panel Approximation
In order to replace the inﬁnite panel approximation (limp wall) with a more appropriate
reference for ﬁnite panels, the free ﬁnite rigid (FFR) panel approximation is formulated. In this
case it is assumed that the panel is rigid, consisting only in mass and oscillating freely in an
inﬁnite rigid bafﬂe but instead has ﬁnite dimensions as demonstrated in Fig.1b.
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Since the panel is considered rigid, the spatial derivatives of Eq.(12) are eliminated. Also,
considering only the blocked pressure pb = 2pi as the forcing pressure and that pi are incident
plane waves, the equation of motion becomes:
ρhẅ = 2Pi ejΩt

(14)

The forcing pressure is a harmonic function, therefore the steady-state transverse displacement of the panel can be expressed as
w = W (ξ, η)q(t)

(15)

q(t) = CejΩt

(16)

where
For the rigid assumption, the shape function is independent of the position (ξ, η) on the surface
of the panel, namely W (ξ, η) = 1. Substituting the solution into Eq.(14) and solving for C
gives:
2Pi
(17)
CFFR = −
ρhΩ2
The transmission coefﬁcient then comes as
1  ρ0 2 1
τFFR =
Iθφ
(18)
l x ly π
m2
where m = ρh is the mass density (mass per surface area) of the panel, and Iθφ is the double
integral over a hemisphere in the receiver domain as given in Eq.(A.10).
2.4 Simply Supported Plate First Mode Approximation
Analytic solutions for the problem can be found via modal superposition methods, for example as formulated by Roussos [21]. However, in these analytic approaches, past researchers
usually avoided to include in their calculations the re-radiated pressure 2pt (ξ, η, t) (often referred to as ”ﬂuid loading”) of Eq.(13) in order to reduce complexity. According to Roussos
[21] neglecting the effect of the re-radiated pressure allows an accurate solution to be obtained
over large frequency range, and gives invalid answers only for frequencies near the panel’s
fundamental resonant frequency.
Since the low frequency range of interest in the present case is exactly the range near the
fundamental resonance of the panel, an attempt for a more accurate and usable approximation
is formulated in this section, including the effect of ﬂuid loading.
Considering only the 1st vibrational mode of the simply supported plate, the spatially dependent amplitude of the transverse displacement w(ξ, η) = W1 (ξ, η, t)e−jΩt is assumed by the
shape function
 
 
πξ
πη
W1 = C1 sin
sin
(19)
lx
ly
the resulting expression for the transmitted (radiated) power Πt is given by Eq.(A.25). The
detailed analysis is presented in Section A.3.
Assuming normal incident waves (θi = 0), the incident power is given by
Πi =

Pi2 lx ly
2ρ0 c0
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leading to the transmission coefﬁcient τ as
τ1 =

(16Ω2 ρ0 )2
1
Iθφ
lx ly |π 3 ρh(ω12 − Ω2 ) − 16Ω2 ρ0 e−jkr
|2
r

(21)

where distance r needs to be large enough to satisfy the far-ﬁeld approximation and ω1 is the
natural frequency of the 1st mode resulting from the homogeneous form of Eq. (12), as
ω12

Dπ 4
=
ρh



1
1
+ 2
2
lx ly

2
(22)

Expressing the dynamic behavior of the continuous system of the simply supported panel
approximated by the 1st mode, as a single degree of freedom (SDoF) lumped parameter model
(LPM), the corresponding generalized mass and stiffness [22] come as
m
mlx ly
ρhlx ly
=
=
4
4
4
2
1
4
l
l
Dπ
1
x
y
k1∗ =
+
4
lx2 ly2

m∗1 =

(23)
(24)

The transmission coefﬁcient is then calculated as

τLPM = lx ly

4Ω2 ρ0
π3

2
4

1
m∗1 |ω12 − Ω2 |

52 Iθφ

(25)

2.5 Lamped parameter model for elastic mounts
The goal is to formulate a straightforward procedure for the investigation of how the bending stiffness of the panel combines with the mounting stiffness in the case where the panel is
supported on elastic mounts and how the acoustic performance is affected. In order to do that,
the main assumption is that the bending stiffness of the deformable plate is in a way in series
with the stiffness of the mounting. Therefore, the resulting stiffness is
ktot =

k1∗ k0
k1∗ + k0

(26)

When the mounting is very stiff (k0 >> k1∗ ) leads to ktot = k1∗ , namely, the case of the simply
supported plate is approached. When k0 → 0, the plate is essentially free ﬂoating. Naturally, when the eigenfrequency of the system is reduced along with the total stiffness, the mass
considered in the SDoF model increases. In this case this variation is neglected for reasons of
simpliﬁcation. As a result, when the considered mounting stiffness k0 is of comparative order of
magnitude with k1∗ , there is some deviation between the resulting eigenfrequency of the model
and the actual eigenfrequency. However, in cases when k0 >> k1∗ or k0 << k1 ∗ the deviation is
nulliﬁed. Thus the model is used for an estimation of the required stiffness level and guidance
for the design of the mounts.
Fig.2, shows the equivalent dynamic SDOF model of the deformable thin panel when it
is supported on elastic mounts according to the ’in-series’ assumption. This is achieved by
utilizing the generalized values of the structure, namely generalized mass and the corresponding
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Figure 2: Modelling of a deformable plate on elastic mounts with stiffness k0 .

generalized stiffness for the appropriate modes, as calculated from Eqs.(23),(24) for the 1st
mode approximation of the simply supported panel.
Since the loss factor (n) can represent more accurately the dynamic response of nonlinear
systems compared with the damping ratio which is deﬁned on the grounds of the linear single
degree of freedom (SDOF) viscous model [23, 24], hysteretic damping is introduced indirectly
considering complex stiffness elements as
k0 = k0 (1 + jn)
The STL of the model is then calculated as ST L = 10log10
cient τ comes as

τ = l x ly
.

4Ω2 ρ0
π3

2

1
τ

(27)
(28)
, where the transmission coefﬁ-

1
|−

Ω2 m∗1

+ ktot )|2

Iθφ

(29)

2.6 3D vibro-acoustic FE model
In addition to the aforementioned analytical methodologies, a 3-D FE coupled vibro-acoustic
model was developed on the commercial ﬁnite element software package ABAQUS [25]. In the
present simulations, the geometry of the SINTEF laboratory [8] is utilized as the computational
domain, as shown in Fig.3 α and b. It is noted that the laboratory geometry and the measurement
procedure do not follow accurately the proposed from the standards guidance, however, the
developed model can be used for room to room sound transmission predictions. The panel is
excited by the source located in the left corner of the source room and the incidence and radiated
acoustic pressure is extracted from the ﬂuid-structure interface nodes. An arithmetic average is
performed by
n
1
Pt =
|pt,i |
(30)
n i=1
1
|pi,i |
n i=1
n

Pi =

(31)

where n denotes the total number of measuring nodes; i denotes the node number; pi denotes
the incidence pressure and pt denotes the transmitted pressure. Then the averaged pressures
Pi , Pt are used to compute the simulated STL by
ST L = 20 log10
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()
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Figure 3: (α) Plan view of the sound laboratory setup used in ABAQUS model. (b) Depiction of the vibro-acoustic
model. (c) Positioning of the twelve (12) mounts on the surface of the panel.

The panel is discretized by 20-node quadratic solid hexahedral elements, while the fluid domain is discretized by 20-node quadratic acoustic hexahedral elements. Tie constraints are used
to simulate the coupling at the fluid-structure interface, while reflecting boundary conditions
were specified to simulate the room conditions. In cases that the plate is supported on elastic mounts, connectors are installed on the required locations with the appropriate properties.
Lastly, the discretization of the fluid domain has more than three quadratic elements across the
wavelength of interest to increase the accuracy of the computational results [26].
3 Numerical Example - Parametric investigation of STL
In this section, the elements that affect STL of a rectangular plate are investigated, especially
in case of a single leaf plasterboard partition. Initially, the analytic models proposed in the
previous section A 0.625 x 1.6m rectangular plasterboard is considered, according to real-life
masonry applications. The width corresponds to the horizontal distance between the upright
supporting beams providing the stable frame of the plasterboard. Typically, the height of such a
plasterboard is around 3.2 m, meaning that it can be covered by two pieces with the dimensions
consider here. The selected dimensions correspond also to a frontal surface of 1 m2 . The
relevant properties of the plasterboard are summarized in Table 1.
Table 1: Plasterboard properties.
kg
[m
3]

ρ
668

Lx [m]
0.625

Ly [m]
1.6

h [m]
12.5 10−3

E [M P a]
2900

ν [−]
0.31

The red dashed line in Fig.4, represents the FFR panel approximation as given by Eq.(18).
Intuitively, this approximation should constitute the ideal case regarding the STL of a panel
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with ﬁnite dimensions and may act as a reference curve for the various comparisons instead
of the inﬁnite panel approximation which is invalid in the lower frequency range that is being
examined. The yellow line corresponds to the 1st mode approximation of the simply supported
panel while the blue dotted line is the lumped parameter model as derived from the 1st mode
approximation. The difference between the two methods is essentially the effect of ﬂuid loading
(FL), whereas in the latter model is not included. It is observed that the ﬂuid loading has very
little effect on the damping of the ﬁrst resonance. Thus, the elimination of its participation in
the respective models is justiﬁed and consists a safe approximation. Lastly, the black dashed
line represents the modal superposition method as formulated by Roussos and the grey line
with markers shows the STL as calculated from the ﬁnite element model. In general a good
agreement is observed among all the applied methods.
3.1 Mathematical vs Numerical models

Figure 4: Comparison of 1st mode, rigid approximations and numerical model.

The objective of the simpliﬁed models is to provide a more straightforward and fast prediction of the acoustic performance of the panel along with the ability to extract intuitive and
revealing expressions of the main dynamic parameters that govern its frequency response. Since
the higher modes have signiﬁcantly lower modal participation factors in the frequency response
than the fundamental mode, they are relatively easily damped. With that thinking, the approximation using only the 1st mode is considered appropriate in order to study this low frequency
region, and following, the effect of elastic mounting and damping.
3.2 Effect of support conditions in STL
A case for the resulting STL frequency response compared to the simply-supported and
clamped conﬁgurations are presented in Fig.5α. The total stiffness of the mounting is considered equal to the generalized stiffness of the simply supported panel (k = k1∗ = 1.1 105 N/m),
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Figure 5: (α) Effect of support conditions in Sound transmission loss (ST L). (b) Effect of damping in Sound
transmission loss (ST L).

while, no damping is considered for the mounts. This choice for the mounting stiffness is based
on the Lamped parameter model, described in Section 2.5. Speciﬁcally, the total mounting
stiffness is selected to drop the 1st resonance below 20 [Hz] and then the estimated stiffness is
allocated to the 12 springs of the FE model.
Following the logic of classic vibration isolation, by lowering this frequency enough it can
be moved outside the frequency range of interest, e.g. above 20 Hz. However, signiﬁcantly decreasing this frequency can have certain implications. On one hand, it leads to slightly reduced
STL frequency response and on other hand, it may present practical problems including excessive vibration magnitude, possible resonances with other supportive structural elements such as
bolts or the frame, or even inadequate rigidity for impact loads. The optimal solution requires
a combination that leads to a low enough fundamental eigenfrequency that can be effectively
dampend without the need of excessive damping while at the same time is high enough that the
overall STL is not signiﬁcantly reduced and no vibrational implications come into play when
the mounting is very soft.
Another purpose of the comparison in Fig.5α is to highlight the deviation of the eigenfrequencies between the simply supported and clamped panels in regards to the uncertainty introduced by this fact in real world installations. Depending on the technique of the installation
the exact support conditions may vary between these two cases. However, the inclusion of the
soft elastic mounts, eliminates this uncertainty as it produces an explicit, calculated frequency
response by design. Additionally, the reduction of the eigenfrequencies alone almost eliminates
the participation of the higher modes even without the consideration of any energy diffusive elements besides the structural damping of the panel itself which holds for all three case compared
here.
3.3 Effect of damping
Further examination considers the effect of damping of the elastic mounts. In order to investigate the effects of damping 12 linear springs were attached to the panel as in Fig.3c. Assuming
the same stiffness for the mounts as in the previous case, a comparison is presented in Fig. 5b
damping ratios ζ = 0.3 and ζ = 0.7.
The results presented in Fig.5b are meant to demonstrate the expected level of damping in
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order to effectively damp the fundamental frequency. As already mentioned, even in cases of
low damping the STL response is ﬂattened as the higher eigenfrequencies are very effectively
damped while only the ﬁrst eigenfrequency requires signiﬁcant damping. How realistic are the
actual values of the assumed viscous dampers for high damping ratios is surely a matter of
discussion and very much depends on practical factors like the material used for the mounts and
spatial considerations of the real world implementation.
Certainly, the positions of the mounts have a signiﬁcant role on their damping effectiveness.
Especially in this case of viscous damping, the velocity amplitude is maximum at the center of
the panel and minimum along the edges, therefore a mount positioned at the center would most
effectively dampen the fundamental resonance. However, this case would change the dynamic
behaviour of the panel and would also require an additional supporting frame along the middle
of the panel for example, which is something that is preferably avoided. For this reasons such a
modiﬁcation is not investigated in the current contribution.
4 Conclusions
The variation of the support conditions of the panel, between simply supported and clamped,
in a real-world implementation affects signiﬁcantly the eigenfrequencies and therefore the frequency response of the STL.
The term ”soft mounts” is approximately deﬁned as the case in which the total stiffness of
the mounts is lower than the generalized stiffness of the simply supported panel. When the
panel is supported regionally on soft elastic mounts, the values of the eigenfrequencies of the
structure are reduced. This has two main consequences:
• The value of the fundamental eigenfrequency can be explicitly deﬁned, depending on
the stiffnes of the mounts, and be moved outside the frequency range of interest, namely
below 20 Hz.
• The contribution of the higher modes is almost nulliﬁed without the need of any signiﬁcant damping in the mounts.
Therefore, the utilization of soft mounts displaces the STL curve towards lower frequencies,
providing smooth performance in the entire low frequency range. Additionally, this practice
diminishes any uncertainties introduced in the acoustic performance either due to practical support conditions or variations in the rigidity of the panel.
Finally, the analytic models showed good agreement with the developed FE model, indicating that they can be used as a quick tool for the design of soft mounts.
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Appendix
A.1 Far-ﬁeld approximation
The distance R can be written as
R=

%

r 2 − 2xξ  − 2yη  + ξ 2 + η 2
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%
x2 + y 2 + z 2 . In spherical coordinates R becomes

sin θ 
ξ 2 + η 2
R = r 1−2
(ξ cos φ + η  sin φ) +
(A.2)
r
r
The solution of Eq.(7) is not trivial and has been calculated analytically only for a few cases
of boundary conditions. A way around this obstacle comes by utilizing the far ﬁeld approximation. In the far ﬁeld we can ignore the weak dependence of the amplitude of the integrand on
the position but not the dependence of the phase, namely it holds that
where r = |r| =

1
1
≈
R r



−jκr 1− sinr θ (ξ  cos φ+η sin φ)

e−jκR ≈ e

(A.3)

= e−jκr ejκ sin θ(ξ



cos φ+η sin φ)

(A.4)

Since r is independent of ξ  and η  , the corresponding terms in Eq.(7) can be moved outside the
double integral, leading to
jΩρ0 j(Ωt−κr)
e
pt (r, t) =
2πr



lx /2



−lx /2

ly /2

−ly /2

∂w(ξ  , η ) jκ(ξ sin θ cos φ+η sin θ sin φ)  
dη dξ
e
∂t

(A.5)

which may be analytically calculated.
A.2 Free Finite Rigid (FFR) Panel Approximation
Then, the transmitted pressure by considering the far-ﬁeld approximation, is calculated from
the expression
−Ω2 ρ0 W e−jkr jΩt
e
pt (r, t) =
2π
r



lx
2



ly
2
l
− 2y

− l2x

ejκ(ξ

 sin θ cos φ+η 

sin θ sin φ)

dη  dξ 

(A.6)

where the surface integral is calculated
8 sin(σx ) sin(σy )
k 2 sin2 θ sin 2φ

Iξ  η  =

(A.7)

and
lx
sin θ cos φ
2
ly
σy (θ, φ) = k sin θ sin φ
2

σx (θ, φ) = k

(A.8)
(A.9)

The transmitted intensity It and consequently the transmitted power, are calculated from Eqs.(9),(10)
where Iθφ is deﬁned as

Iθφ =

0

2π


0

π/2

6
62
6
6
6Iξ η 6 sin θ dθ dφ
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A.3 Simply Supported Plate - First Mode Approximation
Considering only the 1st mode for interpolation of the transverse displacement the derivatives
to be substituted in the equation of motion are calculated as
∂ 2 w(ξ, η)
= −Ω2 W1 (ξ, η)e−jΩt
2
∂t
 4
 4
πξ
π
∂ 4 W1 (ξ, η)
π
πη
=
C
sin(
)
sin(
)
=
W1 (ξ, η)
1
∂ξ 4
lx
lx
ly
lx
 4
 4
∂ 4 W1 (ξ, η)
πξ
πη
π
π
= C1
sin( ) sin( ) =
W1 (ξ, η)
4
∂η
ly
lx
ly
ly
 2 2
 2 2
πξ
πη
π
∂ 4 W1 (ξ, η)
π
= C1
sin( ) sin( ) =
W1 (ξ, η)
2
2
∂ξ ∂η
lx l y
lx
ly
l x ly

(A.11)

Considering the far ﬁeld approximation for the transmitted pressure and normal incident
waves (θi = 0), the equation of motion becomes




1
1
1
4
2
Dπ
+ 2 2 2 + 2 − Ω ρh W1 (ξ, η) =
lx2
lx l y l y
(A.12)
Ω2 ρ0 −jkr
2Pi +
Iξ  η 
e
πr
where Iξ η is the double integral on the surface of the plate

Iξ  η  =

lx /2

−lx /2



ly /2

−ly /2

W1 (ξ  , η  )ejk(ξ

 sin θ cos φ+η 

sin θ sin φ)

dη  dξ 

(A.13)

and the local coordinates ξ  = ξ − l2x , η  = η − l2y . For ξ  , η  the shape function from Eq.(19)
becomes
W1 (ξ  , η ) = C1 cos(

πξ 
πη 
) cos(
)
lx
ly

(A.14)

The surface integral is then calculated as
Iξ η = C1 Iξη

(A.15)

where
Iξη = 4π 2 lx ly

cos(σx )
cos(σy )
2
2
(lx k sin θ cos φ) − π (ly k sin θ sin φ)2 − π 2

(A.16)

and σx , σy are the same as in Eq.(A.8). Solving (19) for C1 , the surface integral can be written
as
W1 (ξ, η)
(A.17)
Iξ  η  =
Iξη
πη
sin( πξ
)
sin(
)
lx
ly
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Substituting to equation (A.12), multiplying with W1 and integrating over the panel surface
gives
2

 lx  ly 

1
Ω2 ρ0 e−jκr
1
Iξη (θ, φ)
4
2
+
−
Dπ
− Ω ρh ...
lx2 ly2
πr
sin( πξ
) sin( πη
)
0
0
lx
ly
(A.18)
 lx  ly
... W12 (ξ, η) dη dξ =
2Pi W1 (ξ, η) dη dξ
0

0

and inserting ω1 from Eq.(22) leads to
 lx  ly
2
2
ρh(ω1 − Ω )
W12 (ξ, η) dη dξ =
0

0


  lx  ly
Ω2 ρ0 e−jκr
C1 Iξη (θ, φ)
W1 (ξ, η) dη dξ
= 2Pi +
π
r
0
0
The two integrals are calculated as
 lx 

ly

lx l y 2
C
4 1
0
0
 lx  ly
4lx ly
W1 (ξ, η) dη dξ = 2 C1
π
0
0
W12 (ξ, η) dη dξ =

(A.19)

(A.20)
(A.21)

Substituting in Eq.(A.19) and solving the quadratic equation for C1 leads to:
C1 =

8Pi
π 2 [ρ0 h

(ω12 −Ω2 )
4

−

4Ω2 ρ0
π3

e−jkr
r

=
Iξη (θ, φ)]

32Pi + pt
2
π ρh(ω12 − Ω2 )

(A.22)

Therefore, substituting in Eq.(A.5) for the transmitted pressure, comes:
pt (r, t) =
⇒ pt (r, t) =

Ω2 ρ0 e−jkr
C1 Iξη (θ, φ)ejΩt
2πr
16Ω2 ρ0 Iξη (θ, φ)Pi
r[π 3 ρh(ω12 − Ω2 ) − 16Ω2 ρ0 e

−jkr

r

]

(A.23)

e−jkr ejΩt

The transmitted intensity It is calculated from Eq.(9) as

1
16ω 2|Iξη |Pi
It (r, θ, φ) =
2ρ0 c0 r 2 |π 3 ρh(ω12 − Ω2 ) − 16Ω2 ρ0 e−jκr
|
r

2

(A.24)

and the transmitted power comes from Eq.(10) as
Πt =

Pi2
(16Ω2 ρ0 )2
Iθφ
2
2ρ0 c0 |π 3 ρh(ω12 − Ω2 ) − 16Ω2 ρ0 e−jκr
|
r

where Iθφ is the double integral over a hemispheric surface in the receiver domain
 2π  π/2
|Iξη |2 sin θdθdφ
Iθφ =
0

0

and Iξη is deﬁned in Eq.(A.16).
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A.3.1 Lumped Parameter Model
Let us rewrite the transverse displacement as
 
 
πξ
πη
w(ξ, η, t) = sin
sin
q(t)
lx
ly

(A.27)

where
q(t) = C1 ejΩt
The kinetic energy of the system is deﬁned as
2
 lx  ly 
1
∂w
dξdη
T = ρh
2
∂t
0
0
1 ρhlx ly 2
=
q̇ (t)
2 4
1
= m∗1 q̇ 2 (t)
2

(A.28)

(A.29)

and the potential energy as
 lx  ly 
2
1
2
U= D
∇ w(ξ, η, t) dξdη
2
0
0

2
1
1 Dπ 4 lx ly 1
+
q 2 (t)
=
2
4
lx2 ly2
1
= k1∗ q 2 (t)
2

(A.30)

where m∗1 and k1∗ are the generalized mass and stiffness of the fundamental, 1st mode.
The equation of motion of the equivalent SDOF model is
m∗1 q̈ + k1∗ q = f ∗ (t)
where the generalized excitation, considering only the blocked pressure, comes as
 lx  ly
8Pi lx ly jΩt
∗
W1 (ξ, η)dξdη =
e
f (t) = 2pi
π2
0
0

(A.31)

(A.32)

Consequently, by substituting in Eq.(A.31), and since k1∗ = m∗1 ω12 , the factor C1 is calculated
as:
C1 =

8Pi lx ly
1
∗
2
2
π
m1 (ωi − Ω2 )

(A.33)
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Abstract. Fan Blade Flutter is an aeroelastic instability which may occur during the operation
of a jet engine, depending on the working conditions of the fan stage. It ﬁnds its origins in some
various mechanisms, including the impact of the environment of the fan stage, which may play
an important role in the stability limits due to acoustic effects. If not properly taken into account, ﬂutter can lead to an anticipated ruin of the fan stage as the ﬂuid keeps on giving energy
to the structure. However, nonlinear phenomena may appear at some high vibratory amplitude
of the blades, resulting in energy dissipation of the aeroelastic system. Blade roots friction is an
example of such a case : by dry-friction dissipation at blade roots, a limitation of the vibratory
amplitude may be reached, the so-called Limit Cycle Oscillations (LCO), within the unstable
regions of the operating domain predicted with a usual linear structural modelling. By taking
these nonlinear effects into account, it is then possible to deﬁne more precisely the stability limits of the fan stage. In this paper, we describe a methodology to predict LCO induced by blade
roots friction, including acoustic effects on stability. First, assuming a linear behaviour of the
structure, the stability limits of the fan stage are described using the cyclic symmetry hypothesis
and Computational Fluid Dynamics (CFD). Acoustics effects are taken into account by including the fan inlet environment in the numerical model. Then, a nonlinear structural model of the
blade is used to compute nonlinear complex modes in order to check for the presence of a LCO.
To do so, a reduced model of the ﬂuid response to the blade movement is used. To sum up, this
work intends to establish a methodology to be used in an industrial context for the analysis of
the nonlinear stability of the fan stage, including LCO phenomena.
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1

INTRODUCTION

Aeroelastic stability of fan blades has been studied for decades. It has become more and
more important in the recent years to properly predict when this phenomenon does or does
not occur, as the reduction of dry mass in jet engines remains one of the toughest objectives
for manufacturers to achieve towards less consuming engines to face environmental issues.
Moreover, the current trend for manufacturers which consists in developing designs with greater
bypass ratio (hence more ﬂexible blades) and shorter inlets allows ﬂuid-structure interactions
to have greater effects on blades movement and potentially on its lifecycle. However, physical
mechanisms at the origin of fan blade ﬂutter are still not fully understood despite the research
done about it and depends on the operating point of the fan stage, as shown in [1].
In this work, we focus on ﬂutter occuring at 75%-80% speed range near stall boundaries.
Various experimental and numerical works relate on the mechanisms causing fan blade ﬂutter
in this working range, and two major contributions at its origins have been highlighted. The ﬁrst
one refers to a strong interaction between the shock between tip leading edge and mid-chord of
the suction side of the blade and the boundary layer around it [2, 3, 4, 5, 6]. It appears that due to
blades vibration and depending on the Inter Blade Phase Angle (IBPA), the shock position may
oscillate onto the suction side and be responsible of static pressure ﬂuctuations. In addition,
the shock interacts with the boundary layer on the blade surface which may detach behind
it. For a periodic motion of the blade, it results in positive (unstable) and negative (stable)
aerodynamic work areas onto the blade. This may lead to ﬂutter if the overall aerodynamic
work on the blade is positive, meaning that the ﬂuid transfers its energy to the structure. The
second mechanism contributing to fan blade ﬂutter in the operating range of interest is due to
acoustic interactions between the fan stage and the intake of the engine. Considering a slowly
varying intake diameter, acoustic waves may propagate through the intake if the frequency of
the perturbation is greater than the caracteristic frequency of acoustic propagation ωcut−on called
cut-on frequency. Then, if the fan stage blade generates a perturbation at a frequency ω greater
than ωcut−on , an acoustic wave will propagate through the intake [7]. A reﬂected wave will
occur at the opening of the intake and go back to the fan stage. The phase difference between
the wave generated by the fan stage and the one reﬂected on the intake at the axial position
of the stage may cause drastic variation of ﬂutter stability for very narrow operating ranges,
yielding the term ﬂutter bite [8, 9, 10].
Usually, a linear approach of the structure is sufﬁcient to assess the fan stage aeroelastic stability. Two approaches may be used to do so, as well explained in [11] : the ﬁrst one consists
in neglecting the effects of aerodynamics on the fan stage dynamics and then to assess stability
by studying aeroelastic stability of the structural modes of the fan with harmonic motion ; the
second one consists in using strong coupling (partitionned or monolithic approaches) to take
into account the effects of the ﬂuid onto the structure dynamics. However, if it is sufﬁcient to
consider a linear structure to assess stability limits, it is possible to ﬁnd stable solutions of the
aeroelastic system beyond the stability limits predicted with a linear structure by taking into
account nonlinear effects. In this study, we are interested in nonlinear effects due to blade-disk
dry friction at blade roots. First works about ﬂutter limitation by dry friction between the blade
and the disk seem to be attributed to Sinha and Grifﬁn [12, 13]. They showed on small degree of
freedom systems that in spite of the presence of negative aerodynamic damping, stable and unstable periodic solutions may arise. Since, many works about this subject have been made and
new usefull tools have been developped. As we are dealing with nonlinear autonomous systems,
there have been many efforts made in order to deﬁne the nonlinear dynamics of such systems by
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analogy with the linear modes describing the dynamics of autonomous linear systems. Hence,
the notion of nonlinear normal modes has been established, describing the dynamics of conservative autonomous nonlinear systems [14, 15] and then extended to nonconservative systems
[16]. Other deﬁnitions have been suggested in more recent years and are particularly suited
to dissipative systems like the one we will study in this paper. Some of these methods are
based on frequency approach like the Harmonic Balance Method (HBM) [17, 18]. Decoupled
approaches have allowed to ﬁnd Limit Cycle Oscillations (LCO) of the structure by using the
HBM procedure, while modelling aerodynamic effects from Computational Fluid Dynamics
(CFD) calculations [19, 20]. More recently, a fully coupled method in the frequency domain
has been established [21] in order to ﬁnd LCO by using harmonic formulation in both ﬂow and
structure models, and iterating in a ﬁxed point loop between the two physics.
In this study, a methodology for predicting LCO induced by dry friction of a ﬂuttering rotor
blade will be investigated by the means of nonlinear complex modes [17]. To do so, a decoupled
approach will be used. First, the aeroelastic stability of a rotating fan from a typical modern
civil engine will be assessed while considering a linear structure. From those results, a simple
model of the acoustic effects on ﬂutter stability will be built and used on a phenomenological
model representing a blade with nonlinear dry friction effects at its roots. The purpose of this
study is to establish a methodology based on nonlinear complex modes that can be applied to
the analysis of an industrial fan stage.
2
2.1

AEROELASTIC STABILITY WITHIN THE SCOPE OF A LINEAR STRUCTURE
Case modeling and ﬂow solver

For this study, a fan model (18 blades) provided by Safran Aircraft Engines has been used
with its intake in order to take account of acoustic interactions between these two elements.
Figure 1 shows an illustration of this model. Experimental data showed that the fan stage used
with this intake became unstable before surge was reached at 75% speed.

Figure 1: Fan stage model with its intake used for CFD calculations
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The mesh used for this model has to be sufﬁciently dense in the intake to have a good representation of acoustic waves. However, it is of a higher interest to keep the mesh coarse outside
of the intake, where a precise representation of the aerodynamic is not required. As a matter
of fact, due to the lack of absorbant acoustic boundary conditions, a too high density grid near
the external boundaries would lead to unwanted spurious numerical acoustic reﬂections, which
would not have physical meanings. Hence, a coarsening of the mesh has been put in place from
the intake to the outside boundaries of the mesh until eventual acoustic waves coming from the
intake are sufﬁciently dissipated by the spatial scheme. Figure 2 shows the boundaries of the
mesh and highlights the ratio between the external characteristic dimension D of the mesh and
the intake diameter d midway between the fan and the intake beginning. This ratio has been set
to 30. Since there is no Outlet Guide Vanes (OGV) in the model, same considerations have to
be taken for both fan primary and secondary outlets. Mesh coarsening has also been used for
these parts of the model.

Figure 2: External mesh boundaries on the left, blade mesh on the right
To build the mesh used in this model, the intake and the fan have been meshed separately
with two different meshing tools : ICEM for the intake and Autogrid for the fan. Hence, we
are dealing with a structured mesh of the full model containing about 11M cells, with about 3M
cells for the intake and 410000 cells per blade passage.
The solver used to perform both steady and unsteady analysis is the ﬁnite-volume elsA software developped at Onera [22, 23], which solves in our case 3D compressible (U)-RANS equations. Roe ﬂux difference splitting scheme has been used, with the two equations turbulence
model k − l of Smith. Non reﬂective boundary conditions have been set upon the external
boundaries of the domain with atmospheric sea-level conditions. These conditions are efﬁcient
to suppress steady reﬂections, but are not enough when dealing with unsteady acoustic waves,
which justiﬁes the external mesh coarsening. The outﬂow boundary conditions in primary and
secondary outlets is based on radial equilibrium equation for static pressure and allows to select
the operating point on the constant 75% speed of the fan characteristic.
As mentionned earlier, the global mesh is built from two meshes that have been merged :
the fan, which rotates at 75% speed, and the intake which does not move, both in the ﬁxed
frame. Therefore, the stator/rotor interface has to be treated to maintain the ﬂow continuity.
While performing steady computations, a mixing plane condition is used, transfering azimuthal
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averages of the ﬂow quantities from the intake mesh to the fan one. When dealing with unsteady
computations, the mixing plane is replaced with an unsteady interface boundary condition so
that acoustic waves may propagate from the fan mesh to the intake mesh. This condition take
into account the relative positions of the meshes at the interface at each time step to transfert
the information from a cell to its corresponding ones on the other side of the interface. Spatial
interpolation is performed when there is no perfect match between the facets of the interface.
2.2

Aeroelastic model

As mentioned in the introduction, two approaches may be used to assess the aeroelastic
stability of the fan stage. The ﬁrst one consists in neglecting the impact of the ﬂow on the
structure dynamics for the evaluation of aerodynamic forces due to vibrations, while the second
one consists in a strong aeroelastic coupling. The approach to be used depends on the case, as
the ﬂow may have some impact on the structure dynamics [11]. Even if the second approach
may be more precise, it may be computationally expensive to apply, as the ﬁrst one already gives
good insights on the ﬂutter stability while lowering the computationnal costs. In this study, the
ﬁrst approach has been chosen. Strong coupling of the ﬂuid and the structure will be adressed
in a future study.
It is assumed for now that the structure is linear and that the vibration is small enough so
that aerodynamic forces may be linearized regarding structure movement and velocity. Thus,
the aeroelastic stability of the fan may be assessed by considering the aeroelastic stability of
each structural eigenmodes separately. Let us consider the equation governing the movement of
the linear structure (nonlinear effects due to friction at blade root will be adressed later in this
study) :
Mẍ + Cẋ + Kx = faero (x, ẋ)

(1)

Solving the eigenvalue problem while considering cyclic symmetry hypothesis for the structure leads to expressing the structure movement in terms of complex modes Φ representing
rotating waves. It is then possible to express the structure movement in the modal basis Φ :
x = Φq

(2)

By substituing (2) into (1), one can describe the motion of the structure in Φ with the complex
generalized coordinates q [24]. If considering one eigenmode, this leads to the following scalar
differential equation :
μq̈ + β q̇ + γq = gaero (q, q̇)

(3)

where μ, β, γ and gaero are respectively the generalized mass, generalized dissipation, generalized stiffness and generalized aerodynamic forces.
As we are dealing with stability issues, we consider that the structure is autonomous (i.e
there is no external forcing and initial conditions). Moreover, we consider that the movement
of the structure is small enough so that the generalized aerodynamic forces may be written as
a linear function of the structure movement and velocity (respectively represented by q and q̇).
Hence, (3) may be written as :
μq̈ + β q̇ + γq = A q + B q̇
where :
gaero (q, q̇) = A q + B q̇ ; A, B ∈ C
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Considering harmonic motion (q(t) = q0 ejω0 t ), we have :
gaero = (A + jω0 B) q




Im (A)
Re (A) − ω0 Im (B) + jω0
=
+ Re (B)
q
ω0
= (γaero + jω0 βaero ) q

(5)

In (5), γaero and βaero may respectively be seen as aerodynamic stiffness and aerodynamic
dissipation.
The generalized structural dissipation β may be hard to evaluate. Usually, it is convenient to
neglect it in order to assess the ﬂutter stability as the approach remains conservative (i.e stability
limits will be reached sooner than in a more realistic damped system). Hence, β will be omitted
in this section. If q denotes the conjugate of q, the aerodynamic work on one period of harmonic
motion may be written as :
 2π
ω0

W = Re


0
2π
ω0

= Re
0

gaero q̇ dt


(A + jω0 B) q0 ejω0 t −jω0 q0 e−jω0 t dt

= 2πω0 βaero | q0 |2

(6)

From (4), we may express βaero as an aerodynamic damping term ξaero :
ξaero = −

βaero
W
=−
2μω0
4πμω02 | q0 |2

(7)

Flutter occurs when ξaero is below zero, meaning that the ﬂuid gives energy to the blade for
a blade movement on the considered mode.
2.3

Stability computations

Experimental results showed that at 75% speed, the most unstable mode was the 1F2D for the
considered fan stage coupled with its intake. Hence, stability analysis has been performed for
this mode. In this conditions, acoustic interactions between the fan and the intake are expected
as the eigenfrequency of the mode is greater than the cut-on frequency of some acoustic modes.
Figure 3 shows a representation of this mode.
In order to analyse the aeroelastic stability of the selected mode, unsteady aerodynamic
simulations with prescribed harmonic motion of the row following its 1F2D vibration mode at
its eigenfrequency are performed. The simulation are carried out using the Dual Time Stepping
(DTS) approach, with 20 dual iterations between each physical timesteps and 192 timesteps
per period of vibration. The forward mode is selected (same rotation direction as the one of
the fan) to get the largest frequency of perturbation due to vibration in the ﬁxed frame. In
these conditions, intake fan acoustic interactions are expected to occur. As a reminder, the
perturbation frequency f generated by the fan stage is f = f1F 2D + Ω × ND (Ω is the rotation
frequency of the fan and ND the nodal diameter of the forward mode considered). It has to
be greater than the cut-on frequency fcut−on so that acoustic waves can propagate through the
intake represented as a cylindrical duct.
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Figure 3: Mode shape for 1F2D

Figure 4 shows the stability analysis results for the 1F2D forward mode, where the evolution
of ξaero is plotted against the normalized mass ﬂow. The red star represents the stability limits
measured during experiments. Stability limit is detected sooner with the numerical model than
during experiments, as it was expected since the mechanical damping has been neglected. The
approach remains conservative (i.e numerical results do not predict a stable behaviour of the fan
on an experimental unstable operating point).

Figure 4: Evolution of ξaero on the constant 75% speed characteristic

For the last period of vibration of the fan, a Discrete Fourier Transform (DFT) has been
performed on acoustic variables of interest (density, velocities, static pressure) in the whole
domain to check for the presence of acoustic waves in the intake. Results of the DFT of unsteady
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static pressure are displayed in Figure 5. The amplitude representation of static pressure shows a
peak in the middle of the intake, which highlights the presence of acoustic interferences between
the acoustic waves generated by the vibrating fan and the ones coming from the reﬂection at the
inlet level. The phase reveals a two diameter perturbation in the intake, which was expected as
the studied structural mode is a two diameter as well.

Figure 5: Discrete Fourier Transform of the unsteady static pressure in the intake : amplitude
on the left, phase on the right
Hence, for mode 1F2D at 75% speed, acoustic interactions between the fan and the intake
may be observed. The impact of this interaction on ﬂutter stability depends on the reﬂection
rate and the phase lag between emitted and reﬂected acoustic waves, as mentionned in [9, 10].
Both are functions of the excitation frequency as showed in Bontemps et al. [25]. However,
in a context of nonlinear dynamics induced by dry friction, free vibration frequencies of the
structure may vary depending on its amplitude of vibration. It is then of interest to have a
measure of the sensitivity of ξaero against the vibration frequency of the blade to build a model
of aerodynamic forces that takes into account acoustic effects on stability.
From the operating point at ṁṁ0 = 0.972 on the constant 75% speed characteristic, a set of
computations with different values of excitation frequency has been made, whose results are
displayed in Figure 6.
It can be seen from this ﬁgure that excitation frequency has a ﬁrst order impact on stability for
the considered operating point. A sharp drop in stability appears around 0.87 − 0.9f1F 2D , which
corresponds to the excitation frequency f equaling the cut-on frequency fcut−on of the activated
acoustic mode in the duct. According to Bontemps et al. [25], this leads to a reﬂection rate near
100% and quick variations of the phase lag between emitted and reﬂected acoustic waves onto
the fan blades : in other terms, this is where one may encounter the greatest variation of ﬂutter
stability due to acoustic effects and frequency shifts. Results displayed in Figure 6 will be used
in the next section as a simpliﬁed model of acoustic effects on blade stability. We are now going
to introduce the phenomenological nonlinear model used for computing LCO.
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Figure 6: Evolution of ξaero against vibration frequency for 1F2D shape mode

3
3.1

NONLINEAR APPROACH FOR FINDING LIMIT CYCLE OSCILLATIONS
Phenomenological model

The phenomenological model that has been used to represent a blade with dry friction at its
root is represented in Figure 7. It is made of three distinct parts : the blade, its root, and the
disk. Dry friction nonlinearities are considered between the blade root and the disk. Relative
motions authorized between the different parts are rotations. Let us deﬁne X,Y and Z the axis
of the rotating frame. We assume that there is no rotation of the parts around the Y axis. Hence,
we deﬁne :
• θ1,x as the angle of rotation of the disk around X ;
• θ1,z as the angle of rotation of the disk around Z ;
• θ2,x as the angle between Zroot (axis of the local frame attached to the root) and Z ;
• θ2,z as the angle of rotation of the blade root around Zroot ;
• θ3,x as the bending angle between Zroot and Zblade (axis of the local frame attached to the
blade) ;
• θ3,z as the angle of rotation of the blade around Zblade .
Moreover, we consider that the section of the blade containing its center of gravity is at a
height HG of its root (HG >> e where e is the characteristic dimension of the root thickness).
Lastly, we consider that the center of gravity of the blade is not aligned with its center of torsion,
but is located at a distance a of it. In that way, when we will consider the modes of the blade
with sticking conditions between the blade root and the disk, we will not have pure plunging or
twisting modes, but modes with the contributions of those two pure motions.
We are now going to derive the equations of motion of the blade-root-disk system using lagrangian formalism. Some assumptions need to be made ﬁrst concerning the movement of the

5240

Nicolas Ombret, Maxime de Pret, Alain Dugeai, Fabrice Thouverez, Laurent Blanc and Thomas Berthelon

Figure 7: Phenomenological model of a bending-torsion blade with dry friction at blade root

system. We consider that the disk is motionless in the rotating frame due to its high stiffness (in
comparison to those of the root and the blade). Moreover, the root is supposed to rotate only
along the X axis due to its high longitudinal dimension in comparison to its thickness. Hence,
we have θ1,x = θ1,z = θ2,z = 0. The system dynamics is then described by the three variables
left : θ2,x , θ3,x , θ3,z . Let us deﬁne the variable q as the vector containing the generalized coordinates of the system q = (θ3,x , θ3,z , θ2,x )T . We consider at last that we have small perturbations
(i.e θ << 1). For now, the system is assumed to be in vacuum. The Lagrange equations are :
d ∂L ∂L
−
=Q
dt ∂ q̇
∂q

(8)

where Q is the generalized non conservative torque (here, due to blade root friction), and :
L=T −V
In these equations, T is the kinetic energy, while V is the potential energy of the system. Let
us denote respectively (1), (2) and (3) the disk, the root and the blade. Then, we have :
T = T2 + T3
with :
1
2
J2x θ̇2x
2


1
2
=
+ Ω3 . I G,3 .Ω3
m 3 vG
2

T2 =
T3

(9)
(10)

J2x , m3 , vG , Ω3 and I G,3 are respectively the moment of inertia of the blade root around X,
the mass of the blade, the velocity of the center of gravity of the blade in the laboratory frame
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of reference, the angular velocity vector and the moment of inertia tensor of the blade expressed
at its center of mass G.
By calculation, we have at ﬁrst order :
2
vG

=a

2

2
θ̇3z





− 2 a HG θ̇3z θ̇2x + θ̇3x +

HG2


θ̇2x + θ̇3x

2

2

+a


θ̇2x + θ̇3x

2

2
θ3z

Since small perturbations are considered (θ << 1), it seems reasonable to neglect the last
term of this equation, which is of higher order than the other terms :



2
2
2
= a2 θ̇3z
− 2 a HG θ̇3z θ̇2x + θ̇3x + HG2 θ̇2x + θ̇3x
vG

(11)

Under the assumption that the blade has symmetry properties around its center of torsion on
the section containing the center of mass, the moment of inertia tensor of the blade is written as
follow :
⎛
⎞
0
J2x 0
(12)
I G,3 = ⎝ 0 J3y 0 ⎠
0
0 J3z
The angular velocity vector of the blade is written :
⎛
⎞
θ̇2x + θ̇3x
⎠
0
Ω3 = ⎝
θ̇3z

(13)

Hence, we have :
T =


2 1

2
1
1
2
2
+
− m3 a HG θ̇3z θ̇2x + θ̇3x + m3 HG2 θ̇2x + θ̇3x
J2x θ̇2x
m3 a2 θ̇3z
2
2
2

2 1
1
2
J3x θ̇2x + θ̇3x + J3z θ̇3z
+
(14)
2
2

For the potentiel energy of the system, some rotational stiffnesses are considered between
each part. Hence, it may be written as follow :
1
1
1
2
2
2
+ C23x θ3x
+ C12x θ2x
V = C23z θ3z
2
2
2

(15)

Using equations (14) and (15) in (8) leads to the following three degree of freedom system :
⎛ ⎞
⎛ ⎞
θ̈3x
θ3x
⎝
⎠
⎝
I θ̈3z + C θ3z ⎠ = Q
(16)
θ
θ̈2x
2x
with :

⎛

⎞
m3 HG 2 + J3x −a m3 HG
m3 HG 2 + J3x
⎠
m3 a2 + J3z
−a m3 HG
I = ⎝ −a m3 HG
2
2
m3 HG + J3x −a m3 HG m3 HG + J2x + J3x
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and :

⎛

⎞
C23x
0
0
0 ⎠
C23z
C=⎝ 0
0
0 C12x

(18)

Q is a nonlinear torque due to the presence of a friction force between the blade root and the
disk. In this approach, the nonlinear friction torque is simply modelled using the following regularized form of the Coulomb law, which will be helpfull to derive the jacobian of the nonlinear
algebraic system that will be solved in the next subsection :
⎛
⎞
0
⎜
⎟
0 
Q=⎝
(19)
⎠
θ̇2x
−e μN tanh p eμN

The evolution of the nonlinear torque is plotted in Figure 8. As it can be seen, a p parameter
allows to choose the slope of the nonlinearity : the nonlinear force asymptotically approaches
the Coulomb law as one chooses a high value for p.

Figure 8: Evolution of the nonlinear torque against the movement of the blade root

Now that the equations of the nonlinear dynamics of the system have been written, we are
going to use nonlinear complex modes in order to analyse the occurence of LCO for the bladeroot-disk system.
3.2

Nonlinear complex modes

The notion of nonlinear complex mode [17] has been introduced to characterize the nonlinear
dynamics of nonconservative autonomous systems. Its formulation is built by analogy with
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linear complex modes, as the eigenvalues of such a system may be written in the form :
λ = β + jω
Let us take the general equation of movement of a structure in presence of some dry friction
nonlinear force :
M ẍ + C ẋ + K x + fnl (x, ẋ) = 0

(20)

We suppose the solution of this differential equation being in the following nonlinear complex mode form :
x(t) = a0 +

Nh


e−kβt (ak cos(kωt) + bk sin(kωt))

(21)

k=1

Two time scales may be seen in equation (21) : the ﬁrst time scale is due to the β term,
which may be deﬁned as the dissipation of the nonlinear complex mode by analogy with linear
complex mode ; the second time scale is due to the ω term. We suppose that the time scale
associated to ω is much faster than the one associated to β (i.e ω >> β). Moreover, β is
supposed to be the same for each harmonic. Deﬁned in that way, the main difference between
nonlinear complex modes and linear complex modes is the presence of multi-harmonic content
in the nonlinear case.
By the means of a Galerkine procedure, one may rewrite the nonlinear differential equation
of the structure into an algebraic one. To do so, a scalar product must be chosen. The scalar
product that we consider is the inner product of square integrable functions deﬁned as :


2π
∀f ,g ∈ C 0;
ω

2

ω
, f |g =
π



2π
ω

f (t)g(t)dt

(22)

0

Let us consider the Fourier basis functions 1, cos(kωt), sin(kωt) ∀k ∈ {1; Nh }. By reinjecting (21) into the equations of motion and applying the inner product (22) with the Fourier basis
functions, the dynamics of the nonlinear system may be described by the following algebraic
equation in residual form :
R(X, ω, β) = Z(ω, β)X + Fnl (X, ω, β) = 0
where the multi-harmonic stiffness matrix Z is :
⎛
2K
⎜
Z1
⎜
...
⎜
⎜
Z=⎜
Zk
⎜
⎜
...
⎝

(23)

⎞
⎟
⎟
⎟
⎟
⎟
⎟
⎟
⎠

(24)

Z Nh
and :



Z =
k

K + ((kβ)2 − (kω)2 ) M − kβC
kωC − 2k 2 βωM
2
K + ((kβ)2 − (kω)2 ) M − kβC
− (kωC − 2k βωM)
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To perform the scalar product and derive (23), the hypothesis ω >> β has been used to
. Hence, orthogneglect the amplitude variation of x due to the dissipation β during a period 2π
ω
onality properties may be used to derive the scalar product of the equation of movement with
the Fourier basis functions.
In (23), the unknowns are X, ω and β. As the system is autonomous, there are two more
unknowns in the system than there are equations, which means that we are dealing with a
rectangular system. By adding two more equations, it is possible to make it square. The ﬁrst
equation may be seen as a constraint equation, while the second one as a phase equation. By
considering arc-length continuation [26] and a zero phase for an arbitrary harmonic k and degree
of freedom q, these two equations may be written as :

Rarc (X, ω, β) = ||X − X0 ||2 + ||ω − ω0 ||2 + ||β − β0 ||2 − Δs2 = 0
(26)
Rphase (X, ω, β) = bk,q = 0
where Δs is the arc-lentgh radius.
A Newton-Raphson procedure is used to solve (23) and (26) simultaneously. Thus, an evaluation of the nonlinear forces in the frequency domain has to be done. Since there is no direct
analytical expression of Fnl (X, ω, β), an Alternating Frequency-Time (AFT) method is used,
as described in [27]. As previously, under the hypothesis that two different time scales are
, which
considered, a periodic movement of the structure is assumed during a pseudo-period 2π
ω
means that the decrease due to β when performing the AFT method is neglected [17]. It is then
assumed that the decrease of the nonlinear forces is the same than the one of the movement.
To get a full branch of nonlinear complex mode, the computation needs to be initialized. To
do so, the system is set with small amplitudes of vibration so that the linear sticking case is
a good approximation of the solution. Then, the ﬁrst solution is searched in a subspace of the
solutions of (23) at a distance Δs from the linear sticking case with the Newton-Raphson procedure. When converged, the computed solution is stored on one hand and replaces (X0 , ω0 , β0 )
on the other hand. The next solution is predicted using secant predictor [28]. It is then computed
with the Newton-Raphson procedure and so on.
3.3

Fluid modeling

We are here interested in taking into account aerodynamic effects on the nonlinear complex
mode computation. First, let us consider the asymptotic case when there are sticking conditions
between the blade root and the disk (i.e θ2,x = 0). Under the hypothesis that the modal basis
of the full blade model used in elsA and the phenomenological model are equivalent on the
considered bending mode, we assume that we may transfer the aerodynamic damping computed
in aeroelastic computations to the equivalent bending mode of the phenomenological model.
From (16), we write the movement equation in sticking conditions where θ2,x = 0 :
 
 
θ
θ̈3x
Istick
+ Cstick 3x = 0
(27)
θ3z
θ̈3z
with :


Istick =

m3 HG 2 + J3x −a m3 HG
−a m3 HG
m3 a2 + J3z

and :


Cstick =

C23x
0
0
C23z
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Solving the eigenvalue problem associated to (27) allows to ﬁnd the modal basis Φ of the
system in sticking conditions. It is possible to switch from physical base to modal basis using :


 
qbend
θ3x
=Φ
(30)
θ3z
qtorsion
When switching equation (27) to modal basis in sticking conditions, we have :




q̈bend
qbend
μ
+γ
=0
q̈torsion
qtorsion
with :


T

μ = Φ Istick Φ =
and :

μbend
0
0
μtorsion


T

γ = Φ Cstick Φ =

0
γbend
0
γtorsion

(31)


(32)


(33)

Under the assumption that we may use the aerodynamic damping previously computed, a
damping modal matrix is added to (31) in the form :





  √
q̈bend
2 μbend γbend ξaero 0
qbend
q̇bend
μ
+
+γ
=0
(34)
q̈torsion
q̇torsion
qtorsion
0
0
Going back in the physical basis gives :
 
 
 
θ̈3x
θ̇3x
θ
Istick
+ Dstick
+ Cstick 3x = 0
θ3z
θ̈3z
θ̇3z
with :
−T

Dstick = Φ


 √
2 μbend γbend ξaero 0
Φ−1
0
0

(35)

(36)

where Φ is the eigenvectors matrix of the system with sticking conditions. Since aerodynamic efforts are applied only on the blade, we make the assumption that θ2x will not be affected
by aerodynamic damping. Hence, we may use the aerodynamic dissipation matrix Dstick in the
full model as :
⎛ ⎞
⎛ ⎞
⎛ ⎞
θ̇3x
θ̈3x
θ3x
⎝
⎝
⎝
⎠
⎠
(37)
I θ̈3z + D θ̇3z + C θ3z ⎠ = Q
θ
θ̈2x
θ̇2x
2x
with :

⎛
D=⎝

Dstick
0 0
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Nonlinear complex modes may now be computed as in the previous subsection from (37) by
taking into account ﬂuid effects. It is at last assumed that the aerodynamic damping only affects
the ﬁrst harmonic of the nonlinear complex mode : as higher-harmonic content is expected to be
much lower than the fundamental content, we may suppose that it does not affect aerodynamic
forces. The multi-harmonic stiffness matrix can be expressed as follow :
⎞
⎛
2C
⎟
⎜
Z1
⎟
⎜
...
⎟
⎜
⎟
⎜
(39)
Z=⎜
⎟
k
Z
⎟
⎜
⎟
⎜
..
⎠
⎝
.
Z Nh
with :


1

Z =

ωD − 2βωI
C + (β 2 − ω 2 ) I − βD
− (ωD − 2βωI)
C + (β 2 − ω 2 ) I − βD


(40)

and ∀k = 1 :

Z =
k

C + ((kβ)2 − (kω)2 ) I
−2k 2 βωI
C + ((kβ)2 − (kω)2 ) I
2k 2 βωI


(41)

In (40), note that the aerodynamic dissipation matrix D depends on the free frequency ω,
meaning that acoustic effects are taken into account.
4
4.1

NUMERICAL RESULTS
Model identiﬁcation process

The model derived in the previous section has been used to compute nonlinear complex
modes. It should be noticed that in the formulation of I, all of the terms may be extracted from
any FEM model of blade. In this case, the values have been extracted from the blade model used
previously in the aeroelastic computations. The remaining terms to choose are those in C. To
do so, let us remind that the nonlinear behaviour of the system is bounded by two asymptotical
linear cases respectively deﬁned by sticking or sliding conditions between the blade root and the
disk. Hence, rotational stiffnesses have been set so that the eigenfrequencies of the phenomenological blade-root-disk system on asymptotical cases match the eigenfrequencies of the model
used for aeroelastic computations on the same asymptotical cases. Table 1 sums up the values
that have been used for the phenomenological model. Eigenfrequencies and eigenvectors of the
asymptotical linear cases are reported in Table 2.
4.2

Nonlinear analysis in vacuum

Results for a branch of nonlinear complex mode are displayed in Figures 9 and 10. The evolutions of free frequency and modal nonlinear damping expressed as ωβ against the amplitude of
the ﬁrst harmonic of θ3x are plotted in the ﬁrst one. Trajectories in the conﬁguration space of the
dynamics of the system during a pseudo-period are plotted in the second one. The trajectories
of Figure 10 match the dots of Figure 9.
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Parameter
m3
HG
a
J3x (×10−6 )
J3z (×10−6 )
J2x (×10−6 )
C23x
C23z
C12x
e
μ
N
p
Nh

Value
4.3
0.27
−chord × 0.15
159114
28120
217
119500
40000
110000
0.02
0.1
200000
123078
15

Table 1: Numerical values of the phenomenological model
Asympt. case
Sticking
Sliding

f
f1F 2D
0.7 × f1F 2D

θ3x
−0.919
0.655

θ3z
−0.395
0.252

θ2x
0.
0.712

Table 2: Eigenfrequencies and eigenvectors of the asymptotical linear cases

Figure 9: Nonlinear complex mode of the phenomenological model in vacuum
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Figure 10: Nonlinear dynamics of the system in the conﬁguration space
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The nonlinear behaviour of the system dynamics changes as expected with increasing levels
of θ3x,1 (i.e increasing levels of vibration energy). A frequency shift is observed in Figure 9,
from the frequency of the linear sticking case to the frequency of the linear sliding one. This
frequency shift was expected, as blade root friction may be seen as the liberation of a degree of
freedom which reduces the stiffness of the system, thus the free frequency. As θ3x,1 increases,
one may see when nonlinearities start to have a signiﬁcant impact on the system dynamics, as
sharp changes may be observed on the nonlinear damping and free frequency.
It can be seen in Figure 10 the effects of friction nonlinearities onto the system dynamics.
Starting in sticking conditions (deep blue curves), the system dynamics evolves along a straight
line as the system is nearly linear. With increasing levels of friction nonlinearities (from deep
blue to deep red), one may observe an opening and a curvature of the generalized coordinates
trajectories. A phase difference between the generalized coordinates appears, leading to hysteresis cycles of the system dynamics. Such cycles are typical of systems with dissipation due
to friction nonlinearities.
The system dynamics has been caracterized with nonlinear complex modes in vacuum. The
previously derived simpliﬁed ﬂuid representation is going to be added to the system, using
numerical results of the ﬁrst section.
4.3

Nonlinear analysis with simpliﬁed ﬂuid representation

In this study, we are interested in predicting LCO with nonlinear complex modes while taking
into account ﬂutter instability and changes in acoustic effects due to frequency shifts. To do so,
the methodology derived in subsection 3.3 and the results exposed in Figure 6 will be used.
A spline has been created to caracterize the evolution of ξaero with respect to the frequency
of vibration. In that way, the evolution of ξaero is in regards to f , and the jacobian may be
analytically derived easily. Figure 11 illustrates the spline used for computations.

Figure 11: ξaero spline implemented in the computation of the nonlinear complex mode

It should be noticed that Figure 11 differs from 6 : the points have been shifted to a lower
level in the latter so that we are in presence of negative aerodynamic damping when the system
is stuck and vibrates at f = f1F 2D . This shift, which is artiﬁcial, has been applied so that the
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system may be unstable in absence of friction nonlinearities. The methodology can then be
tested to assess the presence of LCO when taking into account aerodynamic effects. Another
way to proceed would have been to compute the dependance of ξaero against ω on a operating
point beyond the stability limit computed previously. It is assumed that it would have produced
similar results. A nonlinear complex mode has been computed when the system is initialized
on the unstable bending mode. Numerical parameters have been kept the same as the case in
vacuum. Results are displayed in Figure 12.

Figure 12: Nonlinear complex mode of the phenomenological model with ﬂuid modeling

Since there is no more information on ξaero for values of f under 0.77f1F 2D , the computation
has been interrupted for this value of f . It can be seen that qualitatively we have the same trends
for f and the nonlinear damping as in the case in vacuum, in spite of small discrepancies. What
must be noticed is that there is a point on the nonlinear complex mode where the nonlinear
damping equals zero, which highlights the presence of a LCO on this point. By using a direct
Fourier transform, it is possible to display the dynamics of the system in the state space on the
LCO, as shown in ﬁgure 13. Finally, it may be seen in Figure 12 that the evolution ξaero follows
the evolution of the free frequency with increasing values of amplitude, as implemented from
Figure 11.
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Figure 13: LCO computed by the means of nonlinear complex modes

5

CONCLUSIONS

This study has detailled a methodology to assess ﬂutter stability of a fan stage while taking
into account friction nonlinearities at blade root. An approach including the use of nonlinear
complex modes and stability results from CFD calculations has been developped. It has been
tested on a simple three degrees of freedom system that represents a blade-root-disk assembly.
It allows to ﬁnd a dry friction induced LCO while the system is aeroelastically unstable when
no friction occurs. Moreover, the sensitivity of the aerodynamic damping to acoustic reﬂections
in the inlet of the engine has been taken into account. The next step would be to apply this
methodology in an industrial context, with a typical design of modern civil fan stage. However,
some aspects that have been neglected in this study will have to be taken into account. Firstly,
assumptions have been made for aeroelastic computations : the effects of the ﬂow on the structure dynamics for the evaluation of aerodynamic forces due to vibration have been neglected.
For structures as fan blades, which may be rather large and ﬂexible for modern designs, these
assumptions may not be totally realistic. Hence, it will be taken into account in a further study.
Concerning the ﬂuid modeling in the nonlinear complex mode computation, it has been chosen
to add linear modal ﬂuid effects only on the ﬁrst harmonic of vibration. However, with increasing levels of energy, the nonlinear shape deformation may change sufﬁciently so that it has an
impact on the ﬂow. Hence, some data exchanges may have to be done between the nonlinear
complex mode computation and the CFD based aeroelastic calculations to converge on each
physics more accurately.
6

ACKNOWLEDGEMENT
The present study has been done thanks to the support of Safran Aircraft Engines.

5252

Nicolas Ombret, Maxime de Pret, Alain Dugeai, Fabrice Thouverez, Laurent Blanc and Thomas Berthelon

REFERENCES
[1] J.G. Marshall and M. Imregun, A Review of Aeroelasticity Methods with Emphasis on
Turbomachinery Applications. Journal of Fluids and Structures, Vol. 10, No. 3, 237–267,
1996.
[2] H. Stargardter, Subsonic/transonic stall ﬂutter study. NASA CR-165256, 1979.
[3] M. Vahdati et al. Mechanisms and prediction methods for fan blade stall ﬂutter. Journal of
Propulsion and Power, Vol. 17, No. 5, 1100–1108, 2001.
[4] R. Srivastava, M. A. Bakhle, T. G. Keith Jr. and G. L. Stefko, Flutter Analysis of a Transonic Fan. ASME Paper No. GT-2002-30319.
[5] M. Aotsuka and T. Murooka, Numerical analysis of fan transonic stall ﬂutter. ASME Turbo
Expo 2014: Turbine Technical Conference and Exposition, American Society of Mechanical Engineers (2014), Article V07BT35A020.
[6] X. Dong, Y. Zhang, Y. Zhang, Z. Zhang, X. Lu, Numerical simulations of ﬂutter mechanism for high-speed wide-chord transonic fan. Aerospace Science and Technology, Vol.
105, 2020.
[7] S. W. Rienstra and A. Hirschberg, An introduction to acoustics. Eindhoven University of
Technology, Vol. 18, 2004.
[8] M. Vahdati, G. Simpson and M. Imregun, Mechanisms for wide-chord fan blade ﬂutter.
Journal of Turbomachinery, American Society of Mechanical Engineers Digital Collection, Vol. 133, 2011.
[9] M. Vahdati, N. Smith and F. Zhao, Inﬂuence of intake on fan blade ﬂutter. Journal of
Turbomachinery, American Society of Mechanical Engineers Digital Collection, Vol. 137,
2015.
[10] F. Zhao, N. Smith and M. Vahdati, A simple model for identifying the ﬂutter bite of fan
blades. Journal of Turbomachinery, American Society of Mechanical Engineers Digital
Collection, Vol. 139, 2017.
[11] C. Chahine, T. Verstraete, T and L. He, A comparative study of coupled and decoupled
fan ﬂutter prediction methods under variation of mass ratio and blade stiffness. Journal of
Fluids and Structures, Vol. 85, 110–125, 2019.
[12] A. Sinha and J. Grifﬁn, Friction Damping of Flutter in Gas Turbine Engine Airfoils. Journal of Aircrafts, Vol. 20, No. 4, 372–376, 1983.
[13] A. Sinha and J. Grifﬁn, Effects of friction dampers on aerodynamically unstable rotor
stages. AIAA journal, Vol. 23, No. 2, 262–270, 1985.
[14] R.M. Rosenberg, Normal modes of nonlinear dual-mode systems. 1960.
[15] R.M. Rosenberg, The normal modes of nonlinear n-degree-of-freedom systems. 1962.
[16] S.W. Shaw and C. Pierre, Normal modes for non-linear vibratory systems. Journal of
sound and vibration, Vol. 164, No. 1, 85–124, 1993.

5253

Nicolas Ombret, Maxime de Pret, Alain Dugeai, Fabrice Thouverez, Laurent Blanc and Thomas Berthelon

[17] D. Laxalde and F. Thouverez, Complex non-linear modal analysis for mechanical systems:
Application to turbomachinery bladings with friction interfaces. Journal of sound and
vibration, Vol. 322, No. 4–5, 1009–1025, 2009.
[18] K. Malte, Nonlinear modal analysis of nonconservative systems: extension of the periodic
motion concept. Computers & Structures, Vol. 154, 59–71, 2015.
[19] E.P. Petrov, Analysis of ﬂutter-induced limit cycle oscillations in gas-turbine structures
with friction, gap, and other nonlinear contact interfaces. Journal of Turbomachinery,
American Society of Mechanical Engineers Digital Collection, Vol. 134, No. 6, 2012.
[20] M. Lassalle and C.M. Firrone, A parametric study of limit cycle oscillation of a bladed disk
caused by ﬂutter and friction at the blade root joints. Journal of Fluids and Structures, Vol.
76, 349–366, 2018.
[21] C. Berthold, J. Gross, C. Frey and M. Krack, Analysis of Friction-Saturated Flutter Vibrations With a Fully Coupled Frequency Domain Method. Journal of Engineering for Gas
Turbines and Power, Vol. 142, No. 11, 2020.
[22] L. Cambier, M. Gazaix, S. Heib, S. Plot, M. Poinot, J.P. Veuillot, J.F. Boussuge and M.
Montagnac, An Overview of the Multi-Purpose elsA Flow Solver. AerospaceLab, 2011, p.
1-15. hal-01182452
[23] L. Cambier, S. Heib and S. Plot, The Onera elsA CFD software: input from research and
feedback from industry. Mechanics & Industry, Vol. 14, No. 3, 159–174, 2013.
[24] R. Henry, Calcul des fréquences et modes des structures répétitives circulaires. Journal de
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Abstract
The objective of this current work is to study the geometrical non-linearity in free in-plane
vibration of stepped circular arch. The first part has been devoted to the study of the linear
vibration of stepped arch. The sixth order differential partial equation of motion has been obtained after the inextensibility assumption. For simplification, the complicating effects such as
rotary inertia and shear deformation will be ignored. The naturals frequencies of arches have
been obtained iteratively using Newton-Raphson algorithm, and compared with the available
in the literature. The study of the geometrical non-linearity is based on Euler Bernoulli theory
and Von Karman's assumptions. The kinetic and total strain energies have been written in each
interval of the arch and discretized into a series of a finite spatial functions then derived using
Hamilton’s principle energy. The problem is reduced into a set of non-linear algebraic equations solved numerically using an approximate explicit method developed previously the socalled second formulation. Consequently, an analysis has been performed in the neighborhood
of the first mode, based on the multimode approach, to obtain the stepped circular arches frequency ratio dependence on the maximum vibration amplitude.
Keywords:JHRPHWULFDOQRQOLQHDULW\IUHHLQSODQHYLEUDWLRQVWHSSHGFLUFXODUDUFKVHFRQG
IRUPXODWLRQPXOWLPRGHDSSURDFK
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1

INTRODUCTION

)RU D ORQJ WLPH WKH FLUFXODU DUFKHV DUH FRQVLGHUHG RQH RI DQ LPSRUWDQW VWUXFWXUDO HOHPHQW
ZKLFKKDYHODUJHDSSOLFDWLRQVLQPDQ\ILHOGVVXFKDVPHFKDQLFDOHQJLQHHULQJFLYLOHQJLQHHULQJ
'XHWRWKHSUDFWLFDOLPSRUWDQFHRIWKHDUFKHVPDQ\DXWKRUVKDYHEHHQVWXGLHGWKHVWDWLFDQG
G\QDPLFEHKDYLRURIWKHVHVWUXFWXUHV7KHFKDOOHQJHWRGD\LVWRILQGDVWUXFWXUHWKDWRIIHUVKLJK
VWUHQJWKVWDELOLW\DQGGXUDELOLW\E\RSWLPL]LQJWKHPDWHULDOXVHGLQWKHLUPDQXIDFWXUH)RUWKLV
UHDVRQWKHVWHSSHGDUFKHVDUHFRQVLGHUHG7KHDXWKRUVRI>@±>@XVHGWKHSRO\QRPLDOFRRUGL
QDWHIXQFWLRQVDQG5D\OHLJK5LW]PHWKRGWRILQGWKHIXQGDPHQWDOIUHTXHQF\RILQSODQHYLEUD
WLRQRIDUFVRIZLWKWKLFNQHVVHVYDU\LQJLQDGLVFRQWLQXRXVIDVKLRQ,QUHIHUHQFH>@DQH[DFW
VROXWLRQRIWKHHTXDWLRQRILQSODQHIUHHYLEUDWLRQRIFLUFXODUDUFKZLWKXQLIRUPFURVVVHFWLRQ
KDV EHHQXVHGWR VWXG\WKHIUHHLQSODQHYLEUDWLRQRIDVWHSSHGFLUFXODU DUFKWKHQXPHULFDO
VROXWLRQKDYHEHHQREWDLQHGXVLQJ$16<6DQGSHUIRUPHGZLWKWKHH[SHULPHQWV8VLQJDV\V
WHPDWLF DSSURDFK ; 721* HW DO >@  LQYHVWLJDWHG WKH IUHH DQG IRUFHG ,QSODQH YLEUDWLRQ RI
FLUFXODU DUFK ZLWK YDULDEOH FURVVVHFWLRQ 7KH GLIIHUHQWLDO TXDGUDWXUH PHWKRGRORJ\ KDV EHHQ
SUHVHQWHGE\WKHDXWKRURI>@WRVWXG\WKHIUHHLQSODQHYLEUDWLRQRIFLUFXODUDUFKHVZLWKYDU\LQJ
FURVVVHFWLRQXQGHUDYDULRXVW\SHRIERXQGDU\FRQGLWLRQV5HFHQWO\WKHJHRPHWULFDOQRQOLQH
DULW\LQIUHHDQGIRUFHGYLEUDWLRQRIWKUHHW\SHRIPXOWLVWHSSHG(XOHU%HUQRXOOLEHDPVEDVHG
RQVLQJOHPRGHDSSURDFKKDVEHHQDQDO\]HGE\(O+DQWDWLHWDOLQUHIHUHQFHV>@DQG>@
,QWKLVFXUUHQWSDSHUWKHJHRPHWULFDOO\QRQOLQHDULQIUHHLQSODQHYLEUDWLRQRIDVWHSSHG
FLUFXODUDUFKHVZLOOEHSUHVHQWHG7KHFRPSOLFDWLQJHIIHFWVVXFKDVURWDU\LQHUWLDDQGVKHDUGH
IRUPDWLRQZLOOEHLJQRUHG8VLQJWKHLQH[WHQVLELOLW\DVVXPSWLRQWKHWZRFRXSOHGGLIIHUHQWLDO
SDUWLDOHTXDWLRQVDUHUHGXFHGWRVL[WKRUGHUGLIIHUHQWLDOSDUWLDOHTXDWLRQ7KHWKHRUHWLFDOPRGHO
LV EDVHGRQWKH(XOHU±%HUQRXOOLEHDP WKHRU\DQGWKHYRQ.DUPDQ JHRPHWULFDO QRQOLQHDULW\
DVVXPSWLRQV+DUPRQLFPRWLRQLVDVVXPHGDQGH[SHQGHGLQWRDVHULHVRIILQLWHVVSDWLDOIXQF
WLRQV 7KH XVH RI +DPLOWRQ¶V SULQFLSOH HQHUJ\ UHGXFHV WKH SUREOHP LQWR D VHW RI QRQOLQHDU
DOJHEUDLFHTXDWLRQVVROYHGQXPHULFDOO\XVLQJDQDSSUR[LPDWHPHWKRGWKHVRFDOOHGVHFRQGIRU
PXODWLRQGHYHORSHGLQ>@OHDGLQJWRIUHTXHQF\UDWLRGHSHQGHQFHRQWKHPD[LPXPYLEUDWLRQ
DPSOLWXGH
2

GENERAL FORMULATION

,QWKLVVWXG\KRPRJHQRXVVWHSSHGFLUFXODUDUFKHVDUHFRQVLGHUHGDVVKRZQLQ)LJ:KHUH
E GHQRWHG \RXQJ¶V PRGXOXV I T LV VHFRQG PRPHQW RI DUHD  A T LV WKH FURVV VHFWLRQ

P T LV WKHPDVVSHU XQLWOHQJWKDQG R WKHUDGLXV RIWKHFLUFXODU 7KH FRPSOLFDWHGHIIHFWV
VXFKDVVKHDUGHIRUPDWLRQDQGURWDU\LQHUWLDDUHQHJOHFWHGEHFDXVHWKHDUFKLVVXSSRVHGWREH
WKLQ>@ ui  wi DUHUHVSHFWLYHO\UDGLDODQGWDQJHQWLDOGLVSODFHPHQWRIWKHDUFKHVZKHQWKHDUFK
D[LVLVVXSSRVHGWRLQH[WHQVLEOHUDGLDODQGWDQJHQWLDOGLVSODFHPHQWVDUHUHODWHGE\>@
ww
wM

u



:KHUHDVWKHEHQGLQJPRPHQW M T  t WKHVKHDUIRUFH T T  t DQGWKHQRUPDOIRUFH N T  t 
RIDUFKFDQEHH[SUHVVHGDV

 EI T § w  w ww ·
M Tt

¨
¸
R  © wT  wT ¹
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7KHFRUUHVSRQGLQJGLPHQVLRQOHVVIUHTXHQFLHV Oi IRUVWHSSHGDUFKHVDUHJLYHQUHVSHFWLYHO\
LQ7DEOHVDQGWKHUHVXOWVDUHFRPSDUHGZLWKWKRVHRIDYDLODEOHLQWKHOLWHUDWXUH
7KHFRUUHVSRQGLQJUDGLDO ui DQGWDQJHQWLDO wi GLVSODFHPHQWVRIDUFKDUHSORWWHGUHVSHFWLYHO\
LQ)LJDQGWKHWDQJHQWLDODQGUDGLDOGLVSODFHPHQWVDUHSURMHFWHGLQWRD&DUWHVLDQFRRUGLQDWH
WRSORWWKHFRUUHVSRQGLQJILUVWIRXUPRGHVKDSHVRIVWHSSHGFLUFXODUDUFKHVLQ)LJ
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Fig.27KHILUVWIRXUWKWDQJHQWLDODQGUDGLDOGLVSODFHPHQW:DQG9RIDQXQV\PPHWULFDOVWHSSHGDUFKIRU h
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Fig.47KHILUVWWDQJHQWLDODQGUDGLDOGLVSODFHPHQW:DQG9RIV\PPHWULFDOVWHSSHGDUFKIRUYDULRXVYDOXHVRI
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3. NUMERICAL RESULTS
%DVHGRQWKHPXOWLPRGHPRGHDSSURDFKWKH UHVXOWVREWDLQHGKHUHDUHJLYHQIRU&&VWHSSHG
FLUFXODUDUFKHVLQWKHQHLJKERUKRRGRIWKHILUVWPRGHVKDSH
7KH)LJDQGVKRZWKHHIIHFWRIWKHYDULDWLRQLQWKHFURVVVHFWLRQRQWKHGLPHQVLRQOHVV
IUHTXHQF\UDWLRGHSHQGHQFHRQWKHPD[LPXPYLEUDWLRQDPSOLWXGH
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Fig.4: %DFNERQHFXUYHRIV\PPHWULFVWHSSHGFLUFXODUDUFKIRU K

Fig.5: %DFNERQHFXUYHRIV\PPHWULFDO&&VWHSSHGDUFKZLWK M
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 DQG  

 DQGYDULRXVYDOXHVRI

7KHQRQOLQHDUIUHTXHQF\UDWLRYHUVXVWKHQRQGLPHQVLRQDOYLEUDWLRQDPSOLWXGHFXUYHVRIDQ
XQV\PPHWULFDQGV\PPHWULFVWHSSHGFLUFXODUDUFKHVFODPSHGDWERWKHQGVDUHVKRZQUHVSHF
WLYHO\LQ)LJDQGIRUWKHILUVWQRQOLQHDUPRGHVKDSHE\WDNLQJLQWRDFFRXQWYDULRXVYDOXHV
RI K 7KHKDUGHQLQJW\SHRIJHRPHWULFDOQRQOLQHDULW\FDQEHFOHDUO\REVHUYHG
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Fig.5:7KHDVVRFLDWHGILUVWQRUPDOL]HGQRQOLQHDUWDQJHQWLDOGLVSODFHPHQWQRQOLQHDUFXUYDWXUHDQGQRQOLQHDU
VKHDULQJIRUFHRID&&V\PPHWULFVWHSSHGFLUFXODUDUFKIRUYDULRXVYLEUDWLRQVOHYHO

Fig.5:7KHDVVRFLDWHGILUVWQRUPDOL]HGQRQOLQHDUWDQJHQWLDOGLVSODFHPHQWQRQOLQHDUFXUYDWXUHDQGQRQOLQHDU
VKHDULQJIRUFHRIV\PPHWULFVWHSSHGFLUFXODUDUFKIRUYDULRXVYLEUDWLRQVOHYHO

7KHDPSOLWXGHGHSHQGHQWQRUPDOL]HGILUVWQRQOLQHDUPRGHVKDSHWKHFRUUHVSRQGLQJFXUYDWXUH
DQGVKHDULQJIRUFHRIXQV\PPHWULFDQGV\PPHWULFVWHSSHGFLUFXODUDUFKHVDUHSORWWHGUHVSHF
WLYHO\LQ)LJDQGIRUYDULRXVYLEUDWLRQDPSOLWXGHV
4

CONCLUSIONS

7KHJHRPHWULFDOQRQOLQHDULW\LQIUHHLQSODQHYLEUDWLRQRILQH[WHQVLEOHVWHSSHGFLUFXODUDUFKHV
ZHUHDQDO\]HGEDVHGRQ(XOHU%HUQRXOOLWKHRU\DQGWKH9RQ.DUPDQJHRPHWULFDOQRQOLQHDULW\
DVVXPSWLRQV)RUVLPSOLILFDWLRQWKHFRPSOLFDWLQJHIIHFWVVXFKDVURWDU\LQHUWLDDQGVKHDUGHIRU
PDWLRQZHUHLJQRUHG7KHQDWXUDOVIUHTXHQFLHVRIDUFKZHUHREWDLQHGLWHUDWLYHO\XVLQJ1HZWRQ
5DSKVRQ DOJRULWKP DQG FRPSDUHG ZLWK WKRVH DYDLODEOH LQ WKH OLWHUDWXUH 7KH OLQHDU PRGHV
VKDSHVZHUHSORWWHGDQGXVHGDVDEDVLFIXQFWLRQRQQRQOLQHDUDQDO\VLV7KHNLQHWLFDQGWRWDO
VWUDLQHQHUJ\ZHUHZULWWHQLQHDFKLQWHUYDORIWKHDUFKDQGGLVFUHWL]HGLQWRDVHWRIQRQOLQHDU
DOJHEUDLFHTXDWLRQV8VLQJWKH+DPLOWRQ¶VSULQFLSOHHQHUJ\DQGVSHFWUDODQDO\VLVWKHSUREOHP
ZDVUHGXFHGLQWRDVHWRIQRQOLQHDUDOJHEUDLFHTXDWLRQVVROYHGQXPHULFDOO\E\DQDSSUR[LPDWH
H[SOLFLWPHWKRGWKHVRFDOOHGVHFRQGIRUPXODWLRQ%DVHGRQWKHPXOWLPRGHDSSURDFKWKHHI
IHFWVRIWKHYDULDWLRQRIWKHFURVVVHFWLRQDUHDRQQRQOLQHDUEHKDYLRURIWKHDUFKHVZHUHVWXGLHG
7KHILUVWQRQOLQHDUGHIOHFWLRQVFXUYDWXUHVDQGVKHDULQJIRUFHVFXUYHVZHUHSORWWHG
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Abstract
The response of the seat-type abutment-backfill system under a dynamic excitation and its
contribution to the structural system of the entire bridge is usually ignored in practice in Europe, since the designers prefer providing joint gap sizes larger than the required for the design earthquake. In the high seismic hazard areas of the US, various versions of Caltrans
Guidelines prescribe a relatively simple way to account for the abutment – backfill interaction. However, the design of Caltrans abutments is based on the ‘fully sacrificial’ approach,
wherein the backwall ‘shears off’ at an early stage, while in other countries the detailing of
the deck-abutment interface is such that a plastic hinge forms at the base of the backwall
which is detailed for ductile behaviour. In all cases, if assessment of the bridge safety beyond
the design earthquake is sought (e.g. in fragility analysis), it is essential to properly account
for the response of the bridge when the end joint is closed.
This paper focuses on seat-type abutments with backwall hinging. In a practical context, a
‘simple’ model in this case consists of a spring-gap element that models the entire abutmentbackfill system, while a ‘complex’ model includes explicit modelling of the abutment using
beam-column elements, and of the backfill behind it using one or multiple soil springs. For
dynamic response-history analysis, dashpots are also needed for modelling radiation damping. The issues of the number and the arrangement of the spring-dashpot systems and their
nonlinear constitutive laws are addressed herein and several configurations are studied. SAP
2000 is used for analysing a typical overpass bridge with seat-type abutments and joints in
both the longitudinal and transverse directions, for a number of spectrum compatible records.
A series of pushover analyses of the ‘complex’ model are also carried out; their output can be
used to define the (single) spring properties of the simple model. Interesting conclusions are
drawn, both with regard to the spring configuration and to the difficulties in combining the
various nonlinear elements in SAP 2000.
Keywords: Bridges, Abutment, Backfill, Seismic design
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1

INTRODUCTION

While in integral abutment bridges it is now customary to model the stiffness of the backfill soil (and indeed the forthcoming new Eurocode 8-2 makes mandatory to model the effect
of interaction between soil and abutments in such bridges), in the case of seat-type abutments
this interaction is usually ignored in practice. In a number of European countries, designers
prefer to provide end joint gaps substantially larger than the expected seismic displacement of
the deck under the design earthquake, so that the joint remains open and the contribution of
the backfill can be ignored. In various versions of Caltrans’ Guidelines [1], which are implemented in the high seismic hazard regions of the US, seat-type abutments backfill systems in
straight bridges are taken into account in a simplified way. Specifically, in the longitudinal
direction, the simplified recommendations of the current Caltrans are based on the work of
Shamsabadi et al. [2], which, in turn, is based on large-scale abutment tests at UCLA. For the
transverse direction a nominal spring stiffness is suggested; this stiffness is not directly correlated to the actual stiffness of the shear keys or the abutment-backfill system, but it is simply
meant to suppress unrealistic (?) response modes that would emerge in the transverse direction in the case of a completely unrestrained deck end [1]. Modelling of seat-type abutments
is reviewed in the reports of Aviram et al. [3] and the more recent one by Omrani et al. [4],
where there are also practical guidelines for modelling in SAP 2000 and OpenSees, respectively. However, Caltrans and the aforementioned reports refer to the ‘fully sacrificial’ backwall approach, i.e. a backwall that ‘shears off’ almost immediately after gap closure.
In this paper, the behaviour of seat-type abutment-backfill systems with hinging backwall
and exterior shear keys is examined using ‘simple’ models consisting of one spring-gap element at each end that models the entire abutment-backfill system, and ‘complex’ models including explicit modelling of the abutment using beam-column elements, and of the backfill
behind it using one or multiple soil springs. For a real bridge selected as a case study, in the
longitudinal direction, nonlinear static analyses of various configurations of this system are
conducted and are compared with a similar backwall-backfill system designed following the
‘fully sacrificial’ approach. In both the longitudinal and transverse directions, nonlinear response history analyses for different levels of seismic action are caried out to investigate the
feasibility of the aforementioned configurations and their effect on the response of the entire
bridge. The effect of the joint gap size is also investigated herein and several conclusions are
drawn, regarding the importance of accounting for the deck-abutment-backfill interaction and
the modelling challenges that it poses.
2

OVERVIEW OF THE CASE-STUDY BRIDGE

The studied bridge (called T7) is an actual overpass of Egnatia Motorway in northern
Greece, designed by a German firm and overall representative of modern bridge design practice in Europe. It is a three-span concrete structure, designed for earthquake according to the
2000 Greek national seismic code (EAK2000), very similar to the then current draft of Eurocode 8-2. The total length of the bridge is 99 m, consisting of a 45 m central span and two 27
m outer spans, while the longitudinal slope of its axis is equal to 7%. The deck consists of a
10 m wide prestressed concrete box girder section with a continuously changing cross section
along the length of the bridge. The two piers of the bridge have a circular cross section, with a
diameter of 2 m and are monolithically connected to the deck; their clear heights are 5.94 m
and 7.93 m (Fig. 1).
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(a)

(b)

(c)
Figure 1: (a) Longitudinal section of the bridge, (b) Pier section, (c) Section close to pier

The deck is supported on seat-type abutments (Fig. 2), which include backwall, wingwalls,
and external shear keys, through two elastomeric bearings with dimensions (mm) equal to
350×450×136. The total heights of the abutments are equal to 5.63 m and 5.71 m, while the
height of both backwalls is 2.45 m. The deck is separated from the seat-type abutments with
joints of 100 mm in the longitudinal direction and 150 mm in the transverse direction.

Figure 2: Section at the abutment
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The piers, as well as the abutments, rest on surface footings (due to the relatively firm soil).
The pier footings are 9.0 m × 8.0 m × 2.0 m, while the abutment footings are 12.0 m × 4.5 m
× 1.5 m. The soil in the bridge area mainly consists of moderately stiff clay formations, corresponding to soil class C according to Eurocode 8 [5]. In the absence of measured data, a shear
wave velocity Vs = 300 m/s was assumed for modelling the properties of clay, while its specific weight was taken as γ = 20 kN/m3.
3
3.1

FINITE ELEMENT MODELLING OF THE BRIDGE
Modelling of concrete members

The bridge was modelled using the broadly used SAP 2000 software [6] as shown in Fig. 3.
The prestressed deck is deemed to remain elastic during the seismic event and it was modelled
as a non-prismatic section, varying along its length, to take into account its changing shape
along the longitudinal axis. The inelastic behaviour expected to develop at the bridge piers
was modelled with plastic hinges at both ends of each pier (monolithic connection to the
deck). SAP 2000 uses a moment-rotation curve for its plastic hinge elements, which was defined on the basis of the pertinent moment-curvature diagram. The length of the plastic hinges
was calculated as the weighted average of two relationships available for piers [7], [8]:
Lpl

Lpl

0.08Ls  0.022dbl f y

(1)

ª 1
§ L ·º
0.6 D «1  min ¨ 9; s ¸ »
© D ¹¼
¬ 6

(2)

where Lpl is the calculated plastic hinge length, Ls is the shear span of the pier, dbl is the diameter of the longitudinal bars, fy is the yield strength of concrete and D is the diameter of the
pier. A weighting factor of 0.7, is selected for relationship (2) since it was derived from numerous experimental results and was specifically created for circular columns, whereas relationship (1) is recommended for general use.

Figure 3: Finite element model of the bridge

Moment-curvature (Μ-φ) curves are obtained at every pier end, using the section analysis
software AnySection [9] for the axial load NG+0.3. The constitutive models of the materials
used in section analysis were the model by Mander et al. as adapted by Paulay & Priestley [7]
for confined concrete, the nonlinear model of EN1992-1 [10] for unconfined concrete and the
model of Park and Sampson [11] for reinforcing steel. To define the (apparent) yield point,
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the Μ-φ curves were bilinearised by adopting the criteria of 15% strength drop and equality of
areas under the “exact” and the bilinear curve (equal energy absorption).
The horizontal shear behaviour of the (common) elastomeric bearings was considered bilinear, while in the other directions the bearings are considered to respond linearly. All the
relevant stiffnesses, namely initial and post-yield horizontal shear stiffness (Kh,el and Kh,pl),
flexural stiffnesses (Kbx and Kby) and axial stiffness (Kv) were calculated according to [12].
Soil-structure interaction at the foundations of the piers and the abutments of the bridge
was taken into account, utilising equivalent linear springs at the bases of the respective beamcolumn elements of the model. The stiffness values of these springs were calculated according
to Mylonakis et al. [13].
The seat-type abutment-backfill system was modelled in detail, as its behaviour is the main
focus of this study. This ‘complex’ (in a practical design context) abutment-backfill model is
depicted in Fig. 4. It consists of separate beam-column elements which represent the stem
wall and the backwall, while the behaviour of the backfill soil was modelled using multiple
pairs of springs and dampers (Kelvin-Voigt elements) distributed along the height of the stem
wall and the backwall. A moment-curvature (Μ-φ) curve was derived from AnySection for
the expected plastic hinge at the base of the backwall, while the estimated length of this plastic hinge was calculated from the relationship of Biskinis [14], developed for concrete walls:
Lpl

0.1Ls  0.2h

(3)

A gap element was placed between the top of the backwall and the end of the deck; several
initial gap sizes were used, to investigate the effect of the gap size on the response of the
bridge. The constitutive models used for the springs and dashpots representing the backfill
soil are described in the next section.

(a)

(b)

Figure 4: (a) Longitudinal section and (b) 3-d view of the ‘detailed’ abutment-backfill model

3.2

Modelling of the backfill soil behaviour

The radiation damping and the hysteretic behaviour of the backfill soil in the longitudinal
direction are modelled with the use of multiple spring-dashpots along the abutment, each of
which consists of a viscous damper and a nonlinear spring (called “nonlinear link element” in
SAP 2000) placed in parallel, as shown in Fig. 4. The effect of the number of these pairs and
their position in the abutment-backfill was investigated through a series of non-linear static
(pushover) analyses.
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The closed-form relationship recently proposed by Khalili-Tehrani et al. [15] was adopted
as the backbone curve of the nonlinear backfill springs. This relationship is based on the logspiral hyperbolic (LSH) model proposed by Shamsabadi et al. [16], which was verified
against large-scale experiments on backwall – backfill systems with different types of soil.
The relationship is given by:
F ( y)

fG

ar y ˆ n
H
Hˆ  br

(4)

where fδ is a function of the wall – soil interface friction angle, ar and br express backfill capacity and wall displacement at capacity, respectively, and Ĥ is the normalised value of the
wall height.
The above hyperbolic relationship and its parameters were derived from a calibration of
multiple experimental results, which were conducted using a 1.7m high backwall specimen,
pushed horizontally against backfill of various soil types, considering it a typical sacrificial
backwall with almost no shear resistance, i.e. designed to break almost immediately after gap
closure, as per the relevant Caltrans provisions [1] (also found in older Caltrans guidelines).
As a result, the behaviour of the abutment – backfill was governed by the passive pressures of
the backfill soil developing uniformly along the height of the wall. However, in the studied
bridge, the backwall is designed to form a plastic hinge at its base. Consequently, after gap
closure, it does not shear off but it has a predominantly flexural response, and the backfill soil
near the top of the wall deforms more than at its base. Therefore, in the longitudinal direction,
the abutment was modelled with separate frame elements representing the stem wall and the
backwall, while the backfill soil was modelled with multiple springs to better capture the differing soil deformation along the backwall height.
For the implementation of (4), a dense granular backfill soil, typically suggested by the
pertinent codes/guidelines (e.g. [1]) is considered, with φ = 40o, c = 0, γ = 20kN/m3, soil strain
at 50% of the ultimate stress ε50 = 0.0035m (according to Shamsabadi et al. [16] for a similar
type of soil), ν = 0.35 and ultimate deformation equal to 0.05Hbw = 0.1225m, where Hbw is the
height of the backwall; the value of 0.05Hbw is a common estimation of ultimate deformation
for granular backfill soil, derived from large-scale experiments [15], [16].
The nonlinear link provided by SAP 2000 is a multilinear one, hence the previously calculated hyperbolic curve was converted to a quadrilinear approximation. Furthermore, to capture
the full-range behaviour of the system, a final descending branch was added to this quadrilinear curve, based on a linear approximation of experimental descending branches for granular
soils found in Cole & Rollins [17]; both curves are presented in Fig. 5. In the absence of other
options, the compression-only “Concrete” hysteresis model, available in SAP 2000, was
adopted as the hysteresis rule of the nonlinear backfill springs.
Last, the dashpot coefficient of the viscous dampers was estimated based on the work of
Mylonakis et al. [13] which refers to footings rather than backwalls; so an adjustment was
made (as also done in [18]) to account for the fact there is no soil above the backwall. The
estimated dashpot coefficient was found to be equal to 13.5 MN s/m.
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Figure 5: Backfill hyperbolic force-deformation curve according to Khalili-Tehrani et al. [15] and its multilinear approximation made herein

In the transverse direction, it is considered that the external shear keys of the bridge are
practically rigid and remain elastic (which was indeed the case here), and the abutmentbackfill system was modelled as a pair of p-y springs which represent the bridge-embankment
interaction in the transverse direction, according to the model of Xie et al. [19]. This model,
which was derived from multiple 3-D continuum finite element analyses of abutment-backfill
models verified against the recorded response of Painter Street Bridge during the 1992 Petrolia earthquake, provides closed-form relationships for the calculation of the ultimate embankment capacity at top of the 3D embankment in the transverse direction (Σpult,T), the value
of the embankment displacement that corresponds to 50% of Σpult,T (y50,T) and the value of the
transverse secant stiffness at y50,T (Ks,T). However, no relationship for the calculation of the
embankment displacement at Σpult,T or the estimation of the stiffness when the displacements
are larger than y50,T is provided in [19]. In view of this, it was assumed that the full force –
deformation curve in the transverse direction is a bilinear one and that the slope of the second
branch of this bilinear curve is equal to about 20% of Ks,T. The bilinear curve that was finally
derived is shown in Fig. 6, using the same backfill soil properties which have already been
described for the longitudinal direction.

Figure 6: Embankment bilinear force-deformation curve in the transverse direction, based on the model of
Xie et al. [19]
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4
4.1

NONLINEAR ANALYSIS OF THE BRIDGE
Nonlinear static (pushover) analysis of the abutment-backfill system

In order to investigate the rather complex inelastic behaviour of the abutment-backfill system in the longitudinal direction, before integrating it into the entire bridge model, multiple
pushover analyses of different configurations of the system in the longitudinal direction were
conducted. The main goals of these analyses were to define the importance of the contribution
of the backfill soil after gap closure, to investigate the effect of the number and the positions
of soil springs and dashpots and, finally, to compare the behaviour of backwalls which form a
plastic hinge at their base with that of ‘fully sacrificial’ (Caltrans type) backwalls which
‘shear off’ as soon as the joint gap closes.
The first issue to be addressed is whether the contribution of the lower part of the backfill,
i.e. the area behind the stem wall, should be taken into account. In order to investigate the influence of this area, two additional analyses were conducted; one of the abutment alone, without any contribution from the backfill, and one with the lower part of the backfill considered.
The respective models are shown in Fig. 7b and 7c. and the resistance curve (i.e. base shear vs
displacement at the top of the backwall) is depicted in Fig. 8 and compared with the model
which has springs along the entire height of the abutment (Fig. 7a). It is clear that the contribution of the examined part of the backfill is negligible and hence, in the following analyses,
only the part of the backfill behind the backwall is considered. This result is anticipated, since
the very high stiffness of the stem wall results in little deformation of the springs attached to it,
consequently leaving them almost inactive.

(a)

(b)

(c)

Figure 7: Longitudinal abutment model: (a) with backfill soil springs behind the entire abutment (b) with
backfill soil springs behind the stem wall, (c) without backfill soil springs
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Figure 8: Resistance curve of the abutment with backfill soil springs behind the stem wall, behind the entire
abutment and without backfill soil springs

The next issue addressed was the effect of the position and the number of the backfill
springs along the height of the backwall. Some of the configurations explored are depicted in
Fig. 9; note that in the multiple spring configurations the influence area of each spring is the
same. From the resulting resistance (pushover) curves in Fig. 10, it is clear that the number of
the springs does not affect the abutment-backfill behaviour significantly, while for 3 springs
or more, hardly any difference is observed in the pushover curves, except for the descending
branch that follows the failure of the backwall. This difference is caused by the way that the
strength drop of the backwall is modelled in the software due to different discretisation of the
frame element of the backwall in each case, since the backwall element is divided at each of
its connections with the springs; namely, the shorter an element is, the more it is capable of
capturing an abrupt strength drop [20]. However, in the case that a single spring is used, placing it at the top of the backwall seriously overestimates the maximum strength of the backfill
by almost 60%. It is stressed here that the springs do not contribute to the response of the system in the same way; the closer a spring is to the top of the backwall, the earlier it reaches its
maximum strength (Fig. 11), due to the hinging at the base.

(a)

(c)

(b)

(d)

Figure 9: Longitudinal abutment model with: (a) a single backfill soil spring in the middle of the backwall, (b)
a single backfill soil spring at the top of the backwall, (c) 3 springs along the height of the backwall, (d) 5
springs along the height of the backwall
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Figure 10: Resistance curves for various numbers of distributed backfill soil springs along the height of the
backwall and for a single spring at the top of the backwall

Figure 11: Axial forces developed at the backfill soil springs during the pushover analysis of the abutmentbackfill system in the case of 3 used springs along the height of the backwall (Fig. 9c)

The case of the ‘fully sacrificial’ backwall with no shear resistance that shears off right after the gap closure with a lateral force applied at its top, was also examined with the use of a
backwall model with a roller support at its base, as shown in Fig. 12a. As seen in Fig. 12b, in
this case each of the backfill soil springs contributes equally to the response of the system,
meaning that a model which consists of a single spring would be enough for modelling the
behaviour of the entire abutment-backfill system adequately. The maximum contribution of
the backfill soil springs in the case of the ‘fully sacrificial’ backwall is larger by 15% than in
the case that the backwall yields and eventually fails in flexure. The ‘fully sacrificial’ backwall has also higher initial stiffness but it develops its maximum strength at a smaller displacement (Fig. 13). These results can be attributed to the fact that in the case of the ‘fully
sacrificial’ backwall every spring along the backwall height is activated simultaneously from
the beginning, contrary to the case of the backwall with the plastic hinge at its base.
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(a)

(b)

Figure 12: (a) Longitudinal backwall model with no shear resistance (‘fully sacrificial’) and 3 backfill soil
springs along its height, (b) axial forces developed at the backfill soil springs during the pushover analysis of the
‘fully sacrificial’ backwall-backfill system in the case of 3 used springs along the height of the backwall (Fig.
12a)

Figure 13: Total contribution of the backfill soil springs in the pushover analyses of backwall with plastic
hinge formed at its base and ‘fully sacrificial’ backwall

4.2

Nonlinear static (pushover) analysis of the bridge model

Having compared the spring configurations that represent the abutment-backfill system,
nonlinear static (pushover) analyses of the entire T7 bridge model were conducted, for both
the ‘fully sacrificial” backwall case and the backwall with a plastic hinge formed at its base.
Simple spring configurations (such as a single nonlinear spring for the case of the ‘fully sacrificial’ case) and more complex models, including detailed modelling with nonlinear beamcolumn elements representing the abutment and nonlinear springs along the height of the
backwall, which represented the backfill soil were used. Five longitudinal joint gap sizes,
namely 0 cm, 2.5 cm, 5 cm, 7.5 cm and 10 cm were explored, to study the influence of the
gap size. The results are given in Fig. 14 and Fig. 15. The total base shear after gap closure is
23.5% and 30% larger than in the case without gap closure for the ‘fully sacrificial’ and the
backwall with a plastic hinge at its base, respectively.
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Figure 14: Resistance curves of the entire bridge with ‘detailed’ abutment-backfill model and backwall with
plastic hinge at its base in the longitudinal direction, for various joint gap sizes

Figure 15: Resistance curves of the entire bridge with single spring according to Khalili-Tehrani et al. [15]
representing a ‘fully sacrificial’ backwall in the longitudinal direction, for various joint gap sizes

The effect of simple or complex modelling of the abutment-backfill system can be seen in
Fig. 16, where both the detailed and the single-spring model are used to derive resistance
curves for the bridge, and these are compared with the detailed (multi-spring) model and the
reference case where the abutment-backfill system is ignored (which is the situation prior to
gap closure). It is clear (and expected) that when the single spring is defined from the analysis
of the abutment-backfill system, the detailed and the simple model produce practically identical curves; however, when the single spring is based on the Khalili et al. [15] model, which
corresponds to the case of a shearing-off backwall, the simple model overestimates the
strength of the system for the reasons discussed earlier in the paper. Regarding the effect of
gap size, the contribution of a shearing-off backwall and a backwall that forms a plastic hinge
at its base were very similar for all examined joint gap sizes.
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Figure 16: Comparison of the resistance curves of the entire bridge in the longitudinal direction, modelled
with ‘detailed’ and ‘simple’ (single spring) model representing either a ‘fully sacrificial’ backwall and a backwall with plastic hinge at its base, for joint gap size equal to 7.5 cm.

4.3

Nonlinear response history analysis

The nonlinear dynamic response of the bridge was studied to better understand its overall
dynamic behaviour and to identify modelling issues that should be further addressed. For the
dynamic response history analysis, the bridge is subjected to a set of artificial accelerograms
scaled to various levels of intensity, multiples of the design seismic action (0.16g, 0.32g and
0.48g, considering soil class C according to Eurocode 8, but assuming that TD = 4s instead of
TD = 2s suggested by EC8, as a more representative value of high seismicity regions [21],
[22]). In the longitudinal direction, 3 pairs of nonlinear spring and dashpots are used to represent the backfill, while in both directions separate gap elements are used.
The issue of modelling the joint gap was one of the focuses of the investigation. In SAP
2000, gaps are modelled with a separate element, which has zero stiffness when it is open and
a user-defined stiffness value when it is closed. The latter value is difficult to define in a way
such as to avoid numerical instabilities and to appropriately capture the force transfer between
the elements which are adjacent to the gap during response history analysis; this is known
from the literature [23] and has also been observed in the analyses conducted for the present
work. According to Kim & Shinozuka [23], the stiffness of the gap element should not be
larger than 1000 times the stiffness of the adjacent elements in order to avoid numerical instabilities. After conducting preliminary response history analyses of the examined bridge model,
it was found out that the response quantities are significantly different when the gap element
stiffness is equal to 100 times the stiffness of the adjacent elements or lower from those for
gap element stiffness 1000 times the stiffness of the adjacent elements or larger. It was decided to set the gap stiffness equal to 1000 times the initial stiffness of the adjacent elements.
However, in a nonlinear analysis, the stiffness of the adjacent elements varies with time, and
numerical stability is not achieved in every response history analysis. Moreover, the existence
of the gap element results in large analysis duration which becomes even larger as the level of
the input ground motion increases and, most importantly, the time step at which the base of
the backwall yields is very different even for very small differences in the gap element stiffness or the considered initial gap. The use of a nonlinear spring with a backbone curve that
starts with a zero slope would be an alternative solution to avoid all the aforementioned prob-

5278

Ioannis G. Mikes, Andreas J. Kappos

lems. This solution was indeed utilized in the nonlinear static analyses with the ‘simple’ single-spring model; however, in the dynamic response history analyses with SAP 2000, it could
not be implemented, since no compression-only hysteresis model provided by the software is
compatible with such a backbone curve.
Some results of the analyses in the longitudinal and the transverse direction are plotted in
Figures 17 and 18. In both directions, the deformation of the upper backfill-soil spring, the
bearing deformation and the plastic rotations of the pier are depicted for various gap sizes and
for the three selected levels of earthquake intensity. In the longitudinal direction, the derived
backwall plastic rotations are also shown.

(a)

(b)

(c)

(d)

Figure 17: Longitudinal direction: Effect of gap size on: (a) the maximum deformation of the upper backfill
spring, (b) the maximum bearing deformation, (c) the maximum pier plastic rotation and (d) the maximum
backwall plastic rotation for 3 levels of ground motion
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(a)

(b)

(c)
Figure 18: Transverse direction: Effect of gap size on: (a) the maximum deformation of the spring that models the shear key and the embankment resistance, (b) the maximum bearing deformation and (c) the maximum
pier plastic rotation for 3 levels of ground motion

The results indicate the importance of accounting for the abutment-backfill system in both
directions and the fact that small gap sizes may alter the response of the entire bridge significantly, mainly in cases of high seismic intensities. As expected, the abutment-backfill system
is activated more when the gap size is small, and this emerges as beneficial for the piers and
the bearings which sustain less damage. Bearings are affected more than piers, particularly in
the transverse direction, where an initially closed gap results in approximately 50% decrease
of the bearing deformation with respect to 15 cm gap, for ground motion equal to twice the
design earthquake. Longitudinal gap sizes larger than 7.5 cm (which is close to the 10 cm gap
selected by the designer of the actual bridge), do not make any noticeable difference compared to larger ones, since the displacements in the longitudinal direction are smaller than the
largest examined initial gap sizes even for the highest examined level of ground motion.
5

CONCLUSIONS

Various configurations of a seat-type abutment-backfill model in the longitudinal and the
transverse directions were studied, focusing on an existing overpass designed according to
modern code provisions. From both the static and the dynamic (response history) analyses, it
emerged that the performance of the bridge improved and that the response of its various
components was different when the abutment-backfill system was taken into account, highlighting the importance of modelling this system. Specifically:
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‘Hinging’ and shearing-off (‘fully sacrificial’) backwalls behave differently when the
joint gap closes, hence their modelling should account for this. Abutment-backfill systems with shearing-off backwalls present higher initial stiffness and strength than the
ones with ‘hinging’ backwalls; this occurs at the cost of early backwall damage,
whereas they reach their strength peak at smaller displacements.
A single nonlinear spring with a properly defined constitutive law based on passive
pressures developing on the backfill is sufficient for modelling the shearing-off system.
On the contrary, it is not appropriate for a ‘hinging’ backwall, where the nonlinear behaviour at its base differentiates the response of the entire abutment-backfill system. In
this case the single-spring model must be based on the pushover curve derived from the
analysis of the abutment-backfill component of the bridge, as described in this paper.
Modelling the nonlinear behaviour of the backfill soil behind the stem wall of a seattype abutment is not required, at least in the common case that the stem walls is much
stiffer than the backwall, since that part of the soil barely deforms.
The location of the springs that represent the backfill soil affects the calculated response of the abutment-backfill system, while their number also has some influence.
For common backwalls of around 2 m height, use of three springs suffices.
Modelling the gap element separately, which is necessary for response history analyses
with the ‘detailed’ abutment-backfill model, is prone to cause numerical instabilities
and/or long computation time. Use of constitutive law with an initial flat slope is clearly preferable, but is not available in all software packages.
The bearings and the piers are generally relieved as the gap size is made smaller and
hence the abutment-backfill system is activated; this occurs at the cost of increased response of the abutment-backfill system that may cause damage to the more critical
component of this system.
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INFLUENCE OF THE CONTINUITY OF THE BALLASTED TRACK
ON THE DYNAMIC RESPONSE OF A SIMPLY SUPPORTED HIGHSPEED RAILWAY BRIDGES
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Abstract
In a system of soil-structure interaction, in railway lines particularly, the difference in rigidity
at the area of interaction ground-pillar or ground-bridge generates a bending moment at the
ends of the structure during the passage of high-speed trains. To analyze the phenomenon and
its influence on the response of the work, a more realistic schematization of the studied system
is necessary. Although the introduction of rotary springs at the ends of the deck enhances the
choice of the appropriate analysis model, most of the contributions reported do not consider
this effect. In the present work, an analytical approach to analyze the dynamic response of
railway bridges especially those with the ballasted track is investigated. The idea of the
proposed model is based on analyzing the continuity effect of the ballasted track (rails and
ballast) on the dynamic response of railway bridges, with taking into account an axial force
that models the effect of prestressing, ballast interface, axial displacement, force braking. The
analytic solution is based on Hamilton’s principle, two dynamic case studies of a simply
supported and simply supported partially clamped Euler-Bernoulli beam are presented. The
results revealed that the compression force presents an additional stiffness which affects the
critical velocity and the continuity of the track modeled by rotational springs at the beam’s
end, so as it increases the dynamic response decreases.
Keywords:5HVRQDQFH)RUFHD[LDO%DOODVWHGWUDFN3DUWLDOO\FODPSHGEHDP
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1

INTRODUCTION
1RZDGD\VKLJKVSHHGWUDLQSOD\VDQLPSRUWDQWUROHLQWKHSXEOLFWUDQVSRUWDWLRQVWUDWHJ\

RI WKH VWDWHV 7KXV YHUWLFDO DFFHOHUDWLRQ LQ WKH SODWIRUP RI VKRUW RU ORQJ UDLOZD\ EULGJHV LQ
KLJKVSHHGOLQHVLVVWLOODPDWWHURIFRQFHUQ$VG\QDPLFDQDO\]HVDQGH[SHULPHQWDOWHVWVKDYH
VKRZQWKDWYHUWLFDODFFHOHUDWLRQLVUHVSRQVLEOHIRUWKLVUHVXOWWKHVHDQDO\]HVZHUHFDUULHGRXW
E\WKH(XURSHDQ5DLOZD\5HVHDUFK,QVWLWXWH ((55, >@6RIURPWKLVZHFRQFOXGHWKDWWKH
GHFNYHUWLFDODFFHOHUDWLRQLVDPRQJWKHPRVWLPSRUWDQWVSHFLILFDWLRQVUHTXLUHGIRUWKHGHVLJQ
DQG HYDOXDWLRQ RI VKRUW UDLOZD\ EULGJHV ZKLFK KDYH EHHQ LGHQWLILHG DV m  s  IRU EDOODVW
WUDFNV>@7KHUHIRUHWKHGHYHORSPHQWRISUHFLVHPRGHOVZRUNLQJWRUHVSHFWWKLVDFFHOHUDWLRQ
IDFWRUKDVEHFRPHLPSRUWDQWLQDSSOLFDWLRQV6RWKHG\QDPLFSHUIRUPDQFHRIUDLOZD\EULGJHV
LVSOD\LQJDQLQFUHDVLQJO\LPSRUWDQWUROHLQSXEOLFWUDQVSRUWDWLRQV\VWHPVGXHWRWKHH[WHQVLYH
FRQVWUXFWLRQRIQHZKLJK-VSHHGOLQHVDQGWKHXVHRIROGKLJK-VSHHGOLQHV 7KHUHJXODUDQGUH
SHWLWLYHQDWXUHRIWKHZKHHO ORDGVWKDWPDNHXSWKHUDLOZD\EULGJHV FDQVWLPXODWHUHVRQDQFH
VLWXDWLRQV LQ WKHVH VWUXFWXUHV )RU WKLV ODWWHU LW LV QHFHVVDU\ WR FRQWLQXRXVO\ PRGHUQL]H WKH
UDLOZD\ LQIUDVWUXFWXUH DQG HVSHFLDOO\ WKH EULGJH VWUXFWXUHV (YHQ WKH D[OH ORDGV RI PRGHUQ
WUDLQV DUHQRW JUHDWHUWKDQWKHIRUFHVWUDQVPLWWHGLQ ROGHUYHKLFOHV KLJKHUGHVLJQVSHHGV FDQ
OHDGWRWKHRFFXUUHQFHRIUHVRQDQFHSKHQRPHQD5HVRQDQFHLQDUDLOZD\EULGJHRFFXUVZKHQ
WKHH[FLWDWLRQIUHTXHQF\RIWKH SHULRGLFORDGLQJRIDWUDLQDSSURDFKHVDQDWXUDOIUHTXHQF\RI
WKHEULGJH ,QWKLVFDVHWKHORDGVHQWHUWKHEULGJHLQSKDVHZLWKWKHQDWXUDOYLEUDWLRQVRIWKH
VWUXFWXUHUHVXOWLQJLQDSURJUHVVLYHLQFUHDVHLQWKHYLEUDWLRQUHVSRQVHRIWKHGHFN
,QWKHUHSRUWHGZRUNV0HVXURVHWDO>@EDVHGRQDQDQDO\WLFDODSSURDFKDQDO\]HGDQG
VWXGLHGWKHIUHHYLEUDWLRQUHVSRQVHRIVLPSO\DQGHODVWLFDOO\VXSSRUWHGEHDPVXQGHUPRYLQJ
FRQVWDQWDQGPRYLQJORDGVLQZKLFKWKHFRQGLWLRQVRIUHVRQDQFHDQGFDQFHODWLRQDUHSURYHG
5HVRQDQFHYLEUDWLRQVKDYHEHHQREVHUYHGRQUDLOZD\EULGJHVVXEMHFWHGWR KLJKVSHHGWUDLQV
$Q HOHPHQWDU\ WKHRUHWLFDO PRGHO RI D EULGJH KDV EHHQ VWXGLHG XVLQJ WKH LQWHJUDO WUDQVIRU
PDWLRQPHWKRGZKLFKSURYLGHVDQHVWLPDWHRIWKHDPSOLWXGHVRIWKHIUHHYLEUDWLRQ%HVLGHV
WKHDQDO\VLVJLYHVWKHFULWLFDOVSHHGVDWZKLFKUHVRQDQWYLEUDWLRQFDQRFFXU7KH\DUHFDXVHG
E\WZRPDLQUHDVRQVWKHUHSHDWHGDFWLRQRID[OHORDGVDQGWKHKLJKVSHHGLWVHOI>@0RUHRYHU
LWLVUHSRUWHGLQDZRUNWKDWJHQHUDOO\FRQVLVWVRIVWXG\LQJWKHHIIHFWRIWKHFRQWLQXLW\RIWKH
EDOODVWHGWUDFNRQWKHG\QDPLFUHVSRQVHRIVLPSO\VXSSRUWHGUDLOZD\EULGJHVWRDVVHVVWKHLQ
IOXHQFHRIWKHWUDFNFRPSRQHQWVDQGLWVFRQWLQXLW\RQWKHUHVSRQVHWRWKHDFFHOHUDWLRQRIWKH
EULGJHXQGHUWKHSDVVDJHRIUDLOZD\FRQYR\V>@
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$GGLWLRQDOO\VRPHDXWKRUVKDYHLQYHVWLJDWHGWKHHIIHFWRID[LDOORDGRQQDWXUDOIUHTXHQ
FLHVDQGPRGDOVKDSHVZLWKYDULRXVW\SHsRIXQLIRUPEHDPERXQGDU\FRQGLWLRQV ZLWKDFRQ
FHQWUDWHGPDVVDWWKHWLS>@6RPHDXWKRUVLQYHVWLJDWHWKHYLEUDWLRQDQGVWDELOLW\RIDQLQILQLWH
%HUQRXOOL(XOHUEHDP RQDQHODVWLFIRXQGDWLRQRIWKH:LQNOHUW\SH ZKHQ WKHV\VWHP LV VXE
MHFWHGWRDVWDWLFD[LDOIRUFHDQGDPRYLQJORDGZLWKFRQVWDQWRUKDUPRQLFDPSOLWXGHYDULDWLRQ
>@7KHSUHVHQWVWXG\WDNHVLQWRDFFRXQWWKHIDFWRIDQD[LDOIRUFH WKDWPRGHOVWKHHIIHFWRI
SUHVWUHVVLQJ EDOODVW LQWHUIDFH D[LDO GLVSODFHPHQW IRUFH EUDNLQJ DQG VR RQ 7KLV VDPH LGHD
ZDVGLVFXVVHGE\=KRQJHWDO>@LQZKLFKWKH\VWXGLHGDQGDQDO\]HGWKHHIIHFWRISUHVWUHVVLQJ
RQWKHG\QDPLFUHVSRQVHVRIEULGJHV
$VWXG\WKDWSUHVHQWVDPHWKRGRORJ\IRUWKHFRPSUHKHQVLYHDQDO\VLVRIUDLOZD\WUDQVLWLRQ
]RQHV IRUH[DPSOHQHDUEULGJHV ZKLFKLQFOXGHVDQDGYDQFHGPHDVXUHPHQWWHFKQLTXHWKDW
XVHVD',& 'LJLWDO,PDJH&RUUHODWLRQ GHYLFHWRPHDVXUHWKHG\QDPLFGLVSODFHPHQWVRIWKH
UDLOV DW PXOWLSOH ORFDWLRQV DORQJ WKH WUDFN LQ WUDQVLWLRQ ]RQHV >@ $OVR WKH DXWKRUV RI WKLV
ZRUNFDUULHGRXWDQH[SHULPHQWDOVWXG\RQWKHSUREOHPRIWKHGHJUDGDWLRQRIWKHUDLOZD\VLQ
WKHWUDQVLWLRQ ]RQHVWRZDUGVWKHUDLOZD\EULGJHVE\QXPHURXVPHDVXUHPHQWV RQWKH JURXQG
>@
)RU WKLV UHDVRQ LQ WKLV VWXG\ WKH LQWHUHVW LV WR DQDO\]H WKH FRQWLQXLW\ RI WKH EDOODVWHG
WUDFNLQWKHPD[LPXPG\QDPLFUHVSRQVHRIWKHEULGJH DFFHOHUDWLRQGLVSODFHPHQW GXHWRUDLO
WUDIILFDVDFULWHULRQRIEDOODVWVWDELOLW\LQWKHFDVHRIDEDOODVWHGWUDFNZLWKWDNLQJLQWRDFFRXQW
DQD[LDOIRUFHIRUWKHWZRPRGHOVVLPSO\VXSSRUWHG 66 EHDPDQGVLPSO\VXSSRUWHGSDUWLDOO\
FODPSHG 663& EHDP

2

BASIC ASSUMPTIONS AND PROBLEM FORMULATION
,Q WKLV VHFWLRQ DV FLWHG SUHYLRXVO\ WR XQGHUVWDQG WKH WUDFN¶V FRQWLQXLW\ HIIHFWV LQ WKH

G\QDPLF UHVSRQVH RI D VLPSO\ VXSSRUWHG EULGJH WKH VWXGLHG EULGJH LV PRGHOHG E\ DQ (%
VLPSO\VXSSRUWHGSDUWLDOO\FODPSHGEHDPDVVKRZQLQ)LJZKLFKFRQQHFWHGLQLWVHQG¶VE\
WZRURWDWLRQDOVSULQJVZLWKDFRQVWDQWVWLIIQHVV K r DQGDQD[LDO)RUFH K s LVSUHVHQWHGZKLFK
VLPXODWHWKHHIIHFWRISUHVWUHVVLQJEDOODVWLQWHUIDFHD[LDOGLVSODFHPHQWIRUFHEUDNLQJ
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)LJXUH6LPSO\VXSSRUWHGSDUWLDOO\FODPSHGEHDP

%\QHJOHFWLQJWKHGDPSLQJUDWLRWKHSUREOHPRIG\QDPLFYLEUDWLRQVRIWKHV\VWHPFDQEH
H[SUHVVHGE\+DPLOWRQ¶VSULQFLSOHZKLFKLV
t

G ³ U  T  W dt  

  

t

:KLFK U  T DQG W DUHWKHSRWHQWLDOHQHUJ\WKHNLQHWLFHQHUJ\DQGWKHZRUNRIWKHH[
WHUQDOIRUFHVDQGGHILQHGDV
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 W

³

EHQGLQJVWLIIQHVVWKHPDVVSHUXQLWOHQJWKDQGWKHIRUFHDFWLQJLQWKHVWUXFWXUHDUHDVVXPHGWR
EHFRQVWDQWZKHUHDVWKHYHKLFOHEULGJHLQWHUDFWLRQVDUHQHJOHFWHGWKHQWKHPRYLQJORDGPRGHO
+60$$LVFKRVHQKHUHZKLFKLVH[SUHVVHGDVIROORZV
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7KHORDGVSUHVHQWHGWKURXJK'LUDFGHOWDIXQFWLRQDFWLQJDORQJ xv
WKHFRQVWDQWWUDLQVSHHG d k LVWKHGLVWDQFHZKHQ t

 G 
ct  d k ZKHUH c LV

 IURPWKH kth WRWKHHQWUDQFHRIWKHEHDP

N LVWKHWRWDOQXPEHURID[OHORDGV Pk WKHYDOXHRIWKH kth ORDG H LVWKH+HDYLVLGHIXQFWLRQ

DQG L VWDQGVIRUWKHEHDPOHQJWK
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 L DUHWKHJHQHUDOZRUNGRQHE\WKHPRPHQWVDWWKHERXQGDU\VHFWLRQV x
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DQGWKHPRPHQWDWWKHVHVHFWLRQVDUHREWDLQHGE\
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$VPHQWLRQHGLQWKH(TV E LWLVHYLGHQWWKDWWKHEHDPDIIHFWHGE\WKHSUHVHQFHRIWKH
PRPHQWV M r   M r  L GXH WR WKH URWDWLRQDO VSULQJV DQG WKH D[LDO IRUFH ZHUH M  V DUH WKH
WRWDOPRPHQWDQGWKHWRWDOVKHDUIRUFHLQWKHFRQVLGHUHGEHDP
$VPHQWLRQHGLQWKHLQWURGXFWLRQWKHLQWHUHVWLVWRDQDO\]HWKHFRQWLQXLW\RIWKHEDOODVWHG
WUDFNLQWKHPD[LPXPSHDNEULGJHG\QDPLFUHVSRQVH DFFHOHUDWLRQGLVSODFHPHQW GXHWRWKH
UDLOWUDIILFDVDFULWHULRQIRUWKHEDOODVWVWDELOLW\LQWKHFDVHRIEDOODVWHGWUDFN+RZHYHUDVWKH
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IUHTXHQF\ EDQG VKRXOG UDQJH IURP  WR Hz LQ WKH G\QDPLFDO DQDO\VLV WKLV LV DV D UHDVRQ
ZKLFK DOORZV WKLV OLPLWDWLRQ RI WKH IUHTXHQF\ UDQJH ZK\ ZH XVH WKH PRGH VXSHUSRVLWLRQ
PHWKRGIRUVROYLQJWKHHTXDWLRQRIPRWLRQ(T D ZKLFKWKHJHQHUDOVROXWLRQVH[SUHVVHGDV
IROORZV

Nm

¦)

v x t

i

x qi t 

  

i 

:KHUH ) i LV ith WKHPRGHVKDSHZKLFKGHSHQGVRQWKHERXQGDU\FRQGLWLRQVDQG qi LVWKH
WLPHIXQFWLRQVUHVSRQVHRIWKHEHDPDQG N m VWDQGVIRUWKHQXPEHURIWKHFRQVLGHUHGPRGHV
2.1

Simply supported partially clamped beam

$VNQRZQIRUDVLPSO\VXSSRUWHGEHDPWKHPRGHVKDSHLVDVLQXVRLGDOIXQFWLRQDQGIRO
ORZLQJWKHVDPHSURFHGXUHDWWDFKLQJWKHVLPSO\VXSSRUWHGEHDPZLWKWZRURWDWLRQDOVSULQJV
LQWURGXFHHQGPRPHQWV DW WKHVXSSRUWV )LJVKRZVWKHPRGHORIDVLPSO\VXSSRUWHGEHDP
OHDQLQJRQLGHQWLFDOURWDWLRQDOVSULQJZLWKLGHQWLFDOURWDWLRQDOVWLIIQHVVZKLFKLVFRQVWDQWDQG
HTXDOWR K r 
)URPWKHHT  ZKLFKLVWKHYHUWLFDOGHIOHFWLRQRIWKHEHDPE\XVLQJWKHHTXDWLRQV D 
DQG E WKHPRGHVKDSHVDQGWKHIUHTXHQF\HTXDWLRQRIWKHXQLIRUPVLPSO\VXSSRUWHGSDUWLDO
O\FODPSHGEHDPWKHIUHTXHQF\HTXDWLRQLVJLYHQE\
k  r L r L
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 EI

  

7KHSDUDPHWHUV k DQG kb DUHWKHUDWLRRIWKHURWDWLRQDOVWLIIQHVVRIWKHURWDWLRQDOVSULQJVWRWKH
IOH[XUDO ULJLGLW\ RI WKH EHDP DQG WKH UDWLR RI WKH D[LDO IRUFH WR WKH IOH[XUDO ULJLGLW\ RI WKH
EHDPUHVSHFWLYHO\
7KHVWLIIQHVVDQGIOH[XUDOVWUHQJWKRIWKHDEXWPHQWVVKRXOGEHDQDO\]HGLQGHWDLOIRUHDFK
SDUWLFXODUVWUXFWXUH1HYHUWKHOHVV IURP WKHUHWURILWVWXGLHV SHUIRUPHGE\WKHDXWKRUVRQUHDO
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FDVHV LW FDQ EH FRQFOXGHG WKDW VWLIIQHVV DQG IOH[XUDO VWUHQJWK RI DEXWPHQWV ZLOO EH XVXDOO\
UDLOZD\VWUXFWXUHV>@
$VVKRZQLQHTXDWLRQ  LIZHQHJOHFWHGWKHLQIOXHQFHRIWKHD[LDOIRUFH kb

 WKH

HTXDWLRQEHFRPHV
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2.2

Free vibration of simply supported partially clamped beam
$V FDQ EH VHHQ WKH PRGH VKDSH (T  FRPSRVHG E\ V\PPHWULF DQG D[LV\PPHWULF

PRGHVZHXVHGWKLVH[SUHVVLRQLIZHQHJOHFWHGWKHGDPSLQJHIIHFWWKHVROXWLRQRIWKHHTXD
WLRQ RI PRWLRQ RI VLPSO\ VXSSRUWHG SDUWLDOO\ FODPSHG EHDP IRU HDFK YDOXH RI

rj L rj L k  kb

j   VXEMHFWHGWRPRYLQJORDGFDQEHGHULYHGDVIROORZV
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7KH VSHHG SDUDPHWHUV K i DQG K i  DUH GHILQHG E\ WKH UDWLR RI WKH ORDG IUHTXHQFLHV
Oi DQG Oi  WKH VLPSO\ VXSSRUWHG SDUWLDOO\ FODPSHG EHDP FLUFXODU IUHTXHQF\ Zi  c LV WKH VSHHG

RIWKHPRYLQJORDG Bi K K  DQG x DUHGHILQHGLQWKH(T G  r L i DQG r L i DUHWKHURRWV
RIWKHIUHTXHQF\HTXDWLRQFRUUHVSRQGWRWKH ith PRGHZKLFKLVHTXDOLQWKHFDVHRID[LDOIRUFH
LVQHJOHFWHG kb

 

7RXQGHUVWDQGWKHHIIHFWRIWKHD[LDOIRUFHLQWKHFDVHRIIUHHYLEUDWLRQRIDVLPSO\VXS
SRUWHG SDUWLDOO\ FODPSHG FRPSRVLWH EHDP DV GHULYHG LQ >@ E\ XVLQJ WKH DQDO\WLFDO PRGH
VKDSHVRIWKHFRQVLGHUHGEHDPWKHDPSOLWXGHRIWKH ith PRGDOUHVSRQVHRIWKHEHDPDIWHUWKH
SDVVDJHRIDXQLWFRQVWDQWORDG P DWDFRQVWDQWVSHHG c LQWKHVRFDOOHGIUHHYLEUDWLRQSKDVH
QRUPDOL]HGE\WKHVWDWLFVROXWLRQLVFRPSXWHGE\>@

Ri
:KHUH qi t

L c DQG qi t


qst

qi t

Lc

Zi





 qi t
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L c DUH WKH LQLWLDO FRQGLWLRQV IRU WKH IUHH YLEUDWLRQ SKDVH

FRUUHVSRQGUHVSHFWLYHO\WRWKH ith PRGDOGHIOHFWLRQRIWKHEHDPDQGLWVGHULYDWLYH t
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LQJWKHIRUFHGYLEUDWLRQSKDVH  d t d L c $QDO\WLFDOH[SUHVVLRQVRIWKHVHTXDQWLWLHV DUHGH
ULYHGLQ(T  7KHQDVFDQEHREVHUYHGWKLVHTXDWLRQDW t

L c LVRQO\GHSHQGHQWVRQWKH
SDUDPHWHUV k ZKLFKLVWKHUDWLRRIWKHVWLIIQHVVRIWKHURWDWLRQDOVSULQJVWRWKHIOH[XUDOVWLIIQHVV
RIWKHEHDP WKHEHDPOHQJWK L DQGLWV IOH[XUDO VWLIIQHVV EI WKHWZRQRGLPHQVLRQDO VSHHG
K i DQG K i  ZKLFKDUHGHILQHGLQWKH(T  DQGWKH kb ZKLFKLVWKHUDWLREHWZHHQRIWKHD[LDO
IRUFHDQGWKHEHDPEHQGLQJVWLIIQHVV

3

NUMERICAL RESULTS
,QWKLVVHFWLRQWZRFDVHVVWXG\LVSUHVHQWHGG\QDPLFUHVSRQVHRIVLPSO\VXSSRUWHGEHDP

DQGG\QDPLFUHVSRQVHRISDUWLDOO\FODPSHGEHDPWRLQYHVWLJDWHWKHHIIHFWRIWKHFRQWLQXLW\RI
WKHEDOODVWWUDFNDQGWKHD[LDOIRUFHLQWKHG\QDPLFUHVSRQVHRIWKHDIRUHPHQWLRQHGVWUXFWXUH
3.1

Simply supported beam
WKH G\QDPLF UHVSRQVH RI D VLPSO\ VXSSRUWHG DQG VLPSO\ VXSSRUWHG SDUWLDOO\ FODPSHG

EHDPLVDQDO\]HGWKH9LQLYDO%ULGJH>@LVDVLPSO\VXSSRUWHGVLQJOHWUDFNEULGJHWKHPDLQ
PHFKDQLFDOSURSHUWLHVDUHFLWHGLQWKH7DEOHLQZKLFKWKHVHSURSHUWLHVVFKHPDWL]HWKHWRWDO
SURSHUWLHVRIWKHEULGJH LQFOXGHWKHPDVVRIWKHWUDFNVXSHUVWUXFWXUH WKHKHLJKWRIWKHEDOODVW
LQWKLVEULGJHLVFRPSXWHGE\ hb

m WKHQWKHG\QDPLFUHVSRQVHRIWKHEULGJHXQGHUWKH

FLUFXODWLRQRI+LJK6SHHG/RDG0RGHO$ +6/0$ LVSUHVHQWHGDQGWKHPD[LPXPG\QDPLF
UHVSRQVH WDNHV SODFH DW PLGVSDQ VHFWLRQ >@ DV QRWHG LQ WKH (XURFRGH DQG DFFRXQWLQJ IRU
PRGHVZLWKQDWXUDOIUHTXHQFLHVEHORZ Hz )LJVKRZVWKHPD[LPXPYHUWLFDODFFHOHUDWLRQ
LQWHUPVRIWKHFLUFXODWLQJYHORFLW\LQWKHUDQJH>@NPKHYHU\NPK7KHPD[LPXP
YHUWLFDODFFHOHUDWLRQUHDFKHV  m s  DQGRFFXUVZKHQWKHWUDLQ+6/0$FURVVHVWKHEULGJH
DW km h ZKLFKFRUUHVSRQGLQJWRWKHIRXUWKUHVRQDQFHRIWKHILUVWEHQGLQJPRGH)RUWKHVH
UHDVRQVLQWKHIROORZLQJVHFWLRQWKHG\QDPLFUHVSRQVHRIWKHEULGJHZLOOEHDFFRXQWHGIRUE\
WKHSDVVDJHRIWKHWUDLQ A 
)URP7DEOHWKHPDLQSURSHUWLHVDUHFDOFXODWHGFRQVLGHULQJWKHPDVVDQGWKHLQHUWLDRI
WKHWUDFNVXSHUVWUXFWXUHZKLFKLVFRPSRVHGRIUDLOVVOHHSHUVDQGEDOODVW
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/HQJWK L m 
0DVVSHUXQLWOHQJWK kg m
1DWXUDOIUHTXHQF\ f b Hz 
0RGDOGDPSLQJUDWLR [ 

 
 
 


7DEOHPHFKDQLFDOSURSHUWLHVRIWKHFRQVLGHUHGEULGJH>@

%HVLGHVWKHD[LDOIRUFHKDVWKHIROORZLQJYDOXH ks

 MN

  

7KHG\QDPLFUHVSRQVHRIWKHEULGJHXQGHUWKHORDGPRGHO+6/0$LVHYDOXDWHGLQWKH
WLPHGRPDLQZLWKWDNLQJLQWRDFFRXQWWKHILUVWPRGHRIYLEUDWLRQ DOORZWKH(XURFRGHFULWHUL
RQ WKHILJV D DQG E VKRZWKHYHUWLFDODFFHOHUDWLRQDQGGLVSODFHPHQWRIWKHEULGJHDW
PLGVSDQVHFWLRQ7KHEOXHOLQHLQWKHWZRILJXUHVVKRZVWKHYDULDWLRQRIWKHDFFHOHUDWLRQDQG
GLVSODFHPHQWZLWKRXWWDNLQJLQWRDFFRXQWWKHHIIHFWRID[LDOIRUFHDQGWKHUHGOLQHVKRZVWKH
YDULDWLRQ RI WKH DFFHOHUDWLRQ DQG GLVSODFHPHQW ZLWK WDNLQJ LQWR DFFRXQW WKH D[LDO IRUFH ZLWK
WKHPHQWLRQHGYDOXH (T )URPWKLVILJXUHLWFDQEHFRQFOXGHGWKDWFULWLFDOVSHHGLQFUHDV
HVDVWKHD[LDOIRUFHDUHLQWURGXFHGZKLFKH[SODLQWKDWWKHD[LDOIRUFHVXFKDVEUDFLQJIRUFH
D[LDO GLVSODFHPHQW LQWURGXFHV D UHPDUNDEOH VWLIIQHVV DGGLWLRQDO VWLIIQHVV  WR WKH VWUXFWXUH
ZKLFKLQFUHDVHVWKHFULWLFDOYHORFLW\DQGWKHGLVSODFHPHQWDPSOLWXGHRIYLEUDWLRQGHFUHDVHV
HVSHFLDOO\LQWKHYLFLQLW\RIUHVRQDQFHDWWKHFULWLFDOVSHHG km h ZKLFKFRUUHVSRQGLQJWRD
IRXUWKUHVRQDQFHRIWKHILUVWEHQGLQJPRGH
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)LJXUH'\QDPLFUHVSRQVHRIWKHEHDPDWPLGVSDQVHFWLRQDVDIXQFWLRQRIWKHVSHHGRI+6/0$
D $FFHOHUDWLRQ E GLVSODFHPHQW

3.2

Simply supported partially clamped beam
,QWKHIROORZLQJSDUWDVFLWHGLQWKHOLWHUDWXUHUHPDUNDEOHVFLHQWLILFFRQWULEXWLRQVIRFXVHG

WRVWXG\WKHHIIHFWRIEDOODVWLQWKHUHVSRQVHRIVLPSO\VXSSRUWHGEULGJHEXWDVWKHFRQWLQXLW\
RIWUDFNLQWURGXFHVDPRPHQWRIUHVLVWDQFHDWWKHEHDPHQGVDQLQIOXHQFHFDQRFFXULWLVLP
SRUWDQWWRVWXG\WKLVHIIHFWE\PRGHOLQJWKHEULGJHDVDSDUWLDOO\FODPSHGEHDPVFKHPDWL]HG
E\WZRLGHQWLFDOOLQHDUO\URWDWLRQDOVSULQJVDWWDFKHGWRWKHEHDPHQGVWRHQVXUHWKLVFRQWLQXLW\
RIWKHWUDFN
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$VGHPRQVWUDWHGLQ(T  WKHQRUPDOL]HGDPSOLWXGHRIWKHIUHHYLEUDWLRQVRIWKHVLPS
O\VXSSRUWHGSDUWLDOO\FODPSHGEHDPGHSHQGVRQWZRSDUDPHWHUV k  kb ZKLFKUHSUHVHQWWKH
HIIHFWRIWKHURWDWLRQDOVSULQJVDQGWKHHIIHFWRIWKHD[LDOIRUFH)LJXUHUHSUHVHQWVWKHILUVW
PRGDOUHVSRQVHDPSOLWXGHRIWKHVLPSO\VXSSRUWHGSDUWLDOO\FODPSHGEHDPDVDIXQFWLRQRIWKH
VSHHGSDUDPHWHUV K  (T  k  ZKLFKUHSUHVHQWVWKHUDWLREHWZHHQWKHVWLIIQHVVRIWKH
URWDWLRQDOVSULQJVDQGWKHEHDPEHQGLQJVWLIIQHVVDQGZKLFKPHDQVWKDWWKHIXQGDPHQWDOIUH
TXHQF\ RI WKH SDUWLDOO\ FODPSHG EHDP LQFUHDVHV E\   ZLWK WKH YDOXH RI kb LQ WKH UDQJH
>kb @  7KH YDOXH kb LV FDOFXODWHG E\ XVLQJ WKH YDOXH RI D[LDO IRUFH (T  ZKLFK FRUUH

VSRQGVWRWKHYDOXH kb

 

)LJXUH)LUVWPRGDOUHVSRQVHDPSOLWXGHYVWKHVSHHGSDUDPHWHUV
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7KHQ DV VKRZQ LQ )LJ LQ WKH FDVH RI IUHH YLEUDWLRQ RI VLPSO\ VXSSRUWHG SDUWLDOO\
FODPSHGEHDPDVWKHUDWLR kb LQFUHDVHVWKHVSHHGSDUDPHWHUV K LQFUHDVHVZKLFKFRUUHVSRQG
WRDQLQFUHDVHLQWKHFULWLFDOVSHHG
,QWKH FDVHRI IRUFHGYLEUDWLRQGXHWR KLJKHUPRGHVKDYHIUHTXHQFLHVDERYH Hz WKH
UHVSRQVHRIWKHEHDPLV FRPSXWHGIURPWKHFRQWULEXWLRQRILWVILUVWEHQGLQJPRGHWKH)LJV
 D  DQG  E  UHSUHVHQW WKH GLVSODFHPHQW DQG DFFHOHUDWLRQ RI WKH VLPSO\ VXSSRUWHG SDUWLDOO\
FODPSHG EHDP DW WKH PLGVSDQ VHFWLRQ RI WKH EULGJH XQGHU WKH FLUFXODWLRQ RI +6/0$ IRU
FLUFXODWLQJYHORFLWLHVLQWKHUDQJH >@km h LQVWHSV km h WKLVZLGHUDQJHRIYHORFLWLHV
SHUPLWV WKH RFFXUUHQFH RI D VHFRQG UHVRQDQFH RI WKH IXQGDPHQWDO EULGJH IUHTXHQF\ 7KHQ
IURPWKLVILJXUHLQFRPSDULVRQZLWKWKHVHFWLRQ  IRUDVLPSO\VXSSRUWHGEHDPWKHFULWLFDO
VSHHG FRUUHVSRQGV WR vc

 km h ZKLFK WKHRUHWLFDO LV vi5Hsn



f SS D



 >@


ZKHUH f SS LVWKHIXQGDPHQWDOIUHTXHQF\RIWKH66EHDP i WKHPRGHOQXPEHU n WKHUHVRQDQFH
QXPEHUDQG D m LVWKHFKDUDFWHULVWLFGLVWDQFHRIWKHWUDLQ+6/0$FRUUHVSRQGVWRWKH
IRXUWK UHVRQDQFH RI WKH IXQGDPHQWDO PRGH ,Q WKH VDPH FRQWH[W E\ IL[LQJ WKH YDOXH k  
WKHIXQGDPHQWDOIUHTXHQF\RIWKHEHDPLVFKDQJHGGXHWRWKHURWDWLRQDOVSULQJ¶VVWLIIQHVVDQG
FRUUHVSRQGV WR Z ZSS ZKLFK OHDGLQJ WR f  Hz WKH YDOXH kb
VHHQ IRU kb

  $OVR DV LW FDQ EH

 WKH PD[LPXP DFFHOHUDWLRQ UHDFKHV WKH YDOXH m s  ZKLFK FRUUHVSRQGLQJ

WR D FULWLFDO YHORFLW\ vc

vi5Hsn



 km h  IRU kb

 u  WKH DFFHOHUDWLRQ LV DW

WDLQHG  m s  ZKLFK FRUUHVSRQGLQJWRWKH FULWLFDO YHORFLW\ v  km h WKHWKLQJH[SODLQV
WKDWIRUDIL[HGYDOXH k  WKHSHDNRIUHVRQDQFHLQFUHDVHVDVWKHUDWLR kb LQFUHDVHV$OVR
IRUWKHGLVSODFHPHQWZHFDQFRQFOXGHWKDW DV WKHUDWLR kb LQFUHDVHV WKHGLVSODFHPHQW DPSOL
WXGHGHFUHDVHVDQGFULWLFDOYHORFLW\LQFUHDVHV7KHQWKLVLVWKHVDPHFRQFOXVLRQIRXQGLQVHF
WLRQ   ZKLFK LQGLFDWHV WKDW WKH D[LDO IRUFH LQWURGXFHV DQ DGGLWLRQDO VWLIIQHVV DQG
LQGHSHQGHQWRIWKHERXQGDU\FRQGLWLRQVRIWKHEHDP
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)LJXUH'\QDPLFUHVSRQVHRIWKHEHDPDWPLGVSDQVHFWLRQDVDIXQFWLRQRIWKH+6/0$
D $FFHOHUDWLRQ E GLVSODFHPHQWHIIHFWRI kb 

)LJXUH$FFHOHUDWLRQDVDIXQFWLRQRIWKHVWLIIQHVVUDWLR k 
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$QRWKHU SDUDPHWHU WKDW VKRXOG EH DOVR DQDO\]HG LV WKH HIIHFW RI WKH URWDWLRQDO VWLIIQHVV
GXHWR WKHURWDWLRQDO VSULQJVORFDWHGDW WKHEHDP HQGV )LJUHSUHVHQWV WKHYDULDWLRQRIWKH
DFFHOHUDWLRQ DW WKH PLGSRLQW VHFWLRQ RI WKH VLPSO\ VXSSRUWHG SDUWLDOO\ FODPSHG EHDP XQGHU
WKHSDVVDJHRI+6/0$DWWKHFULWLFDOYHORFLW\DVDIXQFWLRQRIWKHUDWLR k IRUDIL[HGYDOXH
RIWKHUDWLR kb

 IURPWKLVILJXUHZHFRQFOXGHWKDWDVWKHVWLIIQHVVUDWLR k LQFUHDVHVWKH

YHUWLFDODFFHOHUDWLRQGHFUHDVHVZKLFKPHDQVWKDWWKHFRQWLQXLW\RIWUDFNDVLWVULJLGLW\LQFUHDV
HVWKHYHUWLFDODFFHOHUDWLRQGHFUHDVHVLQGHSHQGHQWRIWKHLQIOXHQFHRIWKHD[LDOIRUFHV
4

CONCLUSION

7RVXPPDUL]HWKHG\QDPLFUHVSRQVHRIDVLPSO\VXSSRUWHGXQLIRUPEHDPDQGDVLPSO\VXS
SRUWHGSDUWLDOO\FODPSHGEHDPKDYHEHHQVWXGLHGZLWKWDNHLQWRDFFRXQWWKHD[LDOIRUFHVDQG
WKHFRQWLQXLW\RIWKHWUDFNHIIHFWVWKHUHVXOWVLQGLFDWHWKDWWKHD[LDOIRUFHVLQWURGXFHDQDGGL
WLRQDO VWLIIQHVV ZKLFK PRGLILHV WKH FULWLFDO YHORFLW\ DQG WKH FRQWLQXLW\ RI WKH EDOODVW DIIHFWV
ODUJHO\RQO\WKHYHUWLFDODFFHOHUDWLRQRIWKHEULGJH
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Abstract
Tapered beams like structures are widely used in many fields including mechanical and civil
engineering, such as high-rise buildings, robot arms, etc. The objective of this paper is to
study the geometrically nonlinear free and forced transverse vibrations of tapered beams with
a constant width and a linearly varying depth. The theoretical model is based on the EulerBernoulli beam theory and the Von Kármán assumptions for geometrical nonlinearity. The
motion is assumed to be harmonic and the transverse displacement function of the nonlinear
beam is expanded as a series of linear modes, determined by solving the linear problem in
terms of Bessel functions satisfying the boundary conditions. The discretized expressions for
total beam strain and kinetic energies are derived, and by application of Hamilton's principle,
the problem is reduced to a non-linear algebraic system solved using a previously developed
approximate method (the so-called second formulation). The effect of the linear variation of
depth on the non-linear behaviour of the beam is examined and then illustrated. Using the
single-mode approach, the non-linear dynamic behaviour of the tapered beam is studied in
the forced case. The effects of the excitation level of the applied harmonic force are investigated and illustrated for various scenarios.
Keywords: tapered beam, transverse vibrations, nonlinear vibrations, forced vibrations
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1. INTRODUCTION
In civil engineering, aeronautics or mechanical engineering, the beams used are commonly
non-uniform. This type of beams are often subjected to free or forced vibrations, especially in
some applications such as aircraft wings or steel structures. Many works have been devoted to
the dynamic behaviour of tapered beams under different boundary conditions and both the
Euler-Bernoulli and Timoshenko beam’s theory have been used.
The literature review may go back to [1], in which Sanger exposed a general solution in
terms of Bessel function of order n for a range of beams, for different classical boundary conditions as a fixed end, a simply supported end, etc. Goel studied in [2] the transverse vibrations of tapered beams with elastically restrained ends, as well as the effect of a concentrated
mass at the free end of a cantilever tapered beam. Craver et al. [3] examined the free vibrations of Euler Bernoulli tapered cantilever beams, elastically restrained at an arbitrary position
over its length, using the straight search and bisection method. Abrate [4] gave simple formulas for predicting the fundamental frequencies using one term Rayleigh-Ritz approximations.
De Rosa and Auciello [5] investigated a tapered beam of linearly varying width and depth and
with rotational and translational springs at both ends using the false position method. In order
to solve the natural frequencies of the free vibration of beams with variable flexural rigidity
and mass density, Yong Huang and Xian-Fang Li presented in [6] a new approach based on
Fredholm's integral equations. S.M. Abdelghany et al. [7] investigated the case of nonuniform circular Euler-Bernoulli beam vibrations using the differential transformation method.
Fatemeh Sohani and H. R. Eipakchi [8] studied the flexural vibrations of Euler Bernoulli and
Timoshenko beams with an arbitrary varying cross-section using on the perturbation technique.
Despite the large literature devoted to the dynamic behaviour of tapered beams, only few
authors have considered the effect of geometrical non-linearity. This effect was studied by L.
S. Raju et al. in [9], for a tapered beam of rectangular cross-section with two types of linear
taper, one corresponding to the width and the other to the depth. The study was based on Galerkin's method. The analysis of the non-linear behaviour of Timoshenko tapered beams with
linear variation in width and depth has been carried out by Minmao Liao and Hongzhi Zhong
[10], based on the differential quadrature method. Kumar et al. [11] investigated large amplitudes of free vibrations of axially functionally graded tapered beams under different boundary
conditions, taper profiles and material properties. The principle of minimum total potential
energy was applied in the static case while Hamilton's principle was used in the dynamic
analysis.
The present work is focused on the study of geometrically non-linear free and forced vibrations of tapered beams and constitutes a continuation of the work previously initiated by Benamar et al. [12]–[22] in the perspective of a contribution to a non-linear modal analysis
theory of free and forced vibrations of structures. The purpose of this paper is to study the geometrically nonlinear free and forced transverse vibrations of tapered beams with a constant
width and a linearly varying depth. The theoretical model is based on Euler-Bernoulli's beam
theory and the Von Kármán geometrical nonlinearity assumptions. The motion is assumed to
be harmonic and the transverse displacement function of the nonlinear beam is expanded as a
series of the linear modes, determined by solving the linear problem in terms of Bessel functions and the boundary conditions. The discretized expressions for total beam strain and kinetic energies are derived, and by applying Hamilton's principle, the problem is reduced to a
non-linear algebraic system solved using an approximate method (the so-called second formulation). The effect of the linear variation of depth on the non-linear behaviour of the beam is
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examined and then illustrated. Using the single-mode approach, the non-linear dynamic behaviour of the tapered beam is studied in the forced case. The effects of the excitation level of
the applied harmonic force are investigated and illustrated for various scenarios.
2. GENERAL FORMULATION
2.1 Linear formulation
This study concerns a non-uniform fully-clamped tapered Euler-Bernoulli beam subjected
to transverse vibrations. A thin rectangular cross-section tapered beam of a constant width and
a linearly varying depth, denoted by beam (a) is considered.

Figure 1: Coordinates system for the tapered beam studied.

x ·
§
Setting that h x = h 0 ¨1- α §¨ ·¸ ¸ , where h x and α present the depth of the beam and the
© L ¹¹
©
h
taper ratio equal to 1- L h . The area and inertia functions are given as follows:
0
S x = h x u b0
(1)

h 3x × b 0
(2)
12
The equation of motion of the tapered beam in the case of free transverse vibrations can be
expressed as in [23]:
w 2 wi ½
w 2 wi
w2 
EI
+
ρS
= 0 ; x >0 L@ For i 1, 2}, 10
(3)
® X
¾
X
wx 2 ¯
wx 2 ¿
wt 2
I x =

Where E, ρ and t are respectively the Young's modulus, the density of the beam material
and time. w presents the transverse displacement function of x and t, supposed to be separated
x
into two functions w x, t = W x × φ t . By substituting ξ = 1 - α §¨ ·¸ in the equation of motion
©L¹

(6), leads to the formulation previously stated in [23]:
4
d3 Wi
d 2 Wi βi 4
2 d Wi
ξ
+ 2(n + 2)ξ
+ (n + 2)(n +1)
Wi = 0
dξ 4
dξ 3
dξ 2
α
Where:

βi =

4

ρS0ωi2 L4
and n=1
EI0
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The eigenvalue parameter is denoted by βi . The solution of Eq. (4) presents the linear
modes form given in [23] as follows:
1
Wi (I ) =
Ai J 1 I + BiY1 I + Ci I1 I + Di K1 I

I

(6)

Where I = 2β ξ α -1
In equation (6) A1 , B1 ,C1 and D1 present constants that can be determined from the boundary conditions, J1 and Y1 are Bessel functions of the first and second kinds in order 1, I1 and
K1 are the modified Bessel functions of first and second kinds in order 1.

After setting x* = x L for x* >0 1@ , the beam end conditions are given by:
The end conditions at the left side:

Wi

x* =0

=

Wi

=
x =1

dWi
dx*

x* =0

dWi
dx*

x* =1

=0

(11)

=0

(12)

The end conditions at the right side:
*

The substitution of equation (6) into equations (11 and 12) leads to four equations, expressed in the following forms:

Where φ0 =

Ai J1 φ0 + Bi Y1 φ0 + Ci I1 φ0 + Di K1 φ 0 = 0

(13)

Ai J 2 φ0 + Bi Y2 φ 0 - Ci I 2 φ 0 + Di K 2 φ 0 = 0

(14)

Ai J1 φ L + Bi Y1 φ L + Ci I1 φ L + Di K1 φ L = 0

(15)

Ai J 2 φ L + Bi Y2 φ L - Ci I 2 φ L + Di K 2 φ L = 0

(16)

2βi
2β
and φ L = i 1- D .
α
α

The satisfaction of equations (13-16) leads to an homogeneous system which can be expressed by the following matrix form:

ª J1
«
« J2
«
« J1
«
«J
¬ 2

φ0

Y1 φ0

I1 φ 0

φ0

Y2 φ0

-I 2 φ0

φL

Y1 φ L

I1 φ L

φL

Y2 φ L

-I 2 φ L

K1 φ 0 º
» Ai ½
K 2 φ0 » °° Bi °°
»u® ¾
K1 φ L » ° C1 °
» °D °
¯ 1¿
K 2 φ L »¼

0
 ½
°°0°°
®0¾
° °
°¯0°¿

(17)

The non-trivial solutions corresponding to the natural frequencies are derived from equation (17), solved iteratively by the Newton-Raphson method. Then the constants A1 , B1 ,C1 and
D1 are determined by the usual classical algebra procedure.
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2.2 Non-linear formulation
2.2.1

Free vibration

The kinetic energy T of the tapered beam can be presented in the following form:

U

2

§ Gw ·
T
S x ¨
(18)
¸ dx
³
0
2
© Gt ¹
The total strain energy V is the sum of the strain energy due to bending and the axial strain
energy due to the non-linear stretching forces induced by the large deflections, respectively
denoted by Vf and Va and written as follows:
L

V = Vf + Va
Vf

§ d 2 wi
1 L
E I x ¨
2
2 ³0
© dx

(19)
2
· § d wj
¸ ¨¨
2
¹ © dx

·
¸¸ dx
¹

L

1 Nx2
dx
2 E ³0 S x

Va

(20)
(21)

Where N x presents the non-linear axial stretching forces in the beam, which may be written in the form reported in [9]:
2

§ dwi ·
¨
¸ dx
³
0
E
dx ¹
©
.
Nx
(22)
L dx
2
³0 S
The dynamic behaviour of the system is studied by applying Hamilton's principle, stated
formally as:
L

2ω
t

(23)

δ ³ V - T dt = 0
0

Assuming a harmonic motion, the transverse displacement can be written as:
w x, t

ai Wi x sin Zt

For i 1, 2}, n

(24)

In which Wi x , ai and Z present the linear mode, the basic function contribution coefficients and the associated frequency.
After Substituting equation (24) in the expressions for the kinetic energy, the axial deformation energy due to non-linear stretching forces and the deformation energy due to the bending, one gets:
2
1 2
(25)
T
Z ai ai cos Zt mij
Va
Vf

2
1
ai a j ak al (sin Zt ) 4 bijkl
2
2
1
ai ai sin Zt kij
2

(26)
(27)

Where kij , bijkl and mij denote the matrix of the stiffness due to Vf , the non-linearity tensor
due to Va and the mass matrix attributable to T . Equation (23) is extended by adding equations
(25, 26 and 27) into it, which can be expressed in the following form:
(28)
2 ai kir  3 ai a j ak bijkr  2 Z 2 ai mir 0
; r 1,...., n
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Equation (28) can be expressed in a matrix form as follows:

(29)
2 > K @^ A`  3 ¬ª B ^ A` ¼º ^ A`  2 Z 2 [ M ]^ A` 0
In which kir , mir , a j ak bijkl and ai are converted into > K @ ,[M ], ª¬ B ^ A` º¼ and ^ A` . Setting

some dimensionless parameters as below:
Wi x*
Wi x
*

h0 ;

*

Z2
Z2
*

M
E I1
; ij*
4
U S1L M ij

E I1h0 2 *
kij ; bijkl
L3

kij

U S1h0 2

( 30,31,32)

E I1h0 2
bijkl *
3
L

(33,34)

After substituting the dimensionless parameters in equation (29), this later becomes:
3
ª¬ K * º¼ ^ A`  ª¬ B*
2

^ A` º¼ ^ A`  Z *2

[ M * ]^ A` 0

(35)

In order to determine the frequency (ω) and the column vector of the contribution coefficients {A}, which represent the unknowns of equation (35), the so-called second formulation
had been used. This method was previously developed by EL KADIRI et al. in [16].
2.2.2

Forced vibrations

To study the non-linear forced vibrations, the tapered beam is supposed to be excited by a
concentrated harmonic force. The dynamic behaviour of this beam is then studied using Hamilton's principle including the forcing term, and can be expressed as in ref[18]:

G

2Z
t

³

V  T  F dt

0

(36)

0

The concentrated harmonic force applied at the point x0 can be written as in[14]:
Fic

F c cos Zt wi x0

fic cos Zt

(37)

Where the dimensionless force fic* can be written as:
L3 c *
F wi x0
(33)
E I1
The mathematical development of equation (36) obtained after substitution of equations
(25, 26, 27 and 37), as well as the dimensionless parameters can be given as follows:
3 *
*
*2
*
c*
(32)
¬ª K ¼º ^ A`  2 ¬ª B ^ A` ¼º ^ A`  Z [ M ]^ A` ^F `
Equation (32) was solved using the single mode approach, previously applied by AZRAR
et al [14]. This approach consists of using only the predominant mode. The predominant
mode and the contribution coefficients are denoted by " i " and "a i" , leading to the following
equation:
f ic*

B *
f ic*
1  3 a i iiii* 
K ii
a i K ii*
2

Where ω*l

Kii*
.
M ii *
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3. NUMERICAL RESULTS AND DISCUSSION
3.1 Free vibration
The beam investigated in this study is a tapered beam of a constant width, A linearly varying
depth and IS characterised by a taper ratio equal to D 0.8 . The first four eigenvalues of this
tapered beam are compared to those of [23] for two end conditions: a tapered beam clamped
at the both sides denoted by C-C, and a tapered beam simply-supported at the both sides denoted by S-S. The results of this comparison are summarised in table 1.
Table 1: The first four eigenvalues of tapered beams for different end conditions. The taper ratio
D 0.8 and S x §¨1  D §¨ x ·¸ ·¸
S1

©

© L ¹¹

Mode index

CC

SS

Present work
Ref > 23@
Rel Diff
Present work
Ref > 23@
Rel Diff

1
11.84165331
11.8417

2
32.47545622
32.4755

3
63.51175681
63.5118

4
104.8670264
104.867

5
156.5532995
156.554

3E-04
4.91976
4.91976

1E-04
21.34448781
21.3445

6.7999E-05
47.48198199
47.482

2.51307E-05
83.82160776
83.8216

4E-04
130.436039
130.436

5.51534E-05

-5.71158E-05

-3.79301E-05

9.2612E-06

2.98946E-05

ª Present work - Ref > 23@ º
Rel Diff = «
» ×100
Present work
¬
¼

The comparisons made in Table (1) show an excellent agreement, with a relative difference
not exceeding 0,0004% for the whole range of frequencies considered.
In the nonlinear free vibration case, the tapered beam investigated remains characterised by
the same taper ratio and clamped at the both ends. Figure (2) shows the amplitude dependence
of the non-linear frequency parameter on the maximum vibration amplitude.

Figure (2) Backbone curve of the tapered beams studied, corresponding to the first nonlinear mode.
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Figure (3): The normalized first non-linear mode of the tapered beam for different amplitude values

Figure (4): The Non-linear curvature distribution associated to the normalized first non-linear mode for different amplitude values

It may be seen in the backbone curve given in Figure (2) that increasing the maximum nondimensional amplitude W*max results in an increase the non-linear to linear frequency ratio,
which is characteristic of a non-linearity of the hardening type. In addition, the bending moment distribution associated to the non-linear mode shows that the assumption of neglecting
the geometrical non-linearity may be misleading. For instance, the non-linear bending moment of the tapered beam at the right end with a contribution coefficient a1= 1 is 248.84,
while the linear bending moment predicted by linear theory is 237.21, which corresponds to a
percentage correction of 4,9%. For a1= 1.5, the non-linear bending moment equals 392.41,
while the linear bending moment is 355.81, resulting in a percentage difference of 10,28%.
For a contribution coefficient a1= 2, the non-linear and linear bending moments are equal respectively to 553.71 and 474.42, which corresponds to percentage correction of 16,71%. .
3.2 Forced vibration
The fully-clamped tapered Euler-Bernoulli beam is excited by a concentred force located at
the middle. The generalised forces calculated in Table (2) shows that the first mode remains
predominant, which justifies use of the approximate theory developed in [16] for the determination of the non-linear frequency response curve in the neighbourhood of the first mode
(NLFRF). The following Table illustrates the type of results obtained.
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Table 2: Percentage of generalized forces exciting the first five symmetric modes of tapered beams excited by a concentred force located at the middle of it.

c

*
i

F w (x f )

1

3

Modes
5

7

9

18,41

9,20

0,35

9,98

16,32

Using the single-mode approach, an investigation of the dynamic behaviour of the tapered
beam was carried out in the vicinity of the predominant mode. The response curves were plotted for the tapered beams shown in Figure (1), which was excited by a concentric harmonic
force. Five scenarios was investigated in which the excitation level varied in the following
way [Fc=10n](for n=0,1,2 and 3).

Figure (5): Nonlinear frequency response functions, based on the single mode approach, for the tapered beam
subjected to four levels of excitation.

Figure (5) shows the effect of the geometrical non-linearity in the case of forced vibrations,
with the jump phenomenon region commonly found in non-linear vibrations. The hardening
behaviour is also visible, as well as the non-proportional progression in the frequency response with the excitation intensity.
4. CONCLUSION
Geometrically non-linear transverse vibrations of tapered beams were studied analytically
using the Euler-Bernoulli beam theory and Von Karman nonlinearity assumptions. The solution of the linear problem was obtained for a tapered beam of a constant width, a linearly variable depth and a taper ratio equal to 0.8. The linear modes obtained were used as basic
functions in the analysis of non-linear vibrations. To solve the non-linear algebraic system
derived via application of Hamilton’s principle, a previously developed approximate method,
called the second formulation, was applied. A comparison was made between the result obtained from the numerical method used here and those obtained using the transfer matrix
method. This comparison shows an excellent agreement since the relative difference does not
exceed 0.0002 %. Then, the non-linear dynamic behaviour of tapered beams subjected to free
vibrations was examined and illustrated by the backbone curve, nonlinear modes and curva-
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ture distributions, in which the hardening behaviour can be clearly observed. Using the singlemode approach, a study of the dynamic behaviour of the tapered beams in the forced case was
carried out in the vicinity of the predominant mode. The effect of the force level was examined and illustrated for four excitation levels. The results illustrate the effect of geometrical
non-linearity with the hardening type behaviour and the instable regions in which the jump
phenomena can occur.
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Abstract. Tall structures play an important role in the economic well-being of mountainous
regions. They serve to distribute hydroelectric energy (power line transmission towers), generate tourist income (cableway pylons) and protect important infrastructure from natural hazards
(trees). It is not uncommon for these structures to be destroyed by the air-blast of a powder
avalanche. In this paper we investigate the shock response spectra of an asymmetric steel structure subjected to powder avalanche impact. We perform a spectral analysis of measured accelerations in the in-plane (avalanche ﬂow) and cross-plane (normal to avalanche ﬂow) directions.
The structural eigenfrequencies in each direction are likewise calculated using a simple ﬁnite
element model consisting of three-dimensional beam elements. Mode superposition is then used
to reconstruct the measured accelerations, velocities and displacements in order to identify the
magnitude and duration of the powder avalanche loading. From the analysis we ﬁnd that the
powder avalanche must contain high-frequency, short-duration blasts (f > 2 Hz) of moderate
magnitude (p ≈ 1-10 kPa). High frequency blasts are also present in the cross-plane, transverse
ﬂow direction. This result, however, does not exclude the existence of longer duration blasts,
which, because of the frequency mismatch, cannot excite the measurement pylon. It appears
the high-frequency content of the cloud attenuates to endanger low-frequency structures (f ≈
1 Hz) such as trees at the lateral edges of the ﬂow, or hanging cables located well above the
core. The shock response of a speciﬁc structure therefore depends on its location relative to the
avalanche core, depending on how the blast-structures dissipate in time and space. Because the
powder cloud contains a wide range of blast frequencies, tall structures are vulnerable to the
action of the powder cloud, even if they are located well outside the avalanche core.
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1

INTRODUCTION

A longstanding problem in natural hazards engineering has been to predict the action of snow
avalanches on power transmission towers and pylons. These are thin, tall structures, that are exposed to both the impact of the dense avalanche core and powder cloud (Figs. 1 and 2). The
avalanche core is composed of clumps and clods of compacted snow with bulk densities reaching 500 kg/m3 or even higher (Fig. 3). The avalanche core is primarily a surface ﬂow governed
strongly by terrain and slope properties (steepness, roughness, vegetation, gullies, channels, etc)
[1]. Although engineers can often position transmission towers and pylons outside the reach of
the ﬂow core, exploiting natural terrain features such as elevated ridges and knolls, they are
nonetheless subjected to the wind blast of the airborne powder cloud.

Figure 1: Left: The front of a powder snow avalanche. Photograph taken at the Swiss experimental avalanche
dynamics site in 2003. The avalanche is moving at a speed between 40-50 m/s. Note the turbulent billow and cleft
structures an indication of velocity ﬂuctuations. Right: A powder avalanche overturned this power transmission
mast in January 2018. The mast is located in the runout zone of the Val Barcli avalanche track, Zernez, Switzerland.
The conductors are still attached to the mast which appears to be severely damaged near the foundation. Note the
mangled and twisted truss elements near the foundation suggesting a multi-dimensional loading. The photograph
appeared in the newspaper Engadiner Post, January 24th, 2018. The transmission line belongs to the Engadiner
Kraftwerke AG (EKW).

The powder cloud consists of suspended ice-dust; it is created when both dense particles and
ice-dust are ejected from the avalanche core into the surrounding air, often quickly and to great
heights [1]. The suspended dust remains airborne while the larger particles eventually return
back to the core. The difference in particle sizes thus leads to a natural separation between
the core and cloud. The cloud is created from the core and during the formation phase is
continually supplied with mass and momentum from the core. It can reach signiﬁcant speeds.
More importantly, once airborne the ﬂow of suspended ice-dust is free from the terrain and will
essentially travel in the initial direction deﬁned by the core/cloud momentum exchange. Thus,
while the core is a surface ﬂow, the cloud is an inertial, airborne ﬂow. At formation the ﬂows are
combined, but the ﬂows can separate, ﬂow in different directions and velocities and therefore
can inundate larger areas.
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Figure 2: An avalanche displaced and tilted this cableway mast in East Tirol, Kals, Austria. The mast itself was
not damaged and could be brought back into an upright position. The picture appeared in the Dolomitenstadt.at
online magazine on November 21, 2019.

Transmission towers and pylons are vulnerable to the action of the powder cloud. For one,
because the powder cloud applies wind loadings at signiﬁcant heights above the ground. The
primary purpose of these structures is to carry cables above ground. They are designed for
vertical loads and horizontal wind loads. As such, heavy, cable supporting sub-structures are
often located well above the ground, Fig. 2. Mass is therefore not equally distributed over
the height, but often concentrated near the top of the structure. This makes masts and pylons
particularly vulnerable to dynamic loads. If this mass is excited by the avalanche impact, large
internal stresses can be generated by the external loading. Another problem is that the cables
between towers can also be impacted by the powder cloud. That is, the towers can escape the
powder blast, but the cables are often subjected to pressures larger than the wind load. The
impact of the cables creates internal stress/deformation waves that propagate back and forth
between the towers, with a magnitude and frequency dependent on the elasticity and crosssectional mass of the cables [2]. This leads to concentrated, dynamic loads on the towers, again
at some distance above the ground. Thus, powder avalanches can both directly and indirectly
produce dynamic loads on tall tower-type structures (Fig. 4).
The purpose of this paper is the following. We ﬁrst would like to identify the duration and
magnitude of powder avalanche impact loadings on tall, thin structures. This information is
the prerequisite for performing a dynamic structural engineering analysis for both man-made
structures as well a natural structures such as trees [3]. We do this by back-calculating measured
accelerations on a tall, asymmetric structure with known cross-section and material properties.
For this purpose we develop a simple three-dimensional ﬁnite element beam model. Thus, we
are able to approximate both longitudinal and transverse loadings arising from the powder cloud
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Figure 3: Flowing avalanche core Φ and powder cloud Π. Avalanche dynamics models predict the movement of
the core and cloud in general terrain. The core contains granular mass in the form of clumps of snow. The cloud
contains suspended ice-dust. The layers are not separate, but overlaid and mixed. The height of the core is deﬁned
by the location of the highest clump of snow; that is, it includes saltating particles at great heights in the powder
cloud. A splashing front exists at the front of the avalanche.

impact. We perform a modal analysis to identify the duration, location and magnitude of the
blast [4]. We then apply a mixed ﬂowing/powder avalanche model to calculate the destruction
of the mast to demonstrate the important contribution of the dynamic powder blast to overall
avalanche loading. Clearly, the primary objective of this paper is to underscore the necessity
of including both (internal) inertial forces and (external) impulsive forces when calculating the
response of tall structures to powder avalanche impact.
2

ACCELERATION MEASUREMENTS and FE-MODAL ANALYSIS

Acceleration measurements on the 20 m high, tubular steel pylon at the Swiss Vallée de
la Sionne test site are used to determine the duration and intensity of powder loadings [5, 6].
The width of the pylon is approximately w = 0.6m, with bevelled edges; in the direction of
avalanche ﬂow the pylon is 1.6 m long. Accelerometers are ﬁxed on the pylon at four heights
(3.8 m, 7.8 m, 12.3 m, 16.3 m) and measure accelerations in both the longitudinal (avalanche
direction) and transverse (perpendicular to ﬂow) directions. The pylon is ﬁxed rigidly to the
ground via a concrete sub-structure and can be considered a ﬁxed-end cantilever. Because of
internal stiffness elements and variable section thickness (1-3 cm), the moments of inertia can
vary with height somewhat. Values at the midsection are stated here, IY = 0.0042 m4 and IZ =
0.0125 m4 . The ﬂexural rigidity of the pylon is subsequently a factor 3 lower in the transverse
direction. The modulus of elasticity and density for steel are applied in the analysis, E = 200
GPa and ρ = 8000 kg/m3 , respectively.
Measured accelerations in the transverse and longitudinal directions are depicted in Fig. 5.
The measurements reveal (1) Within six seconds the pylon was struck by a series of short duration blasts lasting less than a fraction of a second, between 0.25 s and 0.50 s. (2) Higher
accelerations are measured in the transverse (less stiff) direction, (3) the magnitude of the accelerations at the highest location (16.3 m) reach 10 g in the transverse direction and 4 g in the
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Figure 4: We consider two loading cases: 1) The avalanche core and cloud directly impacts the mast. 2) The mast is
outside the reach of the core and cloud and the avalanche impacts only the cables, causing pull and collapse forces
on the mast. The avalanche impacts the mast in transverse Y -direction producing bending moments around the
X-axis. The X-direction runs parallel to the cable. Cable impact induces pulling forces TX (t) in the X-direction
and collapse forces TZ (t) in the Z-direction. These induce bending moments around the Y -axis. A third loading
case is when both the mast and cables are struck by the avalanche.

Figure 5: Left: Measured accelerations at heights 16.3 m and 12.3 m in the transverse (black) and longitudinal
(red) directions. Right: Frequency analysis of the measured accelerations. The three lowest eigenfrequencies in
longitudinal direction are 5 Hz, 18 Hz and around 40 Hz; in the transverse direction 2 Hz, 8 Hz and 18 Hz.
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Figure 6: Left: Three-dimensional ﬁnite element beam model displaying the transverse and longitudinal directions.
The ﬁnite element model is used to determine the eigenmodes of the structure. Right: A powder loading is applied
to the structure as a series of random pulses.

longitudinal direction and ﬁnally (4) the intensity of the blast is clearly highest at or near the
avalanche front.
We performed a discrete Fourier transform using the standard fast Fourier transform (FFT)
algorithm [7] to identify the eigenfrequencies. Figure 5 shows raw data streams and its according FFTs without applying any data ﬁltering. Likewise, we developed a simple ﬁnite element
model consisting of three-dimensional beam elements to model the pylon structure (Fig. 6).
The ﬁnite element model consisted of 7 elements, 8 nodes (48 DOFs). We calculated all n = 48
eigenvalues (ωn ) and eigenvectors (φn ) using MAPLE [8]. Measured and calculated eigenfrequencies are presented in Table 1.
Mode
no.
1
2
3

Longitudinal X-direction
Eigenfrequency φz (Hz)
Measured/FE
5.0 / 5.1
18.0 / 18.5
41.0 / 41.5

Transverse Y -direction
Eigenfrequency φy (Hz)
Measured/FE
2.0 / 1.9
8.0 / 8.8
18.0 / 21.3

Table 1: Longitudinal and transverse eigenfrequencies of the impact pylon.

The orthogonality properties of the eigenvectors can be used to uncouple the general equations of motion to arrive at a series of n=3 differential equations in the longitudinal and transverse directions [4],
(1)
Mn Ÿn + Cn Ẏn + Kn Yn = Pn (t)
where
Mn ≡ φTn mφn

Kn ≡ φTn kφn
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are the generalized mass (FE mass matrix m), stiffness (FE stiffness matrix k) and load (FE load
vector p(t)). The damping Cn is determined using the usual method of assigning a damping ratio
for each mode n. For the mode-superposition method we took the three lowest eigenfrequencies in the longitudinal and transverse direction and therefore solved a system of six ordinary
differential equations to ﬁnd the dynamic response. Higher frequencies were not included in
the analysis.
We matched the experimental results by selecting short duration blasts arranged randomly
over the six second interaction time. The load p(z, t) acted over the entire pylon height. The
magnitude of the load did not change between the longitudinal and transverse directions p0 = 5
kPa. The avalanche core was assumed to act only on the lower region of the pylon (h < 5 m).
The measurements appear to be strongly damped and we selected an appropriate damping ratio
for each mode.
In order to capture measurements it was necessary to apply several high-frequency blasts of
duration 0.25 s ≤ Δt ≤ 0.5 s (Fig. 6). We applied these loads homogeneously over the entire
height. The blasts must be applied in both ﬂow and cross-ﬂow directions. The fact that the pylon
structure is asymmetric, and therefore has two dissimilar ﬁrst bending mode eigenfrequencies,
is helpful to quantify the frequency content and blast magnitude in both directions. For the blast
loading we found the frequency content and intensity to be similar (Fig. 7).
It would be entirely wrong to conclude the powder cloud contains only turbulent structures
of duration 0.25s to 0.50s (2Hz - 4Hz). These pulses exist at the eigenfrequency of the pylon,
and therefore the pylon reacts to them. Lower frequency (longer duration) pulses could exist in
the cloud, but the pylon would not react to them. These pulses would therefore not be seen in
the measurements.
Of considerable importance is the fact that we applied signiﬁcant core loadings to the structure at the same time as the powder blast. The magnitude of the acceleration response, however,
was not dominated by the magnitude of the long-duration core load (p = 60 kPa), rather by
the short duration of the powder blast, especially in the transverse direction. Using the model it
was possible to obtain similar accelerations in both the longitudinal and transverse directions, at
different heights. Clearly, the comparison between the measurements and model results could
be optimized to obtain the exact magnitude and load timing. We show that with a relatively
simple load model a reasonable and good quantitative ﬁt to the experiments can be achieved.
Remarkable is the model prediction of the three lowest eigenfrequencies in each direction.
Finally, we note that we applied the powder blasts over the entire pylon. Only in this way
could we match the measured accelerations. This result indicates that the pulses have considerable height (20m) in the Z-direction, larger than the pulse wavelength in the X− and Y −
directions. Vorticity in the cloud must therefore not be distributed equally in all directions.
3

RAYLEIGH ANALYSIS with AVALANCHE DYNAMICS SIMULATIONS

To reinforce the idea that the duration and magnitude of the powder blast contributes a large
part to the total structural load, we performed a simple Rayleigh analysis, using a method developed by Wolf [9]. In this section we investigate two of the largest snow avalanches ever
recorded at the Swiss Vallée de la Sionne test site. These are the avalanches of the 10th of
February and 25th February, 1999. Both avalanches are documented in the SLF internal report No. 732 entitled Lawinendynamik-Versuchsgelände Vallée de la Sionne–Arbaz, Wallis.
Schlussbericht Winter 1998/1999. These avalanches clearly impacted the pylon structure with
a signiﬁcant core loading.
We construct an equivalent one-dimensional model of the mast (Rayleighs method) given by
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Figure 7: Results of the FE mode-superposition analysis. Transverse (black) and longitudinal (red) accelerations.
a) z = 16.3 m. b) z = 12.3 m. The calculations are damped with ﬁrst mode damping ratios of ξn = 0.02.

the dynamic equation
M ü(t) + Ku(t) = P (t)

(3)

where M , K and P are the effective mass, stiffness and loading values. The deformation at the
top of the structure z = H is u(t). For this simple analysis we neglect structural damping. We
use the analytical function (see [4])
ψ(z) = 1 − cos

πz
.
2H

(4)

to model the bending displacement. The effective mass and loading are then found,


M=

H
0



2

m(z) (ψ(z)) dz

P (t) =

H
0

p(z, t)ψ(z)dz.

(5)

The mass distribution of the steel structure is given m(z); the external avalanche loading p(z, t).
The effective bending stiffness (ﬂexural rigidity EI(z)) is given by


kb =

H
0



d2 ψ
EI(z)
dz
dz 2

(6)

which we modify to include foundation effects according to the procedure of Wolf [9],
K=

kb
1+

kb
kx

+

kb H 2
kθ r 2



(7)

where the parameters kx , kb and r characterize the foundation stiffness. The dimensions of the
pylon (width 0.6 m, length 1.6 m, avg. plate thickness 25 mm) were used to approximate the
ﬂexural rigidity of the tubular steel structure EI = 3.5 GNm2 . This also provided the approximate mass per running height of the pylon (m = 550 kg/m). We considered a soil strength of
kx = kx = 75 MN/m. This produced a vibration frequency ω = 12.2 rad/s (f = 1.95 Hz), in
good agreement with the ﬁnite element model and the acceleration measurements. The natural
vibration frequency of the pylon on an absolutely rigid foundation is ω = 25.0 rad/s (f = 4 Hz).
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Figure 8: Vallee de la Sionne, 1999. Calculated core velocities and powder cloud impact pressures (RAMMS) for
two large powder avalanches that occurred on 10.2.1999 and 25.2.1999. The calculated pressures are around 35
kPa (Cd = 1).

We ﬁrst simulated the avalanche events with the RAMMS software [10] to determine the
core and powder cloud loadings (Fig. 8). An overview of the simulation results is contained in
Table 2. Pre- and post event photogrammetric measurements were used to derive the mass balance of both avalanches. The location and extent of the release zones are also deﬁned according
to the photogrammetric measurements. The fracture depths d0 and release volumes V0 likewise
correspond to the experimental observations.
The calculated avalanches reach peak leading-edge velocities of 60 m/s (10.2.1999) and 80
m/s (25.2.1999), close to the observed values (see report). The calculated runout distances
correspond to the observations. The avalanche of 25.2.1999 inundated the forested area behind the bunker with pressures large enough to knock down trees (observed and calculated).
The powder pressure of the 25.2.1999 avalanche is considerably higher than the avalanche of
10.2.1999. This is in large part due to the fact that the core of 25.2.1999 avalanche impacted
the mast directly, whereas the core of the 10.2.1999 avalanche ﬂowed past the pylon on the
orographic right side, reducing the magnitude of the calculated powder pressures. This fact
suggest large transverse loadings on the structure for the second avalanche. The calculation
results where used to construct core and cloud loading that are shown in Fig. 9. Note that the
core of the 25.2.1999 avalanche struck the mast at a higher level as it ﬂowed on the deposits of
the 10.2.1999 avalanche.
The ﬁrst surprising result of the Rayleigh analysis is that the powder avalanche load contributes signiﬁcantly to the effective avalanche loading in both the longitudinal and transverse
directions (Fig. 10). The effective loading of the 25.2.1999 avalanche is a factor 5 times larger
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Vallée de la Sionne February 1999
Release height d0 (m)
Measured release volume V0 (m3 )
Release temperature T0 (o C)
Release density ρ0 (kg/m3 )
Snowcover gradient ΔhΣ (cm/100m)
Temperature gradient ΔTΣ (o C/100m)
Calculated erosion volume (m3 )
Calculated core mass to cloud (t)
Cloud deposition volume (m3 )
Measured deposition volume (m3 )
Calculated deposition volume (m3 )

10.2.1999
0.98/0.95
104’000/105’650
-5
200
5
0.5
607’300
33’110
74’000
760’000
786’950

25.2.1999
1.50/1.50
316’000/315’125
-5
200
5
0.5
1’265’000
75’100
167’000
1’710’000
1’747’125

Table 2: Mass balance of Vallée de la Sionne avalanches February 1999. The size and location of the release
zone are taken directly from the experimental report. The total measured deposition volume is compared to the
calculated deposition volume which is the sum of the simulated release, erosion and powder cloud deposition
volumes.

Figure 9: Calculation model of the VDLS pylon for two avalanches (10.2.1999 and 25.2.1999) in 1999. The second
avalanche destroyed the pylon. The two loadings produce two different effective loadings Peﬀ (t).

than the avalanche of 10.2.1999 – although the pressure loading from the core and cloud vary
only by a factor two. This is due in part to the stronger powder cloud pressure of 25.2.1999,
but also due to the fact that the core load is elevated 4 m from the base of the pylon. For the
avalanche of 25.2.1999 the effective loading increases from Pmax = 150 kN to peak impact pressures of Pmax = 300 kN; that is, the effective loading essentially doubles. Note that the duration
of the core and powder loadings differ - the core loading is of longer duration (15s) than the
powder loading (<1 s). The Rayleigh analysis effectively quantiﬁes the effect of the loading
elevation.
Another interesting result of the Rayleigh analysis is that the elastic limit (2000 μ ) is reached
because of the transverse impact. Strains from the transverse loading are approximately 4 times
higher than from longitudinal loading (500 μ ), see Fig. 10c. The calculated accelerations in
the transverse direction have a higher order of magnitude that the experimental measurements
(15 g > 5 g), but are also longer lasting, suggesting a more intense impact.
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Figure 10: Results of Rayleigh analysis for the two observed avalanches with a loading duration of πs. a) Calculated microstrains for avalanche of 10.02.1999. b) Calculated effective load of 10.02.1999. c) Calculated microstrains for avalanche of 25.02.1999. The powder cloud loading excites the inertial forces such that the failure strains
are reached. d) Calculated effective load of avalanche 25.02.1999.
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4

CONCLUSIONS

We began our work with an analysis of measured structural accelerations induced by powder avalanche impact of a 20 m high cantilever pylon. In the measurements we could clearly
identify the ﬁrst three bending frequencies of the pylon in both the longitudinal and transverse
directions. These eigenfrequencies could be reproduced using a simple ﬁnite element beam
model. Because the pylon cross-section is a rectangular tube (1.6 m x 0.6 m, with some internal stiffening elements), the ﬁrst mode eigenfrequencies differed in the longitudinal (5 Hz) and
transverse (2 Hz) directions. Avalanche impact of the pylon induced accelerations reaching 10 g
in the transverse direction (pylon top) and smaller accelerations in of 2 g in the stiff longitudinal
direction. The signiﬁcance of these results is twofold.
Firstly, a mode superposition analysis reveals that to reproduce the measured accelerations
it is necessary to apply short duration blasts with duration times of approximately 0.25 s to
0.50 s. This corresponds to loading frequencies of 2 Hz to 4 Hz. At present it is not possible
to model the exact timing of the blasts, but it appears there can be several within the ﬁrst
10 s of the avalanche passage. It is not possible to conclude that the powder cloud contains
structures only of this duration. The pylon reacts to these loading frequencies because they are
near the eigenfrequencies of the pylon. It is entirely possible for the cloud to contain many
different frequencies. Secondly, the powder blasts appear to be stronger than considered in the
transverse direction. These transverse loadings arise as the avalanche head passes to one side
of the structure. The lateral blasts are signiﬁcant, especially for asymmetric structures which
reduce the impact area in the longitudinal direction (in this particular case 0.6 m), but increase
the length of the structure (in this particular case 1.6 m) in order to increase the ﬂexural rigidity
in the line of attack. The primary conclusion of this part of the paper is that inertial effects and
dynamic magniﬁcation factors must be considered when designing pylon type structures against
powder avalanche impact. Presently, this is not performed in avalanche engineering.
In the second part of the paper we performed a Rayleigh analysis of the pylon. That is, we
reduced the ﬁnite element model to a single degree of system, modelling the response of the
structure using only the ﬁrst bending mode. In this analysis the mass, ﬂexural rigidity and loading distributions are reduced to scalar (effective) quantities by assuming a speciﬁc deformation
in the z-height direction. With this simple modelling approach, it was possible to obtain the
eigenfrequencies in the longitudinal and transverse directions, but not with the accuracy of the
ﬁnite element model. We simulated two large powder avalanches that occurred at the test site
during the avalanche winter of 1999, on the 10.02.1999 and 25.02.1999. The second avalanche
was so extreme, that it destroyed the pylon. Our analysis reveals that the transverse loading
played a signiﬁcant part in the structural failure, as we could only generate microstrains above
the plastic limit (2000 μ ) from this loading case. The ﬁrst avalanche appeared to stress the
pylon up to only 50% of its capacity. Of interest is the fact that the effective loading of the
avalanche core contributed only 50% of the total effective loading. Moreover, the short duration powder loading, because it hits the pylon at the right frequency some distance above the
ground contributes a signiﬁcant part of the total effective loading.
Finally, there is considerable empirical evidence that the duration of the powder blast increases with distance from the avalanche core, where the powder cloud is formed. Trees have
eigenfrequencies of approximately 1 Hz and would easily survive short duration powder blasts
in the 2 Hz to 5 Hz range. This result suggests that the blast frequency of the cloud is continually changing in time and space. The powder cloud contains a wide spectrum of turbulent
wavelengths that would excite tall structures. As the cloud turbulence dissipates, we expect
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longer duration blasts which would blow-down tree stands. This fact would explain why trees
in the runout zone of avalanches (and on the sides of avalanche tracks) are especially vulnerable
to the action of the powder cloud. This fact motivates our interest in understanding both the production and decay of vorticity in powder avalanches. For shear ﬂows with varying in space and
time vorticity an intermediate model was recently proposed where the governing equations are
obtained by depth-avergaing the Euler equations without assuming potential ﬂow [12, 13, 14].
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Abstract
The main objective of this work is to study the geometrically non-linear free vibration of
stepped beams carrying multiple masses. These beams are studied on the basis of the EulerBernoulli beam theory and the Von Karman geometrical nonlinearity assumptions. The discrete expressions for the beam total strain and kinetic energies are derived. By applying
Hamilton's principle, the problem is reduced to a non-linear algebraic system solved by an
approximate method (the so-called second formulation). A parametric study is performed to
explore the effect of non-linearity on the dynamic behaviour of stepped beams with several
added masses. The free vibration case is discussed by considering three types of stepped
beams which differ in the cross-section type.
Keywords: Stepped beam, transverse vibrations, nonlinear vibrations, free vibrations
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1

INTRODUCTION

Stepped beams are commonly encountered in practical structures and extensively used in
many domains, including mechanical and civil engineering, such as high-rise buildings, robot
arms, etc. These structures, often subjected during their lifetime to transverse vibrations, may
contain concentric elements that can be assimilated to point masses or to linear or rotational
springs. Considerable work has been done to study the dynamic behaviour of these types of
beams by means of linear theory, making the analysis relatively easy, but leading to inaccurate results when the beams are subjected to large vibration amplitudes. In such situation, nonlinear analysis is needed to obtain with accuracy the deformation of the beam for each amplitude level considered. A review of the literature goes back to Naguleswaran who presents an
overview of the existing studies performed to analyse stepped beams using linear
approaches[1]. El Hantati[2], [3] presents a literature review of works related to non-uniform
beams in the case of linear and non-linear vibrations. A significant number of studies have
been conducted on the dynamic response of single and multi-mass beams, using linear and
non-linear analyses for both free and forced vibrations. These studies have been mostly reported in an extensive literature review presented by Fakhreddine[4]. Regarding non-uniform
beams with concentric masses, many studies have been carried out to analyse their response to
free and forces vibrations, considering both the Euler-Bernoulli and the Timoshenko beam
theories. Karami[5] investigated free vibrations of arbitrary non-uniform Timoshenko beams
with their concentrated mass and rotary inertia and resting on elastic supports based on the
differential quadrature element method. Based on the same method, Torabi et al. studied in [6]
free vibrations of a non-uniform cantilever Timoshenko beam with multiple concentrated
masses. Kohan et al. [7]studied a non-uniform beam carrying a concentrated masses and supported by linear and rotational springs at both sides. The analytical formulation exposed in
this work was based on the Ritz method and the orthogonal polynomials within the framework of the first order shear deformation beam theory. Jong-Shyong[8]used the continuousmass transfer matrix method to investigate free vibrations of a multi-step Timoshenko beam
axially loaded and carrying arbitrary concentrated elements. K.Torabi et al [9] investigated
multiple-stepped Bernoulli Euler and Timoshenko beams, carrying concentrated masses with
rotary inertia at arbitrary points based on the same method. Yusuf Yesilce[10]studied free
vibrations of a Timoshenko multiple-step beam under axial load, carrying a number of intermediate lumped masses and rotary inertias based on the Differential transform method and
numerical assembly technique. Farghaly and El-Sayedpresented in[11] parametric studies for
an axially loaded stepped Timoshenko beam carrying several attachments. All of the aforementioned studies were carried out assuming linearity and none of them took into account the
effect of geometrical non-linearity. This work, which is a continuation of the work previously
carried out by Benamar et al.[12]–[19], is intended to contribute to a non-linear modal analysis of structural vibration by studying the geometrically non-linear free vibration of stepped
beams carrying multiple masses using the Euler-Bernoulli beam theory and the Von Karman
geometrical nonlinearity assumptions. The beam total strain and kinetic energies are presented
as discrete expressions and then derived. By applying Hamilton's principle, the problem is
reduced to a non-linear algebraic system solved by an approximate method previously applied
to similar problems (the so-called second formulation) [16]. A parametric study is performed
to explore the effect of non-linearity on the dynamic behaviour of stepped beams with several
added masses. The free vibration case is discussed by considering three types of stepped
beams which differ in the cross-section type.
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1- General formulation
1.1 Linear formulation
The current study deals with the three homogeneous Euler-Bernoulli multi-step beams
shown in Figure (1), characterised by a thin rectangular cross-section. The first beam rectangular cross-section (a) varied in breadth, the second beam (b) varied in depth, and the third
beam (c) varied in both. For the remainder of the work, the beams examined are fully clamped,
with a concentrated mass at the middle, and subjected to transverse vibrations.
M
M

Beam (a)

M

Beam (b)
Figure 1: Three representative cases of the stepped beam.

Beam (c)

Each of the beams shown in Figure 2 carries a concentric mass in the middle. They are also
partitioned into three uniform cross-section parts and are subjected to transverse vibrations.

Figure 2: The coordinate system for a multi-stepped beam.

The transverse free vibration in each span is governed by the following equation:

d 4Wi x
 Ei4 Wi x
dx 4

0

;x

>0 L@ (For i=1,2…, 12)

(1)

Where

Eij4 Zi 2

Uj Sj
Ej I j

(For j=1,2 and 4)

(2)

After putting the parameters of equation (1) into a non-dimensional form, Equation (1) can
be written in the following form:
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d 4Wi x*
dx

4

 Ei4 Wi x*

0

>0 1@

; x*

(3)

Where
xj

x j*

L

; R j*

Lj

; zj

L

Eij
;u
Ei1 j

Sj
S1

;vj

Ij
I1

(4)

Each step of the beam is characterized by a ratio of sections, moments of inertia and eigenvalue parameters which are denoted by ( uj, vj and zj ).
The solution of Eq. (1) presents the linear modes form which can be expressed at each span
as:

Wi j x* o ^ x j 1* d x* d x j *`
°°
}
®
°
}
¯°

Wi x*
Wi j x*

½
°°
¾
°
¿°

Aj cosh Ei j L x*  x j 1*  B j sinh Eij L x*  x j 1*  C j cos Ei j L x*  x j 1*  D j sin Ei j L x*  x j 1* (5)

In equation (5), the constants Aj ,B j ,C j and D j can be solved from the compatibility conditions and the boundary conditions.
The boundary conditions at the left side:

Wi1 x

*

0 ;

x* 0

dWi1 x*
dx*

0

(6,7)

0

(8,9)

x* 0

The boundary conditions at the right side:

Wi 4 x

*

0 ;

x* 0

dWi 4 x*
dx*

x* 1

The compatibility conditions at each change in the cross-section are given by:
Wij x*

*

x

xj

Wij 1 x*

*

dWij x*
*

x

xj

d 2Wij x*
dx*2

(10)

dWij 1 x*

dx*

EI j

x* x j*

dx*

*

EI j 1
*

x

xj

*
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d 2Wij 1 x*
dx*2

x* x j*
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d 3Wij x*

EI j

EI j 1

dx*3

d 3Wij 1 x*
dx*3

x* x j*

(13)

x* x j*

The compatibility conditions for an attached mass with a rotary inertia are given by:
W ji ( x* )

dW ji ( x* )
dx*

d 2W ji ( x* )
dx*2

=

dx*3

=

dx*

d 2W(j+1)i ( x* )

=

dx*2

(15)
*
x* xm

+ J j ω2

dW ji ( x* )
dx*

*
x* xm

d 3W(j+1)i ( x* )
dx*3

*
x* xm

(14)

*
x* xm

dW(j+1)i ( x* )

*
x* xm

*
x* xm

d 3W ji ( x* )

= W(j+1)i ( x* )

*
x* xm

-

(16)
*
x* xm

M j ω 2W ji ( x* )

*
x* xm

EI

(17)
*
x* xm

Non-trivial solutions corresponding to the natural frequencies are derived by stating that
the determinant of the homogeneous system obtained from the boundary and compatibility
conditions vanishes. The transcendental equation obtained is solved iteratively by the Newton-Raphson method and the constants Aj ,B j ,C j and D j are determined by classical algebra.
2.3. Non-linear formulation
2.2.1

Free vibration

The kinetic energy T of the beam is given by:

ρ
T=
2



§ δw x* ,t
S x ¨
¨
0
δt
©
L

2

2
·
§ δw xm ,t ·
1
¸ dx+ M c ¨
¸
¸
2
δt
©
¹
¹

(18)

The total deformation energy V is the sum of the deformation energy due to bending and
the axial deformation energy due to the non-linear stretching forces induced by the large deflections, respectively denoted by Vf and Va and written as follows:

V = V f + Va
2
§ d 2 wi · § d w j
1 L
Vf = ³ E I x ¨
2 ¸¨
2
¨
2 0
© dx ¹ © dx

(19)

·
¸¸ dx
¹

(20)

L

Va =

1 Nx2
dx
³
2 E 0S x

(21)

Where N x present the non-linear stretching forces in the beam. The dynamic behaviour of
the system is studied by applying Hamilton's principle, stated formally as follows:
2ω
t
0

δ³

V -T dt = 0
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Assuming that the system has a harmonic motion, the transverse displacement can be written as:
w x,t = aiWi x sin ωt
For i = 1,2…,n
(23)
The linear modes, the basic function contribution coefficients and the associated frequency
are denoted by Wi x , ai and Z . After Substitution of equation (23) into equations (18, 20
and 21), the expressions for the kinetic energy, the axial deformation energy and the bending
strain energy can be written as follows:

1 2
Z ai ai cos Zt
2

T
Va

2

mij ;

1
ai a j ak al (sin Zt ) 4 bijkl ; V f
2

(24)

1
ai ai sin Zt
2

2

kij

(25,26)

Where kij , bijkl and mij denote the stiffness tensor due to Vf , the non-linearity tensor due to
Va and the mass tensor attributable to T . Equation (23) is extended by adding equations (24 to
26) into it, which leads to the following new form:

2 ai kir  3 ai a j ak bijkr  2 Z 2 ai mir

0

;

r 1,...., n

(28)

Equation (28) can be expressed in a matrix form as follows:
2 > K @^ A`  3 ¬ª B

In which

and

kir , mir , a j ak bijkl

^ A` ¼º ^ A`  2 Z 2 [M ]^ A`
ai

0

(29)

are the general terms of the matrices

> K @ ,[M ], ª¬ B ^ A` º¼ and ^ A` . Setting the dimensionless parameters as follows:
Wi x*
Wi x
*

h0 ;

*

kij

Z2
Z2
*

M ij
E I1
;
U S1L4 M ij *

E I1h0 2 *
kij ; bijkl
L3

U S1h0 2

E I1h0 2
bijkl *
3
L

(30,31,32)
(33,34)

After substitution of the dimensionless parameters, Equation (29) becomes:

3
ª¬ K * º¼ ^ A`  ª¬ B*
2

^ A` º¼ ^ A`  Z *2 [M * ]^ A`

0

(35)

In order to determine the frequency ω and the column vector of the contribution coefficients {A}, which are the unknowns of equation (35), the so-called second formulation, previously developed by EL KADIRI et al. in [16], is used to solve equation (35).
NUMERICAL RESULTS AND DISCUSSION:
1.2 Free vibration:
In order to validate the numerical method mentioned above using the available data, the results corresponding to a uniform beam carrying a point mass at the middle are compared to
those obtained in [20], where the section ratios of the the 1st and 2nd steps, designated by u1
and u2, are equal to u1= u2= 1 and the mass magnitude M c 1
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Wmax

r

0.4
0.8
1
2

Present work
1.0035
1.0142
1.0221
1.0851

Reference [20]
1.0034
1.0137
1.0213
1.0814

Rel Diff[20]
0.01%
0.05%
0.08%
0.34%

Table 1: §¨ Z NL Z ·¸ for clamped beams, in which a concentred mass is located at its middle with r = I S .
©
¹

The results show an excellent agreement, with a relative difference not exceeding 0, 34%.
The cases considered in all figures below are for three stepped beams with two cross-section
changes and carrying a concentrated mass at the middle as shown in figure (1). The mass
magnitude M c 1 , the cross-section ratios at the 1st and 2nd step u1 and u2 equal to u1=0.8 and
u2= 0.6. The three beams keep the same ratios u1 and u2, but each of them is expressed differently. The figures below show the effect of the cross-section variations on the frequency
ratio.

Figure (3): Backbone curves of the three stepped beams studied, corresponding to the first nonlinear mode.

Figure (4): The normalized first non-linear mode of beam (a) for different values of a1.
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Figure (5): The non-linear curvature distribution of beam (a) associated to the normalized first non-linear
mode for different values of a1.

Figure (6): The normalized first non-linear mode of beam (b) for different values of a1.
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Figure (7): The non-linear curvature distribution of beam (b) associated to the normalized first non-linear
mode for different values of a1.

Figure (8): The normalized first non-linear mode of beam (c) for different values of a1.

Figure (9): The non-linear curvature distribution of beam (c) associated to the normalized first non-linear
mode for different values of a1.

beam
a
b
c

Non-linear theory
49,33
54,18
58,56

Curvature
Linear theory
percentage correction %
61,43
19,69
81,44
33,47
70,12
19,74

Table 2: The percentage correction between the curvatures estimated at the right end via the linear and nonlinear
theories for a1=2.

The backbone curves in Figure (3) show that by increasing the maximum non-dimensional
amplitude W*max, the frequency ratios also increase. Also, the hardening effect of nonlinearity is more accentuated in beam (b) compared to the other. It can be noticed that the geometrical non-linearity is not only related to the section ratio but also to the way it varies. For
instance, the results obtained from Table (2) show that the percentage correction of the linear
and non-linear bending moment of beam (a) at the right end with a contribution coefficient
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a1=2 is 19.69%, and remains higher than the two others, where the percentage correction of
beam (c) and beam (a) are respectively 19.74% and 19.69%. Once more, these results reveal
that the assumption of neglecting geometrical non-linearity for the same beam can be misleading.
2

CONCLUSION

The geometrically non-linear transverse vibrations of multi-stepped fully clamped beams
carrying masses at the middle was studied analytically based on the Euler-Bernoulli's beams
theory and the Von Karman's nonlinearity assumptions. The solution of the linear problem
was obtained for the stepped beams considered. After determining the linear mode shapes,
these were employed as basic functions for non-linear vibration analysis. To solve the nonlinear algebraic system, the approximate method called the second formulation was applied. A
comparison was performed between the result obtained from the numerical method used in
the present work and those of Reference [18]. This comparison showed an excellent agreement. Then, the non-linear dynamic behaviour of multi-stepped beams in the free vibration
case was examined by considering three types of fully clamped multi-stepped beams carrying
masses at the middle. The results were illustrated by backbone curves, amplitude dependent
non-linear modes and curvatures, showing a clear hardening non-linear behaviour. The assumption of neglecting the geometrical non-linearity is also illustrated and discussed.
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Abstract
During the last few years, different methodologies have been developed for the analysis of the
structural seismic response, such as the performance-based design, the systems of energy dissipation, seismic isolation. Based on these efforts, a number of devices, known collectively as
protection systems have emerged. They are divided into three types of systems: passive, active, and semi-active. Passive systems dissipate energy through friction, viscous fluid dampers, and inelastic behavior of the material, among others. On the other hand, active control
systems can be implemented by applying time varying forces to counteract those imposed by
the excitation. which can be active, passive, semi-active, active, etc.
This paper presents the response of the structure when it enters the nonlinear range and is
being controlled by the Viscous Damper. To obtain the nonlinear response of the structure
system through numerical simulation are used the Methodologies of ASCE 7-10 and ASCE 716. To examine the behavior of the structures and the application of each methodology, simulations using concrete frames of 5, 7 and 11-story buildings were performed. The models were
subjected to the horizontal components of different earthquakes, for the ASCE 7-10 were used
three earthquakes, for the ASCE 7-16 were used seven earthquakes. These seismic records
are subjected to a matching process to obtain records that match the corresponding building
code design spectrum for a high seismic risk zone. The history displacement and acceleration
results were compared with those obtained with the uncontrolled structure with nonlinear behavior.
Keywords: Energy Dissipation System, Dynamic Nonlinear Analysis, Spectral Matching,
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1

INTRODUCTION

During the last three decades, a number of modern mechanical devices have been proposed
to reduce the structural response of buildings to environmental loads. These devices, which
are known collectively as protective devices, include viscoelastic dampers, viscous fluid
dampers, frictional dampers, tuned-mass dampers, and base isolation systems. The devices
themselves and their design methodology are referred to as passive control systems [1]. On
the other hand, the highest level of sophistication in seismic protection is provided by the active control systems [2]. There is an intermediate alternative between passive and fully active
control systems: they are referred to as “semi-active systems” [3, 4, 5, 11, 12], The passive
systems dissipate the seismic energy through friction in special devices, the inelastic behavior
of sacrificial elements, etc. The passive systems have the important advantage that they do not
require external energy for their operation.
On the other hand, research on fragility curves in structures with control system incorporated have been developed Taylor and Dike [13], Cundumi and Laboy [6], and among others.
This can be achieved by incorporating control systems to reduce displacements, acceleration and forces among seismic events. Incorporating control systems as an alternative for the
design of new structures and the rehabilitation of existing structures is becoming more popular among building codes. Some examples of this Code include the Colombian Code NSR-10
[16], ASCE 7-10 and ASCE 7-16 (American Society of Civil Engineers) [17, 18], the Eurocode [30], and the Chilean Standard NCh [27].
This paper only presents the result abstained for two frames. The frames used were subjected to acceleration at the base by using three earthquakes (16] and seven earthquakes [17].
To obtain the maximum drift, displacement time histories, acceleration time histories, hysteresis, etc. for each one of the frames the program ETABS [19] and programs utilizing Mathlab applications was developed. The amount of damage was quantified by using HAZUS
parameter [14, 15], where the damage index was obtained based on the ratio between the
maximum displacement and the story height.
Finally, a series of Figures and Table are presented for each frame analyzed in order to represent the difference between using three [17] and seven [18] seismic records.
2

EQUATION OF MOTION AND DAMPER FORCE

It is well known that the equations of motion of a structure modeled as a multi-degree of
freedom system and subjected to a base acceleration of xg (t ) at all its supports is:

> M @nxn {x(t )}  >C @nxn {x(t )}  > K @nxn {x(t )}

 > M @nxn {E}xg (t )

(1)

where [M], [C] y [K] are the mass, damping and stiffness matrix respectively, the vectors
{x(t )},{
)} {x(t )},{
)} {x(t )} are the acceleration, velocity and displacement of each dynamic degree of
freedom of the structure, {E} is the vector of influence coefficients, and n is the number of
degrees of freedom.
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When a viscous fluid damper is incorporated in the structure, the damping matrix change.
The force-displacement response of a velocity-dependent dashpot-type device is primarily a
function of the relative velocity between each end of the device.

> M @nxn {x(t )}  >C  Cd @nxn {x(t )}  > K @nxn {x(t )}

 > M @nxn {E}xg (t )

(2)

The ideal force output of a viscous fluid damper can be expressed as is presented in equation
(3).
D

Fd t

Co x(
x(t ) sgn x(t )

(3)

x(t ) is the
where Fd is the damper force, Co is the damping coefficient for the device, x(
relative velocity between each end of the device, sgn is the sign um function that in this case
defines the sign of the relative velocity term, and D is the velocity exponent for the device
which may take values in the range of about 0.25 to 2 (see reference [10]). The case =1 correspond to a linear viscous damper in which the damper force is proportional to the relative velocity. When smaller than 1 the device is called a nonlinear viscous damper. Values of
larger than 1 (also a nonlinear damper) have not been used often in practical applications.

The viscous damping ratio in the first mode should be estimated as [7]:
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where λj is a dimensionless parameter given by Equation 14 of Ramirez et al. [10] and all
other terms have been defined by Whittaker et Al [7].
3

NUMERICAL PROCEDURE AND EXAMPLE

As an initial step, two concrete frames are established for two different buildings, Type I
frame is five (5) levels with cover consisting of beams and columns with three lights ranging
in length between 4m and 5m with a total height per story of 3m, on the other hand, the type
II frame consists of seven (7) levels with cover and four lights ranging in length between 5m
and 6m with total height per story of 3m, as shown in the Figure 1.
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Figure 1: Types frames.

Once the two types of frames are defined to be designed, the next step is to build the design spectrum, where two types of spectrum with different characteristics belonging to a particular area were established, for this, the Colombian earthquake resistant code (NSR-10) was
used. establishing the city of "Santiago de Cali" as the area to study because it is an area of
high seismic threat, for the spectrum, different couples of results were taken depending on the
importance level of the structure and of the type of soil, for the Type I design spectrum, a type
"D" soil was used, corresponding to rigid soil profiles with a group III of importance equivalent to "Community care buildings". For the Type II design spectrum, a type “C” soil was
used, corresponding to soft soil profiles or formed by soft rock, with a group IV of importance
equivalent to “Essential buildings” such as clinics. Based on this data, the rest of the coefficients belonging to the construction of the design spectrum. The Table 1 presents the definitive characteristics for each type of spectrum.
DESIGN SPECTRUM COEFFICIENTS
ESPECTRUM SOIL GROUP Aa
Av
Fa
Fv IMPORTANCE GROUP
Type I espectrum
D
0,25 0,25
1,3
1,9
III
Type II espectrum
C
0,25 0,25 1,15 1,55
IV

I
1,25
1,5

Table 1: Design spectrum coefficients.

Once the spectrum coefficients are defined, it gives way to calculate and graph the two
types of spectrum "Type I" and "Type II", therefore, the maximum expected spectrum
"MCEr" is calculated, as indicated by the American regulations, multiplying by 1,5 the accelerations obtained in the previous calculated designs spectrum. Figure 1 shows the design
spectrum.
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Figure 2: Design spectrum.

For the load assessment of the two frames, an afferent width of 3m was assumed, a 10cm
slab and an additional dead load corresponding to walls with an equivalent value to 2kN/m2,
on the other hand, a live load was assumed for each story equivalent to 2,5kN/m2 and
0,5kN/m2 for the cover, therefore, the respective load assessment is obtained. The Table 2
presents the load assessment.

FRAME
Type I
Type I
Type II
Type II

LOAD ASSESSMENT
STOREYS WD [KN/m^2] WL [KN/m^2]
1-5
4,4
2,5
Cover
2,4
0,5
1-7
4,4
2,5
Cover
2,4
0,5
Table 2: Load Assessment.

After obtaining the load assessment, it gives way to carry out the pre-dimensioning and design of the different structural elements for the two frames, thus obtaining the following dimensions. The Table 3 presents the model dimensions.
MODEL DIMENSIONS
ESPECTRUM TYPE FRAME BASE COLUMN (cm) HEIGHT COLUMN (cm) BASE BEAM (cm) HEIGHT BEAM (cm)
Group III - Soil D
I
40
40
40
40
Group IV - Soil C
II
55
55
55
50
Table 3: Model dimensions.

The code ASCE 7-16 specifies that, for both the design spectrum and the MCEr, at least
seven (7) seismic records must be selected, each of these records must be escalated to the design spectrum as the MCEr, the average of the seven (7) seismic records should not stay below both spectrums mentioned above. For this, the procedure called "Matching" is carried out
using the SeismoMatch software [23], where a damping of 5% is determined and the period of
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vibration of the structure is specified by the design spectrum and the MCEr. next up, the seven (7) seismic records to analyze. The Table 4 presents the seven (7) seismic records.

NAME
ChiChi
Friuli
El Centro
Kobe
Kocaeli
Loma Prieta
Nortrhidge

SEISMIC RECORDS
YEAR
MAGNITUDE
1999
7,3
1976
6,4
1940
6,9
1995
6,9
1999
7,4
1989
6,9
1994
6,7

PGA [g]
0,36
0,35
0,32
0,34
0,35
0,37
0,57

Table 4: Seven seismic records.

On the other hand, the code ASCE 7-10, specifies that, for both the design spectrum and
the MCEr, three (3) seismic records must be selected, unlike the standard ASCE 7-16, Each
seismic record must be analyzed independently, analyzing the maximum values obtained for
each record, without averaging the results of the three records among themselves. Since the
objective is to compare the behavior in each frame for both seven (7) and three (3) registers,
of the seven (7) mentioned above, three records are chosen to perform the respective calculations and analysis based on the ASCE 7-10. The Table 5 presents the three (3) seismic records
to analyze.

NAME
Friuli
Loma Prieta
Nortrhidge

SEISMIC RECORDS
YEAR
MAGNITUDE
1976
6,4
1989
6,9
1994
6,7

PGA [g]
0,35
0,37
0,57

Table 5: Seven seismic records.

Once the seismic records, design spectrum and dimensions mentioned above are defined,
the modeling is carried out using the ETABS Software [19], where four (4) structural models
are defined, and each one of the frames are evaluated by the method given by each code. Next
up, the four (4) models to analyze. The Table 6 presents the model types.

MODEL
I
II
III
IV

MODEL TYPES
FRAME TYPE ESPECTRUM METHOD
I
Group III - Soil D ASCE-16
I
Group III - Soil D ASCE-10
II
Group IV - Soil C ASCE-16
II
Group IV - Soil C ASCE-10
Table 6: Model types.

After assigning each model with different properties, it gives way to define the energy dissipaters, in this case, the viscous dampers were modeled as non-linear elements “Link” of the
“Damper - Exponential” type, the dampers are located in the external lights of each frame.
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Next up, the distribution and selection of the dampers to be analyzed in each frame. The Figure 3 shows the Damper’s location and selection.

Figure 3: Damper’s location and selection.

Each of the dampers are assigned a value of (α = 0.3), on the other hand, the damping “C”
is included, which is generated by the damper, plus the contribution of the stiffness of the
strut connecting the damper, depending on the stiffness value on the diagonal is assigned a
metal profile equivalent to that value. Next up, the properties for each damper depending on
the model to be analyzed. The Table 7 presents the viscous dampers properties.

FRAME TYPE
I
I
II
II

ESPECTRUM
Group III - Soil D
Group III - Soil D
Group IV - Soil C
Group IV - Soil C

VISCOUS DAMPERS PROPERTIES
METHOD PROFILE STIFFNESS [KN/m] DAMPING [KN*(s/m)^Cexp]
ASCE-16 W8X24
200000
100
ASCE-10 W8X31
250000
100
ASCE-16 W8X35
290000
100
ASCE-10 W8X35
290000
100
Table 7: Viscous dampers properties.

Once each model has been defined with their respective properties for each damper, we
proceed to run each of the models in order to analyze the behavior of each of these under the
different methods established by the ASCE-10 and ASCE-16 codes. Since the code establishes that when designing a structure with energy dissipaters, said structure must be evaluated
against different seismic records. When a structure is exposed to a seismic loading, the structure presents displacement generated by the force, the displacement is in function with the
height, that is why the displacement at the maximum point of the structure is analyzed, in this
case on the cover, due to this, the maximum displacements generated by each historical record
are analyzed in order to analyze said displacements and see if these values are optimal for the
structure.
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Then the seismic record is shown as in function of the time for the cover displacement in
each one (1) of the four (4) models. The Figure 4 shows the cover displacement for Model I
and Model II.

Figure 4: Cover displacement (MI - 7 seismic records vs MII - 3 seismic records).

With regard to “Model I” in Figure 4, it presents a maximum displacement on the cover
equivalent to 0,031m corresponding to the seismic record “Kocaeli”, however, the average of
the seven (7) seismic records presents a maximum displacement of 0,02m, on the other hand,
the “Model II” presents a maximum displacement on the cover of 0,023m corresponding to
the “Loma Prieta” seismic record. The Figure 5 shows the cover displacement for Model III
and Model IV.

Figure 5: Cover displacement (MIII - 7 seismic records vs MIV - 3 seismic records).

It is observed that in Figure 5, the “Model III” presents a maximum displacement on the
cover equivalent to 0,068m corresponding to the seismic record “Kocaeli”, however, the average of the seven (7) seismic records presents a maximum displacement of 0,057m, on the other hand, with regard to the “Model IV” this presents a maximum displacement on the cover of
0,066m corresponding to the “Loma Prieta” seismic record.

5349

Juan S. Cundumí García and Orlando Cundumí Sánchez

The Table 8 presents the maximum cover displacements for each model.

MODEL
I
II
III
IV

DISPLACEMENT (COVER)
METHOD MAXIMUM DISPLACEMENT [m]
ASCE-16
0,02
ASCE-10
0,023
ASCE-16
0,057
ASCE-10
0,066
Table 8: Maximum displacement.

Once the maximum displacements on the cover have been found, the corresponding drifts
to each model is reviewed in order to analyze if these meet the requirements for design, based
on the Methodology "HAZUS" a moderate damage is established for armed concrete frames,
for the "Type I" frame with a total heigh of 15m, a target drift of 0,58% is assigned, on the
other hand, for the "Type II" frame with a total heigh of 21m, a target drift of 0,54% is assigned as presented in the following table. The Table 9 presents the target drifts.
TARGET DRIFTS
FRAME TYPE DRIFTS [%]
I
0,58
II
0,54
Table 9: Target drifts.

Based on the aforementioned, the same gantry is compared under the methodologies specified in each code. The Figure 6 shows the maximum story drifts for Model I and Model II.

Figure 6: Maximum story drifts (MI - 7 seismic records vs MII - 3 seismic records).

As it can be seen in Figure 6, both models are below the target drift, on one hand, “Model
I” presents a maximum equivalent drift to 0,32% corresponding to the “Chichi” seismic record, however, the average of the seven (7) seismic records shows a maximum drift of 0,25%,
on the other hand, the “Model II” presents a maximum drift of 0,24% corresponding to the
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“Loma Prieta” seismic record. The Figure 7 shows the maximum story drifts for Model III
and Model IV.

Figure 7: Maximum story drifts (MIII - 7 seismic records vs MIV - 3 seismic records).

In Figure 7, for the “Model III” it is observed that the “Chichi” seismic record exceeds the
target drift with an equivalent value to 0,56%, however, the average of the seven (7) seismic
records presents a maximum drift of 0,45%, on the other hand, the “Model IV” presents a
maximum drift of 0,47% corresponding to the “Loma Prieta” seismic record.
The Table 10 presents the maximum drifts for each model.

MODEL
I
II
III
IV

MAXIMUM STORY DRIFTS
METHOD DRIFT [%] TARGET DRIFT [%]
ASCE-16
0,25
0,58
ASCE-10
0,24
0,58
ASCE-16
0,45
0,54
ASCE-10
0,47
0,54
Table 10: Maximum story drifts.

Therefore, considering the MCEr registers, the force-displacement relationship is analyzed
in different dampers located on the first and last story. Next up, the Figure 8, 9, 10 and 11
show the dampers hysteresis cycle with different location in each frame.
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Figure 8: Model I hysteresis cycle.

Figure 9: Model II hysteresis cycle.

Figure 10: Model III hysteresis cycle.
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Figure 11: Model IV hysteresis cycle.

Finally, the results of the progressive accumulation of the shear forces in each story are
presented, which are reflected in the same base, next up, the seismic record is shown as in
function of the time for the base shear in each one (1) of the four (4) models. The Figure 12
shows the base shear results for Model I and Model II.

Figure 12: Base shear (MI - 7 seismic records vs MII - 3 seismic records).

With regard to “Model I” in Figure 12, it presents a maximum base shear with a value
equivalent to 408,8kN corresponding to the seismic record “Kocaeli”, however, the average of
the seven (7) seismic records presents a maximum shear at the base with a value of 300,3kN,
on the other hand, the “Model II” presents a maximum base shear with a value of 351,9kN
corresponding to the “Loma Prieta” seismic record. The Figure 13 shows the base shear results for Model III and Model IV.
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Figure 13: Base shear (MIII - 7 seismic records vs MIV - 3 seismic records).

It is observed that in Figure 13, the “Model III” presents a maximum base shear with a value equivalent to 1851,5kN corresponding to the “Loma Prieta” seismic record, however, the
average of the seven (7) seismic records presents a maximum base shear with a value of
1407kN, on the other hand, with regard to "Model IV" this presents a maximum base shear of
1851,7kNm corresponding to the seismic record "Loma Prieta".
The Table 11 present the maximum base shear values for each model.

MODEL
I
II
III
IV

BASE SHEAR
METHOD BASE SHEAR [KN]
ASCE-16
300,3
ASCE-10
351,9
ASCE-16
1407
ASCE-10
1851,7
Table 11: Base shear.

4

CONCLUSIONS

This paper presented the analysis and result for two concrete frame buildings with passive
controllers incorporated using the methodologies ASCE 7-10 (three seismic record) and
ASCE 7-16 (seven seismic records). The response of the hysteresis cycle, time histories displacement, acceleration, and base shear were compared for each analysis and corresponding
frame. The differences between the two methodologies of the maximum responses obtained
were presented in detail in section 3.
The results obtained in the numerical simulations for the frames presented in this article,
show in Table 8 differences in the maximum displacement of 15% in the two frames using
both methodologies, the displacement results obtained are lower with the methodology of the
ASCE 7-16. Similarly, Table 10 presents difference percentages of less than 5% for the maximum drifts, registering the lowest values with the ASCE 7-16 methodology.
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Abstract
Urban areas with a significant number of buildings designed without earthquake resistant
concepts may undergo high losses following major earthquakes. However, an adequate design is the direct result of a comprehensive knowledge of the seismic hazard. In Italy, for example, the seismic zonation was completed in recent years, thus a significant number of
buildings lack adequate lateral capacity. For this reason, preventive assessment of their vulnerability and expected damage is crucial.
This paper presents the vulnerability assessment of two reinforced concrete buildings designed for gravity loads and representative of the Pescara Province in the Abruzzi Region
(Central Italy). Geometrical and structural characteristics of the buildings are initially derived from an existing database based on structured interviews with local technicians. The
two buildings are then modeled using a simulated design approach following two different
buildings codes. Nonlinear dynamic analyses are carried out in order to derive a suite of fragility curves for different damage states. These curves may be used to predict the expected
damage following earthquakes of increasing intensities and plan mitigation strategies.
Keywords: Seismic Risk, Vulnerability Assessment, Reinforced Concrete, Nonlinear Dynamic Analyses, Fragility Curves.
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1

INTRODUCTION

The European Union is actively trying to enhance the understanding of disaster risk by laying out a shared approach for loss assessments [1]. Italy committed to this effort by developing a National Risk Assessment (NRA) [2] which considered all potential disaster risks.
Among potential risks, seismic risk induces the second highest loss of lives, especially in the
Euro-Mediterranean Region.
A commonly agreed definition of seismic risk is the combination of hazard (H), vulnerability (H) and exposure (E) [3], see Eq. 1:
R=H·V·E

(1)

Hazard relates to the probability of occurrence of an earthquake of a specified intensity in a
defined period of time. Vulnerability relates to the potential damage undergone by the asset
under assessment (e.g., a building) in the occurrence of the earthquake. Exposure relates to
the potential losses (e.g., economic and social) caused by the building’s damage.
Among the three aspects of Eq. 1, the vulnerability definition has proven to be the most
challenging task, as it requires not only an extensive knowledge of all buildings under assessment, but also a detailed evaluation of their seismic response. The complexity of the task
is further increased when dealing with large scale assessments. For these reasons, the concept
of “minimal fragility portfolio” has been recently developed [4–6], which focuses on defining
a reasonable number of buildings typologies that are representative of the whole built environment. By focusing on the derivation of fragility curves (which relates the probability of
exceeding pre-defined damage states for increasing intensities [7]) only for these typologies,
the time needed to perform large scale assessments is significantly reduced while keeping a
sufficient level of accuracy.
In this paper, an existing database for Italian residential buildings is used to define two reinforced concrete (RC) building typologies that are representative of the Pescara province,
Central Italy. These buildings have been modeled using a simulated design approach [8] in
order to perform non-linear dynamic analyses (NLDAs). Outputs of these analyses have been
used to derive a suite of fragility curves for defined damage states.
2

CASE STUDY DEFINITION

The Abruzzo Region, Central Italy, is among the areas with the highest seismic risk in Italy,
as showed by the extensive losses in the aftermath of the L’Aquila 2009 [9] and Central Italy
2016-2017 [10] earthquakes.

Figure 1. (left) Map of Italy with Abruzzo Region and Province of Pescara highlighted and (right) number of RC
buildings in Italy per different construction periods.
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In the Abruzzo Region, the Province of Pescara spreads from the coast to the inner mountain areas, see Figure 1a, with the highest population density in the former. The coastal area
has been fully included in the seismic zonation in 2003 [11] while the majority of RC buildings in Italy has been built between 1961 and 1980 (source: Census data [12]). For this reason,
RC buildings in Pescara were designed considering only gravity loads (GLD) thus making
them prone to damage even in the occurrence of earthquakes with moderate intensity.
To collect information on RC buildings in the Pescara Province, the database provided by
the CARTIS project [13] has been used. The CARTIS project has been collecting data on the
geometrical and structural features of residential buildings in Italy since 2014. The data collection is performed by filling a structured form through interviews with local technicians.
The experience and knowledge of the technician ensure that collected data are accurate.
CARTIS
data
are
freely
accessible
through
the
pgAdmin
platform
(https://www.pgadmin.org/). For RC buildings, the parameters provided in Table 1 are available.
Parameter
Main resisting system
Number of stories
Construction period
Seismic joints
Unidirectional frames
Ground floor infill walls
Soft story upper floors
Presence of SAP slabs (or similar)
Regularity in plan
Regularity in elevation
Roof material
Roof spread
Structural strengthening
Table 1. Parameters available in the CARTIS database for RC buildings (in bold, those used for the relevant typologies definition).

Parameters of Table 1 in bold have been used to determine the most relevant typologies for
the Pescara Province, whose characteristics are listed in Table 2.
Main resisting
No. of Construction Design Unidirectional Ground floor Regularity
system
Stories
Period
Type
frame
infill walls
in plan
Frames with exposed
Regular
beams and nonA
4-6
1946-1960
GLD
Yes
Regular
configuration
sturdy infill walls
Frames with exposed
Regular
beams and nonB
4-6
1971-1980
GLD
Yes
Regular
configuration
sturdy infill walls

ID

Table 2. Characteristics of relevant RC building typologies for the Pescara Province based on CARTIS data.
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3
3.1

MODELING APPROACH
Design codes, geometry, loads and material properties definition

To model the buildings listed in Table 2, a simulated design approach [8] has been used.
Following this approach, the design loads, material properties, and construction details have
been determined based on the codes in use at the time of the construction. More specifically,
R.D.L. 1939 [14] and D.M. ’72 [15] have been used for RC typologies A and B, respectively.
In addition, as both typologies were designed for gravity loads and the only load combination
used is the sum of dead (G) and live (Q) loads. This design type does not change for increasing number of stories, the focus has been put on the six-story buildings. The 4 and 5-story
buildings have been subsequently derived by taking the upper 4 and 5 stories, respectively.
At first, the buildings’ layout is assumed, as no geometrical information was provided by
the CARTIS data. The assumed plan layout is derived by existing studies that analyzed buildings of the same period [14,15] and is shown in Figure 2. In the inner frames, beams are present only in the X direction, thus making the Y direction less resistant to lateral forces. Each
story is 3 m height, for a total height of 18 m.

Figure 2. Assumed plan layout (dotted, the bond-beams in the Y direction).

As for the design loads, the R.D.L. 1939 does not provide any value, therefore they had to
be assumed based on the experience. On the other hand, the D.M. ’72 refers to another code
for the definition of G and Q [16]. Design loads for Building A and B are assumed equal and
are listed in Table 3, divided between story levels 1-5 and 6 (i.e., roof), infills and stairs.
Load type
G
Q

Story 1-5
[KN/m2]
6.4
2

Story 6
[KN/m2]
6.1
1

Infills
[KN/m]
5.5
-

Stairs
[KN/m2]
5.3
4

Table 3. Assumed design loads.

The material properties for the concrete and the steel reinforcement are assumed based on
the codes provision and are listed in Table 4 and Table 5, respectively.
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R’bk
σc
τb0
τb1

Concrete
Building A
250
[kg/cm2] R’bk
77.8
[kg/cm2]
σc
4
[kg/cm2]
τb0
14
[kg/cm2]
τb1

Building B
250
[kg/cm2]
85
[kg/cm2]
5.3
[kg/cm2]
16.9
[kg/cm2]

Table 4. Assumed material properties for concrete.

Building
A
B

Steel Reinforcement
Longitudinal (carbon)
Transversal (mild)
2
σy [kg/cm ]
σy
[kg/cm2]
2000
1400
Transversal (FeB32K)
Longitudinal (FeB44K)
σy [kg/cm2]
σy
[kg/cm2]
2600
1600

Table 5. Assumed material properties for steel reinforcement.

R’bk, σc, τb0, and τb0 are the concrete compressive strength, permissible stress, and shear
strength without/with reinforcement, respectively. σy is the steel permissible stress at the
yielding of longitudinal and transversal reinforcement. Mild and carbon steel are associated to
carbon percentages of 0.15-0.25% and 0.4-0.6%, respectively.
3.2

Finite element modeling

The vulnerability analysis of Building A and B is performed through a Finite Element
Method (FEM) approach. The FEM modeling has been performed in OpenSees [17] using the
pre/post processor STKO [18], as shown in Figure 3.

Figure 3. Graphical user interface of STKO.

Beams have been modeled as lumped plasticity elements combining a section based on socalled “phenomenological” laws and two plastic hinges of finite length at both ends with fiber
section [19,20]. By combining these sections, it is possible to reduce the model complexity
while describing its behavior with high accuracy [21]. Assumed phenomenological laws are
different between the two buildings as they are based on the rebars type. Building A adopts
smooth rebars, therefore the phenomenological law proposed by Verderame et al. (2018) [22]
is assumed. On the other hand, Building B adopts corrugated bars, therefore the phenomenological law based on the Ibarra et al. (2005) [23] model with Haselton et al. (2008) [24] predictive equation is assumed.
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Columns have been modeled as fiber sections using the Concrete01 [25] and Steel02 [26]
model for the RC and steel, respectively. The length of plastic hinges at both ends has been
determined based on modern code provisions [27].
To correctly evaluate the seismic behavior of existing buildings, different material properties than those listed in Table 4 and Table 5 are assumed, in order to consider the aging effect.
For the RC compressive strength, fc, mean values provided by Masi et al. (2014) [28] have
been used, which derived from a large scale in situ survey. For the steel yielding strength, fy,
values provided by the open-access software Stil (http://www.reluis.it/index.php?option=com
_content&view=arti-cle&id=199&Itemid=136&lang=it) have been used [29]. In addition, the
elastic modulus, Es, of Building A has been modified to consider the bond-slip that may occur
with smooth bars. Assumed values for the structural modeling are listed in Table 6.
Building
A
B

fc
fc

Concrete
18 [MPa]
20 [MPa]

fy
fy

Steel
Es
350 [MPa]
Es
470 [MPa]

175000 [MPa]
206000 [MPa]

Table 6. Assumed values for the concrete and steel in the structural modeling.

Infills and stairs have not been modelled but have been considered only as loads.
4
4.1

VULNERABILITY ANALYSIS
Seismic input

The ground motions selection is crucial when performing NLDAs as they must be representative of the seismic hazard in the area under assessment [30] and the number must be sufficient to capture all possible damage states. In this paper, the ground motion selection
proposed by Paolucci et al. (2020) [31] has been used. This selection includes 125 unscaled
input motions have been determined for soil category A (rock) using the L’Aquila hazard
spectra (Abruzzo Region, close to the Pescara Province) as target.
4.2

Engineering Demand Parameter and Damage states

The maximum insterstory drift ratio (IDR) in both horizontal directions is assumed as Engineering Demand Parameter (EDP) to determine the building’s damage. Damage is classified
according to the European Macroseismic Scale EMS-98 [32] and varies from D0 (no damage)
to D5 (destruction or complete collapse). IDR values are associated to EMS-98 damage states
by using the ranges proposed by Masi et al. (2015, 2021) [33,34] for medium and high-rise (≥
3 stories) GLD RC buildings, that are listed in Table 7.
Damage State
D0 (none)
D1 (slight)
D2 (moderate)
D3 (substantial to heavy)
D4 (very heavy)
D5 (destruction)

IDR (%)
< 0.1
0.1 - 0.25
0.25 - 0.5
0.5 - 1.0
1.0 - 2.5
> 2.5

Table 7. Assumed relationships between IDR values and EMS-98 damage states.
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4.3

Fragility curves definition

Selected ground motions have been applied on both horizontal directions thus obtaining
250 PGA-IDR values, which relate the maximum Peak Ground Acceleration of the considered
ground motion to the maximum IDR among all story levels. Then, fragility curves are derived
using the formulation proposed by FEMA 2018 [35], see Eq. 2.
(2)
where
is the probability of exceeding the k-th damage state,
, given a PGA
value, Φ is the Gaussian cumulative distribution function,
and
are the logarithmic standard deviation and median value, respectively.
Obtained fragility curves for Building A and B are shown in Figure 4. As previously mentioned, 4 and 5-story buildings have been derived by the 6-story by taking the four and five
upper stories, respectively.

Figure 4. (clockwise) Fragility curves for 4-story, 5-story and 6-story Building A (designed with R.D.L. 1939)
and Building B (designed according to D.M. ’72).

Observing the graph, it is possible to note that fragility curves of the 4 and 5-story buildings do not significantly differ, while the 6-story buildings is significantly less vulnerable.
This is possibly due to the fact that 4-story and 5-story buildings are both considered as “medium-rise”, while the 6-story building is included in the “high-rise” category [36]. Then,
Building B is consistently less vulnerable then Building A, thus noting how the evolution of
codes is associated to an increase in the seismic performance.
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5

SUMMARY AND CONCLUSIONS

This paper has presented the vulnerability analysis of two RC building typologies that are
representative of the built environment in the Pescara Province, Central Italy. Main characteristics of the typologies have been derived by an existing database of Italian residential buildings. Then, buildings have been modeled through a simulated design approach, also
considering the aging effects.
A suite of ground motion records has been used to perform NLDAs whose outputs were
used to derive fragility curves for five damage states. Obtained fragility curves show mediumrise buildings have a higher fragility than high rise ones. Finally, the evolution of the building
code is associated to an increase in the seismic performance.
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Abstract. A new technique is proposed for determining the response of multi-degree-of-freedom
nonlinear complex multi-body systems with singular parameter matrices subject to combined
periodic and stochastic loads. The singular parameter matrices are due to adopting redundant coordinates for modeling the system governing equations of motion. Considering that the
system response has a periodic as well as a stochastic component, a harmonic balance methodbased scheme is used for treating the deterministic component, followed by the application of
the generalized statistical linearization method, in conjunction with an averaging treatment to
account for the stochastic component. The validity of the proposed technique is demonstrated
by pertinent numerical examples.
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1

INTRODUCTION

When the problem of formulating the governing equations of motion of multi-degree-offreedom (MDOF) dynamical systems is considered, the minimum number of independent coordinates is used. Nevertheless, for several classes of complex multi-body systems and also
systems subject to constraints [1, 2], a redundant coordinates modeling is often connected with
solution treatments of reduced computational cost [3, 4, 5]. However, this yields singular matrices in the system governing equations of motion. Therefore, several techniques have been
developed recently for conducting stochastic response analyses pertaining to systems exhibiting singular parameter matrices; see, indicatively, [6, 7, 8, 9, 10, 11]. This is achieved by
resorting to the theory of generalized matrix inverses.
In this paper, a Moore-Penrose (M-P) generalized matrix inverses framework is adopted for
determining the response of MDOF nonlinear systems with singular matrices subject to combined periodic and stochastic excitations. To this end, the harmonic balance method is combined with the statistical linearization methodology for systems with singular matrices [12, 13].
Speciﬁcally, since the system excitation consists of a periodic and a stochastic component, the
corresponding response also has a periodic and a stochastic part. Therefore, a solution treatment based on the harmonic balance method is used for the former, whereas the latter is treated
by resorting to the generalized statistical linearization method. Combining the two methods results in the formulation of a coupled system of algebraic equations, which is solved iteratively
by invoking the generalized matrix inverse theory [14]. Overall, the proposed technique consists a generalization of the framework developed in [15] to account for systems with singular
matrices. Its validity is demonstrated by pertinent numerical examples.
2

MATHEMATICAL FORMULATION
The governing equations of motion of an l-DOF nonlinear system are given by
Mx ẍ + Cx ẋ + Kx x + Φx (x, ẋ, ẍ) = fd,x (t) + Qx (t),

(1)

where x denotes an l dependent coordinates vector, Mx , Cx and Kx are, respectively, the l × l
mass, damping and stiffness matrices, and Φx (x, ẋ, ẍ) represents the l vector of the nonlinearities, which are of the polynomial kind for simplicity. Further, fd,x (t) represents the periodic
component of the excitation, whereas Qx (t) is a zero-mean Gaussian stochastic excitation. Considering that the system of Eq. (1) is subject to a number of constraint equations of the form
Aẍ + Eẋ + Lx = F, where A, E, L and F denote, respectively, m × l matrices and an l vector,
Eq. (1) is recast into
M̄x ẍ + C̄x ẋ + K̄x x + Φ̄x (x, ẋ, ẍ) = f̄d,x (t) + Q̄x (t).

(2)

In Eq. (2), M̄x , C̄x and K̄x denote the augmented (l + m) × l mass, damping and stiffness
parameter matrices, which have the form [7]






(Il − A+ A)Mx
(Il − A+ A)Cx
(Il − A+ A)Kx
, C̄x =
, K̄x =
,
(3)
M̄x =
A
E
L
where Il denotes the l × l identity matrix, and “+” represents the M-P matrix inverse operation.
Further, the augmented (l + m) vector of the system nonlinearities, and the corresponding
periodic and stochastic (l + m) vectors of the excitation are given by






(Il − A+ A)Φx
(Il − A+ A)fd,x (t)
(Il − A+ A)Qx (t)
, f̄d,x (t) =
, Q̄x (t) =
.
Φ̄x =
0
F
F
(4)
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A detailed derivation of Eqs. (2)-(4) is found in [7, 12].
Next, considering that the MDOF system in Eq. (2) is subject to combined deterministic and
stochastic loads, it is assumed that the corresponding response also consists of a periodic and
a stochastic component, namely x(t) = xs (t) + xd (t). Further, assuming that the stochastic
excitation is modeled as a zero-mean Gaussian process, ensemble averaging Eq. (2) yields
M̄x ẍd + C̄x ẋd + K̄x xd + E[Φ̄x (xs + xd , ẋs + ẋd , ẍs + ẍd )] = f̄d,x (t),

(5)

which consists of a periodic and a stochastic response component too. In the ensuing analysis,
ﬁrst, the harmonic balance methodology is used in conjunction with the concept of the generalized inverse matrix for treating the deterministic component in Eq. (5). Then, the stochastic
component of the system is treated by applying the generalized statistical linearization [12, 13].
2.1

Application of the harmonic balance method for treating the periodic component of
the response

Assume that f̄d,x (t) in Eq. (4) is modeled as a monofrequency function of period T = ω2πd .
Then, f̄d,x (t) = f̄d1 ,x cos(ωd t) + f̄d2 ,x sin(ωd t), where f̄d1 ,x and f̄d2 ,x are the constant coefﬁcient
(l + m) vectors, and thus, the deterministic response of the system in Eq. (5) becomes xd (t) =
xd1 cos(ωd t) + xd2 sin(ωd t), where xd1 , xd2 are constant l vectors. Next, applying the harmonic
balance method yields the overdetermined system of equations
Pu = v,

(6)

where the 2(l + m) × 2l matrix P, and the 2l- and 2(l + m) vectors u, v are given by



 

T
2
2
ωd C̄x
E[Φ̄x ] cos(ωd t)dt
x
f̄ −
K̄x − ωd M̄x
. (7)
, u = d1 , v = d1 T2 0T
P=
−ωd C̄x
x d2
K̄x − ωd2 M̄x
f̄d2 − T 0 E[Φ̄x ] sin(ωd t)dt
The solution of the system in Eq. (6) leads to the computation of the deterministic component
of the response. In this regard, utilizing the generalized matrix inverses theory implies [14]
u = P+ v + (I − P+ P)y,

(8)

which, in essence, corresponds to a family of solutions, since y is an arbitrary 2l vector. However, the matrix M̄x in the diagonal entries of matrix P in Eq. (7) ensures that the columns of the
latter are independent of each other or, equivalently, that matrix P has full column rank. Therefore, it holds that P+ = (P∗ P)−1 P∗ , and thus, Eq. (8) attains a unique solution corresponding
to the deterministic response component of the system in Eq. (2).
2.2

Application of the statistical linearization method for treating the stochastic component of the response

The stochastic component xs (t) of the system response is treated by resorting to the generalized statistical linearization methodology for systems with singular parameter matrices [12, 13];
see also [16, 17, 18, 19, 20, 21, 22, 23] for a broader perspective, as well as several examples
pertaining to application of the method. First, the difference between the systems in Eqs. (2)
and (5) is formed,
M̄x ẍs + C̄x ẋs + K̄x xs + Φ̃x (xs , xd ) = Q̄x (t),
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where Φ̃x (xs , xd ) = Φ̄x (xs + xd , ẋs + ẋd , ẍs + ẍd ) − E[Φ̄x (xs + xd , ẋs + ẋd , ẍs + ẍd )] is the
zero-mean vector of the system nonlinearities. Then, the linear equivalent system to Eq. (9) is
written as [12, 16]
(M̄x + M̄e )ẍs + (C̄x + C̄e )ẋs + (K̄x + K̄e )xs = Q̄x (t).

(10)

Subsequently, the error function, which is deﬁned as the difference between Eqs. (9) and (10), is
formed and minimized by adopting the mean square minimization criterion [12, 13, 16]. In this
regard, the elements of the (l + m) × l matrices M̄e , C̄e and K̄e are given by pertinent closed
form expressions; more details are found in [13].
Since the nonlinear vector Φ̃x (xs , xd ) depends on the deterministic and stochastic components of the response, the elements meij , ceij , kije of matrices M̄e , C̄e and K̄e are also timedependent. Nevertheless, the slowly varying over a period T of oscillation components of
av
M̄e , C̄e and K̄e are approximated by their average over T [15, 24], i.e., M̄e ≈ M̄av
e , C̄e ≈ C̄e
T
1
av
and K̄e ≈ K̄av
e ; indicatively, M̄e = T 0 M̄e dt. This provides with an approximation to the
system in Eq. (10), given by the equivalent system
av
av
(M̄x + M̄av
e )ẍs + (C̄x + C̄e )ẋs + (K̄x + K̄e )xs = Q̄x (t).

(11)

Further, the response statistics of the equivalent system in Eq. (11) are determined by employing a frequency domain approach. In this regard, the frequency response function matrix of
the system in Eq. (11) is derived and used in conjunction with the generalized input-output relationship for systems with singular parameter matrices, i.e., Sx (ω) = αx (ω)SQ̄x (ω)αT∗
x (ω),
for determining the response power spectrum Sxs (ω) [13] Finally, the second order response
statistics of the equivalent system in Eq. (11) are computed by [16]
 ∞
2
E[xs (i)] =
Sxs (i)xs (i) (ω)dω, i = 1, 2, . . . , l.
(12)
−∞

Eq. (12) in conjunction with the generalized input-output relationship for systems with singular
parameter matrices, as well as Eq. (8), constitute a coupled nonlinear system of equations to be
solved for determining the system response. For its solution, the following iterative procedure
is used: i. The nonlinear vector Φ̃x (xs , xd ) in the governing equations of motion is set equal to
the null vector and the deterministic response xd is obtained. ii. The variance of the stochastic
response xs is derived by using the generalized input-output relationship in conjunction with
Eq. (12). iii. Using step (ii.), Eq. (8) leads to the derivation of the deterministic response,
av
av
which, in turn, results in calculating the values M̄av
e , C̄e and K̄e . iv. Steps (ii.) and (iii.)
are repeated until reaching satisfactory accuracy for the response variance.
3

NUMERICAL EXAMPLE

In this example, the 2-DOF system in Fig. 1 is considered, where mass m1 is connected
to the foundation by a nonlinear damper and a nonlinear spring of forces c1 q̇1 (1 + ε1 q̇12 ) and
k1 q1 (1 + ε2 q12 ), respectively. Further, qi denotes the displacement of the i-th mass, and ε1 , ε2 the
magnitude of the nonlinearities. In addition, mass m2 is connected to m1 by a linear spring of
stiffness k2 and a linear damper of damping coefﬁcient c2 . The system is excited by a combination of a stochastic force Q1 (t), which is modeled as a Gaussian white noise stochastic process
with spectral density S0 , and a deterministic force of the form fd2 ,1 sin(ωd t). The following set
of parameter values is considered: m1 = m2 = 1, c1 = c2 = 0.2, k1 = k2 = 1, S0 = 10−2
(0 < ω < 2π), fd2 ,1 = 0.4, ωd = π and ε1 = ε2 = 10.
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Figure 2: The nonlinear system of
Fig. 1 modeled by employing an
additional redundant coordinate.

Figure 1: A 2-DOF nonlinear system subject to periodic and stochastic excitations.

4
5
Next, considering the redundant coordinates vector xT = x1 x2 x3 , the 2-DOF system
of Fig. 1 is decomposed into its partial subsystems,
4 as shown
5 in Fig. 2. The system constraints
equation is formed (see section 2), where A = 1 −1 0 , E = L = 01×3 and F = 0. Thus,
the parameter matrices deﬁned in Eq. (3) are determined, and the (l + m) vectors in Eq. (4)
are computed. For the application of the harmonic balance method, the system response is
decomposed into its stochastic xs and deterministic xd components, and ensemble averaging
the expression for Φ̄x yields

4
5
T
3
2
3
2
(13)
(E[Φ̄x ]) = c1 ε1 (ẋd,1 + 3ẋd,1 σẋs,1 ) + k1 ε2 (xd,1 + 3xd,1 σxs,1 ) 0.5 0.5 0 0 .
Then, taking into account that the 8 × 6 matrix P has full rank (see Eq. (7)), the overdetermined
system in Eq. (6) leads to a uniquely deﬁned periodic response component. Next, the iterative
scheme in section 2.2 is employed to solve the coupled set of algebraic equations formed by
Eqs. (12) and Eq. (8), and thus, to derive the variance of the stochastic response. The scheme
av
is initialized by using C̄av
e = 0, K̄e = 0 and x6d1 = xd2 =60. The stochastic
6 av and deterministic
6
av
−
C̄
6 C̄av
6 K̄e,j+1 −K̄av
6
e,j
e,j 6
−5
components are derived based on the criterion 6 e,j+1
and
<
10
6
6
6 < 10−5 ,
av
av
C̄e,j
K̄e,j
as well as a similar criterion for xd1 , xd2 . The iterative scheme is applied until reaching satisfactory accuracy for the response displacement and velocity variances. Finally, considering
that x(t) = xs (t) + xd (t) and successively ensemble and temporal averaging the expression
xd (t) = xd1 cos(ωd t) + xd2 sin(ωd t) implies
7

E[x2i ]

8

=

σx2s,1

x2d1 ,i + x2d2 ,i 7 2 8
ωd2 (x2d1 ,i + x2d2 ,i )
2
, E[ẋi ] = σẋs,1 +
, i = 1, 2, 3,
+
2
2

(14)

where · denotes the temporal averaging operation.
Eq. (14), in conjunction with the results of the iterative scheme above yield σx21 = 0.0705,
σẋ21 = 0.0704 and σx23 = 0.0617, σẋ23 = 0.1098. Finally, applying the standard solution
framework proposed in [15] for deriving the system response variance yields σq21 = 0.0705,
σq̇21 = 0.0704 and σq22 = 0.0617, σq̇22 = 0.1098. Clearly, comparing the results above, it is seen
that the herein proposed framework is in total agreement with the standard approach in [15].
4

CONCLUSIONS

In this paper, the response of multi-degree-of-freedom nonlinear systems with singular parameter matrices subject to combined stochastic and deterministic excitations has been determined by resorting to a generalized inverse matrix-based approach. Singular matrices appeared
due to a redundant coordinates formulation of the system governing equations of motion. The
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latter is associated with solution frameworks of reduced computational cost for certain classes
of complex multi-body systems and/or systems with constraints. In this context, considering
that the system excitation consists of a periodic and a stochastic component, the corresponding response has been decomposed in two parts, namely a periodic and a stochastic. Then,
the system response has been determined by utilizing the generalized matrix inverses theory,
in conjunction with the harmonic balance method and the generalized statistical linearization
method for systems with singular parameter matrices. The validity of the proposed technique
has been demonstrated by pertinent numerical examples.
5
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